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PREFACE TO THE FIRST EDITION

Soil mechanics and Foundation engineering (geotechnical engineering) is a fast developing discipline of 
civil engineering. Considerable work has been done in the field in the last 6 decades. A student finds it 
difficult to have access to the latest literature in the field. The author has tried to collect the material from 
various sources and to present in the form of a text.

The text has been divided into two parts. The first part deals with the fundamentals of soil mechanics. 
The second part deals with earth retaining structures and foundation engineering. The subject matter has been 
presented in a logical and organised manner such that it may be taken up serially without any loss of 
continuity, '.he book covers the syllabi of undergraduate courses inn Soil Mechanics and Foundation 
Engineering prescribed by most Indian universities and institutes.

An attempt has been made to explain the fundamentals in a simple, lucid language. Basic concepts have 
been emphasised throughout. The author, who has about 25 years of teaching experience, has paid special 
attention to the difficulties experienced by students. A large number of illustrative examples have been given 
to show the application of the theory to field problems. Numerical problems, with answers, have been given 
for practice. Some objective type questions have also been given al the end of each chapter. The. text is 
profusely illustrated with diagrams and charts. Latest IS codes have been followed, as far as possible. 
References are given at the end of each chapter. As complete switch over to SI units has not taken place in 
India, both MKS and SI units have been used.

The book will be useful for the undergraduate students. The students appearing for various competitive 
examinations and AMIE will also find the text useful. A large number of charts and tables have been included 
to make the text useful for'practising engineers.

The author is grateful to Prof. Alam Singh of Jodhpur University who introduced the subject to him 
about 3 decades ago as a student at M.B.M. Engineering College, Jodhpur. Ilie author is indebted to Prof. A. 
Varadarajan of ITT, Delhi, who helped him in understanding some of the intricate problems during his 
doctoral programme. The author thanks the faculty of Geotechnical Division of IIT, Delhi, for the help 
extended. The author also thanks his fellow research scholars, Dr. K.K, Gupta, Dr. B. Shankcriah, Dr. T.S. 
Rekhi, Dr. B.S. Satija, and Dr. R.N. Shahi for the fruitful discussions.

'Rie author is grateful to Prof. A.V. Ramanujam, Principal, Engineering College, Kota for constant 
encouragement. The author thanks his colleagues at Engineering College, Kota, especially Sh. Amin Uddin, 
Draughtsman. The author also thanks his wife Mrs. Rani Arora who helped in proof reading and other works 
related with this text. The help received from his daughter Sangceta Arora and son Sanjeev Arora is also 
acknowledged.

In spite of every care taken to ensure accuracy, some errors might have crept in. The author will be 
grateful to readers for bringing such errors to his notice. Suggestions for improvement of the text will be 
acknowledged with thanks.

KOTA (Raj.) —K.R. ARORA
January 4, 1987
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NOTATIONS
The notations have been explained wherever they appear. The following notations have been more

commonly used.

A = Pore pressure parameter
= Activity of soils

Av= Area of voids
A° = Angstrom
Ac= Air content
av = Coefficient of compressibility
B = Pore pressure parameter

Cc= Compression index
= Coefficient of curvature

Cu= Uniformity Coefficient
= Coefficient of elastic uniform 

compression
c= Unit cohesion
c' = Effective unit cohesion
cu = Apparent cohesion
cv = Coefficient of consolidation

Z>io= Effective size
Df= Foundation depth
Dr= Relative density
E= Modulus of elasticity 
e = Void ratio

FS = Factor of safety 
f= .Friction

G = Specific gravity of panicles 
g= Acceleration due to gravity 
h- Hydraulic head 
1 = Moment of inertia

lp = Plasticity index 
j- Hydraulic gradient

= Angle of surcharge
K= Coefficient of absolute 

permeability
Ko = Coefficient of earth pressure at 

rest
Ka = Coefficient of active pressure
Kp = Coefficient of passive pressure 

k= Coefficient of permeability
= Coefficient of subgrade reaction 

ks = Coefficient of subgrade reaction 
kp= Coefficient of percolation 
N= Number of blows (SPT)

= Percent finer
= Normal component 

n = Porosity 
na= Percentage air voids
P = Force

Pa = Active pressure force Ww - Weight of water
Pp= Passive pressure force Wj = Weight of solids
p= Pressure Wq= Water table factor

pa= Active pressure Wy = Water table factor
pp= Passive pressure w= Water content
ph= Horizontal pressure M = Mass, total mass
Q= Force, Load Mw = Mass of water

= Total quan ti ty of water Ms= Mass of solids
Qa = Allowable load wi= Liquid limit
Qu= Ultimate load wp= Plastic limit

q = Surcharge m'x= Shrinkage limit
= Intensity of Load Y = Bulk unit weight
= Discharge Y</= Dry unit weight

qc = Static cone resistance '/sai = Saturated unit weight
qn = Net footing pressure capacity y'= Submerged unit weight

qns= Net safe bearing capacity Yj= Unit weighi of solids
qnp = Net safe settlement pressure Yh>= Unit weight of water
qna = Allowable bearing pressure 6 = Angle of wall friction
qu= Ultimate bearing capacity e- Strain

= Unconfined compressive r|= Coefficient of viscosity
strength p= Poisson’s ratio

S= Degree of saturation = Micron
= Surface area = Coefficient of viscosity

Sn = Stability no. p = Displacement
Si = Sensitivity = Settlement
s= Shear strength p/ = Final settlement

=. Settlement o = total stress
T= Tangential component o = Effective stress

= Temperature 01,02, 03 = Principal stresses
Ts = Surface tension 01,02,03 = Effective principal stresses
r= Time ©<•= PreConsolidation pressure

U = Degree of consolidation oi, Ov = Vertical stress
= Total pore water pressure Ox, or, = Horizontal stress

u= Pore water pressure t = Shear stress
u = Hydrostatic excess pore pressure Tm = Mobilised shear strength
V= Volume, total volume, Velocity 

Vj= Volume of dry soil
4 = Angle of sheari ng resistance
A'= Effective angle of shearing

Va= Volume of air resistance
Vw= Volume of water <|>« = Apparent angle of shearing
Vi>= Volume of voids resistance
V,= Volume of solids <j>m= mobilised angle of shearing

v= Velocity resistance

= Critical velocity p= Bulk density

vs= Seepage velocity
W = Weieht. total weipht

p</ = Dry density 
p'= Submerged density
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CONVERSION FACTORS
(a) MKS to SI Units

From To Multiply by Equivalence

kgf N 9.81 1 kgf = 9.81 N
gmf N 9.81 x 10-3 Igmf = 0.00981N

tonne kN 9.81 11 = 9.81 kN
kgf/cm2 kN/m2 98.1 1 kgf/cm2 - 98.1 kN/m2

kgf/cm" N/mm2 9.81 x IO-2 1 kgf/cm2 = 0.0981 N/mm2

gmf/cm2 N/m2 98.1 1 gmf/cm2 = 98.1 N/m2

t/m2 kN/m2 9.81 1 t/m2 - 9.81 kN/m2

kgf/m3 kN/m3 9.81 x 10‘3 1 kgf/m3 = 0.00981 kN/ m3

t/m3 kN/m3 9.81 1 t/m3 = 9.81 kN/m3

grnf/cm3 kN/m3 9.81 1 gmf/cm3 = 9.81 kN/m3

kgf/m N/m 9.81 1 kgf/m = 9.81 N/m
kgf-m N-m 9.81 1 kgf-m = 9.81 N-m

kgf-sec/m2 N-s/m2 9.81 1 kgf-sec/m2 - 9.81 N-s/m2

(b) SI to MKS Units

From To Multiply Equivalence
by

N kgf 0.102 1 N = 0.102 kgf
N gmf 102.0 1 N - 102 gmf
kN tonne 0.102 1 kN - 0.1021

kN/m2 kgf/cm2 0.102 x 10-1 1 kN/m2 - 0.0102 kgf/cm2

N/mm2 kgf/cm2 10.2 IN/mm2 - 10.2 kgf/cm2

N/m2 gmf/cm2 0.102 x 10-1 1 N/m2 - 0.0102 gmf/cm2

kN/m2 t/m2 0.102 1 kN/m2 - 0.102 t/m2
kN/m3 kgf/m3 0.102 x 103 1 kN/m3 - 102.0 kgf/m3

kN/m3 t/m3 0.102 1 kN/m3 - 0.102 t/m3

kN/m3 gmf/m3 0.102 1 kN/m3 - 0.102 gmf/cm3

N/m kgf/m 0.102 1 N/m - 0.102 kgf/m
N-m kgf-m 0.102 1 N-m - 0.102 kgf-m

N-s/m2 kgf-sec/m2 0.102 1 N-s/m2 - 0.102 kgf-sec/m2

Note : 1 poise = 0.1 N-s/m2 = 1.02 x 10;' kgf-sec/m2

1 bar = 100 kN/m2
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PART-1

FUNDAMENTALS OF 
SOIL MECHANICS

1
Introduction

1.1. DEFINITION OF SOIL
The word ‘soil’ is derived from the latin word solium which, according to Webster’s dictionary, means 

the upper layer of the earth that may be dug or plowed; specifically, the loose surface material of the earth 
in which plants grow. The above definition of soil is used in the field of agronomy where the main concern 
is in the use of soil for raising crops. In geology, earth’s crust is assumed to consist of unconsolidated 
sediments, called mantle or regolith, overlying rocks. The term ‘soil’ is used for the upper layer of mantle 
which can support plants. The material which is called soil by the agronomist or the geologist is known as 
top soil in geotechnical engineering or soil engineering. The top soil contains a large quantity of organic 
matter and is not suitable as a construction material or as a foundation for structures. The top soil is removed 
from the earth’s surface before the construction of structures.

The term ‘soil’ in soil engineering is defined as an unconsolidated material, composed of solid particles, 
produced by the disintegration of rocks. The void space between the particles may contain air, water or both. 
The solid particles may contain organic matter. The soil particles can be separated by such mechanical means 
as agitation in water.

A natural aggregate of mineral particles bonded by strong and permanent cohesive forces is called ‘rock’. It 
is an indurated material that requires drilling, wedging or blasting for its removal from the earth’s surface. Since 
the terms weak and strong have different interpretations, the boundary between soil and rock is rather arbitrary. 
In case of a partially disintegrated rock, it is extremely difficult to locate thp boundary between soil and rock.

Fig. 1.1 shows a cross-section through the earth’s surface, indicating the nomenclature used in geology,

Ground^ surface
soil
I

Mantle (regolith)

(a) Nomenclature in Geology (b) Nomenclature in Soil Engineering 

Fig. 1.1. Nomenclature.
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and in1 Soil Engineering. It may be rioted that the material which is called mantle (regolith) in geology is 
known as soil in Soil Engineering.

1.2. DEFINITION OF SOIL MECHANICS
The term ‘soil mechanics’ was coined by Dr. Karl Terzaghi in 1925 when his book Erdbaumechanic on 

the subject was published in German. According to Terzaghi, ‘Soil mechanics is the application of the laws 
of mechanics and hydraulics to engineering problems dealing with sediments and other unconsolidated 
accumulations of solid particles produced by the mechanical and chemical disintegration of rock, regardless 
of whether or not they contain an admixture of organic constituents’. Soil mechanics is, therefore, a branch 
of mechanics which deals with the action of forces on soil and with the flow of water in soil.

The soil consists of discrete solid particles which are neither strongly bonded as in solids nor they are as free 
as particles of fluids. Consequently, the behaviour of soil is somewhat intermediate between that of a solid and 
a fluid. It is not,' therefore, surprising that soil mechanics draws heavily from solid mechanics and fluid 
mechanics. As the soil is inherently a particulate system, soil mechanics is also called particulate mechanics.

Rock mechanics is the science dealing with the mechanics of rocks.

13. DEFINITION OF SOIL ENGINEERING AND GEOTECHNICAL ENGINEERING
Soil engineering in an applied science dealing with the applications of principles of soil mechanics to 

practical problems. It has a much wider scope than soil mechanics, as it deals with all engineering 
problems related with soils. It includes site investigations, design and construction of foundations, 
earth-retaining structures and earth structures.

Geotechnical engineering is a broader term which includes soil engineering, rock mechanics and geology. 
This term is used synonymously with soil engineering in this text.

1.4. SCOPE OF SOIL ENGINEERING
Soil engineering has vast application in the construction of various civil engineering works. Some of the 

important applications are as under :

Fig. 1.2. Different types of foundations.
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(1) Foundations—Every civil engineering structure, whether it is a building, a bridge, or a dam, is 
founded on or below the surface of the earth. Foundations are required to transmit the load of the structure 
to soil safely and efficiently.

A foundation is termed shallow foundation when it transmits the load to upper strata of earth. A 
foundation is called deep foundation when the load is transmitted to strata at considerable depth below the 
ground surface (Fig. 1.2). Pile foundation is a type of deep foundation. Foundation engineering is an 
important branch of soil engineering.

(2) Retaining Structures—When sufficient space is not available for a mass of soil to spread and form 
a safe slope, a structure is required to retain the soil. An earth retaining structure is also required to keep the

soil at different levels on its either side. The retaining structure may be a rigid retaining wall or a sheet pile 
bulkhead which is relatively flexible (Fig. 1.3). Soil engineering gives the theories of earth pressure on 
retaining structures.

(3) Stability of Slopes—If soil surface is not horizontal, there is a component of weight of the soil which

Fig. 1.4. Slopes in (a) filling and (i) cutting.

tends to move it downward and thus causes instability of slope. The slopes may be natural or man-made Fig. 
1.4 shows slopes in filling and cutting. Soil engineering provides the methods for checking the stability of slopes.

(4) Underground Structures—The design and construction of underground structures, such as tunnels, 
shafts, and conduits, require evaluation of forces exerted by the soil on these structures. These forces are 
discussed in soil engineering. Fig. 1.5 shows a tunnel constructed below the ground surface and a conduit laid 
below the ground surface.
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(a) Tunnel
(b) Condu i t

Fig. 1.5. Underground structures.

(5) Pavement Design—A pavement is a 
hard crust placed on soil (subgrade) for the 
purpose of providing a smooth and strong 
surface on which vehicles can move. The 
pavement consists of surfacing, such as a 
bitumen layer, base and subbase (Fig. 1.6). 'Ilie 
behaviour of subgrade under various conditions 
of loading and environmental changes is studied 
in soil engineering.

-Surfacing

j '-Sub base

Subgrade (soil) I 
Fig. 1.6. Pavement details.

(6) Earth Dam—Earth dams are huge structures in which soil is used as a construction material (Fig. 
1.7). The earth dams are built for creating water reservoirs. Since the failure of an earth dam may cause 
widespread catastrophe, extreme care is taken in its design and construction. It requires a thorough knowledge 
of soil engineering.

Fig. 1.7. Earth Dam.

(7) Miscellaneous Soil Problems—The geotechnical engineer has sometimes to tackle miscellaneous 
problems related with soil, such as soil heave, soil subsidence, frost heave, shrinkage and swelling of soils. 
Soil engineering provides an in-depth study of such problems.

1.5. ORIGIN OF SOILS

Soils are formed by weathering: of rocks due to mechanical disintegration or chemical decomposition. 
When a rock surface gets exposed to atmosphere for an appreciable time, it disintegrates or decomposes into 
small particles and thus the soils are formed.

Soil may be considered as an incidental material obtained from the geologic cycle which goes on 
continuously in nature. The geologic cycle consists of erosion, transportation, deposition and upheaval of soil 
(Fig. 1.8). Exposed rocks are eroded and degraded by various physical and chemical processes. The products 
of erosion are picked up 
by agencies of trans­
portation, such as water 
and wind, and are 
carried to new locations 
where they are 
deposited. This shifting 
of the material disturbs 

Fig. 1.8. GeolAgic Cycle.
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the equilibrium of forces on the earth and causes large scale earth movements and upheavals. This process 
results in further exposure of rocks and the geologic- cycle gets repeated.

If the soil stays at the place of its formation just above the parent rock, it is known as residual soil or 
sedentary soil. When the soil has been deposited at a place away from the place of its origin, it is called a 
transported soil. The engineering properties of residual soils vary considerably from the top layer to the 
bottom layer. Residual soils have a gradual transition from relatively fine material near the surface to large 
fragments of stones at greater depth. 'Ilie properties of the bottom layer resemble that of the parent rock in 
many respects. The thickness of the residual soil formation is generally limited to a few metres.

The engineering properties of transported soils arc entirely different from the properties of the rock at the 
place of deposition. Deposits of transported soils are quite thick and are usually uniform. Most of the soil 
deposits with which a geotechnical engineer has to deal are transported soils.

1.6. FORMATION OF SOILS

As mentioned above, soils are formed by either (4) physical disintergration or (B) chemical 
decomposition of rocks.

A. Physical Disintegration—Physical disintegration or mechanical weathering of rocks occurs due to the 
following physical processes :

(1) Temperature changes—Different minerals of a rock have different coefficients of thermal expansion. 
Unequal expansion and contraction of these minerals occur due to temperature changes. When the stresses 
induced due to such changes are repeated many times, the particles get detached from the rocks and the soils 
are formed.

(2) Wedging action of Ice—Water in the pores and minute cracks of rocks gets frozen in very cold 
climates. As the volume of ice formed is more than that of water, expansion occurs. Rocks get broken into 
pieces when large stresses develop in the cracks due to wedging action of the ice formed.

(3) Spreading of roots of plants—As the roots of trees and shrubs grow in the cracks and fissures of 
the rocks, forces act on the rock. The segments of the rock are forced apart and disintegration of rocks occurs.

(4) Abrasion—As water, wind and glaciers move over the surface of rock, abrasion and scouring takes 
place. It results in the formation of soil.

In all the processes of physical disintegration, there is no change in the chemical composition. The soil 
formed has the properties of the parent rock. Coarse grained soils, such as gravel and sand, are formed by the 
process of physical disintegration.

B. Chemical Decomposition—When chemical decomposition or chemical weathering of rocks takes 
place, original rock minerals are transformed into new minerals by chemical reactions. The soils formed do 
not have the properties of the parent rock. The following chemical processes generally occur in nature.

(1) Hydration—In hydration, water combines with the rock minerals and results in the formation of a 
new chemical compound. The chemical reaction causes a change in volume and decomposition of rock into 
small particles.

(2) Carbonation—It is a type of chemical decomposition in which carbon dioxide in the atmosphere 
combines with water to form carbonic acid. The carbonic acid reacts chemically with rocks and causes their 
decomposition.

(3) Oxidation—Oxidation occurs when oxygen ions combine with minerals in rocks. Oxidation results in 
decomposition of rocks. Oxidation of rocks is somewhat similar to rusting of steel.

(4) Solution—Some of the rock minerals form a solution with water when they get dissolved in water. 
Chemical reaction takes place in the solution and the soils are formed.

(5) Hydrolysis—It is a chemical process in which water gets dissociated into H  and OIF ions. The 
hydrogen cations replace the metallic ions such as calcium, sodium and potassium in rock minerals and soils 
are formed with a new chemical decomposition.

*

Chemical decomposition of rocks results in formation of clay minerals. These clay minerals impart plastic 
properties to soils. Clayey soils are formed by chemical decomposition.
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1.7. TRANSPORTATION OF SOILS

The soils formed at a place may be transported to other places be agents of transportion, such as water, 
wind, ice and gravity.

(1) Water transported Soils— Flowing water is one of the most important agents of transportation of 
soils. Swift running water carries a large quantity of soil either in suspension or by rolling along the bed. 
Water erodes the hills and deposits the soils in the valleys.

The size of the soil particles carried by waler depends upon the velocity. The swift water can carry the 
particles of large size such as boulders and gravels. With a decrease in velocity, the coarse particles get 
deposited. The finer particles are carried further downstream and are deposited when the velocity reduces. A 
delta is formed when the velocity slows down to almost zero at the confluence with a receiving body of still 
water, such as a lake, a sea or an ocean (Fig. 1.9).

All type of soils carried and deposited by water are known as alluvial deposits. Deposits made in lakes 
are called lacustrine deposits. Such deposits are laminated or varved in layers. Marine deposits are formed 
when the flowing water carries soils to ocean or sea.

(2) Wind transported Soils—Soil particles are transported by winds. The particle size of the soil 
depends upon the velocity of wind. The finer particles are carried far away from the place of the formation. 
A dust storm gives a visual evidence of the soil particles carried by wind. Soils deposited by wind are known 
as aeolian deposits.

Large sand dunes are formed by winds. Sand dunes occur in arid regions and on the leeward side of sea 
with sandy beaches.

Loess is a sill deposit made by wind. These deposits have low density and high compressibility. The 
bearing capacity of such soils is very low. The permeability in the vertical direction is large.

(3) Glacier-Deposited Soils—Glaciers are large masses of ice formed by the compaction of snow. As the 
glaciers grow and move, they carry with them soils varying in size from fine grained to huge boulders. Soils get 
mixed with the ice and are transported far away from their original position. Drift is a general term used for the 
deposits made by glaciers directly or indirectly. Deposits directly made by melting of glaciers are called till.

Terminal moraine

Fig. 1.10. Glacier Deposited Soils.
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During their advancement, glaciers transport soils. At the terminus, a melting glacier drops the material in 
the form of ridges, known as terminal moraine (Fig. 1.10). The land which was once covered by glaciers and on 
which till has been deposited after melting is called ground moraine. The soil carried by the melting water 
from the front of a glacier is termed out-wash.

Glaciofluvial deposits are formed by glaciers. The material is moved by glaciers and subsequently 
deposited by streams of melting water. These deposits have stratification.

Deposits of glacial till are generally well-graded and can be compacted to a high dry density. These have 
generally high shearing strength.

(4) Gravity-deposited soils—Soils can be transported through short distances under the action of gravity. 
Rock fragments and soil masses collected at the foot of the cliffs or steep slopes had fallen from higher elevation 
under the action of the gravitational force. Colluvial soils, such as talus, have been deposited by the gravity.

Talus consists of irregular, coarse particles. It is a good source of broken rock pieces and coarse-grained 
soils for many engineering works.

(5) Soils transported by combined action—Sometimes, two or more agents of transportation act jointly 
and transport the soil. For example, a soil particle may fall under gravity and may be earned by wind to a 
far off place. It might by picked up again by flowing water and deposited. A glacier may carry it still further.

1.8. MAJOR SOIL DEPOSITS OF INDIA

The soil deposits of India may be classified in the following five major groups :
(1) Alluvial Deposits—A large part of north India is covered with alluvial deposits. The thickness of 

alluvium in the Indo-Gangetic and Brahmputra flood plains varies from a few metres to more than one 
hundred metres. Even in the peninsular India, alluvial deposits occur at some places.

The distinct characteristics of alluvial deposits is the existence of alternating layers of sand, silt and clay. 
The thickness of each layer depends upon the local terrain and the nature of floods in the rivers causing 
deposition. The deposits are generally of low density and are liable to liquefaction in earthquake-prone areas.

(2) Black Cotton Soils—A large part of central India and a portion of South India is covered with black 
cotton soils. These soils are residual deposits formed from basalt or trap rocks. The soils are quite suitable for 
growing cotton.

Black cotton soils are clays of high plasticity. They contain essentially the clay mineral montmorillonite. 
The soils have high shrinkage and swelling characteristics. The shearing strength of the soils is extremely low. 
The soils are highly compressible and have very low bearing capacity. It is extremely difficult to work with 
such soils.

(3) Lateritic Soils—Lateritic soils are formed by decomposition of rock, removal of bases and silica, and 
accumulation of iron oxide and aluminium oxide. The presence of iron oxide gives these soils the 
characteristic red or pink colour. These are residual soils, formed from basalt. Lateritic soils exist in the 
central, southern and eastern India.

The lateritic soils are soft and can be cut with a chisel when wet. However, these harden with time. A 
hard crust of gravel size particles, known as laterite, exists near the ground surface. The plasticity of the 
lateritic soils decreases with depth as they approach the parent rock. These soils, especially those which 
contain iron oxide, have relatively high specific gravity.

(4) Desert Soils—A large part of Rajasthan and adjoining states is covered with sand dunes. In this area, 
arid conditions exist, with practically little rainfall.

Dune sand is uniform in gradation. The size of the particles is in the range of fine sand. The sand is 
non-plastic and highly pervious. As the sand is generally in loose condition, it requires densification to 
increase its strength.

(5) Marine Deposits—Marine deposits are mainly confined along a narrow belt near the coast. In the 
south-west coast of India, there are thick layers of sand above deep deposits of soft marine clays.

The marine deposits have very low shearing strength and are highly compressible. They contain a large 
amount of organic matter. The marine clays are soft and highly plastic.
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1.9. COMPARISON OF SOILS WITH OTHER MATERIALS

Soil is a highly complex material. Il differs from conventional structural materials, such as steel and 
concrete.

(1) Steel is a manufactured material the properties of which are accurately controlled. The properties of 
concrete are also controlled to some extent during its preparation. Soil is a material which has been subjected 
to vagaries of nature, without any control. Consequently, soil is a highly heterogeneous and unpredictable 
material.

(2) The properties of a soil change not only from one place to the other but also at the place with depth. 
The properties also change with a change in the environmental, loading and drainage conditions. The 
properties of a soil depend not only on its type but also on the conditions under which it exists.

(3) The main engineering properties of steel and concrete are modulus of elasticity and tensile and 
compressive strength. Most of the design work can be done if these properties are known or determined. 
However, the engineering properties of soils depend upon a number of factors and it is not passible to 
characterise them by two or three parameters. Elaborate testing is required to determine the characteristics of 
the soil lx;fore design can be done.

(4) Because of huge quantities of soils involved, it is not economically feasible to transport the soils from 
other places like steel or concrete. Soils are generally used in the conditions in which they exist.

(5) Whereas steel and concrete can be inspected before use, soils for foundations are at great depth and 
not open to inspection. Hie samples of the soil taken from the bore holes are generally disturbed and do not 
represent the true in-situ conditions.

1.10. LIMITATIONS OF SOIL ENGINEERING

Soil engineering is not an exact science. Because of the nature and the variability of soils, sweeping 
assumptions are made in the derivation of equations. The solution obtained in most cases are for an idealised, 
hypothetical material, which may not truly represent the actual soil. A good engineering judgment is required 
for the interpretation of the results. In fact, each problem in soil engineering is a unique problem because the 
soils at two places are seldom identical.

The following limitations must be kept in mind when tackling problems related with soils.
(1) As the soil does not possess a linear or unique stress-strain relationship, the solutions of the theory of 

elasticity cannot be directly applied.
(2) The behaviour and the strength of soils depend upon pressure, drainage, environment and many other 

factors. These changes must be considered when dealing with soils.
(3) As the soil at every location is different, the results and experience from one project to the other 

should be transferred with caution.
(4) Since the soils are sensitive to disturbance, the results of tests conducted on soil samples should be 

interpreted carefully.
(5) The most of soil is underground and cannot be inspected. Adequate soil exploration should be done 

to determine the profile of soil strata.
(6) The methods of construction may have to be modified as the work progresses and the properties pf 

the soil begin to unfold. Occasional observations have to be made during and even after the completion of 
work to check whether the assumptions made were correct.

(7) It may not be of much use to apply highly mathematical, rigorous solution to a material like soil 
whose properties cannot be determined to the same accuracy.

(8) The soil is a particulate material in which the particles are relatively free to move with respect to one 
another. The behaviour of the soil changes as the particles get shifted.

(9) The soil is a multiphase system, consisting of solid, water and air phases. The behaviour of a soil 
depends upon the relative proportion of the three phases.

(10) Soil mechanics is a relatively new science. It is essential to keep abreast of the latest developments 
in the field.
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1.11. TERMINOLOGY OF DIFFERENT TYPES OF SOILS

A geotechnical engineer should be well versed with the nomenclature and terminology of different types 
of soils. The following list gives the names and salient characteristics of different types of soils, arranged in 
alphabetical order.

(1) Bentonite—It is a type of clay with a very high percentage of clay mineral montmorillonite. It is a 
highly plastic clay, resulting from the decomposition of volcanic ash. It is highly water absorbent and has 
high shrinkage and swelling characteristics.

(2) Black Cotton Soil—It is a residual soil containing a high percentage of the clay mineral 
montmorillonite. It has very low bearing capacity and high swelling and shrinkage properties.

(3) Boulders—Boulders are rock fragments of large size, more than 300 mm in size.
(4) Calcareous soils—These soils contain a large quantity of calcium carbonate. Such soils effervesce 

when tested with weak hydrochloric acid.
(S) Caliche—It is a type of soil which contains gravel, sand and silt. The particles are cemented by 

calcium carbonate.
(6) Clay—It consists of microscopic and sub-microscopic particles derived from the chemical 

decomposition of rocks. It contains a large quantity of clay minerals. It can be made plastic by adjusting the 
water content. It exhibits considerable strength when dry. Clay is a fine-grained soil It is a choesive soil. The 
particle size is less than 0.002 mm.

Organic clay contains finely divided organic matter and is usually dark grey or black in colour. It has a 
conspicuous odour. Organic clay is highly compressible and its strength is very high when dry.

(7) Cobbles—Cobbles are large size particles in the range of 80 mm to 300 mm.
(8) Diatomaceous earth—Diatoms are minute unicellular marine organisms. Diatomaceous earth is a 

fine, light grey, soft sedimentary deposit of the silicious remains of skeletons of diatoms.
(9) Dispersive clays—These are special type of clays which defloculate in still water. Such soils erode if 

exposed to low- velocity water.
Susceptibility to dispersion depends upon the cations in the soil pore water.
(10) Dune sands—These arc wind-transported soils. There are composed of relatively uniform particles 

of fine to medium sand.
(11) Expansive clays—These are prone to large volume changes as the waler content is changed.
These soil contain the mineral montmorillonite.
(12) Fills—All man-made deposits of soil and waste-materials are called fills. These are the soil 

embankments raised above the ground surface. Engineering properties of fills depend upon the type of soil, 
its water content and the degree of compaction.

(13) Gravel—Gravel is a type of coarse-grained soil. The particle size ranges from 4.75 mm to 80 mm. 
Il is a cohesionless material.

(14) Hardpans—Hardpans are types of soils that offer great resistance to the penetration of drilling tools 
during soil exploration. The soils are designated hardpans regardless of their particle size. These are generally 
dense, well-graded, cohesive aggregates of mineral particles. Hardpans do not disintegrate when submerged in 
water.

(15) Humus—It is a dark brown, organic amorphous earth of the topsoil. It consists of partly 
decomposed vegetal matter. It is not suitable for engineering works.

(16) Kankar—It is an impure form of lime stone. It contains calcium carbonate mixed with some 
silicious material.

(17) Laterites—Laterites are residual soils formed in tropical regions. Laterites are very soft when 
freshly cut but become hard after long exposure. Hardness is due to cementing action of iron oxide and 
aluminium oxide. These soils are also called lateritic soils.

(18) Loam—Il is a mixture of sand, sill and clay. The term is generally used in agronomy. The soil is 
well suited to tilling operations.
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(19) Loess—It is a wind blown deposit of silt. It is generally of uniform gradation, with the particle size 
between 0.01 to 0.05 mm. It consists of quartz and feldspar particles, cemented with calcium carbonate or 
iron oxide. When wet, it becomes soft and compressible because cementing action is lost. A loess deposit has 
a loose structure with numerous root holes which produce vertical cleavage. The permeability in the vertical 
direction is generally much greater than that in the horizontal direction.

(20) Marl—It is a stiff, marine calcareous clay of greenish colour.
(21) Moorum—Ihe word moorum is derived from a Tamil word, meaning powdered rock. It consists of 

small pieces of disintegrated rock or shale, with or without boulders.
(22) Muck—It denotes a mixture of fine soil particles and highly decomposed organic matter. It is black 

in colour and of extremely soft consistency. It cannot be used for engineering works. The organic matter is in 
an advanced stage of decomposition.

(23) Peat—It is an organic soil having fibrous aggregates of macroscopic and microscopic particles. It is 
formed from vegetal matter under conditions of excess moisture, such as in swamps. It is highly compressible 
and not suitable for foundations.

(24) Sand—It is a coarse-grained soil, having particle size between 0.075 mm to 4.75 mm. The particles 
are visible to naked eye. The soil is cohesionless and pervious.

(25) Silt—It is a fine-grained soil, with particle size between 0.002 mm and 0.075 mm. The particles are 
not visible to naked eyes.

Inorganic silt consists of bulky, equidimensional grains of quartz. It has little or no plasticity, and is 
cohesionless.

Organic silt contains an admixture of organic matter. It is a plastic soil and is cohesive.
(26) Till—It is an unstratified deposit formed by melting of a glacier. The deposit consists of particles of 

different sizes, ranging from boulders to clay. The soil is generally well-graded. It can be easily densified by 
compaction. Till is also known as boulder-clay.

(27) Top soils—Top soils are surface soils that support plants. They contain a large quantity of organic 
matter and are not suitable for foundations.

(28) Tbff—It is a fine-grained soil composed of very small particles ejected from volcanoes during its 
explosion and deposited by wind or water.

(29) Tundra—It is a mat of peat and shrubby vegetation that covers clayey subsoil in arctic regions. The 
deeper layers are permanently frozen and are called permafrost. The surface deposit is the active layer which 
alternately freezes and thaws.

(30) Varved clays—These are sedimentary deposits consisting of alternate thin layers of silt and clay. 
The thickness of each layer seldom exceeds 1 cm. These clays are the results of deposition in lakes during 
periods of alternately high and low waters.

[Note. For glossary of technical terms, see APPENDIX A].

1.12. COHESIVE AND COHESIONLESS SOILS

Soils in which the adsorbed water and particle attraction act such that it deforms plastically at varying 
water contents are known as cohesive soils or clays. This cohesive property is due to presence of clay 
minerals in soils. Therefore, the term cohesive soil is used synonymously for clayey soils.

The soils composed of bulky grains are cohesionless regardless of the fineness of the particles. The rock 
flour is cohesionless even when it has the particle size smaller than 2|x size. Non-plastic silts and coarse­
grained soils are cohesionless.

[Note. 1 |x = 1 micron = 10“6 m = 10-3 mm].

Many soils are mixture of bulky grains and clay minerals and exhibit some degree of plasticity with 
varying water content. Such soils are termed cohesive if the plasticity effect is significant; otherwise, 
cohesionless.

Obviously, there is no sharp dividing line between cohesionless and cohesive soils. However, it is 
sometimes convenient to divide the soil into above two groups.
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The term cohesive-soil is used for clays and plastic silt, and the term cohesionless-soil, for non-plastic 

silts, sands and graveL

1.13. BRIEF HISTORY OF SOIL ENGINEERING
According to the author, the history of soil engineering can be divided into three periods, as described 

below:
(1) Ancient to Medieval period—Man’s first contact with soil was when he placed his foot on the earth. 

In ancient times, soil was used as a construction material for building huge earth mounds for religious 
purposes, burial places and dwellings. Caves were built in soil to live in.

Excellent pavements were constructed in Egypt and India much before the Christian era. Some earth 
dams have been storing water in India for more than 2000 years. Remnants of various underground water 
structures, such as aqueducts, tunnels and large drains, found in the excavation at the sites of early civilisation 
at Mohenjodaro and Harrappa in the Indian subcontinent indicate the use of soil as foundation and 
construction material. Egyptian used caissons for deep foundations even 2000 B.C. Hanging garden at 
Babylon (Iraq) was also built during that period. The city of Babylon was built on fills above the adjoining 
flood plains.

During Roman times, heavy structures, such as bridges, aqueducts, harbours and buildings, were built. 
Some of these works are in existence even today. After the collapse of the Roman Empire, the construction 
activities declined. However, some heavy city walls and forts were built from the strategic considerations. 
Cathedrals, castles and campaniles (bell towers) were also constructed. The famous tower of Pisa, known as 
the leaning tower of Pisa, was also built. The tower has leaned on one side because of the differential 
settlement of its base.

The famous Rialto Bridge was constructed in Venice (Italy) in the seventeenth century. Leonardo da Vinci 
constructed a number of structures in France during the same period. The famous London Bridge in England 
was also built. The mausoleum Taj Mahal at Agra (India) was constructed by the emperor Shah Jehan to 
commemorate his favourite wife Mumtaz Mahal. It is built on masonry cylindrical wells sunk into the soil at 
close intervals.

It is certain that early builders, while constructing such huge structures, encountered and successfully 
tackled many challenging problems. However, no record in available about the methods adopted. No scientific 
study seems to have been made. The builders were guided by the knowledge and experience passed down 
from generation to generation.

(2) Period of Early Developments—The eighteenth century can be considered as the real beginning of 
soil engineering when early developments in soil engineering took place. In 1773, a French engineer Coulomb 
gave a theory of earth pressure on retaining walls. The theory is used by the geotechnical engineers even 
today (chapter 19). Coulomb also introduced the concept that the shearing resistance of soil consists of two 
components, namely, the cohesion component and the friction component (chapter 13). Culmann gave a 
general graphical solution for the earth pressure in 1866. Rankine, in 1857, published a theory on earth 
pressure considering the plastic equilibrium of the earth mass. In 1874, Rehbann gave a graphical method for 
computation of earth pressure based on Coulomb’s theory.

Darcy gave the law of the permeability of soils in 1856. Darcy’s law is used for the computation of 
seepage through soils (chapters 8 and 9). In the same year, Stokes gave the law for the velocity of fall of 
solid particles through fluids. The law is used for determining the particle size, as discussed in chapter 3.

O-Mohr gave the rupture theory for soils in 1871. He also gave a graphical method of representation of 
stresses, popularly known as Mohr’s circle. It is extremely useful for determination of stresses on inclined 
planes (chapter 13).

Boussinesq, in 1885, gave the theory of stress distribution in a semi-infinite, homogeneous, isotropic, 
elastic medium due to an externally applied load. The theory is used for determination of stresses in soils due 
to loads, as discussed in chapter 11.

In 1908, Marston gave the theory for the load carried by underground conduits (chapter 22).
Atterberg, in 1911, suggested some simple tests for characterizing consistency of cohesive soils. The 
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limits, commonly known as Atterberg’s limits, are useful for identification and classification of soils, as 
discussed in chapters 4 and 5.

Swedish Geotechnical Commission of the State Railways of Sweden appointed a committee headed by 
Prof, Fellenius in 1913 to study the stability of slopes. The committee gave the Swedish circle method for 
checking the stability of slopes, described in chapter 18. In 1916, Petterson gave the friction circle method for 

the stability of slopes.
(3) Modem Era—The modem era of Soil Engineering began in 1925, with the publication of the book 

Erdbaumechanic by Karl Terzaghi. The contribution made by Terzaghi in the development of soil engineering 
is immense. He is fittingly called the father of soil mechanics. For the first lime, he adopted a scientific 
approach in the study of soil mechanics. His theory of consolidation of soils (chapter 12) and the effective 
stress principle (chapter 10) gave a new direction.

Proctor did pioneering work on compaction of soils in 1933, as discussed in chapter 14.
Taylor made major contributions on consolidation of soils, shear strength of clays and the stability of slopes.
Casagrande made significant contributions on classification of soils, seepage through earth masses and 

consolidation.
Skempton did pioneering work on the pore pressures, effective stress, bearing capacity and the stability 

of slopes.
Meyerhof gave the theories for the bearing capacity of shallow and deep foundations.
Hvorslev did commendable work on subsurface exploration and on shear strength of remoulded clays.
The above list is far from complete. Many other distinguished geotechnical engineers have made a mark 

on the development of soil engineering. Because of space limitation, their mention could not be made in the 
above list.

PROBLEMS

A. Descriptive
1.1. Define the term ‘soil’, ‘soil mechanics’ and soil engineering. What are limitations of soil engineering ?
1.2. What is geologic cycle ? Explain the phenomena of formation and transportation of soils.
13. What are the major soil deposits of India ? Explain their characteristics.
1.4. Write a brief history of soil engineering.

B. Multiple-Choice Questions

1. Colluvial soils (talus) are transported by:
(a) Water (fe) Wind
(c) Gravity (4) Ice

2. Water-transported soils are termed:
(a) Aeoline (b) Alluvial
(c) Colluvial (4) Till

3. Glacier-deposited soils are called:
(a) Talus (b) Loess
(c) Drift (d) None of above

4. Cohesionless soils are formed due to:
(a) Oxidation (b) Hydration
(c) Physical disintegration (4) Chemical decomposition

5. When the products of rock weathering are not transported but remain at the place of formation, the soil is called:
(a) Alluvial soil '(b) Talus
(c) Residual soil (4) Aeolian soil

6. The following type of soil is not glacier-deposited.:
(fl) Drift (b) Till
(c) Outwash (4) Bentonite. [Ans. 1 (c), 2 (b), 3 (c), 4 (c), 5 (c), 6 (4)]
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Basic Definitions and Simple Tests

2.1. INTRODUCTION
A soil mass consists of solid particles which form a porous structure. The voids in the soil mass may be

filled with air, with water or partly 
with air and partly with water. In 
general, a soil mass consists of solid 
particles, water and air. The three 
constituents are blended together to 
form a complex material (Fig. 2.1. 
a). However, for convenience, all 
the solid particles arc segregated and 
placed in the lower layer of the 
three-phase diagram (Fig. 2.1b). 
Likewise, water and air particles are 
placed separately, as shown. The 
3-phase diagram is also known as 
Block diagram.

(a)

It may be noted that the three
constituents cannot be actually Fig. 2.1. Constituents of Soil.

segregated, as shown. A 3-phase diagram is an artifice used for easy understanding and convenience in 
calculation.

Although the soil is a three-phase system, it becomes a two-phase system in the following two cases: (1)
When the soil is absolutely dry, the 
water phase disappears (Fig. 2.2 - - 
a). (2) When the soil is fully 
saturated, there is no air phase 
(Fig. 2.2b). It is the relative 
proportion of the three constituents v 
and their interaction that governs 
the behavior and properties of soils. 
The phase diagram is a simple, 
diagrammetic representation of a 
real soil. It is extremely useful for 
studying the various terms used in 
soil engineering and their inter­
relationships.

i
Vs

1
to) Dry soil (o)Saturated soil

Fig. 2.2. Two-phase diagrams.
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In a 3-phase diagram, it is conventional to write volumes on the left side and the mass on the right side (Fig.
2.3 a). The total volume of a given soil mass in designated as V. It is equal to the sum of the volume of solids (Vs),

the volume of water (Vw) and the volume of air (V„). 'Ilie volume of voids (V,,) is equal to the sum of the 

volumes of water and air.
The total mass of the soil mass is represented as M. The mass of air (A/o) is very small and is neglected. 

Therefore, the total mass of the soil is equal to the mass of solids (M:) and the mass of water (MJ.
Fig. 2.3b shows the 3-phase diagram in which the weights are written on the right side.

2.2. VOLUMETRIC RELATIONSHIPS

Tire following five volumetric relationships are widely used in soil engineering.
(1) Void Ratio (e)—It is defined as the ratio of the volume of voids to the volume of solids. Thus

...(2.1)

The void ratio is expressed as a decimal, such as 0.4, 0.5, etc. For coarse-grained roils, the void ratio is 
generally smaller than that for fine-grained soils. For some soils, it may have a value even greater than unity.

(2) Porosity (n)—It is defined as the ratio of the volume of voids to the total volume. Thus

...(2.2)

Porosity is generally expressed as percentage. However, in equations, it is used as a ratio. For example, 
a porosity of 50% will be used as 0.5 in equations. The porosity of a soil cannot exceed 100% as it would 
mean Vv is greater than V, which is absurd. In fact, it will have a much smaller value. Porosity is also known 
as percentage voids.

Both porosity and void ratio are measures of the denseness (or looseness) of soils. As the soil becomes 
more and more dense, their values decrease. The term porosity is more commonly used in other disciplines 
such as agricultural engineering. In soil engineering, the term void ratio Ls more popular. It is more 
convenient to use void ratio than porosity. When the volume of a soil mass changes, only the numerator (Le. 
V„) in the void ratio changes and the denominator (i.e. Vf) remains constant. However, if the term porosity is 
used, both the numerator and the denominator change and it becomes inconvenient.

An inter-relationship can be found between the void ratio and the porosity as under.

From Eq. 2.2, 

or

or ...(2.3)
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Also, from Eq. (a), — - - - 1 - -——
1 ' e n n

or e = yy ...(2.4)

In Eqs. (2.3) and (2.4), the porosity should be expressed as a ratio (and not perentage).

(3) Degree of Saturation (S)—The degree of saturation (S) is the ratio of the volume of water to the 
volume of voids.

V„
Thus S = TF ...(2.5)

The degree of saturation is generally expressed as a percentage. It is equal to zero when the soil is absolutely 
dry and 100% when the soil is fully saturated. In expressions, the degree of saturation is used as a decimal.

In some texts, the degree of saturation is expressed as Sr.

(4) Percentage Air voids (na)—It is the ratio of the volume of air to the total volume.
va

Thus na = — ...(2.6)

As the name indicates, it is represented as a percentage.

(5) Air Content (ac)—Air content is defined as the ratio of the volume of air to the volume of voids.

Thus ae - ...(2.7)

Air content is usually expressed as a percentage.
Both air content and the percentage air voids are zero when the soil is saturated (Va = 0).
An inter-relationship between the percentage air voids and the air content can be obtained.

V V V
From Eq. 2.6, na - -y - y x y

or na = nac ...(2.8)

[Note. In literature, the ratio Va IV is also called air content by some authors. However, in this text, this ratio 
would be termed percentage air voids and not air content].

23. WATER CONTENT
The water content (w) is defined as the ratio of the mass of water to the mass of solids.

The water content is also known as the moisture content (m). It is expressed as a percentage, but used as 
a decimal in computation.

The water content of the fine-grained soils, such as silts and clays, is generally more than that of the 
coarse grained soils, such as gravels and sands. The water content of some of the fine-gained soils may be 
even more than 100%, which indicates that more than 50% of the total mass is that of water.

The water content of a soil is an important property. The characteristics of a soil, especially a 
fine-grained soil, change to a marked degree with a variation of its water content.

In geology and some other disciplines, the water content is defined as the ratio of the mass of water to 
the total mass. Some of the instruments, such as moisture tester, also give the water content as a ratio of the 
total mass. In this text water content (iv) will be taken as given by Eq. 2.9, unless mentioned otherwise.

The symbol m' shall be used in this text for the water content based on the total wet mass. Thus

m' “ 7? x 100 ...(2.10)

Note. Certain quantities, as defined above, are expressed as a ratio and certain other quantities, as a 
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percentage. To avoid confusion, it is advisable to express all quantities as a ratio (or a decimal) in 
computations. The final result should be expressed as a percentage for the quantities which are defined as a 
percentage and as decimal for other quantities.

2.4. UNITS

In this text, SI units are used. In this system, mass (M), length (L) and time fl) are the basic dimensions. 
The mass is expressed in kilogramme (kg) units, the length in metre (M) units and the time in seconds (sec 
or s) units.

The most important derived unit is the force unit. The force is expressed in newton (N). One newton is 
the force which is required to give an acceleration of 1 m/sec2 to a mass of 1 kg. Thus

1 N = 1 kg x 1 m/scc2

In addition to kg mass and N force, the following multiples and submultiples are also frequently used.

1 milligramme (mg)

1 kilogramme (kg)

1 megagramme (Mg) 
Likewise,

1 millinewton (mN)

1 kilonewton (kN)

1 meganewton (MN)

= 10 3 gram (gm or g)

= 103 gm

= 106 gm = 103 kg

= 10 3 newton (N)

= 103 N

= 106 N = 103 kN

2.5. VOLUME-MASS RELATIONSHIPS

The volume-mass relationship' arc in terms of mass density. 'Ihc mass of soil per unit volume is known 
as mass density. In soil engineering, the following 5 different mass densities are used.

(1) Bulk Mass Density—The bulk mass density (p) is defined as the total mass (M) per unit total 
volume (V). Thus, from Fig. 2.3 (a),

P - V ...(2.11)

The bulk mass density is also known as the wet mass density or simply bulk density or density. It is 
expressed in kg/m3, gm/ml or Mg/m3.

Obviously, 1 Mg/m3 = 1000 kg/m3 = 1 gm/ml

(2) Dry Mass Density—The dry mass density (prf) is defined as the mass of solids per unit total volume. 
Thus

M, 
P<t “ V ...(2.12)

As the soil may shrink during drying, the mass density may not be equal to the bulk mass density of the 
soil in the dried condition. The total volume is measured before drying.

The dry mass density is also known as the dry density.
The dry mass density is used to express the denseness of the soil. A high value of dry mass density 

indicates that the soil is in a compact condition.
(3) Saturated Mass Density—The saturated mass density (pJ<B) is the bulk mass density of the soil when 

it is fully saturated. Thus

P.1« - ~~ ...(2.13)

(4) Submerged Mass Density—When the soil exists below water, it is in a submerged condition. When 
a volume V of soil is submerged in water, it displaces an equal volume of water. Thus the net mass of soil 
when submerged is reduced [Fig. 2.4 (a)].

The submerged mass density (p') of the soil is defined as the submerged mass per unit of total volume. 
Thus
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, AU
P “ V

The submerged density is also T 
expressed as plu/, in some texts. It is also 
known as the buoyant mass density (pb). I T"

Fig. 2.4 (a) shows a soil mass । 

submerged under water. The soil solids 
which have a volume of Vs are buoyed up 
by the water. The upthrust is equal to the , I 

mass of water diplaced by the solids.

Thus U - V,pw

Therefore, Msub = Ms - U

- V,GPw-VsPw 

, Vspw(G-l) 
From Eq. 2.14, p' = — -------- ...(2.15)

Alternatively, we can also consider the equilibrium of the entire volume (V). In this case, the total 
downward mass, including the mass of water in the voids, is given by

A/Jo/ — Afj + Vv pw

The total upward thrust, including that on the water in voids, is given by

17 - Vp„

Therefore, the submerged mass is given by

From Eq. 2.14,

M>uh = (W, + V,. pu.) - V p„.

, (Mf + V, p„.) - Vp„. Msul - V p„. 
p - V v

Using Eq. 2.13 P' = P«« - Pw ...(2.16)

The submerged density p' is roughly one-half of the saturated density.

(5) Mass Density of Solids—The mass density of solids (p^) is equal to the ratio of the mass of solids 
to the volume of solids. Thus

...(2.17)

2.6. VOLUME-WEIGHT RELATIONSHIP

The volume-weight relationships are in terms of unit weights. The weight of soil per unit volume is 
known as unit weight (or specific weight). In soil engineering, the following five different unit weights are 
used in various computations.

(1) Bulk Unit Weight—The bulk unit weight (y) is defined as the total weight per unit total volume [Fig. 
2.3 (&)]. Thus

i - V -P-IIC*)]

The bulk unit weight is also known as the total unit weight (y;), or the wet unit weight.

In SI units, it is expressed as N/m3 or kN/ m3.

In some texts, the bulk unit weight is expressed as yb or y,.
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(2) Dry Unit Weight—The dry unit weight is defined as the weight of solids per unit total volume.

Thus ya = ...[2.12(a)]

(3) Saturated Unit Weight—The saturated unit weight (yJ<u) is the bulk unit weight when the soil is fully 
saturated.

jy
Ibus ...(2.13(0)]

(4) Submerged Unit Weight—When the soil exists below water, it is in a submerged condition. A 
buoyant force acts on the soil solids. According to Archimedes’ principle, the buoyant force is equal to the 
weight of water displaced by the solids. The net mass of the solids is reduced. The reduced mass is known 
as the submerged mass or the buoyant mass.

The submerged unit weight (y') of the soil is defined as the submeiged weight per unit of total volume.

Thus y' = ...[2.14(a)]

Fig. 2.4 (b) shows a soil mass submerged under water. The soil solids which have a volume of Vs are 
buoyed up by the water. The buoyant force (17) is equal to the weight of water displaced by the solids.

U = V,yw

The weight of water in the voids has a zero weight in water, as the weight of water and the buoyant force 
just balance each other. When submerged, all voids can be assumed to be filled with water.

Therefore, Wiub = Ws - U

= VsGy„- Vsyw - Vsyw(G - 1)

From Eq. 2.14, y' = -'Yw^ ~ ...[2.15(a)]

We can also consider the equilibrium of the entire volume (V). The total downward force, including the 
wight of water in the voids, is given by

Wtal = W, + V„ yw

The total upward force, including that on the water in voids, is given by 17 = Vyw
Therefore, the submerged unit weight is given by

Wxuh = (Ws + Vvylv) - Vylv

From Eq. 2.14. / = . »S. - Vy.

Using Eq. 2.13 7' . ...[2.16(a)]

The submerged unit weight is roughly one-half of the saturated unit weight.
In literature, the submerged unit weight is also frequently expressed as ysub. For convenience, the 

submerged unit weight will be expressed as y' in this text.
(5) Unit weight of Soil Solids—The unit weight of solids (ys) is equal to the ratio of the weight of solids 

to the volume of solids. Thus
W,

7. = y-s ...[2.17(a)]

2.7. INTER-RELATION BETWEEN MASS AND WEIGHT UNITS

In Sect. 2.5, the mass-volume relationships have been developed. The corresponding weight-volume 
relationships are given in Sect. 2.6. The reader should carefully understand the difference between the two 
units and should be able to convert the mass densities to the unit weights and vice-versa.

The mass and weight are related by Newton’s second law of motion, viz,

Force = Mass x Acceleration
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When a force of one newton (N) is applied to a mass of one kilogramme (kg), the acceleration is 1 
m/sec2. The weight of 1 kg mass of material on the surface of earth is 9.81 N because the acceleration due 

to gravity (g) is 9.81 m/sec. Thus we can convert the mass in kg into weight in N by multiplying it by g. In 
otherwards, W = Mg.

Because the unit weight y is expressed as W/V and the mass density (p) as M/V. the two quantities can 
be related as

Thus unit weight in N/m3 = mass density in kg/m3 x 9.81 
For example, for water pK, is 1000 kg/m3.

Therefore, yw - 1000 x 9.81 - 9810 N/m3 = 9.81 kN/m3 - 10 kN/m3

Sometimes, the mass density is expressed in Mg/m3 or g/ml. The corresponding unit weight in kN/m3 is 
equal to 9.81 p. For example, for water p^ is 1 Mg/m3 or 1 g/ml. The corresponding unit weight is 9.81 
kN/m3.

Likewise, mass density of 1600 kg/m3 corresponds to a unit weight of 1600 x 9.81 N/m3 = 15696 N/m3 
= 15.696 kN/m3. In the reverse order, a unit weight of 18 kN/m3 corresponds to a mass density of 18000/9.81 
= 1834.62 kg/m3.

It will not be out of place to give a passing reference to the MKS units still prelevant in some fields. In 
MKS units, the weight is expressed in kilogramme force (kgf). It is equal to the force exerted on a mass of 
1 kg due to gravity. As the same force is also equal to 9.81 N, we have

1 kgf = 9.81 N

Thus when the force is given in kgf, it can be converted to newtons (N) and vice versa. For example, 
unit weight of water is 1000 kgf/m3 and the corresponding value in SI units is 9810 N/m3 or 9.81 kN/m.

Likewise, 1 kgf/cm2 - 104 kgf/m2

= 104 x 9.81 N/m2 - 98.1 kN/m2 - 98.1 k Pa

The unit kgf is not used in this text.

Measurement of Mass

The mass of a quantity of matter is determined with a weighing balance. The weights which have 
previously been used in MKS units are also used in SI units for measurement of mass. In other words, the 
weight of 1 kgf is called as the mass of 1 kg. The quantity of matter which weighs 1 kgf in MKS units will 
have a mass of 1 kg in SI units. Of course, the weight of that quantity of matter will be 9.81 N.

Thus the weighing balances and weights which were previously used for determining the weights in kgf 
are used to determine the mass in kg.

2X. SPECIFIC GRAVITY OF SOLIDS

The specific gravity of solid particles (G) is defined as the ratio of the mass of a given volume of solids 
to the mass of an equal volume of water at 4°C. Thus, the specific gravity is given by

...(2.18)

The mass density of water pM, at 4°C is one gm/ml, 1000 kg/m3 or 1 Mg/m3.

[Note. In some texts, the specific gravity is represented as Gf.]

The specific gravity of solids for most natural soils falls in the general range of 2.65 to 2.80; the smaller 
values are for the coarse-grained soils. Table 2.1 gives the average values for different soils. It may be mentioned 
that the specific gravity of different particles in a soil mass may not be the same. Whenever the specific 
gravity of a soil mass is indicated, it is the average value of all the solid particles present in the soil mass. 
Specific gravity of solids is an important parameter. It is used for determination of void ratio and particle size.
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Table 2.1. Typical Values of G

S.No. Soil Type Specific Gravity

1 Gravel 2.65—2.68
2 Sand 2.65—2.68
3 Silty Sands 2.66—2.70
4 Silt 2.66—2.70
5 Inorganic Clays 2.68—2.80
6 Organic Soils Variable, may fall below 2.00

In addition to the standard term of specific gravity as defined, the following two terms related with the 
specific gravity are also occasionally used.

(1) Mass Specific Gravity (Gm)—It is defined as the ratio of the mass density of the soil to the mass 
density of water.

c. - ...p.19)

Obviously, the value of the mass specific gravity of a soil is much smaller than the value of the specific 
gravity of solids.

The mass specific gravity is also known as the apparent specific gravity or the bulk specific gravity.

(2) Absolute Specific Gravity (Go)—The soil solids are not perfect solids but contain voids. Some of 

these voids are permeable through which water can enter, whereas others are impermeable. Since the 
permeable voids get filled when the soil is wet, these are in reality a part of void space in the total mass and 
not a part of soil solids. If both the permeable and impermeable voids are excluded from the volume of 
solids, the remaining volume is the true or absolute volume of the solids.

The mass density of the absolute solids (p,)a is used for the determination of the absolute specific gravity 
of solids as under. Thus

(pA>
Ga - ...(2.20)

The absolute specific gravity is not of much practical use, as it is difficult to differentiate between the 
permeable and impermeable voids. In most cases, the impermeable parts are taken as the part of solids. In this 
text, the term specific gravity of soil solids (G) is used to denote the specific gravity of soil solids inclusive 
of the impermeable voids. In Eq. 2.18, the soil solids therefore mean the solids with their impermeable voids.

2.9. THREE-PHASE DIAGRAM IN TERMS OF VOID RATIO

The relationships developed in the preceding sections are independent of the actual dimensions of the soil
mass. For convenience, 
the volume of solids is 
taken as unity in 3-phase 
diagram. If the area of 
cross-section of the soil 
mass is also taken unity, 
the volume of solids is 
also equal to the height 
of solids. Fig. 2.5 (a) 
shows the phase diagram 
with volume of solids Vt 
equal to unity. Since the 
void ratio is equal to the 
ratio of the volume of

to) (t,)
Fig. 2.5. Three-phase diagram in terms of void ratio.
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voids to the volume of solids, the volume of voids in Fig. 2.5 (a) becomes equal to e. The total volume (V) 
is obviously equal to (1 + e). The volume of air is shown by ea and the volume of water, by

The volumes are shown on the left side and the corresponding mass on the right side in Fig. 2.5 (a). The 
volumetric relationships developed in Sect. 2.2 can be written directly in terms of void ratio as under:

Porosity,
Vv e 

n~ 7'177
Degree of saturation,

_ Kv ew 
5 - — - —

Vv e

The volume of water (VJ is shown as Se in Fig. 2.5(a). Obviously, the volume of air (Va) is equal 
to (e - Se) = e(l - S).

Va e(l - S)
Therefore, percentage air voids, na » — « i + e

and air content, ac = = (1 - S)

Various mass densities discussed in Sect. 2.4 can be expressed in terms of the void ratio from Fig. 2.5 
(a).

From Eq. 2.11,
M + Mw G pw + Se pw

P " V " 1 + e " 1 + e

(G + Se)pw
or P- 1+g -(2.21)

From Eq. 2.12
M. G pw

■ V ■ TT7 -P-22’

From Eq. 2.13,
Msa, 

P«*  = y

As the degree of saturation for a saturated soil is 1.0 (i.e. 100%), Eq. 2.21 gives

(G + e) pw
p„ - , ...(2.23)

From Eq. 2.16
(G + e)p„

P = Psal Pw 1 + e P**

or
p' - 'f—" p- -(2-24)

In case the soil is not fully saturated, the submerged mass density is given by p' = p - pw

Eq. 2.25 reduces to Eq. 2.24 when the soil is fully saturated (S = 1.0).

From Eq. 2.21
, (G + Se) pw

p ’ 1 + e P”

(G h- Se)pw - (1 + e) Pw 
1 + e

or P' - „.(M5)

Equations in Weight Units

Eqs. 2.21 to 2.25 can be expressed in terms of weights. Equations can be derived considering the 
volume-weight phase diagrams [Fig. 2.5 (fe)] or simply by multiplying both sides of the equations by g and 
remembering that y = pg. Thus
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Eq. 2.21 becomes
_ (G + Se)yw

1 + e
[2.21(a)]

Eq. 2.22 becomes
Gyw 

’•'-T77 ...[2.22 (a)]

Eq. 2.23 becomes
(G 4- e)yw 

‘ 1 + e ...[2.23 (a)]

Eq. 2.24 becomes
V - <C - *>  y 
7 1 + e ...[2.24 (a)]

Eq. 2.25 becomes
, l(G - D-e(l -S)]Yw

7 - , . . ...[2.25 (a)]

In geotechnical engineering, unit weights are generally expressed in kN/m3. The unit weight of water 
(yj is 9.81 kN/m3, which is sometimes taken as 10 kN/m3, for convenience.

It may be mentioned once again that mass density in g/ml can be converted into unit weight in kN/m3 

by multiplying it by 9.81.
For water, pw = 1 g/ml. yw «= 9.81 kN/m3

For soils, if p = 2 g/ml. y = 19.62 kN/m3

2.10. THREE-PHASE DIAGRAM IN TERMS OF POROSITY

Fig. 2.6(a) shows the three-phase diagram in which the total volume is taken as unity. According to the 
definition of porosity n,

Therefore, the volume of voids in shown as n.

Obviously, the volume of solids is (1 - ri).

Void ratio, e = n
1 - n (same as Eq. 2.4)

From Eq. 2.11, P =
M Ms + Mwpw Gp„,(l
V V

- n) + Sn pw 

1
or P = [G(l - ri) + Sn]pw ...(2.26)

From Eq. 2.12, Pa -
Ms GPh,(1-h)
V ■ 1

or Pd - Gpw(l -n) ...(2.27)
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It may be mentioned that Eqs. (2.26) to (2.29) in terms of porosity can also be derived from Eqs. (2.21) 
to (2.25) directly by substituting e = n/(l —n). This is left an exercise for the readers.

From Eq. 2.13
_ Msal G pw(l - n) + n pw
= y ■[

or = [G(l-«) + «]Ph. ...(2.28)

From Eq. 2.15
, K pw (G - 1) (1 - n)pM. (G - 1)

p - V 1

or p' = (G - 1) (1-n) Ph, ...(2.29)

Equations in terms of Weight units

Eqs. 2.26 to 2.29 can be written in terms of unit weights as under.

Eq. 2.26 becomes

Eq. 2.27 becomes

Eq. 2.28 becomes

Eq. 2.28 becomes

y = [G(l-n) +Sn]7„ -[2.26(a)]

7</ = GyU1-«) ...[2.27(a)]

= [G(l - n) + «] y„ ...[2.28(a)]

Y' = (G- 1)(1 -n) y„ ...[2.29(a)]

2.11. RELATIONSHIP BETWEEN THE VOID RATIO AND THE WATER CONTENT

An extremely useful relationship between the void ratio (e) and the water content (rv) can be developed 
as under.

...(2.30)
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For a fully saturated soil, S = 1.0, and
e = wG ...(2.31)

Alternatively Eqs. (2.30) and (2.31) can be derived using the 3-phase diagram in terms of the void ratio 
[Fig. 2.7 (*)].

or w = — or e - y ...(same as Eq. 2.30)

It may be noted that it is more convenient to work with 3-phase diagram in terms of void ratio. The 
reader is advised to use 3-phase diagram in terms of void ratio as far as possible.

2.12. EXPRESSIONS FOR MASS DENSITY IN TERMS OF WATER CONTENT

The expressions for mass density can be written in terms of waler content by writing the void ratio in 
terms of water content using Eq. 2.30.

From Eq. 2.21 p = pM'
n r 1 + e

(G + wG) pw (1 + w)Gpw
P - 1 + {wG)/S °r p " 1 + (wG)/S ...(2.32)

If the soil is fully saturated, S = 1.0, and Eq. 2.32 becomes

_ (1 + w)Opw
Psal 1 + wG ...(2.33)

From Eq. 2.16, the submerged density is given by
(1 + M»)Gpw 

Pwt> P.mr Pw J + Pw

(C - l)pw
01 P- - 1 t nC ...(2.34)

Eq.2.34 can also be obtained directly from Eq. 2.24 by substituting e = wG.

From Eq. 2.22, pd =

G pw
...(235)°r P‘ U (»C/S)

...(236)

Eq. 2.36 is an extremely useful equation for determination of the dry density from the bulk density and 
vice versa.

For a given water content w, a soil becomes saturated when S = 1.0 in Eq. 2.35. The dry density of the 
soil in such a condition can be represented as

>s called saturated dry density.

The reader should carefully note the difference between (p)sa/ and (pd)ja(. In the first case, the water content 
of a partially saturated is increased so that all the voids are filled with water, whereas in the second case, the 
water content is kept constant and the air voids are removed by compaction so that all the remaining voids are 
saturated with water. The latter condition is only hypothetical as it is not feasible to remove all the air voids.

Equations in terms of Weight Units

Eqs. 2.32 to 2.37 can be written in terms of unit weights as under.
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Eq. 232 becomes

Eq. 2.33 becomes

Eq. 2.34 becomes

Eq. 2.35 becomes

Eq. 2.36 becomes

Eq. 2.37 becomes

(1 + w)Gyw
7 “ 1 + (wG)/S

_ (1 + *0  G?*.
,a ” 1 + wG

Gf„
“ 1 + (h<7/S)

Gyw 

1 + wG

...[2.32(0)]

...[2.33(a)]

...[2.34(a)]

...[2.35(a)]

...[236(a)]

...[2.37(a)]

2.13. RELATIONSHIP BETWEEN DRY MASS DENSITY AND PERCENTAGE AIR VOIDS

V V

a -- v * v
(1 - ----------- y------- + —y—

pd (”Ms)/p»
■ Gp. V
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or

Gpw pu ( G j p„, 

(1 - na)Gpw

1 t kG
...(2.38)

When the soil becomes fully saturated at a given water content, na = 0, and Eq. (2.38) can be written as 

, i Gp>v
(Pd)«„ - o “ i + h<;

A little reflection will show that (pd)„ _ o and (pd)sal represent the same condition.

In terms of unit weights Eq. 2.38 becomes [Fig. 2.8 (b)J

K - 0 -P-3S («)1

Table 2.2 gives a summary of the various relationships. The reader should make these equations as a part 
of his soil engineering vocabulary.

Table 2.2. Basic Relationships

S. No. Eq. No. Relationship in Mass Density Relationship in Unit weight

1. 2.3 n = e/(l + e) n = e/(l + e)

2. 2.4 e = w/(l - n) e = n/(l-n)

3. 2.8 na = nac na = n ac

4- 2.21 p (G + Se) pw _ (G + Se)yw
‘ 1+e

5. 2.22 G pw Gyw
pd 1+e Yd“ 1+e

6. 2.23 (G -I- e) p„.
p"- 1..

(G+e)yw
" 1+e

7. 2.24 pi ■ (G-l)yw
P 1+e * 1+e

8. 2.30 e = wG/S e - wG/S

9. 2.36 pd = p/(l + w) Yrf = y/(l + w')

10. 2.38

1 0 (l^fo) Gyw
Ya 1 + ivG

[Note. pw = 1000kg/m3 - 1.0g/ml. yw = 9810N/m2 - 9.81 kN/m3- 10kN/m3]

2.14. WATER CONTENT DETERMINATION

Hie water content of a soil is an important parameter that controls its behaviour. Il is a quantitative 
measure of the wetness of a soil mass. The water content of a soil can be determined to a high degree of 
precision, as it involves only mass which can be determined more accurately than volumes. The water content 
of soil is determined as a routine matter in most of the other tests.

The water content of a soil sample can be determined by any one of the following methods:

(1) Oven Drying method (2) Torsion Balance method (3) Pycnometer method
(4) Sand Bath method (5) Alcohol method (6) Calcium Carbide method
(7) Radiation method.

(1) Oven Drying method. The oven drying method is a standard, laboratory method. This is a very 
accurate method.
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The soil sample is taken in a small, non-corridible, airtight container. The mass of the sample and that of 
the container are obtained using an accurate weighing balance. According to IS : 2720 (Part II)—1973, the 
mass of the sample should be taken to an accuracy of 0.04 per cent. The quantity of the sample to be taken 
for the test depends upon the gradation and the maximum size of the particles and the degree of wetness of 
the soil. The drier the soil, the more shall be the quantity of the specimen. Table 2.3 gives the minimum 
quantity of soil specimen to be taken for the test.

The soil sample in the container is then dried in an oven at a temperature of 110° ± 5°C for 24 hours. 
The temperature range selected is suitable for most of the soils. The temperature lower than 110° ± 5°C may 
not cause complete evaporation of water and a temperature higher than this temperature may cause the 
breaking down of the crystalline structure of the soil particles and loss of chemically bound, structural waler. 
However, oven-drying at 110° ± 5°C does not give reliable results for soils containing gypsum or other 
minerals having loosely bound water of hydration. This temperature is also not suitable for soils containing 
significant amount of organic matter. For all such soils, a temperature of 60° to 80°C is recommended. At 
higher temperature, gypsum loses its water of crystalline and the organic soils tend to decompose and get 
oxidized.

Table 23. Minimum Quantity of Soil for Water Content Determination

S. No. Size of Particles more than W% passing Minimum Quantity (gm)

1, 425—micron IS sieve 25

2. 2 mm IS sieve 50

3. 4.75 mm IS sieve 200
4. 10 mm IS sieve 300

5. 20 mm IS sieve 500
6. 40 mm IS sieve 1000

The drying period of 24 hours has been recommended for normal soils, as it has been found that this 
period is sufficient to cause complete evaporation of water. The sample is dried till it attains a constant mass. 
The soil may be deemed to be dry when the difference in successive weighings of the cooled sample does 
not exceed about 0.1 percent of the original mass. The soils containing gypsum and organic matter may 
require drying for a period longer than 24 hours.

The water content of the soil sample is calculated from the following equation.

M2 - M3

M3 - Mi
= 

Ms
x 100 ...(2.39)

where

or

Mi = mass of container, with lid

M2 = mass of container, lid and wet soil

M3 = mass of container, lid and dry soil

The water content of the soil is reported to two significant figures. 
(Refer to Chapter 30, Sect. 30.1 for the laboratory experiment)

(2) Torsion Balance Method. The infra-red lamp and torsion balance moisture meter is used for rapid 
and accurate determination of the water content. The equipment has two main parts : (z) the infra-red lamp, 
and (it) the torsion balance. The infra-red radiation is provided by a 250 W lamp built in the torsion balance 
for use with an alternating current 220—230 V, 50 cycles, single- phase main supply [IS : 2720 (Part 
II)—1973].

As the moisture meter is generally calibrated for 25 gm of soil, the maximum size of particle in the 
specimen shall be less than 2 mm. The sample is kept in a suitable container so that its water content is not 
affected by ambient conditions. The torque is applied to one end of the torsion wire by means of a calibrated 
drum to balance the loss of weight of the sample as it dries out under infrared lamp. A thermometer is 
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provided for recording the drying temperature which is kept at 110° ± 5°C. Provision is made to adjust the 
input voltage to the infra-red lamp to control the heat for drying of the specimen.

The weighing mechanism, known as a torsion balance, has a built- in magnetic damper which reduces 
pan vibrations for quick drying. The balance scale (drum) is divided in terms of moisture content (m') based 
on wet mass. The water content (w), based on the dry mass, can be determined from the value of m‘ as under.

From Eq. 2.10,
( Mw Mw

m ° ~M “ Ms + Mw

1 _ Ms + Mw = j_ 
m' Mw w

If w and m' arc expressed as percentage,

100

...[2.40(a)]

...[2.40(h)]

The time required for the test depends upon the type of the soil and the quantity of water present. Il takes 
about 15 to 30 minutes. Since drying and weighing occur simultaneously, the method is useful for soils which 
quickly re-absorb moisture after drying.

(3) Pycnometer method. A pycnometer is a glass jar of about I litre capacity and fitted with a brass 
conical cap by means of a screw-type cover (Fig. 2.9). The cap has a small hole of 6 mm diameter at its
apex. A rubber or fibre washer is placed between the cap and 
the jar to prevent leakage. There is a mark on the cap and 
also on the jar. The cap is screwed down to the same mark 
such that the volume of the pycnometer used in calculations 
remains constant. The pycnometer method for the 
determination of water content can be used only if the 
specific gravity of solid (G) particles is known.

A sample of wet soil, about 200 to 400 g, is taken in the 
pycnometer and weighed. Water is then added to the soil in 
the pycnometer to make it about half full. The contents are 
thoroughly mixed using a glass rod to remove the entrapped 
air. More and more water is added and stirring process 
continued till the pycnometer is filled flush with the hole in 
the conical cap. The pycnometer is wiped dry and weighed.

The pycnometer is then completely emptied. It is washed 
thoroughly and filled with water, flush with the top hole. The 
pycnometer is wiped dry and weighed.

Let Afx = mass of pycnomqjer

M-z = mass of pycnometer + wet soil

Af3 = mass of pycnometer + wet soil + water

Mt = mass of pycnometer filled with water only.
Obviously, the mass Af4 is equal to mass Af3 minus the mass of solids Ms plus the mass of an equal 

volume of water (see Fig. 2.10).

M
Thus Mt = M3 - Ms ■¥ s . • p„

(G pw)

or Mt - M3 - Ms +
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Therefore, mass of water M„ » (Af2 - Afj) - (Afj - A/4)

Mw '
From Eq. 2.9. w - — x 100

This method for the determination of the water content is quite suitable for coarse-grained soils from 
which the entrapped air can be easily removed. If a vacuum pump is available, the pycnometer can be 
connected to it for about 10 to 20 minutes to remove the entrapped air. The rubber tubing of the pump should 
be held tightly with the pycnometer to prevent leakage.

(Refer to Chapter 30, Sect. 30.2 for the laboratory experiment)

(4) Sand Bath Method. Sand bath method is a field method for the determination of water content. The 
method is rapid, but not very accurate. A sand bath is a large, open vessel containing sand filled to a depth 
of 3 cm or more.

The soil sample is taken in a tray. The sample is crumbled and placed loosely in the tray. A few pieces 
of white paper are also placed on the sample. The tray is weighed and the mass of wet sample is obtained.

The tray is then placed on the sand-bath. The sand bath is heated over a stove. Drying takes about 20 to 
60 minutes, depending upon the type of soil. During heating, the specimen is turned with a palette knife. 
Overheating of soil should be avoided. The white paper turns brown when overheating occurs. The drying 
should be continued till the sample attains a constant mass. When drying is complete, the tray is removed 
from the sand bath, cooled and weighed. The water content is determined using Eq. 239.

(5) Alcohol Method. The soil sample is taken in an evaporating dish. Large lumps of soil, if any, should be 
broken and crumbled. The mass of the wet sample is taken. The sample is then mixed with methylated spirit 
(alcohol). The quantity of methylated spirit required is about one millilitre for every gram of soil. The 
methylated spirit and the soil should be turned several times, with a palette knife, to make the mixture uniform.

The methylated spirit is then ignited. The mixture is stirred with a spatula or a knife when ignition is 
taking place. After the methylated spirit has burnt away completely, the dish is allowed to be cooled, and the 
mass of the dry soil obtained. The method takes about 10 minutes.

Methylated spirit is extremely volatile. Care shall be taken to prevent fire. The method cannot be used if 
the soil contains a large proportion of clay, organic matter, gypsum or any other calcareous material. The 
method is quite rapid, but not very accurate.
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(6) Calcium Carbide Method. This method of the determination of water content makes use of the fact 
that when water reacts with calcium carbide (Ca C2), acetylene gas (C2II2) is produced.

CaCj + 2H2O = C2H2 + Ca (O1I)2

The water content of the soil is determined indirectly from the pressure of the acetylene gas formed. Tire 
instrument used is known as moisture tester.

The wet soil sample is placed in a sealed container containing calcium carbide. The samples of sand 
require no special preparation. The soil sample is ground and pulverised. However, cohesive and plastic soils 
are tested after addition of steel balls in the pressure vessels. The test requires about 6 g of soil.

The pressure of the acetylene gas produced acts on the diaphragm of the moisture tester. The quantity of 
gas is indicated on a pressure gauge. From the calibrated scale of the pressure gauge, the water content (>«') based 
on the total mass is determined. The water content (iv) based on the dry mass is determined using Eq. 2.40 (a).

As calcium carbide is highly susceptible to absorption of moisture, it should not be exposed to 
atmosphere. The lid of the container should be firmly fixed.

(7) Radiation Method. Radio-active isotopes are used for the determination of water content of soils. A 
device containing a radio-active isotopes material, such as cobalt 60, is placed in a capsule. It is then lowered

in a steel casing A, placed in a bore hole as shown in Fig. 2.11. The steel casing has a small opening on its 
one side through which rays can come out. A detector is placed inside another steel casing B, which also has 
an opening facing that in casing A.

Neutrons are emitted by the radio-active material. The hydrogen atoms in water of the soil cause 
scattering of neutrons. As these neutrons strike with the hydrogen atoms,they lose energy. The loss of energy 
is proportional to the quantity of water present in the soil. The detector is calibrated to give directly the water 
content

The method is extremely useful for the determination of water content of a soil in the in-situ conditions. 
The method should be very carefully used, as it may lead to radiation problems if proper shielding 
precautions are not taken.

2.15. SPECIFIC GRAVITY DETERMINATION

The specific gravity of solid particles is determined in the laboratory using the following methods:
(1) Density bottle method (2) Pycnometer method (3) Measuring flask method
(4) Gas jar method (5) Shrinkage limit method.

The last method of determining the specific gravity of solid particles from the shrinkage limit is 
discussed in Sect. 4.6.
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(1) Density Bottle Method. The specific gravity of solid particles can be 
determined in a laboratory using a density bottle fitted with a stopper having a hole /~Hole

(Fig. 2.12). The density bottle of 50 ml capacity is generally used [IS : 2720 (Part (Lu=;t 
ii) 1980], tJr opp

The density bottle is cleaned and dried at a temperature of 105° to 110°C and V 1 
cooled. The mass Of the bottle, including that of stopper, is taken. About 5-10 g of \
oven dry sample of soil is taken in the bottle and weighed. If the sample contains \t
particles of large size, it shall be ground to pass a 2-mm sieve before the test. / \

Distilled water is then added to cover the sample. The soil is allowed to soak / \
water for about 2 hours. More water is added until the bottle is half full. Air \
entrapped in the soil is expelled by applying a vacuum pressure of about 55 cm of I ]
mercury for about one hour in a vacuum dessicator. Alternatively, the entrapped air \ /

can be removed by gentle heating. More water is added to the bottle to make it full. V- 
The stopper is inserted in the bottle and its mass is taken. The temperature is also ".x
recorded.

The bottle is emptied, washed and then refilled with distilled water. The bottle F,g- 212’ Denslly bolt,c- 

must be filled to the same mark as in the previous case. The mass of the bottle filled with water is taken. The 
temperature should be the same as before.

Let Afj = mass of empty bottle
M2 = mass of bottle and dry soil

Mi = mass of bottle, soil and water 
Mi = mass of bottle filled with water.

If the mass of solids Ms is subtracted from M3 and replaced by the mass of water equal to the volume of 
solid, the mass M4 is obtained.

Thus Ma - My - M, + (pw)

or (Af2 - Mt) - (M2 - M{) - (Mi - MJ

M2- Mi
°r G " (M2 - Mi) - (Mi - M^ -(2'42)

Mr
Alternatively, G = —------- ----------j-r- ...[2.42(a)]

Ms + Mi — Mi

Eq. 2.42 gives the specific gravity of solids at the temperature at which the test was conducted.
Specific gravity of solids is generally reported at 27°C (IS : 2720—II) or at 4°C. The specific gravity at 

27°C and 4°C can be determined from the following equations.

G _ G x specific gravity of water at t°C
27 “ ' X specific gravity of water at 27°C ” ’ 7

and Gi = G, x specific gravity of water at t°C ...(2.44)

where G^ = sp sr. of particles at 27°, G4 = sp. gr. of particles at 4°C, G, = sp. gr. of particles at t°C
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Table 2.4 gives the specific gravity of water at different temperatures.
The specific gravity of solids is reported as the average of the two tests, to the nearest 0.01, provided the 

difference between the two tests does not differ by 0.03.

Kerosene is a better wetting agent than water and is sometimes used in place of water. If G*  is the 
specific gravity of kerosene at the test temperature. Eq. 2.42 becomes

(M2 - M.) - (M, - M4) -P'45)

Table 2.4. Specific Gravity of Water

t°C sp. gr. t°C sp- gr. r’C sp. gr. t C sp- gr.
1 0.9999 11 0.9996 21 0.9980 31 0.9954
2 0.9999 12 0.9995 22 0.9978 32 0.9951
3 1.0000 13 0.9994 23 0.9976 33 0.9947
4 1.0000 14 0.9993 24 0.9973 34 0.9944
5 1.0000 15 0.9991 25 0.9971 35 0.9941
6 1.0000 16 0.9990 26 0.9968 36 0.9937
7 0.9999 17 0.9988 27 0.9965 37 0.9934
8 0.9999 18 0.9986 28 0.9963 38 0.9930
9 0.9998 19 0.9984 29 0.9960 39 0.9926
10 0.9997 20 0.9982 30 0.9957 40 0.9922

Sometimes, other liquids, such as paraffin, alcohol and benzene, are also used.
Density bottle method is suitable for fine-grained soils, with more than 90% passing 2 mm—IS sieve. 

However the method can also be used for medium and coarse-grained soils if they are pulverised such that 
the particles pass 2 mm—IS sieve.

(See Chapter 30, Sect. 30.3 for the laboratory experiment).

(2) Pycnometer Method. The method is similar to the density bottle method. As the capacity of the 
pycnometer is larger, about 200—300 g of oven-dry soil is required for the test. The method can be used for 
all types of soils, but is more suitable for medium-grained soils, with more than 90% passing a 20 mm IS 
sieve and for coarse-grained soils with more than 90% passing a 40 mm IS sieve.

(See Chapter 30, Sect. 30.4 for the laboratory experiment).

(3) Measuring Flask Method. A measuring flask is of 250 ml (or 500 ml) capacity, with a graduation 
mark at that level. It is fitted with an adaptor for connecting it to a vacuum line for removing entrapped air.
The method is similar to the density bottle method. About 80—100 g of oven dry soil is required in this case.
The method is suitable for fine-grained and medium grained'soils.

(4) Gas Jar Method. In this method, a gas jar of about 1 litre 
capacity is used. The jar is fitted with a rubber bung (Fig. 2.13). The 
gas jar serves as a pycnometer. The method is similar to the pycnometer 
method.

2.16. MEASUREMENT OF MASS DENSITY

The bulk mass density of a soil sample, as per Eq. 2.11, is the-mass 
per unit volume. Although the mass of a soil sample can be determined 
to a high degree of precision, it is rather difficult to determine the 
volume of the sample accurately. The methods discussed below 
basically differ in the procedure for the measurement of the volume.

Fig. 2.13. Gas Jar.

Once the bulk mass density has been determined, the dry mass density 
is found using Eq. 2.36. Thus
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M a P
p - v and p- -

The volume of the specimen used in various tests can be computed from the measured dimensions, as 
they have regular shapes, such as a cylinder or a cube. However, precise measurements are not possible. If 
the sample is made in a container of known dimensions, much more accurate measurements arc possible.

The following methods are generally used for the determination of mass density.

(1) Water Displacement Method (2) Submerged mass density Method
(3) Core Cutter Method (4) Sand Replacement Method.
(5) Water Balloon Method (6) Radiation Method.

The methods are discussed below. The first two methods are laboratory methods and the rest, field 
methods.

(1) Water Displacement Method. The volume of the -------------------------------
specimen is determined in this method by water 
displacement. As the soil mass disintegrates when it comes
in contact with water, the sample is coated with paraffin Over flow^fT^pl_____
wax to make it impervious. A test specimen is trimmed to [J

more or less a regular shape and weighed. It is then coated Valve —<[]
-Specimenwith a thin layer of paraffin wax by dipping it in molten

wax. The specimen is allowed to cool and weighed. The Measuring jar- 
Hirfnri*nrv»  twhi/epn flip twn nhcprviitinnc ic pnniil tn fhftdifference between the two observations is equal to the '

mass of the paraffin. ---------- *

The waxed specimen is then immersed in a water-
displacement container shown in Fig. 2.14. The volume of
the specimen is equal to the volume of waler which comes |__________________

out of the outflow tube. The actual volume of the soil
specimen is less than the volume of the waxed specimen. RS- 214‘ Water dlsPlacement container.

The volume of the wax is determined from the mass of the wax peeled off from the specimen after the test 
and the mass density of wax.

where V = volume of specimen, Vt = volume of waxed specimen,
Mt = mass of waxed specimen, M = mass of specimen,
pp = mass density of paraffin (approximately 0.998 gm/ml).

A representative sample of the soil is taken from the middle of specimen for the water content determination.
Once the mass, volume and the water content of the specimen have been determined, the bulk density 

and the dry density are found from Cqs. 2.11 and 2.36, respectively.

(See Chapter 30, Sect. 30.7 for the laboratory experiment).

(2) Submerged Mass Density method. This method is based on Archimedes’ principle that when a body 
is submerged in water, the reduction in mass is equal to the mass of the volume of water displaced. The 
sample is first trimmed and weighed and then it is immersed in molten wax and again weighed, as in the 
water displacement method.

The specimen is then placed in the cradle of special type balance. The cradle dips in the water contained 
in the bucket placed just below. The apparent mass of the waxed specimen in water is determined.

The volume of the specimen is determined as below:

(M, - Mi) (Mt - M) 

Pw Pp
where M, = mass of waxed specimen, M = mass of specimen.

...(2.47)
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Mi = mass of waxed specimen in water, p;, = mass density of wax, 
pw = mass density of water.

Eq. 2.47 can be derived, using Archimedes' principle.
Mt - M, - U = M,- V, pw

M, - Mi
or

I । Doii>

H---------1 Ci Omm—

। B T

Substituting this value Vr in Eq. 2.46, we get Eq. 2.47.

This method is suitable for fine-grained soils.
(3) Core Cutter Method. It is a field method for determination of mass density. A core cutter consists 

of an open, cylindrical barrel, with a hardened, sharp cutting edge (Fig. 2.15). A dolly is placed over the 
cutter and it is rammed into the soil. The dolly is required to prevent burring of the edges of the cutler. The 
cutter containing the soil is taken out of the ground. Any 
soil extruding above the edges of the cutter is removed. The 
mass of the cutter filled with soil is taken. A representative 
sample is taken for water content determination.

The volume of the soil is equal to the internal volume 
of the cutter, which can be determined from the dimensions 
of the cutter or by filling the cutler with water and finding 
the mass of water.

M2 - Mt
Bulk mass density, p =------ -- ------ ...(2.41)

where M-> = mass of cutter, with soil, Cutter—
z , - iJUrr.m

Mi = mass of empty cutter, , |

V = inlemal volume of cutter. -
The method is quite suitable for soft, fine grained soils.

It cannot be used for stoney, gravelly soils. The method is
practicable only at the places where the surface of the soil --------------- 1_________ P _x_
is exposed and the cutter can be easily driven.

(See Chapter 30, Sect. 30.5 for the experiment). F'B- 2.15. Corc.Cutter with dolly.

(4) Sand Replacement Method. Fig. 2.16 shows a sand-pouring cylinder, which has a pouring cone at 
its base. The cylinder shown is placed with its base at the ground level. There is a shutter between the 
cylinder and the cone. The cylinder is first calibrated to determine the mass density of sand. For good results, 
the sand used should be uniform, dry and clean, passing a 600 micron sieve and retained on a 300 micron 
sieve.

(a) Calibration of apparatus—The cylinder is filled with sand and weighed. A calibrating container is 
then placed below the pouring cylinder and the shulter is opened. The sand fills the calibrating container and 
the cone. The shutter is closed, and the mass of the cylinder is again taken. The mass of the sand in the 
container and the cone is equal to the difference of the two observations.

The pouring cylinder is again filled to the initial mass. The sand is allowed to run out of the cylinder, 
equal to the volume of the calibrating container and the shutter is closed. The cylinder is then placed over a 
plain surface and the shutter is opened. The sand runs out of the cylinder and fills the cone. The shutter is 
closed when no further movement of sand takes place. The cylinder is removed and the sand filling the cone 
is collected and weighed (M-ft.

The mass density of the sand is determined as under:

Mi - M2- M3

where Mi = initial mass of cylinder with sand,

...(2.49)
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M2 = mass of sand in cone only,
M3 = mass of cylinder after pouring sand into the cone 

and the container,
Vc = Volume of the container.

Note. Mass of sand in both the container and cone is Mj—M3.

(b) Measurement of Volume of Hole—A tray with a central 
hole is placed on the prepared ground surface which has been 
cleaned and properly levelled. A hole about 100 mm diameter and 
150 mm deep is excavated in the ground, using the hole in the tray 
as a pattern. The soil removed is carefully collected and weighed.

The sand pouring cylinder is then placed over the excavated 
hole as shown in Fig. 2.16. The shutter is opened and the sand is 
filled in the cone and the hole. When the sand stops running out, the 
shutter is closed. The cylinder is removed and weighed. The volume 
of the hole is determined from the mass of sand filled in the hole 
and the unit mass density of sand.

Mt - Mi-M2
Volume of hole = ------------------------- ...(2.50)

where Mt = mass of cylinder and sand before pouring into 

the hole,
M2 = mass of sand in cone only,
Mi = mass of cylinder after pouring sand into the hole, 

px = mass density of sand, as found from calibration.

The bulk mass density of the in-situ soil is determined from the 
mass of soil excavated and the volume of the hole. Fig. 2.16. Sand Replacement method.

The method is widely used for soils of various particle sizes, from fine-grained to coarse-grained. For
accurate results, the height of sand column in the cylinder is kept approximately the same as that in the
calibration test. The depth of the hole should also be equal to the depth of 
calibrating container.

(See Chapter 30, Sect. 30.6 for the experiment).

5. Rubber Balloon Method. The volume of the hole in this method is 
determined using a rubber balloon or by filling water in the hole after 
covering it with a plastic sheet. The rubber balloon method is explained 
below.

The apparatus consists of a density plate and a graduated cylinder, 
made of lucite, enclosed in an airtight aluminium case (Fig. 2.17). The 
cylinder is partly filled with water. There is an opening in the bottom of 
the case, which is sealed by a rubber balloon. The balloon can be pulled 
up into the cylinder or may be pushed down through the bottom. A pump 
is attached to the cylinder for this purpose. When the pressure is applied, 
balloon comes out the aluminium case through the hole in the density 
plate. When a vacuum is applied, the balloon is pulled up into the cylinder.

For determination of the volume of the hole, the density plate is 
placed on the levelled ground. The cylinder is then placed over the plate. 
The pressure is applied to the balloon. The balloon deflates against the 
surface of the soil. The volume of water in the cylinder is observed.

The cylinder is removed from the base plate. The soil is taken out 
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from the hole through the opening in the base plate. All loose material is removed. The soil removed is 
collected and weighed. The cylinder is again placed over the opening in the plate and pressure is applied to 
the balloon till it fills the hole. The volume of waler in the cylinder is observed. The volume of the hole is 
found from the initial and final observation of water volume.

The method is general and is suitable for all types of soils. However, it is not so accurate, as it is difficult 
to fit the balloon exactly in an irregular hole.

IS : 2720 (Part XXXIV)—1972 describes the method in detail.

(6) Radiation Method. The bulk mass density of in-situ soil can be determined using the radiation 
method. The meter consists of two probes, one containing a radio isotope source and the other a gamma ray 
detector. The meter is placed on the surface which had been carefully cleaned and levelled. The probe extends 
to a maximum depth of 200 mm to 300 mm into the ground, and, therefore, gives an average mass density 
for that depth. The detector records the amount of radiation which passes through the soil from the probe 
attached to the meter when inserted into the ground. The denser the soil, the greater is the absorption of 
gamma rays, and the lesser will be the gamma rays energy at the detector. The method is known as the direct 
transmission method.

There is another method, known as the back scatter method. Both the source and the detector are 
contained in one probe. The detector records radiations which had been reflected by the soil. The bulk mass 
density of the soil is determined from the radiation count over a fixed time period. The mass density obtained 
is for the top 40 to 50 mm. The method is simpler than the direct transmission method, but it requires a 
greater source strength.

Radiation methods for determination of the mass density of soils arc quick and convenient and are 
gaining popularity. However, precautions must be taken against the radiation hazard.

2.17. DETERMINATION OF VOID RATIO, POROSITY AND DEGREE OF SATURATION

The void ratio of a soil sample is a measure of its denseness. It is one of the important parameters of 
soils. Engineering properties of soils depend upon void ratio to a large extent. The void ratio is determined in 
the laboratory indirectly from the dry mass density. From Eq. 2.22,

Gpw 

Pd
...(2.51)

The methods for determination of the specific gravity of solids G and the dry density pd have been 

discussed in the preceding sections.
For a saturated soil, the void ratio is determined using Eq. 2.31, e =■ wG. This method is a very 

convenient and accurate method, as the water content of a soil can be determined quite easily and accurately. 
The specific gravity of soil (G) can also be determined in the laboratory.

Once the void ratio has been determined, other volumetric relationships such as porosity and degree of 
saturation can be determined using Eqs. 2.3 and 2.30, respectively.

Percentage air voids are determined indirectly, using Eq. 2.38,

Pd =

! - -a- (1. 
Gpw

or ...(2.52)

Eq. 2.52 can be reduced to the following form

P</«’
...(2.53)

This is left as an exercise for the readers.
Table 2.5 gives typical values of void ratio, porosity, dry density, and dry unit weight of different soils 

in loosest and densest conditions.
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Table 2.5. Typical Values of Void Ratio and Dry Density and Dry Units Weights

S.No. Soil type State of soil Void
Ratio

Porosity 
(%)

Dry density 
(kglm3)

Dry unit weight 
l»‘)

1. Gravel Loosest 0.60 38 1600 16
Densest 0.30 23 2000 20

2. Coarse sand. Ixiosest 0.75 42 1500 15
Medium sand Densest 0.35 26 1900 19

3. Uniform, fine Loosest 0.85 46 1400 14
sand Densest 0.4 29 1900 19

4. Coarse silt Loosest 1.0 50 1300 13
Densest 0.45 31 1800 18

5. Fine silt Softest 1.00 50 1300 13
Hardest 0.4 29 1900 19

6. Lean Clay Softest 1.20 55 1300 13
Hardest 0.40 29 1900 19

7. Fat clay Softest 2.20 69 1000 10
Hardest 0.40 29 2000 20

ILLUSTRATIVE EXAMPLES

Illustrative Example 2.1. The mass of a chunk of moist soil is 20 kg, and its volume is 0.011 m . After 
drying in an oven, the mass reduces to 16.5 kg. Determine the water content, the density of moist soil, the 
dry density, void ratio, porosity and the degree of saturation. Take G = 2.70.

Solution. Mass of water, Mw = 20.0 - 16.50 = 3.50 kg

From Eq. 2.9, water content, w - - 0.2121 (21.21%)

20 i
From Eq. 2.11, the wet mass density p « = 1818.18 kg/nr

From Eq. 2.12, the dry density, pd - " 1500.0 kg/m3

Gp
From Eq. 2.22, 1 + e - —

Pd
2.70 x 1000 . „ „„

O' e------------1-0.80

From Eq. 2.3, » - ~ - 0.444 (44.44%)

From Bq. 2.30. S - - 1I,212q8* 2'7° - 0.71S8(7138%)

Illustrative Example 2.2. A soil specimen has a water content of 10% and a wet unit weight of 20 
kN/m3. If the specific gravity of solids is 2.70, determine the dry unit weight, void ratio, and the degree of 
saturation. Take y„, = 10 kN/m3.

Solution. From Eq. 2.36 (a), yd - ——— = -—. 18.18 kN/m3
' ’ 1 1 + w 1+0.1

From Eq. 2.22 (a). 1 ♦ e - . 2,7°„ * 10 - 1.49 or e - 0.49
n 7 yd 18.18

From Eq. 2.30, S - — . <IJ * 2,70 - 03S1 (S5.1%)
e 0.49
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Illustrative Example 23. A sample of dry soil weighs 68 gm. Find the volume of voids if the tota 
volume of the sample is 40 ml and the specific gravity of solids is 2.65. Also determine the void ratio.

Ms 68
Solution. From Eq. 2.12, pd = — = — = 1.70 gm/ml

Volume of solids, Vs = = 68 = 25.66 ml
Gp„, 2.65 x 1.0

Volume of voids, Vv = V - V, = 40.00 - 25.66 = 1434 mi

From Bq. 2.1, « - 77 - 7777 - 0-56
Vs 25.66

Illustrative Example 2.4. A moist soil sample weighs 3.52 N. After drying in an oven, its weight is 
reduced to 2.9 N. The specific gravity of solids and the mass specific gravity are, respectively, 2.65 and 1.85. 
Determine the water content, void ratio, porosity and the degree of saturation. Take yw = 10 kN/m3.

Solution. Weight of water = 3.52—2.90 = 0.62 N

From Eq. 2.9, water content, w = = 0.2138 (2138%)

Illustrative Example 2.5. A soil has a porosity of 40%, the specific gravity of solids of 2.65 and a water 
content of 12%. Determine the mass of water required to be added to 100 m3 of this soil for full saturation.

Solution. Let us lake unit volume of solids, i.e. Vs = 1.0 m3.

From Eq. 2.19, 7 = - 1.85 x 10 = 18.5 kN/m3

From Eq. 2.36 a, Jo.2138 - 1524 kN/m’

From Eq. 2.22 a, 1
Cl. 2.65 x 10

+ e- I, ' 15.24 -1'74

or e = 0.74

From Eq. 23,
e 0 74

” - tv? - TTotI ' °'4253 (42-53%)
From Eq. 2.30, S - . " -213* * 2 65 . 0.7656(76.56®)

e 0.74 '

Therefore, volume of air, - 0.667 - 0.318 = 0.349 nr
Volume of additional water for full saturation = 0.349 m3

Mass of solids,

From Eq. 2.9, mass of water,

Ms = G p„, = 2.65 x 1000 - 2650 kg

Mw - 0.12 x 2650 - 318 kg

Volume of water ■ ® - °-318"s

From Eq. 2.4,
n 0.40

l-n " 1.0 - 0.40 " 0667

From Eq. 2.1, volume of voids, V, - e V, . 0.667 x 1.0 - 0.667 m3

, 0 349
Volume of water required for 100 m of soil = x 100 = 20.94 nr

Total volume of soil, V = V, + Vv - 1.0 + 0.667 - 1.667 m3

Mass of water required = 20940 kg.
Illustrative Example 2.6. A sample of saturated soil has a water content of 25 percent and a bulk unit 

weight of 20 kN/m. Determine dry density, void ratio and specific gravity of solid particles.
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What would be the bulk unit weight of the same soil at the same void ratio but at a degree of saturation 
of 80% ? Take = 10 kN/m3.

Solution. From Eq. 2.33 (a), ysa = " (1 + w»)

or

From Eq. 2.30, taking S = 1.0,

From Eq. 2.22 (a),

G x 10 (1 4- 0.25) 
1 + 0.25 x G

or G = 2.67

e - wG = 0.25 x 2.67 = 0.67

2.67 x 10
1 + 0.67

= 15.99 kN/m3

In the second case, as e = 0.67 and S = 0.80, Eq. 2.21 (a) gives

(G + Se)yv (2-67 XQ °767> X 10 - 19.20 kN/m3

Illustrative Example 2.7. A sample of clay was coated with paraffin wax and its mass, including the 
mass of wax, was found to be 697.5 gm. The sample was immersed in water and the volume of the water 
displaced was found to be 355 nil. The mass of the sample without wax was 690.0 gm, and the water content 
of die representative specimen was 18%.

Determine the bulk density, dry density, void ratio and the degree of saturation. The specific gravity of 
the solids was 2.70 and that of the wax was 0.89.

Solution. Mass of wax = 697.5 - 690.0 = 7.5 gm

7 50
Volume of wax = ———— - 8.43 ml 

0.89 x 1.0

Volume of soil - 355.0 - 8.43 - 346.57 ml

Bulk density
690 

" 346.57 “ 1.99gm/ml

From Eq. 2.36, dry density
1.99

’ FTojs ' L6’e™/ml
From Eq. 2.22, 1 + e . 2'-7° 1,0 - 1.60 or e - 0.60

From Eq. 2.30, S . - 0.81 (81%)

Illustrative Example 2.8. (a) During a test for water content determination on a soil sample by 
pycnometer, the following observations were recorded.

(1) Mass of wet soil sample = 1000 gm
(2) Mass of pycnometer with soil and filled with water = 2000 gm
(3) Mass of pycnometer filled with water only = 1480 gm
(4) Specific gravity of solids = 2.67

Determine the water content.

(b) If the bulk density of the soil is 2.05 gm/rnl, determine the degree of saturation.

Solution, (a) From Eq. 2.41, n. J - Mt)
[ W3 - M<)

1000
(2000 - 1480) X

/ 2.67-1.0^ _

I 2-67 r x 100 = 20.28%
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(b) From Eq. 2.36, pa - t - 1.70gm/ml

From Eq. 2.22, 1 + e = "q1'0 = 1-57 or e - 0.57

Now S = ^ = 0-2Q^x 2-67 = 0.950 - 95.0%
e 0.57

Illustrative Example 2.9. The mass of an empty gas jar was 0.498 kg. When completely filled with water, 
its mass was 1.528 kg. An oven-dried sample of soil of mass 0.198 kg was placed in the jar and water was 
added to fill the jar and its mass was found to be 1.653 kg. Determine the specific gravity of particles.

Mi - M<
Solution. From Eq. 2.42, G = -pr,—777-----pr.—777

(A/2-AIJ -

„ __________ 0.198__________ „
" G " 0.198 - (1.653 - 1.528) " 2/71

Illustrative Example 2.10. In a compaction test on a soil, the mass of wet soil when compacted in the 
mould was 1.855 kg. The water content of the soil was 16%. If the volume of the mould was 0.945 litres, 
determine the dry density, void ratio, degree of saturation and percentage air voids. Take G = 2.68.

Solution. Bulk density p = 945 = ^2.96 kg/m3

From Eq. 2.36. pd - pL - - 1692.21 kg/m3

From Eq. 2.22. 1 + e - 2 <^. *2 ^”° - 1.584 or e - 0.584

From Eq. 2.30, S - . °-“« 2-68.0.7342 - 73.42%
e 0.584

From Eq. 2.38, Pt/ = (1 ~ pH’

or 1 - na - 1-692-21 :A1+1°f^X 2-68) - 0.9022
2.68 x 1000

or na = 0.0978(9.78%)

Illustrative Example 2.11. A compacted cylindrical specimen, 50 mm dia and 100 mm length, is to be 
prepared from, oven-dry soil. If the specimen is required to have a water content of 15% and the percentage 
air voids of 20%, calculate the mass of the soil and water required for the preparation of the sample. Take 
G = 2.69.

Solution. Let Ms be the mass of solids in kg.

= wM, = 0.15 MsMass of water,

Volume of solids,

Volume of water,

Total volume of sample, 

From Eq. 2.6, volume of air,

v _ _ Ms Ms 3
s = Gp^ ~ 2.69 x 1000 “ 2690 01

0.15 M, 3 3Vw - -y^ - 0.15 x IO3 Ms m3

V = jc/4 x (0.05)2 x 0.10 = 196.35 x IO-6 m3

Va = 0.20 x V = 0.2 x 19635 x 10’6 - 39.27 x lO^m3

Now
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or —+ 0.15 x 10'3M, + 39.27 x 10~6 - 19635 x IO”6
2690

or Ms = 0.301 kg

Mass of water = 0.15 x 0.301 - 0.045 kg

Illustrative Example 2.12. A borrow area soil has a natural water content of 10% and a bulk density of 
1.80 Mg/m3. The soil is used for an embankment to be compacted at 18% moisture content to a dry density 
of 1.85 Mg/m3. Determine the amount of water to be added to 1.0 m3 of borrow soil. How many cubic metres 
of excavation is required for 1 m3 of compacted embankment ?

1.80
Solution. Borrow area soil. pd = -pp = 1.636 g/ml

Unit weight = 1.636 x 9.81 = 16.05 kN m3

Lt us consider 1 m3 of borrow soil.

Ws Dry weight/m3 = 16.05 kN

Ww =: Weight of water/m3 = 1.605 kN

In embankment, - 0.18 x 16.05 = 2.889 kN

Water to be added = 2.889 - 1.605 = 1.284 kN
Weight of dry soil in embankment/m3 = 1.85 x 9.81 - 18.15 kN

Volume of soil required/m3 of embankment = = 1-131 m3

Illustrative Example 2.13. There are two borrow areas A and B which have soils with void ratios of 0.80 
and 0.70, respectively. The inplace water content is 20%, and 15%, respectively. The fill at the end of 
construction will have a total volume of 10,000 tn3, bulk density of 2 Mg/m3 and a placement water content 

of 22%. Determine the volume of the soil required to be excavated from both areas. G = 2.65.
If the cost of excavation of soil and transportation is Rs. 200/- per 100 m3 for area A and Rs. 220/- per 

100 m3 for area A, which of the borrow area is more economical ?

Solution. Borrow area A. pd = = 1.47 g/ml (14.44 kN/m3)

Let us consider 1 m3 of borrow soil. Ws - Dry weight/m3 - 14.44 kN

In embankment. pd = j +^q22 = “ 16-08 kN/m3)

Weight of dry soil per m3 = 16.08 kN

Volume of soil required = - 1.114 m3
14.44

Cost of soil = Rs 200/100 x 1.114 = Rs2.23 perm3

Borrow area B. pd = 2'6^ ^q1 ° = I-559 g/ml (15.29 kN/m3)

Ws = dry weight/m3 = 15.29 kN

In embankment, weight of dry soil = 16.08 kN

Volume of soil required = = 1.052 m3

Cost of soil = Rs 220/100 x 1.052 - Rs 231 perm3

Borrow area A is more economical.
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PROBLEMS

A. Numerical
2.1. (a) Define the terms void ratio, specific gravity of particles, degree of saturation and dry density.

(b) Develop a relationship between the void ratio, water content, specific gravity of particles and the degree of 
saturation.

2.2. (a) Describe oven-drying method for the determination of water content of a soil sample in a laboratory.
(b) A sample of wet soil has a volume of 0.0192 nr and a mass of 32 kg. When the sample is dried out in an 

oven, its mass reduces to 28.5 kg. Determine (/) Bulk density, (if) Water content, (/«) Dry density, (iv) 
Saturated density, (v) Void ratio, (w) Porosity, (vri) Degree of saturation. Take the specific gravity of solids 
as 2.65. [Ans. 1666.67 kg/m2; 12.28% : 1484.4 kg/m3; 1924.50 kg/m3; 0.785; 44% and 41.4%]

23. (a) A sample of saturated soil has a water content of 25 percent and a bulk unit weight of 20 kN/m3. Determine 
the dry unit weight, void ratio and the specific gravity of solids.

(b) What would be the bulk unit weight of the soil in (a) if it is compacted to the same void ratio but has a 
degree of saturation of 90% ? [Ans. 16 kN/m3; 0.667, 2.667 19.60 kN/m3]

2.4. A sample of soil has a volume of 65 ml and weighs 0.96 N. After complete drying, its weight reduces to 0.785
N. If the specific gravity of solid particles is 2.65, determine the degree of saturation. [Ans. 51%]

23. A saturated soil sample has a water content of 40%. If the specific gravity of solids is 2.67, determine the void 
ratio, saturated density, and submerged density. [Ans. 1.07 ; 1807 kg/m3 ; 807 kg/m3]

2.6. (a) Define the terms void ratio, dry density, submerged density and mass specific gravity.
(b) Derive an expression for bulk density in terms of its water content, void ratio, specific gravity of solids and 

density of water.
2.7. A partially saturated sample of a soil has a density of 1950 kg/m3 and a water content of 21%. If the specific 

gravity of solids is 2.65, calculate the degree of saturation and void ratio.
If the sample subsequently gets saturated, determine its saturated density. [Ans. 86%; 0.645 ; 2003 kg/m3] 

2.8. A sample of soil has a volume of 1 litre and a weight of 17.5 N. The specific gravity of the solids is 2.68. If 
the dry unit weight of the soil is 14.8 kN/m3, determine (a) water content, (b) void ratio, (c) porosity, (d) 
saturated unit weight, (e) submerged density and (/) degree of saturation.

[Ans. 18.2% : 0.811 : 44.8% ; 19.28 kN/m3, 9.28 kN/m3 and 60.2%]
2.9. A fully saturated clay sample has a mass of 130 gm and has a volume of 64 cm3. The sample mass is 105 gm 

after oven drying. Assuming that the volume does not change during drying, determine the following : (i) 
specific gravity of soil solids, (it) void ratio, (/ri) porosity, (iv) dry density.

[Ans. 2.69 ; 0.64 ; 39% and 1.641 gm/cm3]

2.10. Prove that the water content (n») of a partially saturated soil can be expressed as
_ 1 - (G-n/G)

(Gm/S) - 1
where Gm = mass specific gravity, G = specific gravity of solids and S = degree of saturation.

2.11 (<7) Prove that the degree of saturation of a partially saturated soil can be expressed as

where p = bulk density, G = specific gravity of solids and w water content.
(b) A cylindrical specimen of soil is 7.50 cm long and 3.75 cm in diameter and has a mass of 175 gm. If the 
water content is 18 percent and the specific gravity of solids is 2.68, determine the degree of saturation.
What would be the error in the degree of saturation if there has been an error of 1 mm in measuring the length ?

(Ans. 96.7%, 4.62%]
2.12. A pycnometer having a mass of 600 gm was used in the following measurements of three samples of soil. 

Sample No. 1 was ovendried; sample no. 2 was partially saturated and sample no. 3 was fully saturated. The 
bulk density of the sample no. 2 was 2.05 gm/ml.

Sample No. 1 No.2 No. 3
Mass of samples (gm) 960 970 1000
Mass of sample + water + pycnometer (gm) 2080 2050 2010
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If the mass of pycnometer when filled with water only was 1475 gm, determine the specific gravity of solids.
(i>) Also determine the water content and void ratio of samples no. 2 and 3, and the degree of saturation of 

sample no. 2. [Ans. 2.70; 6.3%, 0.40; 11.70; 0.32 and 41.85%]
2.13. An undisturbed specimen of clay was tested in a laboratory and the following results were obtained.

Wet mass = 210 gm
Oven dry mass = 175 gm
Specific gravity of solids = 2.70

What was the total volume of the original undisturbed specimen assuming that the specimen was 50% saturated ?
[Ans. 134.8 ml]

2.14. A soil deposit to be used for construction of an earth embankment has an average dry density of 1.62 gm/ml. If 
the compacted embankment is to have an average dry density of 1.72 gm/ml, determine the volume of soil to 
be excavated for 1000 m of embankment. The water content of the soil in the borrow pit is 10%.

[Ans. 1.061 x 103 m3]

2.15. Determine the specific gravity of solids from the following observations:

(z) Mass of dry sample = 0.395 kg
(zz) Mass of pycnometer full of water = 1.755 kg

(iz'z) Mass of pycnometer containing soil and full of water = 2.005 kg. [Ans. 2.72]

2.16. A sample of clay having a mass of 675 gm was coated with paraffin wax. The combined mass of the clay and 
the wax was found to be 682 gm. Tire volume was found by immersion in water as 345 ml. The sample was 
then broken open and the water content and the specific gravity of solids were found to be 15% and 2.70, 
respectively. Calculate the bulk density of soil, its void ratio, and degree of saturation. Take specific gravity of 
wax as 0.89. [Ans. 2.002 gm/ml, 0.551 and 73.5%]

2.17. In order to determine the bulk density of a soil insitu, 4.7 kg of soil was extracted from a hole at the surface of 
the soil. The hole required 3.65 kg of loose dry sand for its filling. If it takes 6.75 kg of the same sand to fill 
a calibrating can of 4.5 litre capacity, determine the bulk density of the soil. [Ans. 1932 kg/m3]

2.18. A litre capacity cutter of mass 1 kg was pushed into an embankment under construction and the mass of the 
cutter with soil was found to be 2.865 kg. If the sample had water content of 11%, determine the void ratio of 
the soil in embankment. G = 2.67. [Ans. 0,59]

B. Descriptive and Objective Types
2.19 What is a block diagram ? What is its use ?

2.20. Differentiate between :

(a) Percentage air voids and air content,
(Z>) Void ratio and porosity.
(c) Specific gravity of solids and mass specific gravity.
(zi) Water content based on solid material and that based on total mass.
(e) Saturated density and bulk density.

2.21. How do you determine the void ratio of a soil ?
2.22. Discuss various methods for determination of water content in a laboratory.
223. Describe a method for determination of the specific-gravity of solids of fine-grained soils.
2.24. How would you determine the bulk density of a soil specimen in a laboratory ?
2.25. Discuss various methods for the determination of bulk density of a soil in field.
2.26. State whether the following statements are true or false

(zj) The water content of a soil can be more than 100%.
(6) The porosity of a soil can be more than 100%
(c) The specific gravity of particles of coarse-grained is seldom greater than 2.70.
(z/) The submerged density is about one-half of the saturated density.
(e) For determination of water content of all types of soils, the oven temperature is 100’ ± 5°C.

[Ans. True (a), (c), (z/)]
2.27. (fl) Which of the following relation is not correct ?
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[Ans. (ii)]

(/>) Which of the following statements is wrong ?
(/) The void ratio of a saturated soil can be determined from its water content.
(if) The dry density isxthe bulk density of soil in dried condition.

(Ui) 100% saturation line and zero percent air void lines are identical. [Ans. (ii)]

C. Multiple-Choice Questions
1. The water content of a highly organic soil is determined in an oven at a temperature of:

(a) IO5°C (b) &0°C
(c) 60°C (</) 27°C

2. Pycnometer method for water content determination is more spitable for:
(fl) Clay (b) Loess
(c) Sand (</) Silt

3. The gas formed by the reaction 61' calcium fcafbide with water is:
(fl) Carbgn dioxide (b) Sulphur dioxide
(c) Ethane (d) Acetylene

4. The ratio of the volume of voids to the total volume of soil is:
(a) Voids ratio (h) Degree of saturation
(e) Air content (d) Porosity

5. Dry density of soil is equal to the:
(a) Mass of solids to the volume of solids.
((?) Mass of solids to the total volume of soil.
(c) Density of soil in the dried condition.
(d) None of the above.

6. The most accurate method for the determination of water content in the laboratory is:
(a) Sand bath method. (b) Oven-drying method.
(c) Pycnometer method. (d) Calcium carbide method.

7. A soil has a bulk density of 1.80 g/cm3 at a waler content of 5%; If the void ratio remains constant then the 
bulk density for a water content of 10% will be 
(a) 2.00 g/cm3 (/>) 1.88 g/cm’1
(c) 1.82 g/cm3 (d) 1.95 g/cm3

8. fn a wet soil mass, air occupies one-sixth of its volume and water occupies one-third of its volume. The void 
ratio of the soil is
(a) 0.25 (b) 0.50
(e) 1.50 (d) 1.00

9. A soil sample has a specific gravity of 2,60 and a void ratio of 0.7.8. The water content required to fully saturate 
the soil at that void ratio will be
(a)' 20% ^T30%
(c) 40% (d) 60%

[Ans. 1. (c), 2. (c), 3. (if), 4. (d), 5. (b). 6. (b), 7. (/>), 8. (d), 9. (/>)]



3
Particle Size Analysis

3.1. INTRODUCTION

(a) Engineering Properties—The main engineering properties of soils are permeability, compressibility, 
and shear strength. Permeability indicates the facility with which water can flow through soils. It is required 
for estimation of seepage discharge through earth masses. Compressibility is related with the deformations 
produced in soils when they are subjected to compressive loads. Compression characteristics are required for 
computation of the settlements of structures founded on soils. Shear strength of a soil is its ability to resist 
shear stresses. The shear strength determines the stability of slopes, bearing capacity of soils and the earth 
pressure on retaining structures. Engineering properties of soils are discussed in latter chapters.

(b) Index Properties—The tests required for determination of engineering properties are generally 
elaborate and time-consuming. Sometimes, the geotechnical engineer is interested to have some rough 
assessment of the engineering properties without conducting elaborate tests. This is possible if index 
properties are determined. The properties of soils which are not of primary interest to the geotechnical 
engineer but which are indicative of the engineering properties are called index properties. Simple tests which 
are required to determine the index properties are known as classification tests. The soils arc classified and 
identified based on the index properties, as discussed in chapter 5. The main index properties of coarse­
grained soils are particle size and the relative density, which are described in this chapter. For fine-grained 
soils, the main index properties are Atlerberg’s limits and the consistency (chapter 4).

The index properties are sometimes divided into two categories. (1) Properties of individual particles, and 
(2) Properties of the soil mass, also known as aggregate properties. The properties of individual particles can 
be determined from a remoulded, disturbed sample. These depend upon the individual grains and are 
independent of the manner of soil formation. The soil aggregate properties depend upon the mode of soil 
formation, soil history and soil structure. These properties should be determined from undisturbed samples or 
preferably from in-situ tests. The most important properties of the individual particles of coarse- grained soils 
are the particle size distribution and grain shape. The aggregate property of the coarse-grained soils of great 
practical importance is its relative density.

The index properties give some information about the engineering properties. It is tacitly assumed that 
soils with like index properties have identical engineering properties. However, the correlation between index 
properties and engineering properties is not perfect. A liberal factor of safety should be provided if the design 
is based only on index properties. Design of large, important structures should be done only after 
determination of engineering properties.

3.2. MECHANICAL ANALYSIS

The mechanical analysis, also known as particle size analysis, is a method of separation of soils into 
different fractions based on the particle size. It expresses quantitatively the proportions, by mass, of various 
sizes of particles present in a soil. It is shown graphically on a particle size distribution curve.
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The mechanical analysis is done in two stages : (1) Sieve Analysis, (2) Sedimentation Analysis. The first 
analysis is meant for coarse-grained soils (particle size greater than 75 micron) which can easily pass through 
a set of sieves. The second analysis is used for fine-grained soils (size smaller than 75 microns). 
Sedimentation analysis is also known as wet analysis. As a soil mass may contain the particles of both types 
of soils, a combined analysis comprising both sieve analysis and sedimentation analysis may be required for 
such soils.

Particle size smaller than 0.2 micron cannot be determined by the sedimentation method. These can be 
determined by an electron microscope or by X-ray diffraction techniques. However, such analysis is of little 
practical importance in soil engineering.

33. SIEVE ANALYSIS

The soil is sieved through a set of sieves. Sieves are generally made of spun brass and phosphor bronz 
(or stainless steel) sieve cloth. According to IS : 1498—1970. the sieves are designated by the size of square 
opening, in mm or microns (1 micron = 10'6 m = 10'3 mm). Sieves of various sizes ranging from 80 mm to 

75 microns are available. The diameter of the sieve is generally between 15 to 20 cm.
As mentioned before, the sieve analysis is done for coarse-grained soils. The coarse-grained soils can be 

further sub-divided into gravel fraction (size > 4.75 mm) and sand fraction (75p < size < 4.75 mm), where 
Greek letter p is used to represent micron. A set of coarse sieves, consisting of the sieves of size 80 mm, 40 
mm, 20 mm, 10 mm and 4.75 mm, is required for the gravel fraction. The second set of sieves, consisting of 
the sieves of size 2 mm, 1 mm, 600 p, 425 p, 212 p, 150 p and 75 p, is used for sieving minus 4.75 mm 
fraction. However, all the sieves may not be required for a particular soil. The selection of the required 
number of sieves is done to obtain a good particle size distribution curve. The sieves are stacked one over the 
other, with decreasing size from the top to the bottom. Thus the sieve of the largest opening is kept at the 
top. A lid or cover is placed at the top of the largest sieve. A receiver, known as pan, which has no opening, 
is placed at the bottom of the smallest sieve.

(«) Dry Sieve Analysis—The soil sample is taken in suitable quantity, as given in Table 3.1, Ilie larger 
the particle size, the greater is the quantity of soil required.

The soil should be oven-dry. Il should not contain any lump. If necessary, it should be pulverized. If the 
soil contains organic matter, it can be taken air-dry instead of oven dry.

on the sieve is the gravel fractionThe sample is sieved through a 4.75 mm IS sieve. The portion retained 
or plus 4.75 mm material. The gravel fraction is sieved through the set of 
coarse sieves manually or using a mechanical shaker. Hand sieving is 
normally done. The weight of soil retained on each sieve is obtained.

The minus 4.75 mm fraction is sieved through the set of fine sieves. 
'Die sample is placed in the top sieve and the set of sieves is kept on a 
mechanical shaker (Fig. 3.1) and the machine is started. Normally, 10 
minutes of shaking is sufficient for most soils. The mass of soil retained 
on each sieve and on pan is obtained to the nearest 0.1 gm. The mass of 
the retained soil is checked against the original mass.

Dry sieve analysis is suitable for cohesionless soils, with little or no 
fines. If the sand is sieved in wet conditions, the surface tension may 
cause a slight increase in the size of the particles and the particles smaller 
than the aperture size may be retained on the sieve and the results would 
be erroneous.

Table 3.1. Quantity of Soil for Sieve Analysis

S.No. Maximum Size Quantity (kg)
1. 80 mm 60
2. 20 mm 6.5
3. 4.75 mm 0.5
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(ft) Wet Sieve Analysis—If the soil contains a substantial quantity (say, more than 5%) of fine particles, 
a wet sieve analysis is required. All lumps arc broken into individual particles. A representative soil sample 
in the required quantity is taken, using a riffler, and dried in an oven. Ilie dried sample is taken in a tray and 
soaked with water. If deflocculation is required, sodium hexameta-phosphate, at the rate of 2 g per litre of 
water, is added. The sample is stirred and left for a soaking period of at least one hour. The slurry is then 
sieved through a 4.75 mm IS sieve, and washed with a jet of water. The material retained on the sieve is the 
gravel fraction. It is dried in an oven, and sieved through set of coarse sieves.

The material passing through 4.75 mm sieve is sieved through a 75 p sieve. The material is washed until 
the wash water becomes clear. The material retained on the 75 p sieve is collected and dried in an oven. It 
is then sieved through the set of fine sieves of the size 2 mm, 1 mm, 600 p, 425 p, 212 p, 150 p, and 75 p. 
The material retained on each sieve is collected and weighed. The material that would have been retained on 
pan is equal to the total mass of soil minus the sum of the masses of material retained on all sieves.

Computation of Percentage Finer

For determination of the particle size distribution curve, percentage of particles finer than a particular size 
is required. This can be found as under:

Let us consider the case when the sieving has been done through seven sieves, no 1 (coarsest) to no. 7 
(finest). Let the mass of soil retained on these sieves be respectively, Mj, M2... ,M7, and the mass of soil 
retained on the pan (receiver) be Ms. The sum of all these masses is, obviously, equal to the total mass of 
sample M.

Expressed as percentage, the materials retained on the sieves and pan are

My M2
Pi = x 100 p2 = — x 100 , etc.

M7 ~ ^8
and p7 = — = 100 and p& = — x 100

The cumulative percentage (C) of material retained on any sieve is equal to the sum of the percentage of 
soil retained on the sieve and that retained on all sieves coarser than that sieve. Therefore,

Ci - Pi

C2 “ Pl + P2

C? “Pl + P2 + + P7

The percentage finer (TV) than any sieve size is obtained by subtracting the cumulative percentage 
retained on the sieve from 100%.

Thus, JVj- 100 — C,; N2 = 100—C2, etc.

and N7 - 100 —C7

It may be noted that the dimension of the soil particle that controls whether a particle shall pass through 
a sieve opening is the intermediate dimension (width) of the particle.For example, a particle with dimensions 
3 mm x 2 mm x 1 mm shall pass through a sieve of size 2 mm if it is assumed that the particle is aligned 
such that the largest dimension is normal to the plane of sieve opening and is at right angles to the side of 
the square.

(See Chapter 30, Sect. 30.8 for the laboratory experiment)

3.4. STOKES’ LAW

Soil particles finer than 75 p size cannot be sieved. The particle size distribution of such soils is 
determined by sedimentation analysis. The analysis is based on Stokes’ law, which gives the terminal velocity 
of a small sphere settling in a fluid of infinite extent. When a small sphere settles in a fluid, its velocity first 
increases under the action of gravity, but the drag force comes into action, and retards the velocity. After an 
initial adjustment period, steady conditions are attained and the velocity becomes constant. The velocity 
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attained is known as terminal velocity. The expression for terminal velocity can be obtained from the 
equilibrium of the particle.

The drag force, FD, experienced by a sphere of radius r when it falls through a fluid of viscosity r] is 

given by

FD = 67tT]rv ...(a)

where v is the velocity.
The other two forces acting on the sphere are the weight (W) of the sphere and the buoyant force (U).

W = 4/3 nr3 - 4/3 jrr3 (psg) ...(b)

where is the unit weight of the material of sphere

and U - 4/3 nr3 yw = 4/3 nr3(pwg) ...(c)

From equilibrium of forces in vertical direction.

w ~ u + fd
or 4/3jtr3Yj = 4/3jtr3yM, + 6 jfqrv

or 4/3 nr3 gps = 4/3jrr3gpH, + 6 7tT)rv

2 r2 . .
or v = - • — (p, - pw) g

1 gD2(G-l)pH,
or v = — • ------------------------

18 T]
where D is the diameter of the sphere, G is the specific gravity of the material of

acceleration due to gravity.
If a spherical particle falls through a height He centimeters in t minutes,

...(3.1)

sphere, and g is the

Hc . 
v = cm/sec ...(3.2)

From Eqs. (3.1) and (3.2),
He 1 gDfo-pPH, 
60r “ 18 -»] ...(3.3)

or D V °'3
-PA»)1g(G-l)pw x t

or D = M y/^-

t
...[3.4(6)]

where M is a factor, equal to ' J.— 
[g(G-l)pw]

in which r] is the viscosity in poise (dyne- sec/cm2), g 

centimeters.

- 981 cm/sec2, and pw is in gm/ml. D is in

Table 3.2 gives the values of the coefficient of viscosity r) for water at different temperatures.

The values of the factor M can be computed and tabulated for different temperatures. For example, for G 
= 2.67 and T = 20°C, and taking p„, = 1.0 gm/ml, and q = 10.09 x IO-3 poise, g = 981 cm/sec2,

[ 0.3 x 10,09 x 10~3
[ 981 x 1.67 x 1.0 J 1.36 x IO-3

An approximate expression for diameter D of the particle can be obtained from Eq. 3.1.1
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Table 3.2 Coefficient of viscosity of water t] 
(Values in miliipoise)

rc n rc n rc n rc n
0 17.94 10 13.10 20 10.09 30 8.00
i 17.32 11 12.74 21 9.84 31 7.83
2 16.74 12 12.39 22 9.61 32 7.67
3 16.19 13 12.06 23 9.38 33 7.51

' 4 15.68 14 11.75 24 9.16 34 7.36
5 15.19 15 11.45 25 8.95 35 7.21
6 14.73 16 11.16 26 8.75 36 7.06
7 14.29 17 10.88 27 8.55 37 6.92
8 13.87 18 10.60 28 8.36 38 6.79
9 13.48 19 10.34 29 8.18 39 6.66

[Note. 1 millipoise = 0.1 mN-s/m2]

1 981 x O! (2.67-1.0) . „
V = — -----------------i-------- T----- L X 1.00

18 10.09 x 10~3

or v = 9020 D2 ...[3.5(a)]
where v is the velocity in cm/sec and D is the diameter in cm.

If v is expressed in mm/sec and D in mm,
> - 902 D2 ...(3.5(6)]

If v is expressed in cm/sec and D in mm, 

v - 90.2 D2 ...[33(S)]
Table 3.3 gives the time required for the settlement of particles of different sizes through a height of 

100 mm.
Table 33. Time of Settlement for 100 mm Height

S.No. Diameter (mm) Time
1. 0.075 19.72 sec
2. 0.02 4.62 min
3. 0.006 51.36 mm
4. 0.002 7.70 hr
5. 0.001 30.81 hr

33. PREPARATION OF SUSPENSION FOR SEDIMENTATION ANALYSIS

About 50 g of oven-dried soil is weighed accurately and transferred to an evaporating dish. To have 
proper dispersion of soil, about 100 ml of a dispersion solution is added to the evaporating dish to cover the 
soil. IS : 2720-Part IV recommends the use of dispersion solution obtained after adding 33g of sodium 
hexameta-phosphate and 7g of sodium carbonate to distilled water to make one litre of solution. After the 
dispersing solution has been added to soil, the mixture is wanned gently for about 10 minutes. The contents 
of the evaporating dish are then transferred to the cup of a mechanical stirrer. Distilled water is added to 
make the cup about three-fourth full. The suspension is stirred for about 15 minutes. However, the stirring 
period is more for clayey soils.

The suspension is then washed through a 75 p sieve, using jets of distilled water. The portion of the 
suspension which has passed through the sieve is used for sedimentation analysis. The specimen is washed 
into a 1000 ml jar and enough water is added to make 1000 ml of suspension.

If the soil contains organic matter and calcium compounds, it should be pretreated before adding the 
dispersing agent. This is done is two stages.

(1) The soil is taken in a beaker and first treated with a 20 volume hydrogen peroxide solution to remove 
the organic matter, at the rate of about 100 ml of hydrogen peroxide for 100 gm of soil. The mixture is 
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warmed to a temperature not exceeding 60°C. Hydrogen peroxide causes oxidation of organic matter and gas 
is liberated. When no more gas comes out, the mixture is boiled to decompose the remaining hydrogen 
peroxide. The mixture is then cooled.

(2) Calcium compounds in the soil are removed by adding 0.2 N hydrochloric acid at the rate of 100 ml 
for every 100 g of soil. When the reaction is complete, the mixture is filtered. The filtrate is washed with 
distilled water until it is free from the acid. The damp soil on the filter is placed in a evaporating dish and 
dried in an oven to constant mass.

3.6. THEORY OF SEDIMENTATION

At the commencement of the sedimentation, the soil particles are uniformly dispersed throughout the 
suspension, and the concentration of particles of different sizes is the same at all depths. After a time period, 
at a particular depth, only those particles remain which have not settled. Because all particles of the same size 
have the same velocity, the particles of a given size, if they exist at any level, are in the same concentration 
as at the beginning of sedimentation. In other words, all particles smaller than a particular size D will be 
present at a depth He in the same degree of concentration as at the beginning. All particles larger than the 
size D would have settled below that depth.

For illustration, let us assume that the soil is composed of particles of only three sizes, which have 
terminal velocities in the ratio of 1:2:3. The three types of particles, two at each level, are shown in the left

(“) (i)
Fig. 3.2. Settlement of particles.
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column, middle column and Ute right column in Fig. 3.2 (a). At the beginning of the sedimentation, the 
concentration of particles is Ute same at all levels.

After some time, the particles take the position as shown in Fig. 3.2 (b). The particles of the smallest size 
have settled to a depth h, those of the intermediate size and the largest size to 2h and 3h, respectively. At 
lever B—B, only the particles of the smallest size exist, and the concentration of these particles is the same 
as at the beginning, viz. 2 particles. At level C—C, the concentration of the particles of the smallest and 
intermediate sizes is the same as at beginning. Likewise, at level D—D, the particles of all the three sizes 
exist with the same concentration.

If mD is die mass of particles per ml of. suspension at depth He after time t, and ms is the mass of particles 
per ml of suspension at the beginning of sedimentation, die percentage finer than the size D is given by

N - x 100 ...(3.6)

The particle size D is determined using Eq. 3.4(a).
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3.7. PIPETTE METHOD
In this method, 500 ml of soil suspension is required. The procedure for preparation of 1000 ml of 

suspension has been discussed in Sect. 3.5. All the quantities required for 1000 ml of suspension are halved 
to get a 500 ml of suspension. The suspension is 
taken in a sedimentation tube. Fig. 3.3 shows a 10 
ml capacity pipette used for extraction of the

. sample. The pipette is fitted with a suction inlet.

(a) Calibration of Pipette
For determination of the volume of pipette, it 

is calibrated before use. For calibration, the nozzle 
of the pipette is immersed in distilled water. The 
stop cock S is closed. The three-way stop cock T is 
opened, and the water is sucked up into the pipette 
until it rises in safety bulb. The stop cock T is then 
closed and the pipette is taken out. Ilie stop cock T 
is now turned the other way round to connect it to 
the wash outlet to drain the excess water from the 
safety bulb. The stop cock is then turned the other 
way round to discharge the water contained in the 
pipette into a glass weighing bottle. The mass of 
water in the bottle in grams is equal to the volume 
of the pipette in ml.

(b) Sedimentation Test
The sedimentation tube containing the 

suspension is placed in a constant-temperature bath 
at 27°C for about one hour. The tube is then 
removed from the bath, a rubber bung is placed on 
its top to close the mouth. The tube is inverted end­
over-end a number of times to cause thorough 
mixing. The bung is removed and the tube is again 
placed in the constant temperature bath kept just below the tip of the pipette. The instant when the tube is 
placed in the constant temperature bath is taken as the beginning of the sedimentation. The stop watch is 
started to record the time.

The pipette is gradually lowered into the suspension in the sedimentation tube. The samples are taken 
from a depth of 100 mm below the surface of the suspension. The first sample is taken after 2 minutes of the 
start of sedimentation. The pipette is lowered slowly about 20 seconds before the sample is due to be taken. 
More samples are taken after 4, 8, 15 and 30 minutes, and 1, 2, 4, 8 and 24 hours. Exact time at which the 
sample is taken is noted from the stop watch.

The procedure for taking samples is as follows. The stop cock T is opened and the suspension is drawn 
into the pipette until it is full of suspension. The time taken for actual sampling is about 20 seconds. The stop 
cock T is then closed, and any surplus suspension dawn up in the safety bulb is drained away through the 
wash outlet. The safety bulb is flushed out with distilled water stored in the bulb funnel. The stop cock is 
again turned and the soil sample in the pipette is transferred to a weighing bottle. Distilled water is used to 
transfer any solid particles adhering to the inside. The samples taken are dried in an oven at 105—110°C for 
24 hours to obtain the mass of solids per ml. As the solids also contain dispersing agent, a correction in the 
mass of solids is required. If m is the mass of dispersing agent per ml of suspension, the weight of soil solids 
per ml is given by

mD = mD ~m ...(3.7)
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where mD' = mass of solids/ml as obtained from the sample.

mD = actual mass of soil solids/ml.
The percentage finer than any size D can be obtained using Eq. 3.6.

Merits and Demerits of the Pipette Method
'Ilie pipette method is a standard laboratory method for the particle size analysis of fine-grained soils. It 

is a very accurate method. However, the apparatus is quite delicate and expensive. It requires a very sensitive 
weighing balance. For quick particle size analysis, the hydrometer method, described in the following section, 
is more convenient.

3.8. HYDROMETER METHOD
A hydrometer is an instrument used for the determination of the specific gravity of liquids. As the 

specific gravity of the soil suspension depends upon the particle size, a hydrometer can be used for the 
particle size analysis. A special type of hydrometer with a long stem (neck) is used. The stem is marked from 
top to bottom, generally in the range of 0.995 to 1.030 (Fig. 3.4). At the time of commenemcnt of

sedimentation, the specific gravity of suspension is uniform at all depths. When the sedimentation takes place, 
thee larger particles settle more deeper than the smaller ones. This results in non-uniform specific gravity of 
the suspension at different depths. The lower layers of the suspension have specific gravity greater than that 
of the upper layers.

Casagrande has shown that the hydrometer measures the specific gravity of suspension at a point 
indicated by the centre of the immersed volume. If the volume of the stem is neglected, the centre of the 
immersed volume of the hydrometer is the same as the centre of the bulb. Thus, the hydrometer gives the 
specific gravity of the suspension at the centre of the bulb.
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(a) Calibration of hydrometer
To determine the depth at which the specific gravity is measured, calibration of the hydrometer is done. 

The volume of the hydrometer, VH, is first determined by immetsing it in a graduated cylinder partly filled 

with water and noting down the volume due to the rise in water level. The volume of the hydrometer can also 
be determined indirectly from its mass. The volume of hydrometer in ml is approximately equal to the mass 
of hydrometer in grams, assuming that the specific gravity of hydrometer is unity.

The depth of any layer A-A from the free surface B-B is the effective depth at which the specific gravity 
is measured by the hydrometer [(Fig. 3.4 (b)]. As soon as the hydrometer is inserted in the jar, the layer of 
suspension which was at level A- A rises to the level A' -A', and that at level B- B rise to the level B' - B'. 
The effective depth He is given by

7/e =
TA

...(a)

where H = depth from the free surface B' - B' to the lowest mark on the stem,
h = height of bulb,

VH = volume of hydrometer,
A = cross-sectional area of jar.

In Eq. (a), it has been assumed that the rise in suspension level from A - A to A' -A' at the centre of the 
bulb is equal to half the total rise due to the volume of the hydrometer.

Thus He - H + ...(3.8)

The markings on the hydrometer stem give the specific gravity of the suspension at the centre of the 
bulb. The hydrometer readings are recorded after subtracting unity from the value of the specific gravity and 
multiplying the remaining 
digit by 1000. Thus, a 
specific gravity of 1.015 is 
represented by a hydrometer 
reading Rf, of (1.015 - 1.000)

1000 15. The
graduations on the right side 
of the stem directly give the 
reading Rh. As the effective 

depth He depends upon the 
hydrometer reading Rh, a
calibration chart can
obtained between the hydro­
meter reading Rh and the 

effective depth Hc. For deter­
mination of the effective 
depth He from Eq. (3.8), an
accurate scale is used to determine the height h and the depth H to various graduations. Fig. 3.5 shows a 
typical calibration chart.

As the sedimentation progresses, the specific gravity of the suspension decreases and the hydrometer goes 
deeper and deeper, and the effective depth increases. The hydrometer reading Rh, of course, decreases (Fig. 3.6).

(b) Test Procedure
Exactly 1000 ml of suspension is prepared as explained in Sect. 3.5. After stirring, the suspension is 

washed into a 1000 ml jar and water is added to it to bring the level to 1000 ml mark. The suspension is
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The hydrometer is then 3-6- Downward movement of hydrometer.

removed from the jar and rinsed with distilled water and floated in a comparison cylinder containing distilled 
water with the dispersing agent added to the same concentration as in the soil suspension.

Further readings are taken after 8, 15 and 30 minutes and 1, 2, 4, 8 and 24 hours reckoned from the 
beginning of sedimentation. For each of these readings, the hydrometer is inserted about 20 seconds before 
the reading. The hydrometer is taken out after the reading and floated in the comparison cylinder.

(c) Corrections of Hydrometer Reading
The hydrometer readings are corrected as under:
(i) Meniscus correction—Since the suspension is opaque, the observations are taken at the top of the 

meniscus. The meniscus correction is equal to the reading between the top of the meniscus and the level of 
the suspension. As the marking on the stem increases downward, the correction is positive.

The meniscus correction (Cm) is determined from the readings at the top and bottom of meniscus in the 

comparison cylinder. The meniscus correction is constant for a hydrometer.
If Rh' is the hydrometer reading of the suspension at a particular time, the corrected hydrometer Rh 

reading is given by

/?*-/?/  + CW ...(3.9)
The corrected hydrometer reading (R^ is required for determining the effective depth from the calibration 

chart (Fig. 3.5).
(h) Temperature correction—The hydrometer is generally calibrated at 27°C. If the temperature of the 

suspension is different from 27°C, a temperature correction (C,) is required for the hydrometer reading. If the 
temperature is more than 27°C, the suspension is lighter, and the actual reading will be less than the corrected 
reading. The temperature correction is positive. On the other hand, if the temperature is less than 27°C, the 
temperature correction is negative.

The temperature correction is obtained from the charts supplied by the manufacturer.

(Hi) Dispersion agent Correction—Addition of the dispersing agent to the soil specimen causes and 
increase in the specific gravity of the suspension. Therefore, the dispersing agent correction is always 
negative. The dispersing agent correction (Cd) can be determined by noting the hydrometer reading in clear 

water and again in the same water after adding the dispersing agent.
Thus, the corrected reading R can be obtained from the observed reading Rh' as under.
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R-Rh‘+ Cm±C,-Cd ...(3.10)

Composite Correction—Instead of finding the corrections individually, it is convenient to find one 
composite correction. The composite correction (C) is the algebraic sum of all the corrections. Thus,

R = Rh'±C ...(3.11)

The composite correction is found directly from the readings taken in a comparison cylinder, which has 
distilled water and the dispersing agent in the same concentration, and has the same temperature. As the 
hydrometer has been calibrated al 27°C to indicate a specific gravity of 1.000, the difference between the 
reading taken at the top of meniscus and 1.000 is in magnitude equal to the composite correction. The 
negative of the hydrometer reading in the comparison cylinder is equal to the composite correction. The 
composite correction can be positive or negative. For example, if the hydrometer reading is +2 (i.e. 1.002), 
the correction is -2, and if the reading is -3 (Le. 0.997), the correction is +3.

The composite correction is found before the start of the test and at every 30 minute interval.

3.9. RELATION BETWEEN PERCENTAGE FINER AND HYDROMETER READING
The corrected hydrometer reading R can be related to the percentage finer N than any size D as under: 
Let Ms be the mass of dry soil in a suspension of volume V. At the commencement of the sedimentation, 

the soil-water suspension is uniform, and, therefore, the mass of solids per unit volume of suspension at any 
depth is Ms/V.

The initial density of suspension is given by
M, + mass of water in suspension

M, 

V

V(G pj

V(Gp.)

or p, = — + mass of water/volume of suspension. ...{a)

The mass of water per unit volume of suspension can be determined from the volume of water per unit 
volume of suspension, as explained below.

Mass of solids/volume of suspension

Volume of Solids/volume of suspension

Volume of water/volume of suspension

Mass of water/volume of suspension

From Eq. (a),

or Pi - Pw + -y ...(3.12)

If Md is the mass of solids in volume V at that depth after time t, Eq. 3.12 gives the density of 

suspension at that depth as
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From Eq. 3.6, the percentage finer N than any size is given by

N= — x 100 
n,s

or mD =
N ■ ms 

100

where mD=Mi)/V and ms = Ms/V 

Therefore, Eq. 3.13 becomes

P = P« +
Nms (G-l\ 
100 G J

or p - p„. =
N ms 

100 m
or N =

-1 x ioo
1 / ms

As the hydrometer reading R is equal to (p -pw) x 1000, Eq. 3.15 can be written as

...(3.14)

calibration curve for the hydrometer reading Rtl.

(See Chapter 30, Sect. 30-9 for the laboratory experiment)

( G \ R 1[ G-1 ) 1000 mt 100 ...(3.16)

100 ...(3.17(o)]

or N- I ~ x 100
I <jr — 1 1 Ms

...(3.17(6)]

where Ms is the mass of the solids in a volume V of 1000 ml.

The particle size D is determined using Eq. 3.4, taking the value Of effective depth Hc from the

3.10. LIMITATION OF SEDIMENTATION ANALYSIS
The sedimentation analysis does not give correct values of the particle size and the percentage finer due 

to the following limitations.
(1) The sedimentation analysis gives the particle size in terms of equivalent diameter, which is less than 

the particle size given by sieve analysis. The soil particles are not sphericaL The equivalent diameter 
is close to the thickness (smallest dimension) rather than the length or width. (The equivalent 
diameter is the diameter of the sphere which falls with the same velocity as the actual particle.)

(2) As the specific gravity of solids for different particles is different, the use of an average value of G 
in Eq. 3.17 (b) is a source of error. However, as the variation of the values of G is small, the error 
is negligible.

(3) Stokes’ law is applicable only when the liquid is infinite. The presence of walls of the jar affects the 
results to some extent.

(4) In Stokes’ law, it has been assumed that only one sphere settles, and there is no interference from 
other spheres. In the sedimentation analysis, as many particles settle simultaneously, there is some 
interference.

However, the effect of errors mentioned in paras (3) and (4) is negligibly small if the mass of dry 
soil used per 1000 ml of suspension is not more than 50g.

(5) The sedimentation analysis cannot be used for particles larger than 0.2 mm as turbulent conditions 
develop and Stokes’ law is not applicable.
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(6) The sedimentation method is not applicable for particles smaller than 0.2p because Brownian 
movement takes place and the particles do not settle as per Stokes’ law.

(7) The sedimentation method cannot be used for chalky soils, because of the removal of the calcium 
carbonate of chalky soils in the pretreatement by hydrochloric acid.

Despite above limitations,the sedimentation analysis is used for determination of the particle size of 
fine-grained soils. The particle sizes of such soils is not of much practical significance and, therefore, even 
approximate analysis is good enough. The index properties of such soils are plasticity characteristics and not 
the particle size. The main use of the sedimentation analysis is to determine the clay content (particles less 
than 2 p size) in a soil mass.

3.11. COMBINED SIEVE AND SEDIMENTATION ANALYSIS
It the soil mass consists of particles of both coarse-grained and fine-grained soils, a combined analysis is 

done. The slurry of the soil is made as mentioned in the wet sieve analysis (Sect. 3.3). The slurry is sieved 
through a 4.75 mm IS sieve. The material retained on the sieve is oven-dried and a coarse-sieve analysis is 
done.

The material retained on a 75 p IS sieve is also oven-dried and the sieve is analysis is done using the set 
of fine sieves.

The suspension passing the 75 p sieve is mixed with a deflocculating agent, if not already done. The 
hydrometer test is performed on the suspension, as explained in Sect. 3.8.

The percentage finer than any size can be calculated on the basis of the original mass of soil taken for 
the combined analysis.

3.12. PARTICLE SIZE DISTRIBUTION CURVE
The particle size distribution curve, also known as a gradation curve, represents the distribution of 

particles of different sizes in the soil mass. The percentage finer N than a given size is plotted as ordinate (on 
natural scale) and the particle size as abscissa (on log scale). In Fig. 3.7 (a), the particle size decreases from

Fig. 3.7. Particle Size Curve.
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left to right, whereas in Fig. 3.7 (b), the particle size increases from left to right. Both the methods are 
prelevant. The reader should carefully observe the horizontal scale of the particle size distribution curve. In 
this text, the particle size distribution is shown as in Fig. 3.7 (b), i.e., the particle size increases from left to 
right, which is also the usual convention.

Hie semi-log plot for the particle size distribution, as shown in Fig. 3.7, has the following advantages 
over natural plots.

(1) The soils of equal uniformity exhibit the same shape, irrespective of the actual particle size.
(2) As the range of the particle sizes is very large, for better representation, a log scale is required.

Grading of Soils—The distribution of particles of different sizes in a soil mass is called grading. The 
grading of soils can be determined from the particle size distribution curves. Fig. 3.8 shows the particle size 
distribution curves of different soils.

groined

-004mm

A curve with a hump, such as curve A, represents the soil in which some of the intermediate size 
particles are missing. Such a soils is called gap-graded or skip-graded.

A flat 5-curve, such as curve B, represents a soil which contains the particles of different sizes in good 
proportion. Such a soil is called a well-graded (or uniformly graded) soil.

A steep curve, like C, indicates a soil containing the particles of almost the same size. Such soils are 
known as uniform soils.

The particle size distribution curve also reveals whether a soil is coarse-grained or fine-grained. In 
general, a curve situated higher up and to the left (curve D) indicates a relatively fine-grained soil, whereas 
a curve situated to the right (curve E) indicates a coarse-grained soil.

The uniformity of a soil is expressed qualitatively by a term known as uniformity coefficient, Cu, given 
by

Ao 
Ao.

...(3.18)

where D60 = particle size such that 60% of the soil is finer than this size, and 
Z>10 = particle size such that 10% of the soil is finer than this size.

Ao size is also known as the effective size. In Fig. 3.8, D& and D10 for the soil B are, respectively, 0.08 
mm and 0.004 mm. Therefore, Cu = 0.08/0.004 = 20

The larger the numerical value of Cu, the' more is the range of particles. Soils with a value of C„ less 
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than 2 are uniform soils. Sands with a value of Cu of 6 or more, are well-graded. Gravels with a value of 
Cu of 4 or more are well-graded.

The general shape of the particle size distribution curve is described by another coefficient known as the 
coefficient of curvature (Cf) or the coefficient of gradation (Cg).

where is the particle size corresponding to 30% finer.

For a well-graded soil, the value of the coefficient of curvature lies between 1 and 3.
It may be noted that the gap grading of the soil cannot be detected by Cu only. The value of Ce is also 

required to detect it.
For the soil shown by curve B in Fig. 3.9, the particle size is 0.025 mm. Therefore,

c. -195
' 0.08 x 0.004

3.13. USES OF PARTICLE SIZE DISTRIBUTION CURVE
The particle size distribution curve is extremely useful for coarse-grained soils. As the behavior of 

fine-grained soils (minus 75 p) depends upon the plasticity characteristic and not on the particle size, its use 
for fine- grained soils is limited.

(1) The particle size distribution curve is used in the classification of coarse-grained soils (see chapter 
5)-

(2) The coefficient of permeability of a coarse-grained soil depends to a large extent on the size of the 
particles. An approximate value of the coefficient of permeability can be determined from the 
particle size as discussed in chapter 8.

(3) The particle size is used to know the susceptibility of a soil to frost action.
(4) The particle size distribution curve is required for the design of drainage filters.
(5) The particle size distribution provides an index to the shear strength of the soil. Generally, a 

well-graded, compacted sand has high shear strength.
(6) The compressibility of a soil can also be judged from its particle size distribution curve. A uniform 

soil is more compressible than a well-graded soil.

(7) The particle size distribution curve is useful in soil stabilisation and for the design of pavements.
(8) The particle size distribution curve may indicate the mode of deposition of a soil. For example, a 

gap-graded soil indicates deposition by two different agencies.
(9) The particle size distribution curve of a residual soil may indicate the age of the soil deposit. With 

increasing age, the average particle size decreases because of weathering. The particle size 
distribution curve which is initially wavy becomes smooth and regular with age.

3.14. SHAPE OF PARTICLES
The engineering properties of soils, especially coarse-grained soils, depend upon the shape of particles. 

As it is more difficult to measure the shape than the size, the shape of the particles does not get the required 
attention.

When the length, width and thickness of the particles are of same order of magnitude, the particles are 
known to have a bulky shape. Cohesionless soils have bulky particles. As stated in chapter 1, bulky particles 
are formed by physical disintegration of rocks. Rock flour, which has the size of the particles in the range of 
fine-grained soils, behaves like cohesionless soils because its particles are bulky. Soils containing bulky grains 
behave like a heap of loose bricks or broken stone pieces. Such soils can support heavy loads in static 
conditions. However, when vibration takes place, large settlements can occur.

Cohesive, clayey soils have particles which are thin and flaky, like a sheet of paper. Soils composed of flaky 
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particles are highly compressible. These soils deform easily under static loads, like dry leaves or loose papers in 
a basket subjected to a pressure. However, such soils are relatively more stable when subjected to vibrations.

The shape of the coarse-grained soils can be described in terms of sphericity, flatness or angularity. 
Sphericity (S) of the particle is defined as

S = D^L

where De is equivalent diameter of the particle assuming it to be a sphere, given by Dc = (GV/n)173, where V 

is the volume of the particle and L is the length of the particle.
The particles with a high value of sphericity (more roundness) are easy to manipulate in construction and 

their tendency to fracture is low.
Flatness (F) and elongation (E) are defined as

as F = B/T and E^L/B
where L, B and 7'are, respectively, length, width and thickness.

The higher the value of the flatness or the elongation, the more is the tendency of the soil to fracture.
The angularity (R) of a particle is defined as

_ average radius of comers and edges
radius of maximum inscribed circle

Depending upon angularity, the particles are qualitatively divided into 5 shapes (Fig. 3.9).

Angular Subangular Subrounded Rounded Well rounded

Fi.g 3.9. Different shapes of particles

The angularity of particles has great influence on the behavior of coarse-grained soils. The particles with 
a high value of angularity tend to resist the displacement, but have more tendency for fracturing. On the other 
hand, the particles with low angularity (more roundness) do not crush easily under loads, but have low 
resistance to displacements as they have a tendency to roll. In general, the angular particles have good 
engineering properties, such as shear strength.

3.15. RELATIVE DENSITY
The most important index aggregate property of a cohesionless soil is its relative density. The engineering 

properties of a mass of cohesionless soil depend to a large extent on its relative density (Df), also known as 
density index (ID). The relative density is defined as

100 ...(3.20)
cmax cmin

where e^ = maximum void ratio of the soil in the loosest condition.

emin = minimum void ratio of the soil in the densest condition. 
e = void ratio in the natural state.

The relative density of a soil gives a more clear idea of the denseness than does the void ratio. Two types 
of sands having the same void ratio may have entirely different state of denseness and engineering properties. 
However, if the two sands have the same relative density, they usually behave in identical manner.

The relative density of a soil indicates how it would behave under loads. If the deposit is dense, it can 
take heavy loads with very little settlements. Depending upon the relative density, the soils are generally 
divided into 5 categories (Table 3.3).
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Table 33. Denseness of Soils

Denseness Vfe/y
Loose

Loose Medium 
Dense

Dense Very 
Dense

Dr(%) < 15 15 to 35 35 to 65 65 to 85 85 to 100

3.16. DETERMINATION OF RELATIVE DENSITY
Figs. 3.10 (a), (b) and (c) show the soil in the densest, natural and loosest states. As it is difficult to 

measure the void ratio directly, Eq. 3.20 cannot be used. However, it is convenient to express the void ratio 
in terms of dry density (prf).

(a) <b>
Fig. 3.10

e = -------  - 1
Prf

Representing the dry density in the loosest, densest and natural conditions as pmin, pm.,x and prf , Eq. 3.20 

becomes

Eq. 3.21 is used to determine the relative density of an in-situ deposit. The methods for the determination 
of the dry density (pd) have been discussed in chapter 2. The methods for the determination of pmnx and 

pmin are described below.

For determination of the minimum dry density, a representative, oven dry sample of soil is taken. The 
sample is then pulverised and sieved through the required sieve. The minimum dry density is found by 
pouring the dry soil in a mould using a pouring device (IS : 2720—Part XIV). The spout of the pouring 
device is so adjusted that the height of free fall is always 25mm. The mass and the volume of the soil 
deposited are found, and the dry density of the soil is determined as under.

where Afmin = mass of dry soil.
Vm = volume of soil deposited in the mould.
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The maximum dry density is determined either by the dry method or the wet method. In the dry method, 
the mould is filled with thoroughly mixed oven-dry soil. A surcharge load is placed on the soil surface, and 
the mould is fixed to a vibrator deck. The specimen is vibrated for 8 minutes. The mass and volume of the 
soil in the compacted state are found. The maximum dry density is given by

Pmax “ ~y

where = mass of dry soil and

Vm = volume of mould.
The maximum dry density of a soil can be determined also in the saturated state. In this method, the 

mould is filled with wet soil and water is added till a small quantity of free water accumulates on the free 
surface of the soil. During and just after filling the mould, vibration is done for a total of six minutes. Water 
appearing on the surface of soil is removed. A surcharge mass is placed on the soil and the mould is vibrated 
again for 8 minutes. The volume (Vm) of the soil is determined. Hie mass Mmnx of the soil is determined after 

oven drying the sample.
Note. If the sand is vibrated under more severe conditions, it may have a relative density of more than 

100%.

ILLUSTRATIVE EXAMPLES

Illustrative Example 3.1. The results of a sieve analysis of a soil are given below: 
Total mass of sample = 900 gm.

IS Sieve
20
nun

10
mm

4.75 
mm

2 1.0 0.6 4.25 
ft

212 
ft

150 75 
ft

Pan

Mass of soil 
retained (gm) 35 40 80 150 150 140 115 55 35 25 75

Draw the particle size distribution curve and hence determine the uniformity coefficient and the 
coefficient of curvature.

Solution. The calculations for percentage finer N than different sizes are shown (Thble 3.1).

Table E-3.1

S = 900.0 gm

IS Mass Percentage Cumulative Percentage
Sieve retained retained percentage Finer (N)

-Sxl0° retained = 100- (4)

(1) (2) (3) (4) (5)
20 mm 35 gm 3.89 3.89 96.11

10 40 4.44 8.33 91.67
4.75 80 8.89 17.22 82.78
2.0 150 16.67 33.89 66.11
1.0 150 16.67 50.56 49.44
0.6 140 15.56 66.12 33.88

425 p 115 12.78 78.90 21.10
212 p 55 6.11 85.01 14.99
150 p 35 3.89 88.90 11.10
75 ft 25 2.78 91.68 8.32
Pan 75 8.32 100.00

The particle size distribution curve is shown in Fig. E-3.1.
From plot, DM - 155 mm; = 053 mm; DI0 = 0.115 mm



Fig. E-3.1 Particle Size (mm)

S-13-48From Eq. 3.18

From Eq. 3.19,
_ . (£>3o)2 _ . (0-53)2

f Dw X Z)10 1.55 x 0.115

Illustrative Example 3.2. The following observations were taken during a pipette analysis for the 
determination of particle size distribution of a soil sample.

(a) Depth below the water surface at which the sample was taken = 100 mm
(b) Capacity of pipette = 10 ml
(c) Mass of sample when dried = 0.3 gm
(d) Tune of taking sample = 7 minutes after the start.
(e) Volume of soil suspension in the sedimentation tube = 500 ml.
(f) Dry mass of soil used in making suspension = 25 gm.

Determine the coordinate of the point on the particle size distribution curve corresponding to above 
observations.

Take G = 2.70 and q = 10.09 millipoise.

Solution. From Eq. 3.4 (a), D - A/- A-**
g(G-l)pwxt

pH, = 7 gm/ml.

„ a/o-30 x 10.09 x 10~3 x 10

981 x (2.70-1) x 7
= 0.00161 cm

From Eq. 3.6, TV- — x 100 - x 100 - 60%
?h4. 25/500

The coordinates of the point on the particle-size distribution curve are (0.0161 mm. 60%).

Illustrative Example 33. A dry sample of mass 50 gm is mixed with distilled water to prepare a 
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suspension of 1000 ml for hydrometer analysis. The reading of the hydrometer taken after 5 minutes was 25 
and the depth of the centre of the bulb below the water surface when the hydrometer was in the jar was 150 
mm. The volume of the hydrometer was 62 ml and the area of cross-section of the jar was 55 ent2. Assuming 

G = 2.68 and rj = 9.81 millipoise, determine the coordinates of the point corresponding to above observation.
Solution. The depth between levels B' -B' and A' -A' in Fig. 3.4, is given to be 150 mm. The effective 

depth between B - B and A - A is given by,

II,- 15.0- — + 15.0-

“ 15.0- c, - 14.436 cm
2 x 55

From Eq. 3.4 (a). D- >/

\/03 x 9.81 x 1<TJ x 14.436 ---------- „ „„
' V 981 x (2.68 - L0) x 5 ' 00023 OT ‘ 023

From Eq. 3.17 (a), N . (x « 100

(2.68 \ 1000 25 ..-(L68)X30"X 1000 X 100 °r"-7*76

The coordinates of the point on the particle-size distribution curve are (0.023 mm, 79.76%).

Illustrative Example 3.4. A soil has a dry density of 1.816 gm/ml in the natural condition. When 410
gm of the soil was poured in a vessel in a very loose state, its volume was 290 ml. The same soil when
vibrated and compacted was found to have a volume of 215 ml. Determine the relative density.

Solution. From Eq. 3.22, pmin - ~ - 1.414 gm/ml

From Eq. 3.23, p""'" " 1907 8m/ml

From Eq. 3.21, Z>,. x 100
Pd \ Pmax Pmin j

or Dr = 85.63 %

Illustrative Example 3.5. A test for the relative density of soil in place was performed by digging a 
small hole in the soil. The volume of the hole was 400 ml and the moist weight of the excavated soil was 9 
N. After oven drying, the weight was 7.8 N. Of the dried soil, 4 N was poured into a vessel in a very loose 
state, and its volume was found to be 270 ml. The same weight of soil when vibrated and tamped had a 
volume of 200 ml. Determine the relative density.

Solution. w - i>'°7~8^80 - 0.1538

® " 00195 N/ml - 19.5 kN/m’

W.ln - - 0 0148 N/ml - 14.8 kN/m3
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(U™.- - 0.02 N/ml - 20.0 kN/m3

From Eq. 3.21, substituting y for p throughout,

D' -§i(sfclg)xloo-’2'70%
Illustrative Example 3.6. A sample of sand has a volume of 1000 ml in its natural state. Its minimum 

volume when compacted is 840 ml. When gently poured in a measuring cylinder, its maximum volume is 1370 
ml. Determine the relative density.

Solution. Let M be the dry mass (in gm) of the sample.

„ . M M M
Therefore, Pmax = , pmn - 137Q, pd - 10Q0

Af/840 / Af/1000 - Af/1370 \
= A//1000 A//840-A//1370 j *

- 0.6981 x 100 - 69.81%.
Illustrative Example 3.7. In order to find the relative density of a sand, a mould of volume 1000 ml was 

used. When the sand was dynamically compacted in the mould, its mass was 2.10 kg, whereas when the sand 
was poured in loosely, its mass was 1.635 kg. If the in-situ density of the soil was 1.50 Mglm3, calculate the 

relative density. G = 2.70. Assume that the sand is saturated.

_ , . 2.10 x 165 _, . ,
Solution. (pmaxLor - —^55— - 2.1 g/ml

, . 1.635 x 103 . ,
(PminU = ------ 7755------ - 1.635 g/ml

x 100

As pj - 1.50 Mg/m3

Now

» 1.50 g/ml, e - P" - 1 “ 
8 Pd

(n \ + e,nin n

2.70 _
1.5

1-0.80

\Pmm)sa “ , P»
( 1 + emin J

or
2.1 _ /170^ x 10

or efflin - 0.545

Likewise
, \ ( & + en>ax
(Pminlja " < Pw

I 1 + emax J

or 1.635 - * L0 or Ctnax - 1-677

From Eq. 3.20
p _ emax “ « x 100

®max — ®min

- 77.47%
1.677 - 0.80

1.677 - 0.545
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PROBLEMS

3.1. One kg of soil was sieved through a set of 8 sieves, with the size 4.75 mm, 2.0 mm, 600 p, 425 p, 300p, 212p, 
150g and 75g. The mass of soil retained on these sieves was found to be 50, 78, 90, 150, 160, 132, 148 and 
179 gm, respectively. Determine the percentage finer than the corresponding sizes.

[Ans. 99.5, 87.5, 78.2, 63.2, 47.2, 34.0, 19.2 and 1.3]
3.2. Prove that the particle diameter and the terminal velocity of particle are related as

V-9020D2

where v = velocity in cm/sec, 
D = diameter in cm

Clearly state the various assumptions made.
33. Determine the maximum void ratio for a sand composed of grains of spherical shapes.

[Hint Consider a cubical box of size 2d, where d is the diameter of sphere. The number of grains in the box is 8]
[Ans. 0.91]

3.4. The minimum and the maximum dry density of a sand were found to be 1.50 and 1.70 gm/ml. Calculate the dry 
density corresponding to relative densities of 50% and 75%. [Ans. 1.594 gm/l; 1.645 gm/ml]

3.5. An undisturbed sample of fine sand has a dry unit weight of 18 kN/m3. At the maximum density, the void ratio 

is 0.35, and that at the minimum density, 0.90. Determine the relative density of the undisturbed soil. G = 2.65.
[Ans. 77.82%]

3.6. A coarse-grained soil is compacted to a wet density of 2Mg/m3 at a water content of 15%. Determine the 
relative density of the compacted sand, given emax - 0.85 and emin - 0.40 and G = 2.67.

[Ans. 70%]
3.7. How long would it take for a particle of soil 0.002 cm in diameter to settle from the surface to the bottom of 

the pond 15 m deep ? Take G = 2.60 and t) = 1.0 x 10~5 gmf-sec/cm2. [Ans. 11.72 hours]

33 A sample of soil of mass 40 gm is dispersed in 1000 ml of water. How long after the commencement of 
sedimentation should the hydrometer reading be taken in order to estimate the percentage of particles less than 
0.002 mm effective diameter ? The centre of the bulb is at an effective depth of 20 cm below the surface of 
water. Take G = 2.70, T] = 0.01 poise. [Ans. 14.99 hours]

3.9. In a sedimentation test, 25 gm of soil was dispersed in 1000 ml of water (rj = 0.01 poise). One hour after the 
commencement of sedimentation, 25 ml of the suspension was taken by means of a pipette from a depth of 10 
cm. The mass of solid particles obtained on drying was 0.09 g. Determine
(a) The largest size of the particle remaining in suspension at a depth of 10 cm after one hour of the beginning 

of sedimentation.
(b) The percentage of particles finer than this size in the original suspension.
(c) The time interval from the commencement, after which the largest particle remaining in suspension at 10 cm 

depth is one-half of this size.
(Hint. Volume of suspension = 1009.3 ml) (Ans. 0.0055 mm; 14.53%; 4 hours]

3.10 The results of a sedimentation test of a sample passing 75 p sieve are given below. Determine the grain size 
distribution. Use approximate formula v = 9100 D2.

Observation
No.

Time Depth Mass of soil in 
25 ml sample

1. Zero all depth 25 gm
2. 60 seconds 10 cm 15 gm
3. 5 minutes 10 cm 10 gm
4. 10 minutes 5 cm 5 gm
5. 5 hours 5 cm 0.5 gm

[Ans. Percentage finer than 0.075 mm, 0.0428 mm, 0.0191 mm 0.0095 mm and 0.0017 mm, 
respectively, 100%, 60%, 40%, 20% and 2%].

3.11 In a test 10 gm of fine-grained soil of specific gravity 2.70 was dispersed to make 500 ml of suspension. A
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sample of volume 10 mJ was taken by means of a pipette at a depth of 100 mm, 50 minutes after the 
commencement of sedimentation. The sample was dried in an oven. If the dry i.iass of the soil was 0.03 gm, 
calculate the largest size of the particle remaining in the suspension at a depth of 100 mm and the percentage 
of particles finer than this size in the original soil, rj = 0.01 poise. [Ans. 0.006 mm; 15%]

3.12. During a sedimentation test for grain size analysis, the corrected hydrometer reading in a 1000 ml uniform soil
suspension at the commencement of sedimentation is 1.028. After 30 minutes, the corrected hydrometer reading 
is 1.012, and the corresponding effective depth is 10.5 cm. Determine (i) the total mass of solids dispersed in 
1000 ml of suspension, (it) the particle size corresponding to the 30 minute reading, and (mi) the percentage 
finer than this size. Take G = 2.67 and T] = 0.01 poise. [Ans. 44.77 gm; 0.00796 mm; 42.86%]

3.13. A dry soil sample is 49 gm in mass. It is composed of the following:

Particle size (mm) 0.05 0.02 0.01 0.001
Mass (gm) 7 20 18 4

The sample is mixed with enough water to make a uniform suspension of 1000 ml. Determine

(i) The largest particle size at a depth of 10 cm after 5 minutes of the commencement of sedimentation and the 
specific gravity of the suspension at that time at that depth.

(it) The time required for all the particles to settle below 10 cm depth. Take G = 2.70 and rj = 9.81 millipoise. 
[Ans. 0.01 mm; 1.014; 1.06 x 10-S seconds] 

3.14. An air-dry soil sample weighing 25 kg was sieved in a laboratory. The results are given below.

IS Sieve (mm) 2.0 1.0 0.6 0.425 0.212 0.150 0.075 Pan
Mass retained 

(kg) 0 2.02 3.51 753 8.15 2.81 0.90 0.08

Draw the grain size distribution curve and determine the coefficient of curvature and the uniformity coefficient. 
[Ans. 1.15 ; 2.59] 

3.15. A 1000 ml suspension containing 30 gm of dry soil was prepared for a hydrometer analysis. If the temperature 
is the same as that at which it was calibrated, what whould be the hydrometer reading at the instant of 
commencement of sedimentation ? Take G = 2.70. [Ans. 1.019]

B. Descriptive and Objective Type
3.16. What do you understand about index properties ? What is their importance?
3.17. How would you determine the percentage finer than different sieve sizes in the laboratory ?
3.18. What are the main index properties of a coarse-grained soil? How are these determined?
3.19. Differentiate between the dry sieve analysis and the wet sieve analysis. Why the wet sieve analysis is required? 
320. State Stokes’ law. What is its use in the sedimentation method of analysis? What are its limitations ?
3.21. Compare the pipette method and the hydrometer method. Why the hydrometer method is more popular?
3.22. State the various corrections required for a hydrometer reading. How these corrections are determined?
3.23. What is particle size distribution curve? What is its use in soil engineering?
3.24. What is relative density? How is it determined ? What is its importance for a coarse-grained soil?
325. What do you understand by calibration of a hydrometer? How is it done ?
326. State whether the following statements are true or false.

(a) The silt size particles can be seen by unaided (naked) eye.
(b) The sieve analysis gives the largest dimension of the soil particle.
(c) The wet sieve analysis gives slightly larger size than that by the dry sieve analysis.
(d) The readings on a hydrometer increase in upward direction.
(e) The sedimentation analysis is useful for all soil particles smaller than 75p size.
(f) The rock flour even of clay size particles is non- plastic.
(g) A gap-graded soil is also called a uniform soil.
(h) A well-graded soil contains particles of one size.

[Ans. True (c), (/)]
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C. Multiple Choice Questions
1. In1 Stokes’ law, the terminal velocity of the particle is

(a) Proportional to the radius of the particle.
(b) Proportional to the square of the radius of particle.
(c) Inversely proportional to the square of the radius of particle.
(</) None of the above.

2. Stoke’s law does .not hold good if the size of particles is
(a) Greater than 0.2 mm
(c) Neither (a) Nor (/>)

(b) less than 0.2 pm 
(</) Both (a) and (b)

3. Pretreatcment of soil to remove the organic matter by oxidation is done with
(o) Sodium hexametaphosphate 
(<•) Hydrogen peroxide

(b) Oxygen
(</) Hydrochloric acid

4. The particle-size distribution curve with a hump is obtained for a
(«) Uniform s<>i 1
(c) Gap-graded soil

(Z?) Well-graded soil
(r/) Poorly-graded soil

5. For a well-graded sand, the coefficient of curvature should be
(a) More than 3
(c) Less than 1

(b) Between 1 and 3 
(rf) None Of above

6. For a dense sand, the relative density is
(a) Between 35 and 65
(c) Between 85 and 100

7. A well-graded sand should have
(o) Cu > 4.00
(c) Cu > 1.00

8. in hydrometer analysis for a soil mass

(b) Between 6-5 and. 85
(J) Greater than 100

(b) Cu > 6.00
'(r/) Cu S 3

(a) Both meniscus correction and dispersing agent correction are negative
(b) Both meniscus correction and dispersing agent correction are positive
(c) Meniscus correction is positive while dispersing agent correction is negative
W) Meniscus correction is negative while dispersing agent correction is positive

9. For a particle of diameter 0.075 mm. the terminal velocity will be about
(a) 0.05 cm/s
(c) 1.0 cm/s

(b) 0.50 cm/s
(rZ) 1.50 cm/s

[Ans. 1. (b), 2. (Zl), 3. (c), 4. (c), 5. (b), 6. (b), 7. (b), 8. (c). 9. (b)]



4
Plasticity Characteristics of Soils

4.1. PLASTICITY OF SOILS
The plasticity of a soil is its ability to undergo deformation without cractking or fracturing. A plastic soil 

can be moulded into various shapes when it is wet. Plasticity is an important index property of fine-grained 
soils, especially clayey soils.

Plasticity in soils is due to presence of clay minerals. The clay particles carry a negative charge on their 
surfaces, as discussed in chapter 6. The water molecules are dipolar (dipoles) and are attracted towards the 
clay surface. The phenomenon is known as adsorption (not absorption) of water, and the water so attracted to 
the clay surface is called adsorbed water. Plasticity of the soil is due to adsorbed water.

The clay particles are separated by layers of adsorbed water which allow them to slip over one another. 
When the soil is subjected to deformations, the particles do not return to their original positions, with the 
result that the deformations are plastic (irreversible). As the water content of the soil is reduced, the plasticity 
of the soil is reduced. Ultimately, the soil becomes dry when the particles are cemented together as a solid 
mass.

The presence of adsorbed water is necessary to impart plasticity characteristics to a soil. The soil does 
not become plastic when it is mixed with a non-polarizing liquid, such as kerosene or paraffin oil. These 
liquids do not have electromagnetic properties to react with clay minerals.

The soil becomes plastic only when it has clay minerals. If the soils contains only non-clay minerals, 
such as quartz, it would not become plastic whatever may be the fineness of soil. When such soils are ground 
to very fine size, these cannot be rolled into threads. Rock flour, which contains very fine particles of 
non-clay particles, does not become plastic.

This chapter deals with plasticity characteristics and consistency of fine-grained soils.

4.2. CONSISTENCY LIMITS
The consistency of a fine-grained soil is the physical state in which it exists. It is used to denote the 

degree of firmness of a soil. Consistency of a soil is indicated by such terms as soft, firm or hard.
In 1911, a Swedish agriculture engineer Atterberg mentioned that a fine-grained soil can exist in four 

states, namely, liquid, plastic, semi-solid or solid state. The water contents at which the soil changes from one 
state to the other are known as consistency limits or Atterberg’s limits.

The water content alone is not an adequate index property of a soil. At the same water content, one soil 
may be relatively soft, whereas another soil may be hard. However, the soils with the same consistency limits 
behave somewhat in a similar manner. Thus consistency limits are very important index properties of fine­
grained soils

A soil containing high water content is in a liquid state. It offers no shearing resistance and can flow like 
liquids. It has no resistance to shear deformation and, therefore, the shear strength is equal to zero. As the 
water content is reduced, the soil becomes stiffer and starts developing resistance to shear deformation. At 
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some particular water content, the soil becomes plastic (Fig. 4.1). The water content at which the soil changes 
from the liquid state to the plastic state is known as liquid limit (LL, wj). In other words, the liquid limit is 

the water content at which the soil ceases to be liquid.
The soil in the plastic state can be moulded into various shapes. As the water content is reduced, the 

plasticity of the soil decreases. Ultimately, the soil passes from the plastic state to the semi-solid state wher 
it stops behaving as a plastic. It cracks when moulded. The water content at which the soil becomes 
semi-solid is known as the plastic limit (PL, wp). In other words the plastic limit is the water content at whict 
the soil just fails to behave plastically.

The numerical difference between the liquid limit and the plastic limit is known as plasticity index

Thus PZ- LL-PL
The soil remains plastic when the water content is between the liquid limit and the plastic limit. The 

plasticity index is an important index property of fine-grained soils.
When the water content is reduced below the plastic limit, the soil attains a semi-solid state. The soil 

cracks when moulded. In the semi-solid state, the volume of the soil decreases with a decrease in watei 
content till a stage is reached when further reduction of the water content does not cause any reduction in the 
volume of the soil. The soil is 
said to have reached a solid 
state. (In solids, no appreciable 
change in volume is observed 
with a change in water 
content). The water content at 
which the soil changes from 
the semi-solid state to the solid 
state is known as the shrinkage 
limit (SL, Wy).

Below the shrinkage limit, 
the soil does not remain 
saturated. Air enters the voids 
of the soil. However, because 
of capillary tension developed, 
the volume of the soil does not 
change. Thus, the shrinkage 
limit is the water content at 
which the soil stops shrinking 
further and attaincs a constant volume. The shrinkage limit may also be defined as the lowest water content 
at which the soil is fully saturated.

Fig. 4.1 shows sudden changes in the states of the soil at different consistency limits. Actually, the 
transition between different states is gradual. The consistency limits are determined rather arbitrarily, as 
explained in the following sections.

[Note. In liquid state, the soil is like soup; in plastic state, like soft butter; in semi-solid state, like cheese; 
and in solid state like hard candy.]

43. LIQUID LIMIT
As defined above, the liquid limit is the water content at which the soil changes from the liquid state to 

the plastic state. At the liquid limit, the clay is practically like a liquid, but possesses a small shearing 
strength. The shearing strength al that stage is the smallest value that can be measured in the laboratory. The 
liquid limit of soil depends upon the clay mineral present. The stronger the surface charge and the thinner the 
particle, the greater will be the amount of adsorbed water and, therefore, the higher will be the liquid limit.
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The liquid limit is determined in the 
laboratory either by Casagrande’s apparatus 
or by cone penetration method. The latter is 
discussed in Sect. 4.4. The device used in 
Casagrande’s method consists of a brass cup 
which drops through a height of 1 cm on a 
hard base when operated by the handle (Fig. 
4.2). The device is operated by turning the 
handle which raises the cup and lets it drop 
on the rubber base. The height of drop is 
adjusted with the help of adjusting screws.

About 120 gm of an air-dried sample 
passing through 425 p IS sieve is taken in a 
dish and mixed with distilled water to form a Fig. 4.2. Liquid Limit Apparatus.

uniform paste. A portion of this paste is placed in the cup of the liquid limit device, and the surface is 
smoolhened and a levelled with a spatula to a maximum depth of 1 cm. A groove is cut through the sample 
along the symmetrical axis of the cup, preferably in one stroke, using a standard grooving tool. IS : 
2720—Part V recommends two types of grooving tools : (1) Casagrande tool, (2) ASTM tool. The 
Casagrande tool cuts a groove of width 2 mm at the bottom, 11 mm at the top and 8 mm deep. The ASTM 
tool cuts a groove of width 2 mm at the bottom, 13.6 mm at the top and 10 mm deep (Fig. 4.3). The 
Casagrande tool is recommended for normal fine-grained soils, whereas the ASTM tool is recommended for 
sandy, fine grained soils, in which the Casagrande tool tends to tear the soil in the groove.

After the soil pat has been cut by a proper grooving tool, the handle is turned at a rate of 2 revolutions 
per second until the two parts of the soil sample come into contact at the bottom of the groove along a 
distance of 12 mm. The groove should close by a flow of the soil, and not by slippage between the soil and 
the cup. When the groove closes by a flow, it indicates the failure of slopes formed on the two sides of the 
groove.

Fig. 4.3. Details of Apparatus and Tods.
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'Ric soil in the cup is again mixed, and the test is repeated until two consecutive tests give the same 
number of blows. About 15 gm of soil near the closed groove is taken for water content determination.

The soil in the cup is transferred to the dish containing the soil paste and mixed thoroughly after adding more 
water. The soil sample is again taken in the cup of the liquid limit device and the test is repeated. The liquid limit 
is tlie water content at which 
the soil is sufficiently fluid to 
flow when the device is given 
25 blows. As it is difficult to get 
exactly 25 blows for the sample 
to flow, the test is conducted at 
different water contents so as to 
get blows in the range of 10 to 
40. A plot is made between the A 
water content as ordinate and 
the number of blows on log ~ 
scale as abscissa. The plot is £ 
approximately a straight line. _ 
The plot is known as flow ji 

curve. The liquid limit is 3 
obtained, from the plot, 
corresponding to 25 blows (Fig. t 
4.4). The liquid limit is § 
expressed as the nearest whole 
number.

The rappings in the liquid 
limit device cause small shear­
ing stresses on the sample. The 
liquid limit is arbitrarily taken 
as the water content when the 
soil has shear strength just 
sufficient to withstand the 
shearing stresses induced in 25 blows. The shear strength of the soil at liquid limit is about 2.7 kN/m2.

One-point Method
The above procedure for determining the liquid limit requires the test to be repeated at least 4—5 times 

at different water content and plotting the results. The procedure is inconvenient and time-consuming. It is 
possible to obtain an approximate value of the liquid limit by conducting only one test, provided the number 
of blows is in the limited range. The method is based on the premise that the flow curve is a straight line. 
The liquid limit is given by

w,- wn(N/25T -[4.1(a)]
where wN = water content of the soil when the groove closes in N blows.

n = an index, as given below.
According to IS : 2720—V, for soils with liquid limit less than 50%, the value of n is equal to 0.092 and 

for soils with liquid limit greater than 50%, the value of « = 0.12. The accepted range for N is 15 to 35 for 
soils with liquid limit less than 50% and 20 to 30 for soils with liquid limit more than 50%.

Altemadvely, ...(4.10)1
Eq. 4.1 (a) can be written as

wt - c wN
where C is the correction factor.

...(4.2)
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The value of the factor is approximately 0.98 for N = 20 and 1.02 for N = 30. 
(See Chapter 30, Sect. 30.10 for the laboratory experiment)

4.4. CONE PENETROMETER METHOD
The liquid limit of a soil can also be determined by Cone Penetrometer (IS : 2720-V). It consists of a 

stainless steel cone having an apex angle of 30° ± 1' 
end of a sliding rod which is fitted with a disc at its 
top (Fig. 4.5). The total mass of the cone, sliding 
rod and the disc is 80 g ± 0.05 g.

The soil sample is prepared as in the case of 
the Casagrande method. The soil pat is placed in a 
cup of 50 mm internal diameter and 50 mm height. 
The cup is filled with the sample, taking care so as 
not to entrap air. Excess soil is removed and the 
surface of the soil is levelled up.

The cup is placed below the cone, and the cone 
is gradually lowered so as to just touch the surface 
of the soil in the cup. The graduated scale is 
adjusted to zero. The cone is released, and allowed 
to penetrate the soil for 30 seconds. The water 
content at which the penetration is 25 mm is the 
liquid limit. Since it is difficult to obtain the 
penetration of 25 mm exactly, liquid limit is 
determined from the equation given below.

wt - wy + 0.01 (25-y) (wy + 15) ...(4.3)

and a length of 35 mm. The cone is fixed at the lower

where y (in mm) is the penetration when the water content is Wy, and = liquid limit.

Eq. 4.3 is applicable provided the depth of penetration y is between 20 to 30 mm. If the penetration is not in 
this range, the soil in the cup is taken out, and the water content adjusted to get the required penetration.

A chart can also be drawn for direct determination for the liquid limit from the observed value of y and wy.
The shear strength of soil at liquid limit, as determined by this method, is about 1.76 kN/m2 which occurs 

when the penetration is 25 mm.
The cone penetrometer method has several advantages over the Casagrande method.
(1) It is easier to perform.
(2) The method is applicable to a wide range of soils.
(3) The results are reliable, and do not depend upon the judgment of the operator.

4.5. PLASTIC LIMIT
Plastic limit is the water content below which the soil stops behaving as a plastic material. It begins to 

crumble when rolled into a thread of soil of 3 mm diameter. At this water content, the soil loses its plasticity 
and passes to a semi-solid state.

For determination of the plastic limit of a soil, it is air-dried and sieved through a 425p IS sieve. About 
30 gm of soil is taken in an evaporating dish. It is mixed thoroughly with distilled water till it becomes 
plastic and can be easily moulded with fingers.

About 10 gm of the plastic soil mass is taken in one hand and a ball is formed. The ball is rolled with 
fingers on a glass plate to form a soil thread of uniform diameter (Fig. 4.6). The rate of rolling is kept about 
80 to 90 strokes per minute. If the diameter of thread becomes smaller than 3 mm, without crack formation, 
it shows that the water content is more than the plastic limit. The soil is kneaded further. This results in the 
reduction of the water content, as some water is evaporated due to the heat of the hand. The soil is re-rolled 
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and the procedure repeated till 
the thread crumbles. The water 
content at which the soil can 
be rolled into a thread of 
approximately 3 mm in 
diameter without crumbling is 
known as the plastic limit (PL 
or wp).

The test is repeated, 
taking a fresh sample each 
time. The plastic limit is taken 
as the average of three values. 
The plastic limit is reported to 
the nearest whole number.

The shear strength at the 
plastic limi^ is about 100 times 
that at the liquid limit.

(See Chapter 30, Sect. Fig. 4.6. Determination of Plastic limit.

30.11 for the laboratory experiment)

4.6. SHRINKAGE LIMIT'
Shrinkage limit is the smallest water content at which the soil is saturated. Tt is also defined as the 

maximum water content at which a reduction of water content will not cause a decrease in the volume of the 
soil mass. In other words, at this water content, the shrinkage ceases. An expression for the shrinkage limit 
can be obtained as given below

Fig. 4.7 (a) shows the block diagram of a soil sample when it is fully saturated and has the water content 
greater than the expected shrinkage limit. Fig. 4.7 (b) shows the sample at shrinkage limit. Fig. 4.7 (c) depicts

Fig. 4.7. Stages for Derivation of Shrinkage Limit.

the condition when the soil sample has been ovendried. The total volume V3 in Fig. 4.7 (c) is the same as the 
total volume V2 in Fig. 4.7 (h). The three figures indicate, respectively, stage I, II and W.

Let M, be the mass of solids.
Mass of water in stage I - Afj - Ms
Loss of mass of water from stage I to stage II - - vy P»
Mass of water in stage II - (A/x - Ms) - (Vt - vy Pw
From definition, shrinkage limit = water content in stage II

or - W.-H)-W-VJp. (45)
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(Vj - Vz)
X pHor H'j. = H’1 ...(4.6)

where wy represents the water content in stage I.
For determination of the shrinkage limit in the laboratory, about 50 gm of soil passing a 425 p sieve is 

taken and mixed with distilled water to make a creamy paste. The water content (w,) of the soil is kept 
greater then the liquid limit.

A circular shrinkage dish, made of porcelain or stainless steel and having a diameter 30 to 40 mm and a 
height of 15 mm, is taken. The shrinkage dish has a flat bottom and has its internal comers well rounded. The 
capacity of the shrinkage dish is first determined by filling it with mercury. The shrinkage dish is placed in 
a large porcelain evaporating dish and filled with mercury. Excess mercury is removed by pressing a plain 
glass plate firmly over the top of the shrinkage dish. The mass of mercury is the shrinkage dish is obtained 
by transferring the mercury into a mercury weighing dish. The capacity of the shrinkage dish in ml is equal 
to the mass of mercury in gm divided by the specific gravity of mercury (usually, taken as 13,6).

The inside surface of the empty shrinkage dish is coated with a thin layer of vaseline or silicon grease. 
The mass of empty shrinkage dish is obtained accurately. The soil sample is placed in the shrinkage dish, 
about one-third its capacity. The dish is tapped on a firm surface to ensure that no air is entrapped. More soil 
is added and the tapping continued till the dish is completely filled with soil. The excess soil is removed by 
striking off the lop surface with a straight edge. The mass of the shrinkage dish with soil is taken to obtain 
the mass (Afj) of the soil. The volume of the soil Vj is equal to the capacity of the dish.

The soil in the shrinkage dish is allowed to dry in air until the colour of the soil pal turns light. It is then 
dried in a oven. The mass of the shrinkage dish with dry soil is taken to obtain the mass of dry soil M,.

For determination of the volume of the dry pat, a glass cup, about 50 mm diameter and 25 mm height, is 
taken and placed in a large dish. The cup is filled with mercury. The excess mercury is removed by pressing a 
glass plate with three prongs firmly over ---------- ------------------------------------------------------------------.--------------- --
the top of the cup. Any mercury 
adhering on the side of the cup is wiped 
off, and the cup full of mercury is 
transferred to another large dish.

The dry pat of the soil is removed 
from the shrinkage dish, and placed on 
the surface of the mercury in the cup 
and submerged into it by pressing it 
with the glass plate having prongs (Fig. 
4.8). The mercury displaced by the soil 
pat is transferred to a mercury weighing 
dish and weighed. The volume of the mercury is determined from its mass and specific gravity. The volume 
of the dry pat Vd is equal to the volume of the mercury displaced. Of course, the volume V2 in stage H ’s 

also equal to V#
The shrinkage limit of the soil is determined, using Eq. 45, from the measured values of 

Vj, V2, Af, and Afx.
(See Chapter 30, Sect. 30.12 for the laboratory experiment).

r— Prongs

Dry pat ^-Mercury

Large dish

Fig. 43. Determination of Volume of dry pat.

4.7. ALTERNATIVE METHOD FOR DETERMINATION OF SHRINKAGE LIMIT
The shrinkage limit of a soil can be determined by an alternative method if the specific gravity of solid 

particles (G) is known or is determined separately. An expression for shrinkage limit in terms of the specific 
gravity of solids can be developed from Fig. 4.7 (b). At that stage, the water content is at the shrinkage limit, 
given by,

(V2- V,)pw 

M,
...(4.7)

where V, is the volume of solids.
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Eq. 4.7 can be written as

or ...(4.8)

Now, from the definition of the dry mass density, pd

Therefore, ( p^ - G j —(4.9)

Eq. 4.8 can be used for the determination of the shrinkage limit, as explained below.
A smooth, round-edged pat of wet soil is made in a shrinkage dish. It is then dried in an oven and cooled 

in a dessicator. Any dust on the sample is brushed off. The dry mass Ms of the sample is determined.
The volume V2 of the dry soil pat is obtained by placing it in a glass cup and determining the 

displacement of mercury, as discussed in Sect. 4.6.

Determination of Specific Gravity of Solids from Shrinkage Limit
I. Method—The specific gravity of solids (G) can be determined using Eq. 4.8 if the shrinkage limit has 

already been determined.

From Eq. 4.8, G = --------- ...[4.10(a)!
(V2Pm/M,) - w, 1

Sometimes, Eq. 4.9 is written in terms of mass specific gravity (Gm) in dried state. Taking Gm - p^/pn.

G 1 
’ l/(Gm) - w, ...[4.10(b)]

II. Method—The observations made in the shrinkage limit test, as described in Section 4.6, can be used 
to determine the approximate value of G. The volume of solids (Vx) is stage III (Fig. 4.7(c)]

Also, the volume of solid can be determined from the volume Vj in Fig. 4.7(a) (stage I) as 

Vs = Vj - volume of water

From Eqs. (a) and (b), 

or 

or

V, . V, _ - M->
Pw 

2L- v 
Gpw 1 Pw

Ms
-g - V1Pw- (Afj-Af,)

C
“ VlPw- (Afj-M,) ...(4.11)

The methods for determination of Vj, Af1 and M, have already been discussed in Sect. 4.6.

4.8. SHRINKAGE PARAMETERS
The following parameters related with shrinkage limit are frequently used in soil engineering.
(1) Shrinkage Index—The shrinkage index (/x) is the numerical difference between the plastic limit 

(Wp) and the shrinkage limit (w,).

A - ...(4.12)

(2) Shrinkage Ratio—The shrikage ratio (SR) is defined as the ratio of a given volume change, 
expressed as a percentage of dry volume, to the corresponding change in water content.
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SR - x 100 ...(4.13)

where = volume of soil mass at water content
V2 = volume of soil mass at water content w2 
Vd = volume of dry soil mass.

When the volume V2 is at the shrinkage limit,

.. (vt-vdyv„
SR - --------- ----------  x 100 ...(4.14)

Another expression for shrinkage ratio (SR) can be found from Eq. 4.13, by expressing the water content 
as

Therefore,

(Vl-V2)pw 

M,

M,

or SR - - G„ ...(4.15)

Thus the shrikage ratio is equal to the mass gravity of the soil in dry state (G„).

From Eqs. 4.9 and 4.15, the shrinkage limit,

“■■■(sk-g) -i415wj
(3) Volumetric Shrinkage—The volumetric shrinkage (VS), or volumetric change, is defined as the 

change in volume expressed as a percentage of the dry volume when the waler content is reduced from a 
given value of the shrinkage limit. Thus

ra ■ * 100 "<416)
But From Eq. 4.14,

[(Vi - Vd)/Vd] x 100 - SR^-w.)

Therefore, VS - SR (wj - wj ...(4.17)

(4) Linear Shrinkage—Linear shrinkage (LS) is defined as the change in length divided by the initial 
length when the water content is reduced to the shrinkage limit. It is expressed as a percentage, and reported 
to the nearest whole number.

Thus £s./Initial tengh-final length \
I Initial length I v '

The linear shrinkage can be determined in a laboratory (IS : 2720-Part XX). A soil sample about 150 gm 
in mass and passing through a 425p sieve is taken in a dish. It is mixed with distilled water to form a smooth 
paste at a water content greater than the liquid limit. The sample is placed in a brass mould, 140 mm long 
and with a semi-circular section of 25 mm diameter.

The sample is allowed to dry slowly first in air and then in an oven. The sample is cooled ana its final 
length measured. The linear shrinkage is calculated using the following equation.

LS - [1 - 'Wn'^n-tlry sample] „ 100 „ 19.
| Initial length of specimen j * '

In Eq. 4.19, it has been assumed that the length of the specimen in oven-dried state is the same as that 
at the shrinkage limit.
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The linear shrinkage may also be obtained from the volumetric shrinkage (VS) as under.

The linear shrinkage is related to the plasticity index (Ip), as under:

LS- 2.13 x (LS) ...(4.21)

4.9. PLASTICITY, LIQUIDITY AND CONSISTENCY INDEXES
(1) Plasticity Index—Plasticity index (Ip or PI) is the range of water content over which the soil remains 

in the plastic state. It is equal to the difference between the liquid (wt) and the plastic limit (wp). Thus,

Ip - wi-wp ...(4.22)

When either wt or wp cannot be determined, the soil is non-plastic (NP). When the plastic limit is greater 
than the liquid limit, the plasticity index is reported as zero (and not negative).

(2) Liquidity Index—Liquidity index (// or LI) is defined as

h - x 100 ...(4.23)

where w = water content of the soil in natural condition.
The liquidity index of a soil indicates the nearness of its water content to its liquid limit. When the soil 

is at its liquid limit, its liquidity index is 100% and it behaves as a liquid. When the soil is at the plastic limit, 
its liquidity index is zero. Negative values of the liquidity index indicate a water content smaller than the 
plastic limit. The soil is then in a hard (dessicated) state.

The liquidity index is also known as Water-Plasticity ratio.

(3) Consistency Index—Consistency index (Ic, CI) is defined as

4 - * 1® ...(4.24)

where w = water contents of the soil in natural condition.
The consistency index indicates the consistency (firmness) of a soil. It shows the nearness of the water 

content of the soil to its plastic limit. A soil with a consistency index of zero is at the liquid limit. It is 
extremely soft and has negligible shear strength. On the other hand, a soil at a water content equal to the 
plastic limit has a consistency index of 100%, indicating that the soil is relatively firm. A consistency index 
of greater than 100% shows that the soil is relatively strong, as it is the semi-solid state. A negative value of 
consistency index is also possible, which indicates that the water content is greater than the liquid limit.

The consistency index is also known are relative consistency.
It is worth noting that the sum total of the liquidity index and the consistency index is always equal to 

100%, indicating that a soil having a high value of liquidity index has a low value of consistency index and 
vice-versa.

4.10. FLOW INDEX
Flow index (If) is the slope of the flow curve obtained between the number of blows and the water 

content in Casagrande’s method of determination of the liquid limit (Fig. 4.4). Thus

, H>i - h»2
' ‘ logic (Ml) ...[4.25(a)]

where Ni - number of blows required at water content of
and N2 = number of blow required at water content of
Eq. 4.25 (a) can be written in the general form

w - -If logic(N) + C ...[4.25(b)]
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The flow index can be 
determined from the flow curve 
from any two points. For 
convenience, the number of 
blows N$ and Ni are taken 
corresponding to one log cycle, 
i.e. N3/N\ - 10. In that case,

If - *1  - ...[4.25(c)]

It may be mentioned that the 
number of blows actually 
observed in tests are in a narrow 
range, normally in the range of 
20 to 30 and the ratio of 
Ny/Ni - 10 can be obtained 
only after extrapolation of the 
plot.

The flow index is the rate at 
which a soil mass loses its shear 
strength with an increase in water 
content. Fig. 4.9 shows the flow 
curves of two soils (1) and (2). 
The soil—(2) with a greater value 
of flow index has a steeper slope 
and possesses lower shear 
strength as compared to soil 
(1)—with a flatter slope. In order 
to decrease the water content by 
the same amount, the soil with a 
steeper slope takes a smaller 
number of blows, and, therefore, 
has lower shear strength.

4.11. TOUGHNESS INDEX
Toughness index (It) of a soil 

is defined as the ratio of the 
plasticity index (Ip) and the flow 
index (If.)

Thus

k S| - Nt

Toughness index of a soil is a measure of the shearing strength of the soil at the plastic limit. This can 
be proved as under:

Let us assume that the flow curve is a straight line between the liquid limit and the plastic limit. As the 
shearing resistance of the soil is directly proportional to the number of blows in Casagrande’s device,

and k Sp - Np

where N{ = number of blows at the liquid limit when the shear strength is St 
Np = number of blows at the plastic limit when the shear strength is Sp 

k = constant.
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From Eq. 4.25 (a), taking w2 - w, and - 1.0,
H>1 - W[ Wy-W/

1 “ 10gio(V/l) “ login N/

Wi - wt - If logic Nt ■••(c)

Likewise, for the plastic limit.
wp - wj - If logic Np —(d)

From Eqs. (c) and (d),
wi~wp - - (flogioW/A'p)

Substituting the value of (N/Np) from Eqs. (a) and (b),
w, - Wp -If logic (St/Sp) - If log (Sp/Si) -.(e)

Since the shearing strength of all soils at the liquid limit is almost constant and equal to 2.7 kN/m , Eq.
(e) can be written as, taking wt-wp - Ip,

Ip - If log (Sp/2.7)

or It = logic (Sp) - logio'7)

or logic (Sp) = I, + C ...(4.27)

where C is constant equal to log^' ( = 0.431).

Eq. (4.27) proves that the shear strength at plastic limit depends upon the toughness index.
The value of the toughness index of most soils lies between 0 to 3.0. A value of toughness index less 

than unity indicates that the soil is friable at the plastic limit.

4.12. MEASUREMENT OF CONSISTENCY
Consistency of a soil, as defined earlier, is its resistance to deformation. Consistency is conventionally 

described as very soft, soft, medium, stiff, very stiff and hard. These terms are relative and may have different 
interpretation to different geotechnical engineers. For quantitative measurement of consistency, it is related to 
the shear strength or compressive strength.

The unconfined compressive strength (<?„) of a soil is equal to the failure load per unit area when a 
standard, cylindrical specimen is tested in an unconfined compression testing machine (chapter 13). As the 
unconfined compressive strength is twice the shear strength (s), it can be obtained from the vane shear test 

also.
Table 4.1 gives the unconfined compressive strength of soils of different consistency.

Table 4.1. Consistency in Terms of Consistency Index and Unconfined
Compressive Strength (qu)

S. NO. Consistency Consistency 
index 
(%)

Unconfined 
compressive 
strength (qu) 

(kN/m2)

Characteristics 
of soil

1. Very soft 0—25 < 25 kN/m2 Fist can be pressed into soil
2. Soft 25—50 25—50 Thumb can be pressed into 

soil

3. Medium (Firm) 50—75 50—100 Thumb can be pressed with 
pressure

4.. Stiff 75—100 100—200 Thumb can be pressed with 
great difficulty

5. Very stiff > 100 200—400 The soil can be readily 
indented with thumb nail

6. Hard > 100 > 400 The soil can be indented 
with difficulty by thumb nail
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4.13. SENSITIVITY
A cohesive soil in its natural state of occurrence has a certain structure (see chapter 6). When the 

structure is disturbed, the soil becomes remoulded, and its engineering properties change considerably. 
Sensitivity (S<) of a soil indicates its weakening due to remoulding. It is defined as the ratio of the undisturbed 
strength to the remoulded strength at the same water content.

S, - g. ...(4.28)

where (qu)u = unconfined compressive strength of undisturbed clay
(gu)r = unconfined compressive strength of remoulded clay.

Depending upon sensitivity, the soils can be classified into six types, as given in Table 4.2.

Table 4.2. Classification of Soils based on Sensitivity
S.No. Sensitivity Soil Type

1. < 1.00 Insensitive
2. 1.0—2.0 Little sensitive
3. 2.0—4.00 Moderately sensitive
4. 4.0—8.00 Sensitive
5. 8.0—16.0 Extra sensitive
6. > 16.0 Quick

For most clays, sensitivity lies between 2 and 4. Clays considered sensitive have S, values between 4 and 
8. In case of sensitive clays, remoulding causes a large reduction in strength. Quick clays are unstable. These 
turn into slurry when remoulded.

High sensitivity in clays is due to a well-developed flocculent structure which is disturbed when the soil 
is remoulded. High sensitivity may also be due to leaching of soft glacial clays deposited in salt water and 
subsequently uplifted.

Extra-sensitive clay, such as clays of Mexico city, are generally derived from the decomposition of 
volcanic ash.

4.13. THIXOTROPY
The word Thixotropy is derived from two words : thixis meaning touch, and tropo, meaning to change. 

Therefore, thixotropy means any change that occurs by touch.
The loss of strength of a soil due to remoulding is partly due to change in the soil structure and partly 

due to disturbance caused to water rhplecules in the adsorbed layer. Some of these changes are reversible. If 
a remoulded soil is allowed to stand, without loss of water, it may regain some of its lost strength. In soil 
engineering, this gain in strength of the soil with passage of time after it has been remoulded is called 
thixotropy. It is mainly due to a gradual reorientation of molecules of water in the adsorbed water layer and 
due to re-establishment of chemical equilibrium.

Thixotropy of soils is of great practical importance in soil engineering. For example, when a pile is 
driven into ground, the loss of strength occursdue to disturbance caused. Thixotropy indicates how much 
shear strength will be regained after the pile has been driven and left in place for some time.

4.14. ACTIVITY OF SOILS
Activity (A) of a soil is the ratio of the plasticity index and the percentage of clay fraction (minus 2|x 

size). Thus

X - t ...(4.29)

where Ip = plasticity index, F = clay fraction.

The clay fraction F is percentage finer than 2p size.
The amount of water is a soil mass depends upon the type of clay mineral present. Activity is a measure 
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of the water-holding capacity of clayey soils. The changes in the volume of a clayey soil during swelling or 
shrinkage depend upon the activity.

A number of samples of a particular soil arc taken and their plasticity index and clay fraction determined. 
If a plot is obtained between the clay fraction (as abscissa) and the plasticity index (as ordinate), it is 
observed that all the points for a particular soil lie on a straight line (Fig. 4.10).

Clay fraction (minus 2 t" 1

Fig. 4.10. Activity of Soils.

The slope of the line gives the activity of soil. The steeper the slope, the greater is the activity. The lines 
with different slopes are obtained for different soils.

The soils containing the clay mineral montmorillonite have very high activity (A > 4). The soil containing 
the mineral kaolinite are least active (A < 1), whereas the soils containing the mineral illite are moderately 
active (A = 1 to 2). Depending upon activity, the soils are classified into three types (Table 43).

Table 43 Classification of Soils Based on Activity
5. No. Activity Soil type

1. A < 0.75 Inactive
2. A = 0.75 to 1.25 Normal
3. A > 1.25 Active

Activity gives information about the type and effect of clay mineral in a soil. The following two points 
are worth noting:

(1) For a soil of specific origin, the activity is constant. The plasticity index increases as the amount of 
clay fraction increases.

(2) Highly active minerals, such as montmorillonite, can produce a large increase in the plasticity index 
even when present in small quantity.

4.15. USES OF CONSISTENCY LIMITS
The consistency limits are detennined for remoulded soils. However the shrinkage limit can also be 

obtained for the undisturbed sample. Since the actual behavior of a soil depends upon its natural structure, the 
consistency limits do not give complete information about the in-situ soils. They give at best a rough estimate 
about the behaviour of in-situ soils.

Although it is not possible to interprete the consistency limits and other plasticity characteristics in 
fundamental terms, yet these parameters are of great practical use as index properties of fine-grained soils. 
The engineering properties of such soils can be empirically related to these index properties as under.

(1) It has been found that both the liquid and plastic limits depend upon the type and amount of clay in
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a soil. However, the plasticity index depends 
mainly on the amount of clay. The plasticity 
index of a soil is a measure of the amount of 
clay in soil.

(2) As the particle size decreases, both 
the liquid and plastic limits increase, but the 
former increases at a greater rate. Therefore, 
the plasticity index increases at a rapid rate 
(Fig. 4.11).

When silt is added to clay, it becomes 
leaner. Its liquid limit and plastic limit both 
decrease, but the former at a faster rate. The 
net effect is that the plasticity index 
decreases.

Plasticity index is, therefore a measure of 
the fineness of the particles.

(3) The study of plasticity index, in 
combination with liquid limit, gives 
information about the type of clay. Plasticity Fig. 4.11. Variation of LL and PL with particle size

chart, which is a plot between the plasticity index and liquid limit, is extremely useful for classification of 
fine-grained soils, as discussed in chapter 5. In fact, the main use of consistency limits is in classification of soils.

(4) Sandy soils change from the liquid state to the semi-solid rather abruptly. These soils do not possess 
plasticity and are classified as non-plastic (NP).

Soils with the liquid limit less than 20% are generally sands.
(5) The plastic limit of a soil increases if organic matter is added, without any significant increase in the 

liquid limit. Therefore, soils with high organic content have low plasticity index.
(6) The liquid limit of a soil is an indicator of the compressibility of a soil. The compressibility of a soil 

generally increases with an increase in liquid limit (see chapter 12).
(7) The shrinkage index is directly proportional to the percentage of clay-size fraction present in the soil. 

It can be used as an indicator for the amount of clay.

(8) The toughness index is a measure of the shearing strength of the soil at the plastic limit.
A high value of toughness index indicates a high percentage of colloidal clay containing mineral 

montmorillonite.
(9) When comparing the properties of two soils with equal values of plasticy index, it is found that as 

the liquid limit increases, the dry strength and toughness decrease, whereas compressibility and permeability 
increase.

(10) When comparing the properties of two soils with equal liquid limits, it is found that as the plasticity 
index increases, the dry strength and toughness increase, whereas the permeability decreases. However, the 
compressibility remains almost the same.

ILLUSTRATIVE EXAMPLES

Illustrative Example 4.1. A test for the determination for the liquid limit was carried on a soil sample. The 
following sets of observations were taken. Plot the flow curve and determine the liquid limit and the flow index.

No. of Blows (N) 38 27 20 13

Wateer content (w) % 47.5 49.5 51.9 53.9

Solution. Fig. E-4.1 shows the plot.

For N = 25, w, = 49%.
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N2 100
From Eq. 4.25 (a), for = 10.

If = - 55.0 - 42.0 = 13.0%

Illustrative Example 4.2. A soil has a liquid limit of 25% 
and a flow index of 12.5%. If the plastic limit is 15%, 
determine the plasticity index and the toughness index.

If the water content of the soil in its natural condition in the 
field is 20%, find the liquidity index and the relative consistency.

Solution. From Eq. 4.22, Ip - wl - wp - 2S -15 » 10%

From Eq. 4.26, I, = - 0.8(80%)

w—w„
From E. 4.23, 1/ - —-—£ x 100

From Eq. 4.24, Ic - —— x 100

. , J00.

Illustrative Example 43. A cone penetrometer test was 
conducted on a sample of soil for the determination of the 
liquid limit, and the following observations were recorded.

Cone penetration 
(mm) 19.1 20.5 22.2 25.2 26.3

Water content (w)% 51.5 53.2 55.2 58.1 59.5

Determine the liquid limit. Fig. E-4.1.
Solution. Fig. E-4.3 shows the plot between the cone penetration and the water content. From the plot, 

the water content corresponding to cone penetration of 25 mm is 58%.
Thus h>; = 58%.
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Illustrative Example 4.4. A sample of clay has the liquid limit and the shrinkage limit of, respectively, 
60% and 25%. If the sample has a volume of 10 ml at the liquid limit, and a volume of 6.40 ml at the 
shrinkage limit, determine the specific gravity of solids.

Solution. Let Ms be the mass of solids, in gm.

Therefore, mass of water at the liquid limit = 0.6 M,
and mass of water at the shrinkage limit = 0.25 Ms
Mass of water lost between the liquid limit
and the shrinkage limit = (0.6 - 0.25) M„ = 0.35 Ms
Reduction in volume = 0.35 Ms ml
But actual reduction in volume = 10.0 - 6.40 = 3.60 ml
Therefore, 0.35 Ms = 3.60 or Ms = 10.29 gm
Thus, the mass of water at the shrinkage limit

- 0.25 x 10.29 = 2.57 gm
Volume of water at the shrinkage limit = 2.57 ml
Volume of solid particles, V, = 6.40 - 2.57 = 3.83 m

Af, io 29
Therefore, specific gravity of solids, G = —— = ■ = 2.69

Pw ' s 3,o3
Alternatively, directly from Eq. 4.10 (a),

G ~ (V2 Pw/A/S) - ws ■ (6.40 X 1.0/10.29)-0.25 “ 2-69

Illustrative Example 4.5. In an experiment for the determination of the shrinkage limit, the following 
observations were taken.

(a) Volume of saturated soil = 9.75 ml
(b) Mass of saturated soil = 16.5 gm
(c) Volume of dry soil after shrinkage = 5.40 ml
(d) Mass of dry soil after shrinkage =10.9 gm
Compute the shrinkage limit and the specific gravity of solids.

Solution. Given values are Vj = 9.75 ml,

From Eq. 4.5, iv, -

Therefore, h>3 =

From Eq. 4.11, G -

V2 = 5.40 ml, Afj = 16.5 gm and Ms = 10.9 gm.

(Ml-Ms)-(Vi-V2)pw 

Ms
(16.5-10.9)-(9.75 - 5.40) x 1.0

10.9

^Og35 - 0.1147(11.47%)

M,

Vl Pw - (M, -Ms) 
10-9____________ 2(a

9.75 x 1.0 - (16.5-10.9) "

Illustrative Example 4.6. A soil has liquid limit and plastic limit of 47% and 33%, respectively. If the 
volumetric shrinkages at the liquid limit and plastic limit are 44% and 29%, determine the shrinkage limit.

Vi - Vd
Solution. From Eq. 4.16, VS - ———- x 100

At liquid limit, VS - V>yVd x 100 - 44

V, 
or - 0.44 + 1.0 - 1.44
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or vd - 0.694 V,

V - V, 
At plastic limit, VS - -p—------x 100 - 29

or - 0.29 + 1.0 - 1.29

or Vp - 1.29 Vd

Let the volume at liquid limit, Vt, be 1.0 ml.

From Eq. (a), Vd = volume at shrinkage limit = 0.694 ml 

From Eq. (b), Vp = volume at plastic limit = 0.895 ml

Fig. E-4.6

From Fig. E 4.6 by proportion,

H*/  - K's Wp - H's
1.0 - 0.694 " 0.895-0.694

0.47 - H’s 0.33-H's
Of 0.306 “ 0.201

or - 0.06 (6.0%)

Illustrative Example 4.7. The following index properties were determined for two soils A and B.

Index property A B

Liquid limit 65 35
Plastic limit 25 20
Water content 35 25
Sp. gr. of solids 2.70 2.65
Degree of saturation 100% 100%

Which of he two soils (i) contains more clay particles, (ii) has a greater bulk density, (Ui)) has a greater 
dry density, (iv) has a greater void ratio ?
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Solution.

As the plasticity index of soil A is more than that of soil B, it has more clay particles.

S. No. SOIL A SOIL 13

1. Plasticity index 
PI = Wl — Wp 65—25 = 40% 35—20 = 15%

2. Void ratio 
e =wG 0.35 x 2:7 = 0.945 0.25 x 2.65 = 0.663

3. Dry density
^Tsr- 1388^”' 2.65 x 1.0 , ,

1.663 " 1 594

4. Bulk density 
p = pj(l +w) 1.388 x 1.35 - 1.874 g/ml 1.594 x 1.25 = 1.992 g/ml

PROBLEMS

4.1. The consistency limits of a soil sample are:
Liquid limit = 52%
Plastic limit = 32%
Shrinkage limit = 17%
If the specimen of this soil shrinks from a volume of 10 cm3 at liquid limit to 6.01 cm3 at the shrinkage limit,
calculate the specific gravity of solids. [Ans. 2.80]

4.2. A cone penetration test was carried out on a sample of soil with (he following results:

Cone penetration (mm) 16.1 17.6 19.3 213 22.6

Moisture content (%) 50 52.1 54.1 57.0 58.2

Determine the liquid limit of the soil. [Ans. 60%]
43. In a shrinkage limit test, a dish with volume of 10.5 ml was filled with saturated clay. The mass of the saturated 

clay was 18.75 gm. The clay was dried gradually first in atmosphere and then in an oven. The mass of the dry 
clay was 12.15 gm and its volume 5.95 ml. Determine the shrinkage limit. [Ans. 16.9%]

4.4. A sample of clay has a void ratio of 0.70 in the undisturbed state and of 0.50 in a remoulded state. If the 
specific gravity of solids is 2.65, determine the shrinkage limit in each case. [Ans. 26.4%, 18.9%]

43. A fully saturated clay has a water content of 40% and a mass specific gravity of 1.85. After oven-drying, the 
mass specific gravity reduces to 1.75. Determine the specific gravity of solids and the shrinkage limit.

[Ans. 2.80, 21.4%]
4.6. The Atterberg limits of a clay are : LL = 60%, PL = 45%, and SL = 25%. The specific gravity of soil solids is 

2.70 and the natural moisture content is 50%.
(i) What is its state of consistency in nature ?

(u) Calculate the volume to be expected in the sample when moisture content is reduced by evaporation to 
20%. Its volume at liquid limit is 10 cm3. [Ans. consistency index = 66.7%, 6.40 cm3]

B. Descriptive and Objective Type
4.7. Discuss the importance of Atterberg’s limits in soil engineering.
4.8. What are the main index properties of a fine-grained soil ? How are these determined in a laboratory ?
4.9. What do you understand by consistency of soil ? How is it determined ?

4.10. What are the different methods for determination of the liquid limit of a soil? What are their relative merits and 
demerits ?

4.11. Describe the method for determination of shrinkage limit of a soil.
4.12. Discuss various shrinkage parameters. How would you determine linear shrinkage ?
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4.13. What are uses of consistency limits? What are their limitations ?
4.14. Differentiate between:

(a) Liquidity index and consistency index.
(Z>) Flow index and toughness index.
(c) Plasticity and consistency.
(<f) Activity and sensitivity,

4.15. State whether the following statements are true of false.
(a) All the consistency limits are determined for the soil in disturbed condition.
(b) The liquidity index cannot be more than 100%.
(c) The consistency index can be negative.
(d) Plastic limit is the water content of soil which represents the boundary between the plastic state and the 

semi-solid slate.
(e) Al Shrinkage limit, the soil is fully saturated.
(/) The activity of a clay mineral is a constant.
(g) The soils with soft consistency have high strength.
(/») The soils with a dispersed structure have a high sensitivity. [Ans. True, (c), (d), (e), (/)]

C. Multiple-Choice Questions
1. At shrinkage limit, the soil is

(a) Dry (h) Partially saturated
(t) Saturated (</) None of above

2. The shrinkage index is equal to
(a) Liquid limit minus plastic limit.
(6) Liquid limit minus shrinkage limit.
(c) Plastic limit minus shrinkage limit.
(d) None of above.

3. Toughness index of a soil is the ratio of
(a) Plasticity index to the How index.
(i>) Liquidity index to the flow index.
(c) Consistency index to the flow index.
(</) Shrinkage index to the flow index.

4. A stiff clay has a consistency index of
(a) 50—75 (fe) 75—100
(c) Greater than 100 (d) Less than 50

5. The plasticity index of a highly plastic soil is about
(a) 10—20 (h) 20—40
(c) Grater than 40 (d) Less than 10

6. The activity of the mineral montmorillonite is
(a) Less than 0.75 (/>) Between 0.75 and 1.25
(c) Between 1.25 and 4 (d) Greater than 4

7. A soil sample has Ll = 45%, Pl = 25%. and & = 15%.
For a natural water content of 30%, the consistency index will be
(a) 75% (b) 50%
(e) 40% (d) 25%

8. For the soil with Ll = 45%, Pl = 25% and St = 15%, the plasticity index is
(a) 50% (ft) 20%
(c) 60% (d) 40%

[Ans. 1. (c), 2. (c). 3. (a), 4. («, 5. («, 6. (d). 7. (a), 8. (/>)]
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Soil Classification

(01
5.1. INTRODUCTION

Soil classification is the arrangement of soils into different groups such that the soils in a particular group 
have similar behaviour. It is a sort of labelling of soils with different labels. As there is a wide variety of soils 
covering earth, it is desirable to systematize or classify the soils into broad groups of similar behaviour. It is 
more convenient to study the behaviour of groups than that of individual soils. Classification of various 
commodities and species is also common in many other disciplines. For example, a chemist classifies the 
chemicals into various groups, and a zoologist classifies the species into a number of groups. Likewise, a 
geotechnical engineer classifies the soils into various groups.

For a soil classification system to be useful to the geotechnical engineers, it should have the following 
basic requirements:

(1) It should have a limited number of groups.
(2) It should be based on the engineering properties which are most relevant for the purpose for which 

the classification has been made.
(3) It should be simple and should use the terms which are easily understood.
Most of the classification systems developed satisfy the above requirements.
A geotechnical engineer is interested to know the suitability or otherwise of a soil as a foundation or a 

construction material. For complete knowledge, all the engineering properties are determined after conducting 
a large number of tests. However, an approximate assessment of the engineering properties can be obtained 
from the index properties after conducting only classification tests, as discussed in chapters 3 and 4. A soil is 
classified according to index properties, such as particle size and plasticity characteristics.

If the classification of a soil has been done according to some standard classification system, its 
properties and behaviour can be estimated based on the experience gained from similar soils elsewhere. A 
classification system thus provides a common language between engineers dealing with soils. Il is useful in 
exchange of information and experience between the geotechnical engineers. For example, if a soil has been 
classified as SW according to Unified Soil Classification system, the geotechnical engineer anywhere in the 
world would know that the soil is well graded sand, is quite pervious, has low compressibility and high shear 
strength. All this information is exchanged only in two letters SW.

It may be mentioned that soil classification is no substitute for exact analysis based on engineering 
properties. For final design of large structures, the engineering properties should be determined by conducting 
elaborate tests on undisturbed samples.

[No te. The soil classification system can be likened to classification of human beings into 12 zodiac signs 
done by an astrologer. Although general behaviour of a human being under a particular zodiac sign can be 
estimated from his zodiac sign, for complete prediction, his detailed horoscope is required].

5.2. PARTICLE SIZE CLASSIFICATION
The size of individual particles has an important influence on the behaviour of soils. It is not surprising 
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that the first classification of soils was based on the particle size. It is a general practice to classify Ure soils 
into four broad groups, namely, gravel, sand, silt size and clay size. While classifying the fine grained soils 
on the basis of particle size, it is a good practice to write silt size and clay size and not just silt and clay. In 
general usage, the terms silt and clay are used to denote the soils that exhibit plasticity and cohesion over a 
wide range of water content. The soil with clay-size particles may not exhibit the properties associated with 
clays. For example, rockflour has the particles of the size of the clay particles but does not possess plasticity. 
It is classified as clay-size and not just clay in the particle size classification systems.

Any system of classification based only on particle size may be misleading for fine-grained soils. The 
behaviour of such soils depends on the plasticity characteristics and not on the particle size. However, 
classification based on particle size is of immense value in the case of coarse-grained soils, since the 
behaviour of such soils depends mainly on the particle size.

Some of the classification system based on particle size alone are discussed below.
(1) MIT System—MIT system of classification of soils was developed by Prof. G. Gilboy at 

Massachusettes Institute of Technology in USA. In this system, the soil is divided into four groups (Fig. 5.1 a).
(i) Gravel, particle size greater than 2 mm.

(it) Sand, particle size between 0.06 mm to 2.0 mm.
(iit) Silt size, particle size between 0.002 mm to 0.06 mm.
(iv) Clay size, particle size smaller than 0.002 mm (2p).

Boundaries between different types of soils correspond to limits when important changes occur in the soil 
properties. The particles less than 2p size are generally colloidal fraction and behave as clay. The soils with 
particle size smaller than 2p are classified as clay size.

The naked eye can see the the particle size of about 0.06 mm and larger. The soils with particle size 
smaller than 0.06 mm but larger than 2p. are classified as silt-size. Important changes in the behaviour of soil 
occur if particle size is larger than 0.06 mm when it behaves as cohesionless soil.

The boundary between gravel and sand is abriirarily kept as 2 mm. This is about the size of lead in the pencil.
The soils in sand and silt-size-range are further subdivided into three categories : coarse (Q, medium (M) 

and fine (F), as shown in the figure. It may be noted that MIT system uses only two integers 2 and 6, and is 
easy to remember.

(2) International Classification System—The International Classification System was proposed for 
general use at the International Soils Congress held as Washington in 1927. This classification system was

Clay Silt (size) Sand
(size)

- M | C F 1 M C
0.002
(2P)

0.006 0.02 0.06

(a) MIT System

0.2 0.6

F = Fine
C = Coarse

2.0 mm
Legend 

M = Medium

Ultra Clay Silt Mo Sand
Clay F | C F | C r C F | M c 1 VC

02 p. 0.6 p 2p 0.006 0.02 0.05 0.1

(fe) International Classification

0.2 0.5 1.0
VC

2.0 mm
= Very coarse

Clay Silt Sand Fine
(.size; (size) Very fine 1 Fine Medium 1 Coarse Gravel

0.005 0.05 0.10 0.25 0.5

(c) U.S. Bureau of Soils Classification

Fig. 5.1. Classification Systems.

1.0 2.0
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known as the Swedish classification system before it was adopted as International system. However, the 
system was not adopted by the United States.

In this system [Fig. 5.1 (/>)], in addition to sand, silt, and clay, a term mo has been used for soil particles 
in the size range between sand and silt.

(3) U.S. Bureau of Soils Classification—This is one of the earliest classification systems developed in 
1895 by U.S. Bureau of Soils [Fig. 5.1 (c)]. In this system, the soils below the size 0.005 mm are classified 
as clay size in contrast to 0.002 mm size in other systems. The soils between 0.005 mm and 0.05 mm size 
are classified as silt size. Sandy soils between the size 0.05 mm and 1.0 mm are subdivided into four 
categories as very fine, fine, medium and coarse sands. Fine gravels are in the size range of 1.0 to 2.0 mm.

5.3. TEXTURAL CLASSIFICATION
Texture means visual appearance of the surface of a material such as fabric or cloth. The visual 

appearance of a soil is called its texture. The texture depends upon the particle size, shape of particles and 
gradation of particles. The textural classification incorporates only the particle size, as it is difficult to 
incorporate the other two parameters.

In fact, all the classification systems based on the particle size, as discussed in Sect. 5.2, are textural 
classification systems. However, in soil engineering, the term textural classification is used rather in a 
restricted sense. The triangular classification system suggested by U.S. Bureau of Public Roads in commonly 
known as the textural classification system (Fig. 5.2). The term texture is used to express the percentage of 
the three constituents of soils, namely, sand, silt and clay.

Silt (•/.) 
(Size 0-005 to 0.05 mm)

Fig. 5.2. Textural classification System.
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According to the textural classification system, the percentages of sand (size 0.05 to 2.0 mm), silt (size 
0.005 to 0.05 mm) and clay (size less than 0.005 mm) are plotted along the three sides of an equilateral 
triangle. The equilateral triangle is divided into 10 zones, each zone indicates a type of soil. The soil can be 
classified by determining the zone in which it lies. A key is given that indicates the directions in which the 
lines are to be drawn to locate the point. For example if a soil contains 30% sand and 20% silt and 50% clay, 
it is shown by point (P) in the figure. The point falls in the zone labelled clay. Therefore, the soil is classified 
as clay.

'1Tic textural classification system is useful for classifying soils consisting of different constituents. The 
system assumes that the soil does not contain particles larger than 2.0 mm size. However, if the soil contains 
a certain percentage of soil particles larger than 2.0 mm, a correction is required in which the sum of the 
percentages of sand, sill and clay is increased to 100%. For example, if a soil contains 20% particles of size 
lager than 2 mm size, the actual sum of the percentages of sand, silt and clay particles is 80%. Let these be 
respectively 12, 24 and 44%. The corrected percentages would be obtained by multiplying with a factor of 
100/80. Therefore, the corrected percentages are 15, 30 and 55%. The textural classification of the soil would 
be done based on these corrected percentages.

In this system, the term loam is used to describe a mixture of sand, silt and clay particles in various 
proportions. The term loam originated in agricultural engineering where the suitability of a soil is judged for 
crops. The term is not used in soil 
engineering. In order to eliminate the 
term loam, 
Commission

the Mississipi River 
(USA) proposed a 

modified triangular diagram (Fig. 5.3). 
The term loam is replaced by soil 
engineering terms such as silty clay. 
The principal component of a soil is 
taken as a noun and the less prominent 

an adjective. Forcomponent as
example, silty clay contains mainly 
particles of a clay, but some silt 
particles are also present. It must be 
noted that the primary soil type with 
respect to behaviour is not necessarily 
the soil type that constitutes the largest 
part of the sample. For example, the 
general character of a mixed soil is 
determined by clay fraction if it 
exceeds 30%v

Right Triangle Chart. Since the 100 
sum of the percentages of sand, silt and 
clay size particles is 100%, there is no 
need to plot all the three percentage. 
The percentage of sand particles can be 

SILT SIZE (7.)

Fig. 5.3. Modified Triangular Diagram.

found by deduction from 100% the sum of percentages of silt and clay particles. It is possible to determine 
the textural classification by locating the point of intersection of lines representing silt and clay, as shown in 
right-triangle chart (Fig. 5.4).

The right-triangle chart is more convenient than the conventional triangular chart as it involves only 
orthogonal arrangement of grid lines.

5.4. AASHTO CLASSIFICATION SYSTEM
American Association of State Highway and Transportation Official (AASHTO) Classification system is 
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useful for classifying soils for highways. The 
particle size analysis and the plasticity 
characteristics are required to classify a soil. The 
classification system is a complete system which 
classifies both coarse-grained and fine-grained 
soils. In this system, the soils are divided into 7 
types, designated as A-l to A-7. The soils A-l 
and A-7 are further subdivided into two 
categories, and the soil A-2, into four 
categories, as shown in Table 5.1.

To classify a soil, its particle size analysis is 
done, and the plasticity index and liquid limit 
are determined. With the values of these 
parameters known, one examines the first 
(extreme left) column of Table 5.
ascertains whether the known parameters satisfy 
the limiting values in that column. If these 
satisfy the requirements, the soil is classified as 
A-l-a. If these do not satisfy, one enters the 
second column (from the left) and determines
whether these satisfy the limiting values in that , t , _. , u

, ' . . , . r , Fig. 5.4. Right Triangle chart,column. The procedure is repeated for the next b c f
column until the column is reached when the known parameters satisfy the requirements. The soil is classified 
as per nomenclature given at the top of that column.

The soil with the lowest number, A-l, is the most suitable as a highway material or subgrade. In general, 
the lower is the number of soil, the more suitable is the soil. For example, the soil A-4 is better than the soil 
A-5. In Table 5.1, the column for soil A-3 is to the left of the column for soil A-2. This arrangement is only 
to determine the classification of the soil. This does not indicate that soil A-3 is more suitable for highways 
than A-2 soil.

Fine-grained soils are further rated for their suitability for highways by the group index (GT), determined 

as follows:
GI - (F - 35) [0.2 + 0.005 (w, - 40)] + 0.01(F - 15) (Ip - 10) ...(5.1)

where F = percentage by mass passing American Sieve no. 200 (size 0.075 mm), expressed as a
whole number.

wt = liquid limit (%) expressed as a whole number. 
Ip = plasticity index (%), expressed as a whole number.

Eq. 5.1 is sometimes expressed as

GI = 0.2 (F-35) + 0.005 (F-35) (w; - 40) + 0.01 (F-15) (ZF-10)

While calculating' GI from the above equation, if any term in the parentheses becomes negative, it is 
dropped, and not given a negative value. The maximum values of (F-35) and (F-15) are taken as 40 and that 

of (wt - 40) and (Ip - 10) as 20.
The group index is rounded off to the nearest whole number. If the computed value is negative, the group 

index is reported as zero. The group index is appended to the soil type determined from Table 5.1. For 
example A-6 (15) indicates the soil type A-6, having a group index of 15. The smaller the value of the group 
index, the better is the soil in that category. A group index of zero indicates a good subgrade, whereas a group 
index of 20 or greater shows a very poor subgrade. The group index must be mentioned even when it is zero 
to indicate that the soil has been classified as per AASHTO system.



Table 5.1. AASHTO Classification System

General 
Classification

Granular materials 
(35% or less passing No. 200 Sieve (0.075 mm)

Silt-clay Materials 
More than 35% passing No. 200 Sieve 

(0.075 mm)

Group 
Classification A—I—a A—l—b

A—3
A—2—4 A—2—5 A—2—6 A—2—7

A-4 A-5 A—6 A—7—5

(a) Sieve Analysis: 
Percent Passing

(i) 2.00 mm (No. 10)

(ii) 0.425 mm (No. 40)

(«) 0.075 mm (No. 200)

50 max

30 max

15 max

50 max

25 max

51 min

10 max 35 max 35 max 35 max 35 max 36 min 36 min 36 min 36 min

(h) Characteristics of 
fraction passing 
0.425 mm (No. 40)

(i) Liquid limit

(«) Plasticity index 6 max N.P.

40 max

10 max

41 min

10 max

40 max

11 min

41 min

11 min

40 max

10 max

41 min

10 max

40 max

11 min

41 min

11 min*

(c) Usual types of 
significant 
Constituent materials

Stone Fragments 
Gravel and sand Fine Sand Silty or Clayey Gravel Sand Silty Soils Clayey Soils

(d) General rating as 
subgrade. Excellent to Good Fair to Poor

If plasticity index is equal to or less than (liquid Limit—30), the sal is A—7—5 (t.e. PL > 30%) 
If plasticity index is greater than (Liquid Limit—30), the soil is A—7—6 (i.e. PL < 30%)
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5.5. UNIFIED SOIL CLASSIFICATION SYSTEM
The Unified Soil Classification System (USC) was first developed by Casagrande in 1948. and later, in 

1952, was modified by the Bureau of Reclamation and the Corps of Engineers of the United States of 
America. The system has also been adopted by American Society of Testing Materials (ASTM). Tire system 
is the most popular system for use in all types of engineering problems involving soils. The various symbols 
used are given in Table 5.2.

Table 5.2. Symbols used in USC System
Symbols Description

Primary G Gravel
S Sand
M Silt (Symbolh M obtained from the 

Swedis word ‘mo’)
C Clay
O Organic
Pt Peat

Secondary W Well-graded
P Poorly graded
M Non-plastic fines
C Plastic fines
I, Low Plasticity
H High plasticity

The system uses both the particle size analysis and plasticity characteristics of soils, like AASHTO 
system. In this system, the soils are classified into 15 groups (Table 5.3). The soils are first classified into two 
categories.

(1) Coarse-grained soils—If more than 50% of the soil is retained on No. 200 (0.075 mm) sieve, it is 
designated as coarse-grained soil. There are 8 groups of coarse-grained soils.

(2) Fine-grained soils—If more than 50% of the soil passes No. 200 sieve, it is called fine-grained soil. 
There are 6 groups of fine-grained soils.

1. Coarse-grained Soils—The coarse-grained soils are designated as gravel (G) if 50% or more of coarse 
fraction (plus 0.075 mm) is retained on No. 4 (4.75 mm) sieve; otherwise it is termed sand (S).

If the coarse-grained soils contains less than 5% fines and are well-graded (W), they are given the 
symbols GW and SW, and if poorly graded (P), symbols GP and SP. The criteria for well-grading are given 
in Table 5.3. If the coarse-grained soils contain more than 12% fines, these are designated as GM, GC, SM 
or SC, as per criteria given. If the percentage of fines is between 5 to 12% dual symbols such as GW-GM, 
SP-SM, are used.

2. Fine-grained Soils—Fine-grained soils are further divided into two types : (1) Soils of low 
compressibility (£) if the liquid limit is 50% or less. These are given the symbols ML, CL and OL. (2) Soils 
of high compressibility (H) if the liquid limit is more than 50%. These are given the symbols MH, CH and 
OH. The exact type of the soil is determined from the plasticity chart (Fig. 5.5). Tile A-line has the equation 
Ip = 0.73 (wt - 20). It separates the clays from silts. When the plasticity index and the liquid limit plot in the 
hatched portion of the plasticity chart, the soil is given double symbol CL- ML.

The inorganic soil ML and MH and the organic soils OL, OH plot in the same zones of the plasticity chart. 
The distinction between the inorganic and organic soils is made by oven-drying. If oven drying decreases the 
liquid limit by 30% or more, the soil is classified organic (OL or OH)-, otherwise, inorganic (ML or MH)

Highly Organic Soils—Highly organic soils are identified by visual inspection. These soils are termed 
peat (P,).

5.6. COMPARISON OF AASHTO AND USC SYSTEMS
AASHTO system is for finding out the suitability or otherwise of soils as subgrade for highways only.
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Table 53. Unified Soil Classification System

Major Division
Group 

Symbols
Typical 
names Classification criteria

Coarse-Grained 
Soils.
[More than 
50% retained 
on No. 200 
sieve (0.075 
mm)]

Gravel [50% or 
more of coarse 
fraction retained 
on No. 4 sieve 
(4.75 mm)]

Clean
Gravels

GW
Well graded 
gravels
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SC
. Cu > 4

Cc - 1 to 3

GP
Poorly graded 
gravels

Not meeting both criteria for 
GW

Gravels 
with 
fines

GM Silty gravels

Atterberg Limits 
below A-line or 
plasticity index 
less than 4

Atterberg 
Limits in 
hatched area 
GM—GC

GC Clayey gravels

Atterberg Limits 
above A-line 
and plasticity 
index greater 
than 7

Sand [more than 
50% of coarse 
faction passing 
No. 4 sieve 
(4.75 mm)]

Clean
Sands

SW
Well-graded 
sands

Cu > 6
Cc - 1 to 3

SP
Poorly graded 
sands

Not meeting both criteria for 
SW

Sands 
with 
fines

SM Silty sands

Atterberg Limits 
below A-line or 
plasticity index 
less than 4

Atterberg 
Limits in 
hatched area 
SM—SC

SC Clayey sands

Atterberg Limits 
above A-line 
and plasticity 
index greater 
than 7

Fine grained
soils [50% or 
more passing 
No. 200 sieve 
(0.075 mm)]

Silts and clays Liquid 
Limit 50% or less

ML
Inorganic silts 
of low 
plasticity

See Plasticity Chart (Fig. 5.5)

CL

Inorganic 
clays of low 
to medium 
plasticity

OL
Organic silts 
of low 
plasticity

Silts and clays Liquid 
Limit greater than 50%

MH
Inorganic silts 
of high 
plasticity

CH
Inorganic 
days of high 
plasticity

OH
Organic clays 
of medium of 
high plastid ty

Eighty organic Soils Pt

Peat, muck 
and other 
highly 
organic soils

Visual-manual identification
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Fig. 5.5. Plasticity chart (USC).

USC system is for determining the suitability of soils for general use. Both the systems, however, have the 
same basis. They classify the soils according to the particle size analysis and the plasticity characteristics. 
Both the systems divide the soils into two major categories, namely, coarse-grained and fine-grained soils.

The following differences between the two systems are worth mentioning.
। (1) According to AASHTO system, a soil is termed fine-grained if more than 35% passes No. 200 (0.075 

mm) sieve, whereas in the USC system, if more than 50% passes that sieve. In this respect, the 
AASHTO system is somewhat better because the soil behaves as fine-grained when the percentage 
of fines is 35%, and the limit of 50% in USC system is somewhat higher.

(2) In AASHTO system, sieve No. 10 (2.0 mm size) is used to divide the soil into gravel and sand, 
whereas in USC system, sieve No. 4(4.75 mm size) is used.

(3) In USC system, the gravelly and sandy soils are clearly separated, whereas in AASHTO system, 
clear demarcation is not done. The soil A-2 in the latter system contains a large variety of soils.

(4) Symbols used in USC system are more descriptive and are more easily remembered than those in 
AASHTO system.

(5) Organic soils are also classified as OL and OH and as peat (A) if highly organic in USC system. In 
AASHTO, there is no place for organic soils.

(6) USC system is more convenient to use than the AASHTO system. In the latter, the process of 
elimination is required which is time-consuming.

Table 5.4. Approximate Equivalence Between AASHTO and USC System
AASHTO System USC system (most probable)

A-l-a GW, GP
A-l-b SW, SM, GM, SP
A-2-4 GM, SM
A-2-5 GM, SM
A-2-6 GC, SC
A-2-7 GM, GC, SM, SC
A-3 SP
A-4 ML, OL, MH, OH
A-5 MH, OH, ML, OH
A-6 CL

A-7-5 OH, MH, CL, OL
A-7-6 CH, CL, OH
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Table 5-4 gives approximate equivalence in both the systems. If the soil has been classified according to 
one system, its classification according to the other can be determined. However, the equivalence is only 
approximate. For exact classification, the corresponding procedure should be used.

5.7. INDIAN STANDARD CLASSIFICATION SYSTEM
Indian Standard Classification (ISC) system adopted by Bureau of Indian Standards is in many respects 

similar to the Unified Soil Classification (USC) system. However, there is one basic difference in the 
classification of fine-grained soils. The fine- grained soils in ISC system are subdivided into three categories 
of low, medium and high compressibility instead of two categories of low and high compressibility in USC 
system. A brief outline of Classification and Identification of Soils for general engineering purposes (IS: 
1498-1970) is given below. For complete details, the reader should consult the code.

ISC system classifies the soils into 18 groups as per Tables 5.6 and 5.7.

Soils are divided into three broad divisions:

(1) Coarse-grained soils, when 50% or more of the total material by weight is retained on 75 micron IS 
sieve.

(2) Fine-grained soils, when more than 50% of the total material passes 75 micron IS sieve.

(3) If the soil is highly organic and contains a large percentage of organic matter and particles of 
decomposed vegetation, it is kept in a separate category marked as peat (P,).

In all, there are 18 groups of soils : 8 groups of coarse- grained, 9 groups of fine-grained and one of peat. 
Basic soil components are given in Table 5.5. Symbols used are the same as in USC system (Table 5.2). ]

Table 5.5. Basic Soil Components in ISC System

Soil Soil components Symbol
Particle size range and 

dercription

(i) Coarse­
grained 
components

Boulder

Cobble

None

None

Rounded to angular, bulky, hard, rock, particle; average 
diameter more than 300 mm

Rounded to angular, bulky, hard, rock particle; average; 
diameter smaller than 300 mm but ratained on 80 mm IS 
sieve

Gravel G

Rounded to angular, bulky, hard, rock particles; passing 80 
mm IS sieve but retained on 4.75 mm IS sieve
Coarse : 80 mm to 20 mm IS sieve
Fine : 20 mm to 4.75 mm IS sieve

Sand S

Rounded to angular, bulky, hard, rock particle; passing 4.75 
mm IS sieve, but retained on 75 micron sieve
Coarse : 4.75 mm to 2.0 mm IS sieve
Medium : 2.0 mm to 425 micron IS sieve
Fine : 425 micron to 65 micron IS sieve

(«) Fine-grained 
components

Silt M Particles smaller than 75 micron IS sieve; identified by 
behaviour, that is, slightly plastic or non-plastic regardless 
of moisture and exhibits little or no strength when air-dried.

Clay C Particles smaller than 75 micron IS sieve : identified by 
behaviour, that is, it can be made to exhibit plastic 
properties within a certain considerable strength when air 
dried.

Organic matter o Organic matter in various sizes and stages of 
decomposition.
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Fig. 5.6. Plasticity Chart (ISC)

1,. Coarse-grained Soils—Coarse-grained soils are subdivided into gravel and sand. The soil is termed 
gravel (G) when more than 50% of coarse fraction (plus 75p) is retained on 4.75 mm IS sieve, and termed 
sand (S) if more than 50% of the coarse fraction is smaller than 4.75 mm IS sieve. Coarse-grained soils are 
further subdivided as given in Table 5.6 into 8 groups.

2. Fine-grained Soils—The fine-grained soils are further divided into three subdivisions, depending upon 
the values of the liquid limit:

(a) Silts and clays of low compressibility—These soils have a liquid limit less than 35 (represented by 
symbol L).

(b) Silts and clays of medium compressibility—These soils have a liquid limit greater than 35 but less 
than 50 (represented by symbol 1).

(c) Sills and clays of high compressibility—These soils have a liquid limit greater than 50 (represented 
by symbol H).

Fine-grained soils are further subdivided, in 9 groups as given in Table 5.7.

5.8. BOUNDARY CLASSIFICATIONS
Sometimes, it is not possible to classify a soil into any one of 18 groups discussed above. A soil may 

possess characteristics of two groups, either in particle size distribution or in plasticity. For such cases, 
boundary classifications occur and dual symbols are used.

(a) Boundary classification for coarse-grained soils
The following boundary classification can occur:
(1) Boundary classifications within gravel group or sand group can occur. The following classification 

are common.
GW—GP, GM—GC, GW—GM, GW-GC, GP—GM
SWSP, SM—SC, SW—SM, SW-SC, SP—SM

While giving dual symbols, first write a coarser soil then a finer soil.
.(2) Boundary classification can occur between the gravel and sand groups such as

GW—SW, GP—SP, GM—SM, and GC—SC
The rule for correct classification is to favour the non-plastic classification. For example, a gravel with 

10% fines, Cu = 20 and Cc = 2.0 and Ip = 6 will be classified as GW—GM, and not GW—GC.



100 SOIL MECHANICS AND FOUNDATION ENGINEERING

Table 5.6. Classification of Coarse-grained Soils (ISC System)

Division Subdivision
Group 
symbol

Typical 
names Laboratory Criteria Remark

(1) Coarse­
grained 
soils (More 
than half of 
material is 
larger than 
75-micron 
IS sieve 
size)

Gravel (G) 
(more than 
half of coarse 
fraction is 
larger than 
4.75 mm IS 
sieve)

Clean 
gravels 
(Fines less 
than 5%)

(1)GW Well 
graded 
gravels

Cu grater than 4
Ce between 1 and 3

When fines 
are between 
5% to 12%, 
border line

requiring 
dual 
symbols 
such as 
GP—GM, 
SW—SC, 
etc.

(2) GP Poorly 
graded 
gravels

Not meeting all gradation 
requirements for GW

Gravels 
with 
appreciable 
amount of 
fines (Fines 
more than 
12%)

(3) GM Silty 
gravels

Atterberg 
Limits 
below 
A-line or Ip 
less than 4

Atterberg 
Limits plotting 
above A-line 
with Ip betwen 
4 and 7 are 
border-line 
cases requiring 
use of dual 
symbol 
GM—GC

(4) GC Clayey 
gravels

Atterberg 
limits above 
A-line and 
Ip grater 
than 7

Sand (S) 
(More than 
half of coarse 
fraction is 
smaller than 
4.75 mm IS 
sieve)

Clean sands 
(Fines less 
than 5%)

(5) SW Well- 
graded 
sands

Cu greeater than 6
Ce between 1 and 3

(6) SP Poorly- 
graded 
sands

Not meeting all gradation 
requirements for SW

Sands with 
appreciable 
amout of 
fines 
(Fines more 
than 12%)

(7) SM silty
sands

Atterberg 
Limits 
below
A-line or Ip 
less than 4

Atteraerg’s 
Limits plotting 
above A-line 
with Ip 
between 4 and 
7 are border­
line Cases 
requiring use 
of double 
symbols 
SM—SC

(8) SC Clayey 
sands

Atterberg 
limits above 
A line with 
Ip greater 
than 7

(b) Boundary classification for fine-grained soils.
(1) Within the same compressibility subdivision, such as

ML—CL, ML—OL, CL-OL; Cl—MI, MI—OI, CI—OI; MH—CH, MH—OH; CH—OH. 
First write a coarser soil when there is a choice and then a finer soil.
(2) Between low and medium compressibility, such as

ML—MI, CL—CI, OL—OI
(3) Between medium and high compressibility

ML—MH, CI—CH, OI—OH
(c) Boundary Classification between coarse-grained and fine-grained soils.
Boundary classification can occur between a coarse-grained soil and a fine-grained soil, such as 

SM—ML, SC—CL
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Table 5.7. Classification of Fine-grained Soils (ISC System)

Division Subdivision
Group 

Symbols Typical names
Laboratory Criteria (see Fig

5.6)
Remarks

2) Fine­
grained soils 
(more than 
50% pass 
75p, IS sieve)

Low- 
compressibility 
(£) (Liquid 
Limit less 
than 35%)

(1) ML Inorganic silts 
with none to 
low plasticity

Atterberg 
limits plot 
below A-line 
or ip less 
than 7

Atterberg 
limits pioting 
above A-line 
with Ip 
between 4 to 
7 
(hatched 
zone) ML-CL

(1) Organic and 
inorganic soils 
plotted in the same 
zone in plasticity 
chart are distinguis­
hed by odour and 
colour or liquid 
limit test after 
oven-drying.
A reduction in 
liquid limit after 
oven- drying to a 
value less than 
three- fourth of the 
liquid limit before 
oven- drying is 
positive 
identification 
of organic soils.

(2) Black cotton 
soils of India lie 
along a band partly 
above the A-line 
and partly below tha 
Aline

See, plasticity

(2) CL Inorganic 
clays of low 
plasticity

Atterberg 
limits plot 
above A-line 
and Ip greater 
than 7

(3) OL Organic silts 
of low 
plasticity

Atterberg limits plot below 
A-iine

Intermediate 
compressibility

(1)
(Liquid limit 
greater than 
35% but less 
than 50%

(4) MI Inorganic silts 
of medium 
plasticity

Atterberg limits plot below 
A-line

(5) CI Inorganic 
clays of 
medium 
plasticity

Atterberg limits plot above 
A-line

(6)OI Orgaic silts 
of medium 
plasticity

Atterberg limits plot below 
A-line

High 
compressibiliy 
(IT) (Liquid 
limit greater 
than 50%)

(7) MH Inorganic silts 
of high 
compressibility

Atterberg limits plot below 
A-line

(8) CH Inorganic 
clays of high 
plasticity

Atterberg limits plot above 
A-line

(9) OH Organic clays 
of medium to 
high plasticity

Atterberg limits plot below 
A-line

(3) Highly 
organic soil

Pt Peat and 
other highly 
organic soils

Readily identified by colour, 
odour, spongy feel and fibrous 
texture

5.9. FIELD IDENTIFICATION OF SOILS
The soils can be identified in the field by conducting the following simple tests.
The sample is first spread on a flat surface. If more than 50% of the particles are visible to the naked 

eye (unaided eye), the soil is coarse-grained; otherwise, it is fine grained. The fine- grained particles are 
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smaller than 75g size and are not visible to unaided eye. The fraction of soil smaller than 75g size, that is, 
the clay and silt fraction, is referred to as fines.

(1) Coarse-grained Soils—If the soil is coarse-grained, it is further identified by estimating the 
percentage of (a) gravel size particles (4.75 mm to 80 mm), (b) sand size particles, (75g to 4.75 mm) and (c) 
silts and clay size particles (smaller than 75g size). Gravel particles are larger than 4.75 mm size and can be 
identified visually.

If the percentage of gravel is greater than that of sand, the soil is a gravel; otherwise, it is sand.
Gravels and sands are further classified as clean if they contain fines less than 5% and as dirty if they 

contain fines more than 12%. Gravels and sands containing 5 to 12% fines are given boundary classification. 
The fine fraction of the coarse-grained soils is identified using the procedure given below for fine- grained 
soils to determine whether it is silty or clayey.

To differentiate fine sand from sill, dispersion lest is adopted. When a spoonful of soil is poured in a jar 
full of water, fine sand settles in a minute or so, whereas silt takes 15 minutes or more.

(2) Fine-grained soils—If the soil is fine-grained, the following tests arc conducted for identification on 
the fraction of the soil finer than the 425-micron IS sieve to differentiate silt from clay.

(a) Dilatancy (reaction to shaking) test—A small pal of moist soil of about 5 ml in volume is prepared. 
Water is added to make the soil soft but not sticky. The pat is placed in the open palm of one-hand and 
shaken horizontally, striking against the other hand several times during shaking. If the soil gives a positive 
reaction, the water appears on its surface which changes to a lively consistency and appears glossy. When the 
pat is squeezed between the fingers, the water and gloss disappear from the surface. It becomes stiff and 
ultimately crumbles.

The rapidity with which water appears on the surface during shaking and disappears during squeezing is 
used in the identification of fine-grained soils (Tables 5.8). The larger the size of the particles, the quicker is 
the reaction. The reaction is called quick if water appears and disappears quickly. The reaction is termed slow*  
if water appears and disappears slowly. For no reaction, the water does not appear at the surface.

(b) Toughness test—The pat used in the dilatancy test is dried by working and remoulding until it has 
the consistency of putty. The time required to dry the pat depends upon the plasticity of the soil.

The pat is rolled on a smooth surface or between the palms into a threads of about 3 mm in diameter. 
The thread is folded and re- rolled to reduce lire water is soil, due to evaporation by heat of hand, until the 
3 mm diameter thread just crumbles. The water content at that stage is equal to the plastic limit and the 
resistance to moulding at that stage is called the toughness.

After the thread crumbles, the pieces of the sample are lumped together and subjected to kneading until 
the lump also crumbles. The tougher the thread at the plastic limit and the stiffer the kneaded lump just 
before it crumbles, the higher is the toughness of the soil. The toughness is low if the thread is weak and the 
soil mass cannot be lumped together when drier than plastic limit. The toughness is high when the lump can 
be moulded drier than plastic limit and high pressure is required to roll the thread.

The toughness depends upon the potency of the colloidal clay.

Table 5.8. Field Identification Tests

Test ML CL OL MI CI OI MH CH OH

(d) Dilatancy Quick None to 
very slow

Slow Quick 
to slow

None Slow Slow to 
none

None None to 
very slow

(b) Toughness None Medium Low None Medium Low Low to 
medium

High Low to 
medium

(c) Dry strength
None 
of low

Medium Low I.ow Medium 
to high

Low to 
medium

Low to 
medium

High to 
very high

Medium 
to high

(c) Dry strength test—The pal of the soil is completely dried by air drying, sun drying or oven-drying.
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The dry strength is determined by breaking the dried pat and crumbling it between fingers. The dry strength 
is a measure of plasticity of the soil. The dry strength depends upon the colloidal fraction of the soil.

The strength is termed high if the dried pat cannot be powdered at all; medium, if considerable pressure 
is required; and low, if the dry pat can be easily powdered.

Table 5.8 can be used for the field identification of different soils.

5.10. GENERAL CHARACTERISTICS OF SOILS OF DIFFERENT GROUPS
General characteristics of the soils of various groups as classified by ISC system and USC system are 

given in Table 5.9. The information given in the table should be considered as a rough guidance about the 
engineering properties of soils. For complete information, the tests should be conducted and the engineering 
properties determined.

Table 5.9. General Propeties of Soils

Soil Group Permeability Compressibility Shear Strength Workability

(a) Gravels

GW Pervious Negligible Excellent Excellent

GP Very pervious Negligible Good Good

GM Semi-pervious to 
impervious

Negligible Good Good

GC Impervious Very low Good to fair Good

(6) Sands

SW Pervious Negligible Excellent Excellent

SP Pervious Very low Good Fair

SM Semi-pervious to 
impervious

Low Good Fair

SC Impervious Low Good to fair Good

(c) Low & medium
Plasticity silt & 
clays

ML, MI Semi-pervious to 
impervious

Medium Fair Fair

CL, CI Impervious Medium Fair Good to fair

OL, 01 Semi-pervious to 
impervious

Medium Fair Fair

(4) High- plasticity
silts & clays

MH Semi-pervious to 
impervious

High Fair to poor Poor

CH Impervious High Poor Poor

OH Impervious High Poor Poor

Note. Highly organic soils [Peats] are not used in engineering works.

ILLUSTRATIVE EXAMPLES

Illustrative Example 5.1. A sample of soil was tested in a laboratory, and the following observations 
were recorded:

Liquid Limit = 45%, Plastic Limit =16%
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U.S. Sieve No. No. 4 No. 10 
(2.0 mm)

No. 40 
(0.425 mm)

No. 200
(0.075 mm)

Percentage Passing 100 91.5 80.0 60.0

Classify the soil according to AASHTO system.

Solution. Plasticity Index = 45 - 16 = 29%
Referring to Table 5.1, and proceeding from the extreme left column to right, the first column in which 

the properties fit is A-7.

To ascertain whether the soil is A-7-5 or A-7-6, the value of (w; - 30) is required. In this case,
w, - 30 = 45 - 30 = 15%

As Ip > (wl - 30), the soil A-7-6.

From Eq. 5.1, taking F = 60,
Group Index = (F - 35) [0.2 + 0.005 (w, - 40)] + 0.01 (F - 15)(/p - 10) I

or GI = (60 - 35)[0.2 + 0.005 x 5)] + 0.01 (4O)(19)

= 13.3, say 13.
The soil is classified as A-7-6 (13).

Illustrative Example 5.2. Classify the soils A and B, with the properties as shown below, according to 
USC system.

Soil Wl (%) IP (%) % passing 
No. 4 sieve

% passing 
No. 200 sieve

A 45 29 100 59

B 55 15 too 85

Solution, (a) Soil A. As more than 50% passes No. 200 sieve, the soil is fine-grained.
As w, is less than 50%, the soil is of low plasticity. TTie Atterberg limits plot above the A-line in Fig. 53 

The soil is classified as CL.
(b) Soil B. The soil is fine-grained. As the liquid limit is greater than 50%, the soil is of high 

compressibility. Tire Atterberg limits plot below A-linc. It can be either MH or OH. If the soil is OH, its
liquid limit will decrease considerably on oven-drying.

Illustrative Example 53. Classify the soil with the following properties according to ISC system.

Liquid Limit Plassicity index % passing 
4.75 mm sieve

% passing 
75 n sieve

40% 10% 60% 45%

Solution. As more than 50% is retained on 75pt IS sieve, the soil is coarse-grained.

Coarse fraction = 55%; Gravel fraction = 40%; Sand fraction = 15%

As more than half the coarse-fraction is larger than 4.75 mm IS sieve, the soil is gravel.
The soil has more than 12% fines, it can be either GM or GC.
As the Atterberg limits plot below A-line (Fig. 5.6), the soil is GM.

Illustrative Example 5.4. Fig E 5.4 shows the grain size distribution curves for two soils A and B. Tin 
plasticity characteristics of the soils are given below.

Soil A Liquid Limit = 40%; Plasticity Index = 10%;

Soil B Liquid Limit = 28%; Plasticity Index = 12%

Classify the soils according to IS classification and comment on their shear strength.
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Fig. E-5.4.

Solution, (a) Soil A. As more than 50% passes 75p sieve, the soil is fine-grained. The Atterberg limits 
plot below A-line (Fig. 5.6) in the zone of intermediate compressibility. It can be either Ml or 01. If the liquid 
limit reduces to three-fourth of the original value or more on oven drying, it is IS; otherwise MI.

(b) Soil B. As more than 50% of the total material is larger than 75 p sieve, the soil is coarse- grained.

Coarse fraction = 87%,
Gravel fraction = 37%;
Sand fraction = 50%.

As more than half of coarse fraction is smaller than 4.75 mm sieve, the soil is sand. As fines are more 
than 12%, the soil can be SM or SC. As the Atterberg limits plot above A- line (Fig. 5.6), the soil is SC.

PROBLEMS

A. Numerical
5.1 Atterberg limit tests were carried out on a soil sample, with the following results: 

Liquid limit = 40%; Plastic limit = 25%.
Classify the soil according to Unified Classification system and the Indian Standard classification system.

[Ans. CL; CI\
5.2. The following results were obtained from the classification tests of a soil.

Percentage passing 75p sieve = 40%
Liquid limit = 35%; Plastic Limit = 15%
Calculate the group index of the soil and classify it according to AASHTO system. 

53. The sieve analysis of a soil gave the following results :
% passing 75p sieve = 4; % retained on 4.75 mm sieve = 50
Coefficient of curvature = 2; Uniformity coefficient = 5
Classify the soil according to ISC system.

5.4. The sieve analysis of a soil gave the following results:
%passing 75p sieve = 8; % retained on 4.75 mm sieve = 35
Coefficient of curvature = 2.5; Uniformity coefficient = 7
The fine fraction gave the following results :
Plasticity index = 3; Liquid Limit = IS.
Classify the soil according to ISC system.

5.5. A soil has the following characteristics :
% passing 75 psieve = 58%; Liquid Limit = 40%
Plasticity Index = 10%; Liquid Limit of oven-dried sample = 25%
Classify the soil according to ISC system.

[Ans. 4; A-6(4)]

[Ans. GW]

[Ans. SW—SM]

[Ans. OI]
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B. Descriptive and Objective Type
5.6. What is the use of classification of soils ? Discuss Indian Standard Classification system.
5.7. What is the difference between the classification based on particle size and the textural classification ? Discuss 

the limitations of the two. systems.
5.8. Compare the AASHTO glassification system and Unified soil classification system. Why the latter system is 

more commonly used?
5.9. Give the step-by-step procedure for classification of a soil by Indian standard classification system.

5.10. Discuss field identification methods for soils.
5.11. Give the general engineering properties of different types of soils classified according to Indian standard 

classification system.
5.12. State whether the following statements are true or false :

(a) According to all classification systems, the soils below 2p size are classified as clay size.
(h) According to MIT system, the soils with particle size larger than 4.75 mm are classified as gravel.
(c) The texture of a soil depends only on the particle size.
(d) In AASHTO system, the soil A—2 is better than the soil A—3.
(e) The group index of zero indicates a soil of very poor quality.
(fi The group index of a soil can be negative.
(g) According to USC system, the fine-grained soils are of 9 types.
(/i ) The soil with particles size less than 2p are clayey soils.
(i) A coarse-grained sand is well-graded if Cc = I to 3 and Cu is greater than 6.
(/) Oven-drying reduces the liquid limit of an inorganic soil considerably.
tk) The fine-grained soils with a high percentage of colloidal fraction have high dry strength.

[Ans. True, (zZ). (0, (*)]

C. Multiple-Choice Questions
1. IS classification of soil is in many respects similar to

(a) AASHTO classification (/>) Textural classification
(c) Unified soil classification (</) MIT classification

2. The maximum size of particles of sill is
(a) 75 p (/>) 60 p
(c) 2 p W) 0.2 p

3. The maximum size of particles of clay is
(a) 0.2 mm (b) 0.02 mm
(c) 0.002 mm (rZ) 0.0002 mm

4. According to IS classification system, the soils can be classified into
(a) 15 groups (b) 18 groups
(e) 3 groups (J) 7 groups

5. The soils which plot above the A line in the plasticity chart are
(a) clays (/>) silts
(c) sands (if) organic soils

6. A silly soil gives a positive reaction in
(a) Toughness test (b) Dilatancy test
(c) Dry strength test (d) None of above

7. A soil has the liquid limit of 30. The corresponding plasticity index given by the A-line is
(a) 7.3 (fi) 7.5
(c) 9:0 (</> 9.5

8. The maximum value of the term (F-15) in the group index is taken as
(a) 20 (fe) 30
(c) 40 (d) 60

[Ans. 1. (c), 2. (a), 3. (c), 4. (Z>), 5, (a). 6. (h), 7. (a), 8. (c)]
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Clay Mineralogy and Soil Structure

6.1. INTRODUCTION
The coarse-grained soils generally contain the minerals quartz and feldspar. These minerals are strong and 

electrically inert. The behaviour of such soils does not depend upon the nature of the mineral present. The 
behavior of fine-grained soils, on the other hand, depends to a large extent on the nature and characteristics 
of the minerals present. The most significant properties of clay depend upon the type of mineral. The 
ciystalline minerals whose surface activity is high are clay minerals. These clay minerals impart cohesion and 
plasticity. The study of clay minerals is essential for understanding the behaviour of clayey soils. Clay 
mineralogy is the the science dealing with the structure of clay minerals on microscopic, molecular and 
atomic scale. It also includes the study of the mineralogical composition and electrical properties of the clay 
particles. The study of clay minerals is important for particles smaller than about 2 micron size.

Soil structure means the geometrical arrangement of soil particles in a soil mass. It is concerned with 
the shape, size and orientation of particles. If the individual particles are packed very close to one another, 
the void ratio is low and the soil is dense and strong. If the particles are so arranged that there are more 
voids, the soil is loose and weak. Engineering properties and behaviour of both coarse-grained and 

fine-grained depend upon the structure.
This chapter is mainly devoted to clay mineralogy. The soil structure is considered in the last section. In 

fact, clay mineralogy also discusses the structure of clayey soils not as a whole mass but at a particle level.

6.2. GRAVITATIONAL AND SURFACE FORCES
The gravitational force in a soil particles is proportional to its mass. As the specific gravity of particle? 

is approximately constant, the gravitational force is proportional to the volume of the particle. The volume? 
depends upon the particle size . Thus, the gravitational force on a particle is related to the particle size. In 
other words, the larger the particle size, the greater would be the gravitational force.

Bonding or surface forces between particles depend upon the surface area of the particles and not upon 
the volume. The surface area also depends upon the particle size.. However, the surface forces become more 
important only when the paticle size is small. As the particle size decreases, the effect of surface forces on 
a particle becomes more predominant than the gravitational force.

The relative magnitude of volume and the surface area can be judged if we consider, say, a cube whose 
each side is 10 mm (volume = lO’mm’). When the cube is subdivided into smaller cubes, the ratio of the 

surface area to the volume increases, as shown in Table 6.1. The ratio increases ten thousand times when the 
side of the smaller cube becomes 1 micron. The magnitude of the surface area per unit volume (or mass) is 

known as specific surface.
The particles of coarse-grained soils are larger than 0.075 mm size. For such soils, the ratio of surface area 

to the volume is relatively small. These soils do not possess plasticity and cohesion which are predominant only 
when the surface forces are large. In fine-grained soils, the gravity forces are relatively insignificant compared
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Table 6.1. Ratio of Surface area to Volume

S. N. Side
Length

Number of 
cubes Surface area Volume

Surface area 
volume 

(nutrlmm3)

1, 10 mm 1 600 mm2 103 mm3 0.60

2. 1 mm 103 6 x 103 x 1 6.0

3. 0.1 mm 106 6 x 106 x 0.01 60.0

4. 0.01 mm 109 6 x IO9 x (0.01)2 600.0

5. 0.001 mm 
(1F)

1012 6 x 1012 x (0.001)2 6000.0

with the surface forces. The fine-grained soils possess the plasticity characteristics depending upon the surface 
area, the type of minerals and the nature of environment present around the soil particle.

A material in which the surface forces are predominant is known as a colloid. The term colloid has been 
derived from Greek words kolla and oidos, meaning a gluey material and alike. For colloids, the ratio of the 
surface area to the volume is very large. It varies between 600 to 10s mm2/mm3.The clayey soils with 

particles smaller than 2 micron size are generally colloidal in nature. The colloids have very large specific 
surface.

63. PRIMARY VALENCE BONDS
Primary valence bonds hold together the atoms of a molecule- These are of two types:
(1) Ionic bond, (2) Covalent bond.
1. Ionic bond—In an atom, the electrons carrying a negative charge revolve about the nucleus. Some 

elements have an excess or a deficiency of the electrons in the outer shell. One atom joins another atom by 
adding some of the electrons to its outer shell or by losing some of electrons from its outer shell. For 
example, an atom of sodium has an excess electron in its outer shell and an atom of chlorine has one 
deficient electron in its outer shell. A molecule of sodium chloride is formed by ionic bond when an atom of 
sodium combines with an atom of chlorine. The atom which loses an ion becomes a positive ion (cation) and 
that which gains an ion becomes a negative ion (anion). In ionic bonds, the forces bind the positive ions and 
negative ions.

Na + Cl = Na1+ Cl1-

The number of electrons required to complete the first six shells individually are respectively, 2, 8, 8, 18, 
18 and 32. The total number of electrons required to complete are, therefore , 2, 10, 18, 36, 54 and 86. The 
deficiency or excess of electrons in a particular shell of an element is determined from the number of
electrons available and that required to complete the outershell. For example, 
aluminium has 13 electrons. It has an excess of 3 electrons over the second 
shell (total 10 electrons). Likewise, oxygen which has 8 electrons, lack 2 elec­
trons in the second shell (total 10 electrons). An atom of hydrogen has equal 
excess and deficiency. It has only one electron which can be considered either 
as one deficient in the first shell or one excess electron. Likewise, the atom of 
silicon has 14 electrons which has equal excess and deficiency of 4 each. It has 
an excess of 4 over the second shell or a deficiency of 4 in the third shell (total 
18 electrons). See Table 6.2 for ionic structure of various elements.

The atoms of two different elements combine to satisfy their individual 
deficiency or excess. For example, when aluminium and oxygen combine two 
atoms of aluminium (excess 6) combine with 3 atoms of oxygen (deficiency 6) 
to form aluminium oxide (Fig. 6.1). Fig. 6.1. Aluminium oxide
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Table 6.2. Ionic Structure of Various Atoms

iS. No. Element Symbol
Number of 
Electron

Deficiency in 
outer shell

Excess in 
outer shell Remark

1. Hydrogen H 1 - 1 + 1 Can either lose 
or gain one ion

2. Oxygen O 8 -2

3. Silicon Si 14 - 4 + 4 Can either lose 
or gain 4 ions

4. Aluminium Al 13 — + 3
5. Ferrous Fe 26 — + 8
6. Calcium Ca 20 — + 2

7, Sodium Na 11 — + 1
8. Potassium K 19 — + 1
9. Magnesium Mg 12 — + 2
10. Chlorine Cl 17 - 1 —

2. Covalent Bond—Covalenl bond develops between two atoms by sharing of electrons in their outer 
shell. T\vo atoms, each lacking one electron, may combine by sharing of a pair of electrons. Likewise, two 
atoms, each lacking two electrons, may combine by sharing four electrons. For example, the bond between 
two atoms of oxygen in a oxygen molecule is a covalent bond. Each atom lacks 2 electrons in the outer shell. 
'Ilie two atoms bond by sharing 4 electrons in their outer shells. In other words, a covalent bond occurs when 
there is sharing of electrons by atoms of like valence. Ilie covalent bond occurs generally in elements of 
negative valences or in non-electrolytes, such as carbon. (A non-electrolyte does not form ions).

Primary valence bonds are very strong. These do not break in normal soil engineering applications. 
Therefore, primary valence bonds are not of much relevance in soil engineering. However, the study of ionic 
structure is useful in understanding the behaviours of various atoms.

6.4. HYDROGEN BOND
The hydrogen atom has only one electron. 'Hie number of electrons required to fill the first shell is 2. 

The atom can be considered either as a cation 
deficiency). The bond between the hydrogen 
cation (H+) and anions of two atoms of 
another element is called the hydrogen bond. 
Hie hydrogen atom is attracted by two atoms 
instead of only one atom as suggested by its 
ionic structure. The hydrogen atom cannot 
decide to which of the two atoms it should 
bond itself, and, therefore, it shares its bond 
with both, atoms. The most common example 
of the hydrogen bond is the bond between the 
hydrogen atoms and oxygen atoms in a water 
molecule. The hydrogen atom links one molecule of water to the other (Fig. 6.2).

A hydrogen atom can bond only two atoms of oxygen, as it is small in size and can fit in only two 
anions which are of large size (Fig. 6.3). In other words, only two anions can approach the hydrogen cation 
close enough to form a hydrogen bond.

Only the strong electro-negative atoms, such as oxygen and chlorine, can join with hydrogen to form a 
hydrogen bond. The hydrogen bond is considerably weaker than primary valence bonds. However, it is fairly 
strong and cannot be broken during normal soil engineering problems.

(with one excess electron) or an anion (with one electron

Fig. 6.2. Hydrogen Bond.
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6.5. SECONDARY VALENCE BONDS
Secondary valence bonds are intermolecular bonds which develop 

between atoms in one molecule to atoms in another molecule. A molecule is 
electrically neutral, i.e., it has no charge. However, the construction of the 
molecule may be such that the centres of the negative and positive charges do 
not exactly coincide. The molecule may behave like a small bar magnet, with 
two electrical poles. Consequently, an electrical moment is developed inside 
the molecule. A molecule with such a structure is called a dipole. In nature, 

Fig. 6.3. A caation joining 
two anions.

two dipolar molecules orient themselves in such a way that net attraction occurs. The attractive forces so 
developed are known as Vander Waal Forces, after Vander Waal who postulated the existence of a common 
attractive forces between molecules of all matters in 1873.

Vander Waal forces develop due to any one of the following three effects. 
(1) Orientation effect—This effect

occurs between the oppositely charged 
ends of permanent dipoles, as shown in 
Fig. 6.4.

(2) Induction effect—Even in a 
non-polar molecule, a pole can be 
induced. When a non-polar molecule is 
placed in an electric Geld, it gets 
polarised and starts behaving as a 
dipole. Induction effect occurs between 
an induced pole and another dipole.

(3) Dispersion effect—As all 
electrons oscillate, the centre of
negative charges goes on changing (c)
periodically. This results in the
formation of a temporary, fluctuating RS- 6-4- Orientation Effect.

pole. Dispersion effect occurs between a fluctuating pole and another dipole.
As all molecules behave as permanent or induced or fluctuating dipoles, Vander Waal forces are always 

present in molecules. These exist in all matters. The relative magnitude of orientation, induction and 
dispersion effects in a water molecule are 77%, 4% and 19% 
respectively. Thus the orientation effect is the most 
predominant effect. q

A common example of secondary valence bond is the 
attractive force between molecules of water.' The water 
molecules act as a bar magnet because the positive and 
negative charges are not centrally located. It may be noted 
that all liquids arc not dipoles. Some of the liquids, such as 
kerosene and carbon tetrachloride, are non-polar, as shown by ~ ______________  _______________ —
construction in Fig. 6.5.

Vander Waal forces also develop between the surfaces of 
two parallel particles of clay mineral, separated by water. The 
magnitude of the forces depend upon the distance between 
the clay particles, structure of the minerals and the 
characteristics of water.

The secondary valence bonds are relatively weak and are O

easily broken. The Vander Waal forces play an important part 
in the behaviour of clayey soils. Fig Noe-pota s^tem
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6.6. BASIC STRUCTURAL UNITS OF CLAY MINERALS
Clay minerals are composed of two basic structural units: (1) Tetrahedral unit, (2) Octahedral unit.

1. Tetrahedral Unit—A tetrahedral unit consists of a silicon atom (Si4)  surrounded by four oxygen 
atoms (O2-), forming the shape of a tetrahedron. Oxygen atoms arc at the tips of the tetrahedron, whereas the 

silicon atom is at its centre (Fig. 6.6). There is a net negative charge of 4. An individual terahedron unit 
cannot exist in nature.

*

Oxygen
(a) Silica tetrahedron (b) Simplified representation

(c) Silica sheet
Fig. 6.6. Tetrahedral Unit.

A number of tetrahedral unit combine to form a sheet, with oxygen atoms at the base of all tetrahedra in 
a common plane, and all the tips pointing in the same direction. Each oxygen atom at the base is shared by 
two tetrahedra. A silica sheet is formed by terahcdral units. The three oxygen atoms at the base being 
common to two tetrahedra get their negative charge shared and the tip oxygen atom has two negative charges. 
Thus, there are 5 negative charges and 4 positive charges, leaving a net negative charge of one per 
tetrahedron. Fig. 6.6 (c) shows 4 tetrahedra units combined and having a net negative charge of 4. Fig. 6.6 
(d) gives a simple representation of silica sheet, commonly used in clay minerals.

2. Octahedral Unit—An octahedral unit consists of six hydroxyls (OH-1) forming a configuration of an

(d) Silica

• HYDROXYL
® ALUMINIUM

3X(-1) = -3 

1X(+-3)=+3

3X(-1)=—3 
NET =-3

(a) OCTAHEDRAL UNIT (b) SIMPLIFIED REPRESENTATION

Fig. 6.7. Cfctahedral Unit.
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octahedron and having one aluminium atom at the centre (Fig. 6.7). As the aluminium (Al+3) has three 

positive charges, an octahedral unit has 3 negative charges. Because of net negative charge, an octahedral unit 
cannot exist in isolation.

Several octahedral units combine to form a gibbsite sheet. Fig. 6.7 (c) shows a gibbsite sheet formed by 
four octahedral units. The sheet is electrically neutral. Fig. 6.7 (d) shows a simple representation.

6.7. ISOMORPHOUS SUBSTITUTION
It is possible that one atom in a basic unit may be replaced by another atom. The process is known as 

isomorphous substitution (isomorphous means same form). For example, one silicon atom in a tetrahedral unit 
may be substituted by aluminium atom. This would occur if aluminium atoms arc more readily available in 
water. As an aluminium atom has 3 positive charges whereas a silicon atom has 4 positive charges, there 
would be a net unit charge deficiency of one positive charge per substitution. Likewise, magnesium (Mg+2) 

atoms may replace aluminium atoms in an octahedral unit and cause a reduction of one positive charge.
Isomorphous substitution generally increases the negative charge on the particle, owing to reduction of 

positive charges. A slight distortion of the crystal lattice also usually occurs due to isomorphous substitution.

6.8. KAOLINITE MINERAL
Kaolinite is the most common mineral of the kaolinite group of minerals. Its basic structural unit consists 

of an alumina sheet (gibbsite) (G) combined with a silica sheet (S). Tips of the silica sheet and one base of 
the alumina sheet form a common interface. The
total thickness of the structural unit is about 7 ________________________
Angstorm (A0), where one Angstorm A° is equal j7A* I__________ 2____________ I
to IO-10 m or 1(T7 mm. The kaolinite mineral is | / _________5 \
formed by stacking, one over the other, several | G HYDROGEN
such basic structural units. Fig. 6.8 shows two | / S x bqnq
such units.

The structural units join together by hydrogen KAOLINITE

bond, which develops between the oxygen of
silica sheet and the hydroxyls of alumina sheet. As Flg- 6-8, K®0*'"' 1® Mineral.

the bond is fairly strong, the mineral is stable. Moreover, water cannot easily enter between the structural 
units and cause expansion.

The kaolinite mineral is electrically neutral. However, in the presence of water, some hydroxyle ions 
dissociate and lose hydrogen and leave the crystal with a small residual negative charge. The flat surfaces of 
the mineral attract positive ions (cations) and water. A thick layer of adsorbed water is formed on the surface.

The kaolinite minerals generally have a hexagonal shape in plan, with the side of the hexagon between 
0.5 to 1.0 micron. The thickness of the mineral is about 0.05 micron. The specific surface is about 15 mz/g. 
The most common example of the kaolinite mineral is China clay.

Halloysite is a clay mineral which has the same basic structure as Kaolinite, but in which the successive 
structural units are more randomly packed, and are separated by a single molecular layer of water. The 
properties of halloysite depend upon this water layer. If the water layer is removed by drying, the properties 
of the mineral drastically change.

Halloysite particles are tubular in shape, in contrast to the platy shape of kaolinite particles. The soils 
containing halloysite have a very low mass density.

6.9. MONTMORILLONITE MINERAL
Montmorillonite is the most common mineral of the montmorillonite group of minerals. The basic structural 

unit consists of an alumina sheet sandwiched between two silica sheets. Successive structural units are stacked 
one over another, like leaves of a book. Fig. 6.9 shows two such structural units. The thickness of each structural 
unit is about 10 A0.

lite two successive structural units are joined together by a link between oxygen ions of the two silica
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sheets. The link is due to natural attraction for 
the cations in the intervening space and due to 
Vander Waal forces. The negatively charged 
surfaces of the silica sheet attract water in the 
space between two structural units. This results 
in an*  expansion of the mineral, jit may also 

cause dissociation of the mineral into individual 
structural units of thickness 10 A0. The soil 
containing a large amount of the mineral 
montmorillonite exhibits high shrinkage and 
high swelling characteristics. The water in the 
interventing space can be removed by heating at 
200° to 300°C.

MONTMORILLONITE

Fig. 6.9. Montmorillonite mineral.

Montmorillonite minerals have lateral dimensions of 0.1 p to 0.5 p and the thickness of 0.001 p to 0.005 p. 
The specific surface is about 800 m2/gm.

The gibbsite sheet in a montmorillonite mineral may contain iron or magnesium instead of aluminium. 
Some of the silicon atoms in the silica sheet may also have isomorphous substitution. This results in giving 
the mineral a residual negative charge. Il attracts the soil water to form an adsorbed layer, which gives 

plasticity characteristics to the soil.

6.10. ILLITE MINERAL
Illite is the main mineral of-the illite group. The basic structural unit is similar to that of the mineral 

montmorillonite. However, the mineral has properties different from montmorillonite due to following 

reasons.
(1) There is always a substantial amount of isomorphous substitution of silicon by aluminium in silica 

sheet. Consequently, the mineral has a larger negative charge than that in montmorillonite.
(2) The link between different structural units is through non- exchangeable potassium (K)  and not 

through water. This bonds the units more firmly than in montmorillonite (Fig. 6.10).
*

(3) The lattice of illite is stronger than that 
of montmorillonite, and is, therefore, less 
susceptible to cleavage.

(4) Illite swells less than montmorillonite. 
However, swelling is more than in 
kaolinite.

(5) The space between different structural 
units is much smaller than in 
montmorillonite, as the potassium ions 
just fit in between the silica sheet 
surfaces.

Fig. 6.10. Illite Mineral.

POTASSIUM 
IONS

kaolinite and 
than that in

The properties of the mineral illite are somewhat intermediate between that of 
montmorillonite. The bond between the non-exchangeable K*  ions, though stronger
montmorillonite, is considerably weaker than hydrogen bond of kaolinite. The swelling of illite is more than 

that of kaolinite, but less than that of montmorillonite.
The lateral dimensions of the mineral illite are the same as that of the mineral montmorillonite, equal to 

0.1 p to 0.5 p. However, the thickness is much greater than that of montmorillonite and is between 0.005 p 
and 0.05 p. The specific surface is about 80 m2/gm.

6.11. ELECTRICAL CHARGES ON CLAY MINERALS
As mentioned before, the particles of clay carry an electric charge. This fact can be proved by inserting 

two electrodes in a beaker containing clay mixed with water. When the electrodes are connected to an 
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electrical circuit containing a battery and an ammeter, there is a deflection of the needle of the ammeter. This 
proves that there is a flow of current through the medium. Theoretically, a soil particle can carry either a 
negative charge or positive charge. However, in actual tests, only negative charges have been measured.

The net negative charge may be due to one or more of the following reasons.
(1) Isomorphous substitution of one atom by another of lower valency.
(2) Dissociation of hydroxyle ion (OH) into hydrogen ions.
(3) Adsorption of anions (negative ions) on clay surface.
(4) Absence of cations (positive ions) in the lattice of the crystal.
(5) Presence of organic matter.
The magnitude of the electrical charge depends on the surface area of the particle. It is very high in small 

particles, such as colloids, which have very large surface area. A soil particle attracts the cations in the 
environment to neutralise the negative charge. The phenomenon is known as adsorption.

6.12. BASE EXCHANGE CAPACITY
The cations attracted to the negatively charged surface of the soil particles are not strongly attached. 

These cations can be replaced by other ions and are, therefore, known as exchangeable ions. The soil particle 
and the exchangeable ions make the system neutral.

'Ilie phenomenon of replacement of cations is called cation exchange or base exchange. The net negative 
charge on the mineral which can be satisfied by exchangeable cations is termed cation-exchange capacity or 
base-exchange capacity. In other words, base-exchange capacity is the capacity of the clay particles to change 
the cation adsorbed on the surface.

Base-exchange capacity is expressed in terms of the total number of positive charges adsorbed per 100 
gm of soil. It is measured in millicquivalenl (meq), which is equal to 6 x IO20 electronic charges. Thus, one 
meq per 100 gm means that 100 gm of material can exchange 6 x IO20 electronic charges if the exchangeable 
ions are univalent, such as Na*.  However, if the exchangeable ions are divalent, such as Ca2*,  100 gm of 
material will replace 3 x IO20 calcium ions.

According to another definition, one milliequivalent (meq) is also equal to one milligram of hydrogen or 
its equivalent other material which will replace one milligram of hydrogen. For example, calcium has a 
molecular weight of 40, whereas that of hydrogen is unity. However, calcium is divalent in contrast to 
hydrogen which is univalent. Therefore, one mg of hydrogen is equivalent to 20 mg of calcium in base 
exchange capacity. If 100 gm of a dry material adsorbs 60 mg of calcium, the base exchange capacity of the 
material is 60/20 i.e. 3 meq/100 gm.

The base-exchange capacity of clay depends upon the Pw value of the water in the environment. If the 
water is acidic (PH < 7), the base-exchange capacity is reduced.

Some cations are more strongly adsorbed than others. The adsorbed cations commonly found in soils, 
arranged in a series in terms of their affinity for attraction are as follows:

Al5* > Ca2* > Mg* 2 > NHJ > H*  > Na+ > Li*
For example, Al3* cations are more strongly attracted than Ca2+ cations. Thus Al3* ions can replace Ca2* 

ions. Likewise, Ca2* ions can replace Na*  ions.

The base formula of the clay mineral is altered by base exchange. For example, if calcium chloride is 
added to a soil containing sodium chloride, there would be an exchange of Ca2* ions for Na*  ions, and the 

sodium clay would turn into the calcium clay. Thus
Sodium clay + Cl2 = Calcium clay + NaCl.

The properties of the clay therefore change due to base exchange.
The base exchange capacity of the montmorillonite mineral is about 70—100 meq per 100 gm. However, 

that of kaolinite and illite are respectively 4.0 and 40.0 meq per 100 g.

6.13. DIFFUSE DOUBLE LAYER
The faces of clay minerals carry a net negative charge. The edges of the mineral may have either positive
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charges or negative charges. Ilie charges in clay minerals are due to molecular grouping and arrangement of 
ions. The electrical charges in the minerals are responsible for their behaviour when they come in contact 
with other particles and with water present in the soil. Clay deposits, because of their sedimentary nature, 
always exist in the presence of waler.

because of the net negative charge on the surface, the clay particles attract cations, such as potassium, 
calcium and sodium, from moisture present in the soil to reach an electrically balanced equilibrium. These 
cations, in turn, attract particles with negative charges and water dipoles.

(The engineering behaviour of coarse particles is not affected by surface electrical charges, because of 
their low ratio of surface area to volume. In such soils, the gravitational forces are more important).

The plasticity characteristics of clays are because of the unusual molecular structure of water in soil 
deposits. Experiments conducted with clays using nonpolar liquid, such as kerosene, in place of water, has 
shown that plasticity does not occur, and the soil behaves as a coarse-grained sands soil.

The water molecule is a dipole, since the hydrogen atoms are not symmetrically oriented around the 
oxygen atoms. The molecule acts as a bar magnet (Fig. 6.11). As the faces of clay particles carry a negative

MTER MOLECULE
Fig. 6.11. Structure of a water molecule, (o) Model, (h) Relative location, (c) Dipole water molecule

charge, there is attraction between the negatively charged faces and the positive ends of dipoles [Fig. 6.12 
(a)]. The second mode of attraction between the water dipoles and the clay surface is through cations [Fig. 
6.12 (£•)]. Cations are attracted to the soil surface and water dipoles are attached to these cations through their

0 0 0t XO 
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Fig. 6.12. Attraction of water molecules to soil surface.

negative charged ends. The third possible mode by which the attraction between the water and the clay 
surface occurs is by sharing of the hydrogen atom in the water molecule by hydrogen bonding between the 
oxygen atoms in the clay particles and the oxygen atoms in the water molecules [Fig. 6.12 (c)].

The cations attracted to a clay mineral surface also try to move away from the surface because of their 
thermal energy. The net effect of the forces due to attraction and that due to repulsion is that the forces of 
attraction decrease exponentially with an increase in distance from the clay particles surface. The layer 
extending from the clay particle surface to the limit of attraction is known as the diffuse double layer (Fig. 6.13).

It is believed that immediately surrounding the particle, there is a thin, very tightly held layer of water 
about 10 A° thick. Beyond this thickness there is a second layer, in which water is more mobile. This second 
layer extends to the limit of attraction, and is known as diffuse-double layer (Fig. 6.13). The water held in 
the diffuse-double layer is known as adsorbed water or oriented water. Outside the diffuse double layer the 
water is normal, non-oriented. The total thickness of the diffuse-double layer is about 400 A°.
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For a given soil particle, the thickness of the 
cation layer depends mainly on the valency and 
concentration of cations. The mono-valent cations, 
such as Na+, lead to a thicker layer compared to 
that by divalent cations, such as Ca2+. The number 

of monovalent cations required is twice the number 
of divalent cations. Increasing the concentration of 
cations close to the surface, reduces the thickness 
Of the cation layer required to neutralise the 
negative charge.

Repulsion occurs between the like charges of 
the two double layers of two particles. 'Ilie forces 
of repulsion between the two particles depend upon 
the characteristics of the double layers. An increase 
in cation valency or concentration results in a 
decrease of repulsive forces. However, Vander 
Waal forces of attraction do not depend upon the 
characteristics of the double layer. These forces

© Cation
© Anion

decrease rapidly with an increasing distance . , ,
between particles. The net force between particles Flg’ 1 use ou e yer‘

will depend upon the relative magnitudes of repulsive forces and attractive forces. Depending upon the 
relative magnitudes, the soil will take either as a dispersed structure or a flocculent structure, as discussed ir
Section 6.15.

6.14. ADSORBED WATER
The water held by electro-chemical forces existing on the soil surface is adsorbed water. As the adsorbed 

water is under the influence of electrical forces, its properties are different from that of normal water. It is 
much more viscous, and its surface tension is also greater. It is heavier than normal water. The boiling point 
is higher, but the freezing point is lower than that of the normal water.

The thickness of the adsorbed water layer is about 10 to 15 A° for colloids but may be upto 200 A0 fa 
silts. The attractive forces between the adsorbed water and the soil surface decrease exponentially with the 
distance until the double layer merges into normal water. The adsorbed water exists in an almost solidified 
state. The pressure required to pull away the adsorbed water layer from the soil surface is very high; it may 
be as high as 10,000 atmospheres.

Adsorbed water imparts plasticity characteristics to soils. The adsorbed water depends upon the clay 
minerals present in the soil. The presence of highly active clay minerals is necessary to give the soil plasticity; 

. The fine-grained soils without clay minerals may develop cohesion if the particle size is very small, but these 
soils cannot be moulded into small threads as these are not plastic.

6.15. SOIL STRUCTURES
The geometrical arrangement of soil particles with respect to one another is known as soil structure. The 

soils in nature have different structures depending upon the particle size and the mode of formation. The 
following types of structures arc usually found. The first two types are for coarse-grained soils and types (3) 
and (4) for clays. Types (5) and (6) are for mixed soils.

(1) Single-grained Structure—Cohesionless soils, such as gravel and sand, are composed of bulky 
grains in which the gravitational forces are more predominant than surface forces. When deposition of these 
soils occurs, the particles settle under gravitational forces and take an equilibrium position as shown in Fig, 
6.14 (a). Each particle is in contact with those surrounding it. The soil structure so formed is known as single- 
grained structure. The arrangement is somewhat similar to the stacking of oranges on a grocer’s counter or to 
that of marble pieces at a toys’ shop.
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(a) Single Grained Structure (b) Honey-comb Structure

Fig. 6.14. Soil structure in sands and sills, (a) Single Grained Structure, (b) Honey-comb Structure

Depending upon the relative position of the particles, the soil may have a loose structure or a dense 
structure. Fig. 6.15 shows spherical particles in the loosest and those in the densest condition. It can be
proved that for the loosest condition, the void ratio is 
0.90 and that for the densest state, is 0.35. In actual 
sand deposits, as the particles are not exactly spherical, 
the void ratio between the loosest and densest 
conditions varies between 0.90 and 0.35.

As mentioned in chapter 3, the engineering 
properties of sands improve considerably with a 
decrease in void ratio or an increase in relative density. 
In general, the smaller the void ratio, the higher the 
shear strength, and the lower the compressibility and 

(a) LOOSE (b) DENSE

Fig. 6.15. Spheres in loosest and densest states.

permeability. Loose sands are inherently more unstable. When subjected to shocks and vibrations, the 
particles move into a more dense state. Dense sands are quite stable, as they are not affected by shock 
and vibrations.

(2) Honey-Comb Structure—It is possible for fine sands or silts to get deposited such that the particles 
when settling develop a particle-to-particle contact that bridges over large voids in the soil mass [Fig. 
6.14(b)]. The particles wedge between one another into a stable condition and form a skeleton like an arch to 
carry the weight of the overlying material. The structure so formed is known as honey-comb structure. The 
honey-comb structure usually develops when the particle size is between 0.002 mm and 0.02 mm.

Honey-comb structure occurs in soils having small granular particles which have cohesion because of 
their fineness. The particles are held in position by mutual attraction due to cohesion. The particles, however, 
do not possess plasticity characteristics associated with clayey soils.

Soils in honey-comb structure are loose. They can support loads only under static conditions. Under 
vibrations and shocks, the structure collapses and large deformations take place. In nature, honey-comb 
structure usually occurs in small pockets, and can be easily detected.

Honey-comb structure can also develop when fine sand is dumped into a filling without densification of 
or when water is added to dry fine sand. The phenomenon is known as bulking of sand (see chap. 7).

(3) Flocculated Structure—Flocculated 
structure occurs in clays. The clay particles 
have large surface area and, therefore, the 
electrical forces' are important in such soils. 
The clay particles have a negative charge on 
the surface and a positive charge on the edges. 
Interparticle contact develops between the 
positively charged edges and the negatively 
charged faces. This results in a flocculated 
structure [Fig. 6.16(a)].

(a) Flocculated Structure (•>) Dispersed
Structure

Fig. 6.16. Soil structure in clay (a) Flocculated Structure, 
(/>) Dispersed Structure
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Flocculent structure is formed when there is a net attractive force between particles.
When clay particles settle in water, deposits formed have a flocculated structure. The degree of 

flocculation of a clay deposit depends upon the type and concentration of clay particles, and the presence of 
salts in water. Clays settling out in a salt water solution have a more flocculent structure than those settling 
out in a fresh water solution. Salt water acts as an electrolyte and reduces the repulsive forces between the 
particles.

Soils with a flocculent structure are light in weight and have a high void ratio and water content. 
However, these soils are quite strong and can resist external forces because of a strong bond due to attraction 
between particles. The soils are insensitive to vibrations. In general, the soils in a flocculated structure have 
a low’compressibility, a high.permeability and a high shear strength,

(4) Dispersed Structure—Dispersed structure develops in clays that have been reworked or remoulded. 
The particles develop more or less a parallel orientation [Fig. 6.16 (&)]. Clay deposits with a flocculent 
structure when transported to other places by nature or man get remoulded. Remoulding converts the 
edge-to-face orientation to face-to-face orientation. The dispersed structure is formed in nature when there is 
a net repulsive force between particles.

The soils in dispersed structure generally have a low shear strength, high compressibility and low 
permeability. Remoulding causes a loss of strength in a cohesive soil. With the passage of time, however, the 
soil may regain some of its lost strength. Due to remoulding, the chemical equilibrium of the particles and 
associated adsorbed ions and water molecules within the double layer is disturbed. The soil regains strength 
as a result of re- establishing a degree of chemical equilibrium. This phenomenon of regain of strength with the 
passage of time, with no change in water content, is known as thixotropy, as already discussed in chapter 4.

(5) Coarse-grained Skeleton—A coarse-grained skeleton 'is a composite structure which is formed when 
the soil contains particles of different types. When the amount of bulky, cohesionless particles is large
compared with that of fine-grained clayey 
particles, the bulky grains are in 
particle-to-particle contact. These particles 
form a framework or skeleton [Fig. 6.17 (a)]. 
The space between the bulky grains is 
occupied by clayey particles, known as 
binders. In nature, the bulky grains are 
deposited first during sedimentation and the 
binder is subsequently deposited.

As long as the soil structure is not 
disturbed, a coarse-grained skeleton can take 

Fig. 6.17. Composite Structure (a) .coarse Graind Skeition, 
(b) Clay Matrix

heavy loads without much deformations. However, when the structure is disturbed, the load is transferred 
from the coarse-grained particles to clayey particles, and the supporting power and the stability of the soil is 
considerably reduced.

(6) Clay-Matrix Structure—Clay-matrix structure is also a composite structure formed by soils of 
different types. However, in this case, the amount of clay particles is very large as compared with bulky, 
coarse- grained particles [Fig. 6.17 (&)]. The clay forms a matrix in which bulky grains appear floating 
without touching one another.

The soils with a clay-matrix structure have almost the same properties as clay. Their behaviour is similar 
to that of an ordinary clay deposit. However, they are more stable, as disturbance has very little effect on the 
soil formation with a clay-matrix structure.

PROBLEMS

A. Numerical
6.1. A dry mineral has a mass of 100 gm and adsorbs 50 mg of calcium. Determine its base exchange capacity. 

[Ans. 2.5 meg per 100 mg]
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B. Descriptive and Objective type
6.2. Differentiate between gravitational forces and surface forces. What is the effect of increased surface area on the 

properties of soils.
6.3. What are primary valence bonds ? What is their importance in soil engineering ?
6.4. What do you understand by hydrogen bond ? Give examples.
6.5. What are secondary valence bonds ? Write a short note on Vander Waal forces.
6.6. Describe the constitution of the two basic structural units required in the formation of clay minerals. Are these 

electrically neutral ?
6.7. Discuss the characteristics and the construction of Kaolinite, Montmorillonite and Illite mineral groups.
6.8. Write short notes on:

(z) Base exchange capacity. (ii) Isomorphous substitution.
(Ui} Electrical double layer (iv} Adsorbed water

6.9. What are different types of soil structures which can occur in nature ? Describe is brief.
6.10. State whether the following statements are true or false.

(a} The mineral quartz is electrically active.
(h) The clay minerals are responsible for plasticty characteristics of soils.
(c) The hydrogen bond is stronger than secondary valence bonds.
(</) Isomorphous substitution docs not change the electrical charge.
(e) The soils containing the mineral halloysite have a high unit weight.
(f) The mineral montmorillonite causes excessive swelling and shrinkage.
(g) The adsorbed water imparts plasticity to soils.
(/i) Honey-comb structure occurs in clayey soils.
(ij Remoulded fine-grained soils have a flocculated structure. [Ans. True, (b), (c), (/). (g)]

C. Multiple-Choice Questions.
1. The behaviour of clay is governed by

(a) Mass energy
(c) Both (a) and (b)

(b) Surface energy
(r/) Neither (a) and (h)

2. Honey-combed structure is found in
(a) Gravels
(c) Fine sands and silts

(b} Coarse sands
(d) clay

3. The weakest bond in soils is
(a) Ionic bond
(c) Hydrogen bond

(b) Covalent bond
(d) Secondary valance bond

4. An octahedral unit
(a) Four negative charges
(c) One negative

(b) Three negative charges 
(zl) No negative charge

5. In illite mineral, the bond between structural units
(a) Hydrogen bond
(c) Water molecules bond

(b} Potassium ion bond
(d) Covalent bond

6. The plasticity characteristics of clays are due to
(a) Adsorbed water
(c) Capillary water

(b) Free water
(d) None of above

7. In line sands and silts, the most common type structure it
(u) Single grained
(c) Flocculated

(b) Honey Comb 
(»/) Dispersed

8. The base exchange capacity of the mineral montmorrillonite is about
(a) 70 meq/100 g
(c) 7 meq/100 g

(b) 700 meq/100 g
(d) 40 meq/100 g

[Ans. 1. (b). 2. (c), 3. (r/), 4. (b), 5. (b) 6. (a), 7 (b), 8 (a)]
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Capillary Water

7.1. TYPES OF SOIL WATER
The soil water is broadly classified into two categories: (1) Free water, and (2) Held water. Free water 

moves in the pores of the soil under the influence of gravity. The held water is retained in the pores of the 
soil, and it cannot move under the influence of gravitational force.

Free water flows from one point to the other wherever there is a difference of total head. The rate al 
which the head is lost along the flow passage is equal to the hydraulic gradient. The flow of free water in 
soils is just like laminar flow in pipes. Because of very small flow passages in the soil, the velocity head is 
generally neglected, and the total head is taken equal to the sum of the elevation head and the pressure head. 
Free water is discussed in chapter 8.

Held water is further divided into three types : (1) Structural water, (2) Adsorbed water, and (3) Capillary 
water. The structural water is chemically combined water in the crystal structure of the mineral of the soil. 
This water cannot be removed without breaking the structure of the mineral. A temperature of more than 300 
°C is required for removing the structural water. In soil engineering, the structural water is considered as an 
integral part of the soil solid.

The water held by electrochemical forces existing on the soil surface is known as adsorbed water, as 
discussed in chapter 6. The quantity of adsorbed water depends upon the colloidal fraction in the soil the 
chemical composition of the clay mineral and the environment surrounding the particle. The adsorbed water 
is important only for clayey soils. For coarse- grained soils, its amount is negligible or zero.

The adsorbed water is also sometimes allied hygroscopic water. The amount x»f water in an air-dried soil 
is defined as hygroscopic water. Since air drying removes capillary water and free water, the remaining water 
is approximately equal to the adsorbed water. Hygroscopic water depends upon the humidity and temperature 
of air. It is assumed that oven drying removes all the hygroscopic water. The amount of water in an air-dried 
sample, expressed as a percentage of the dry mass, is known as hygroscopic water content.

The water held in the interstices of soils due to capillary forces is called capillary water. This chapter 
discusses mainly the capillary water and its effect on soils.

7.2. SURFACE TENSION
To understand surface tension, let us consider a 

molecule of water surrounded by other molecules in 
the body of water, as shown in Fig. 7.1 (a). The 
forces due to molecular attraction act all around, and 
the molecule is in equilibrium. However, at the free 
surface, as shown in Fig. 7.1 (i>). the pull from the 
air above is smaller than the pull from the water 
molecules below and the equilibrium is disturbed.

(a) (b)
(«) G>)

Fig. 7.1. Effect of Surface tension.
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The forces tend to reduce the surface area of the air-liquid surface to a minimum. The surface assumes a 
curved shape to maintain equilibrium. The interface behaves like a stretched membrane or a skin. The surface 
tension exists at the interface. Surface tension is defined as the force per unit length of a line drawn on the 
surface. It acts in the direction normal to that line. The surface tension of water at normal temperature is 
about 0.073 N/m at 20°C. It decreases with an increase in temperature.

It is because of surface tension that a small needle can float on water, and insects can walk on it.
Capillary water exists in soils so long as there is an air-water interface. As soon as the soil is submerged 

under water, the interface is destroyed, and the capillary water becomes normal, free water. The capillary 
water is always under tension (negative pressure). However, the properties of the capillary water are the same 
as that of normal, free water.

73. CAPILLARY RISE IN SMALL DIAMETER TUBES
Water rises in small diameter, capillary tubes, because of adhesion and cohesion. Adhesion occurs 

because water adheres or sticks to the solid walls of the lube. Cohesion is due to mutual attraction of water 
molecules. If the effect of cohesion is less significant than the effect of adhesion, the liquid wets the surface 
and the liquid rises at the point of contact. However, if the effect of cohesion is more predominant than 
adhesion, the liquid level is depressed at the point of contact, as in the case of mercury.

If a glass tube of small diameter, open al both ends, is lowered into water, the water level rises in 
the tube, as the water wets the tube. Let 0 be the angle of contact between the water and the wall of the 
tube [Fig. 7.2 (a)].

Fig. 7.2. Capillary Rise

Fu = Upward pull due to surface tension = (Tr cos 0) nd 

where Ts = surface tension and d diameter of the tube.
Fd = Downward force due to mass of water in the tube

- 7„(tc/4 rf2) x h, 
where he = height of capillary rise. 

For equilibrium, Fu = Fd

or (T, cos 0) nd » (jc/4 rf2) hc

4 7'cos 0 4 7’. cos 0
or hc - ---------z— = ------------y- ...(7.1}

Iwd gpwd

For a clean glass tube and pure water, the meniscus is approximately hemispherical, Le. 0 = 0. Therefore,
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...(7.2)

Taking Ts = 0.073 N/m, = 9810 N/m3,

4 x 0.073 3 x 10-5
---------------T~ me,res

where d is in metres.

If d is in centimeters,

If hc and d both are in cm,

, 3 x 10~3
h, = -------------- metres

d

. 0.3
hc = — cm 

d
...(7.3)

Capillary rise in tubes of non-uniform diameter depends upon the direction of flow of water. If a tube 
with a large bulb is dipped in water, the water is lifted due to capillary action, but it may not rise pits! the 
bulb where the diameter is d2 [Fig. 7.2 (&)]. The capillary rise is limited to a height of (he)i because water 

cannot maintain equilibrium at a large diameter d2.

If the same tube, with a large bulb is filled by pouring water from above or by lowering the tube below 
the water level and then raising when filled, an equilibrium is maintained at a height (hc)2 [Fig. 7.2 (c)]. The 
water is able to maintain equilibrium at the diameter d{ above the bulb.

Thus the capillary rise in tubes of non-uniform diameter is more if the flow is downward than when it is 
upward. The capillary rise does not depend upon the shape and the diameter of the tube below the meniscus 
when the flow is downward. In upward Dow, the capillary rise is terminated if the diameter of the tube is 
greater than that required for equilibrium.

The height of capillary rise does not depend upon the inclination of the tube. Even if the capillary tube 
is inclined, the vertical rise of water remains the same, equal to hc.

In a capillary tube of uniform 
diameter, no water can be retained 
when lifted. The upward forces (F„) 
due to surface tension are balanced by 
downward forces (Fd) at the lower end 
[Fig. 7.3 (a)]. However, if the tube is 
necked, with smaller diameter at top, 
the upward force (F„) is greater than 
the downward force (Fd), and some 
water can be retained in the tube [Fig. 
73 (h)].

7.4. CAPILLARY TENSION
The water in a capillary tube is 

under a negative pressure, commonly 
called tension. The pressure variation in Fig. 7.3. Capillary Tube when lifted

the capillary tube of Fig. 7.4 (a) can be determined as follows. The pressure at point D al the free surface is 
atmospheric Le., equal to zero gauge pressure. (In soil engineering, generally gauge pressures are used). The 
pressure at point C, which is at the same level as point D, is also zero. From laws of hydrostatic, the pressure 
at point B, which is at a height of hc above the free surface, is given by

= ...(7.4)
The pressure is negative because it is less than atmospheric pressure. In other words, the water al point 

B is under tension.
The capillary rise at any point E is h, and therefore the pressure is given by



CAPILLARY WATER 123

Fig. 7.4. Pressure Variation.

(b)

PE =
The capillary tension, therefore, varies linearly with the height of point above the water surface, as shown 

in Fig. 7.4 (£>). The pressure at point F below the water surface is, of course, positive (hydrostatic).
As the capillary tube is open to atmosphere, the pressure at point A above the meniscus is atmospheric, 

i.e. zero. Therefore, the pressure difference across the two sides of the meniscus is equal to The 
pressure difference is also known as pressure deficiency (p").

Thus p" - ywhc

Substituting the value of hc from Eq. 7.2,

If the meniscus is not hemi-spherical and it has diameters dj and dj in two orthogonal directions, it can 
be shown that

Capillary water can be likened to hanging of a weight to the inside walls of a chimney. The walls of the 
chimney support the load and transfer it as reaction to the base. The weight causes compressive stresses in 
the walls of the chimney. In a similar manner, the capillary water causes compression in the walls of the glass 
tube. The compressive force (F) is equal to the weight of suspended column of water.

r - y. ■■■V-l)

The compressive stress in the wall of the tube can be determined from the contact area and the 
compressive force. The compressive stress is constant in the entire height hc of the tube.

7.5. CAPILLARY RISE IN SOILS
The water which falls on the ground as rain flows under gravity and passes through the soil and reaches 

a surface known as ground water table. The soil is saturated below the ground water table. The level to which 
underground water rises in an observation well is called ground water table or simply water table. The ground 
water table is also called as the ground phreatic surface, a term derived, from the Greek word phreos, 
meaning a well. Ground water, which is a form of free water, is not static. It is a moving stream which flows 
under gravitational force. The water table is not horizontal. It takes the shape according to the topography. 
The water is drawn above the water table (abbreviated at W.T.) due to capillary action.

A soil mass consists of a number of interconnected interstices which act as capillary tubes of varying 
diameters. Although the channels formed by interconnected interstices are not circular in cross-section, the 
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results of capillary rise in circular tubes are useful for understanding the phenomenon of capillary rise in soils. 
The channels formed in the soil are a sort of capillary tubes of varying diameter but not necessarily vertical. 
These capillary tubes may be inclined in any direction.

Capillary rise in soils depends upon the size and grading of the particles. The diameter (d) of the 
channels in pore passage depends upon the diameter of the particle. It is generally taken as one-fifth of the 
effective diameter (Dio) in case of coarse-grained soils.

QROUND surface___
Thu- j _ o 2 D

As the capillary rise is inversely proportional to the 
diameter of toe tube, the capillary rise is small in 
coarse-grained soils, but it may be very large in 
fine-grained soils. In some very fine-grained soils, it 
may be even more than 30 m.

The space above the water table can be divided 
into two regions : (1) Zone of capillary saturation, in 
which the soil is fully saturated. (2) Zone of aeration, 
in which the soil is not saturated (Fig. 7.5). The height 
capillary fringe. It includes the zone of capillary saturat 
capillary water exists in interconnected channels.

ZONE OF AERATION

ZONE OF CAPILLARY SATURATION

V W.T.

Fig. 7.5. Capillary zone.

to which capillary water rises in soils is known as 
ion and a part of the zone of aeration in which the

The soil above toe capillary fringe may contain water 
in the form of contact water (Fig. 7.6). In this form, water 
forms a meniscus around the point of contact. Surface 
tension holds toe water in contact with soil. Because of 
the tension in the capillary water, there is an equal and 
opposite force induced at the points of contacts which 
presses toe particles together. The contact pressure 
depends upon the water content, particle size, angle of 
contact and density of packing. The contact pressure 
decreases as the water content increases because of an Fig. 7.6.

moisture

increase of radius of meniscus. Eventually, a stage is reached when the contact pressure becomes zero as soon 
as the soil becomes fully saturated.

Terzaghi and Peck (1948) gave a relationship between the maximum height of capillary fringe and the 
effective size, as

- eDa ...(7.S)

where C = constant, depending upon the shape of the grain and impurities. 
e - void ratio.

= effective diameter, the size corresponding to 10% percentage finer.

If Di0 is in mm, the value of C varies between 10 to 50 mm2, and the height (A)max is also given in mm.
If Dl0 and are in centimeters, C - 0.1 to 0.5 cm2.

Table 7.1 gives representative heights of capillary rise in different soils.

Table 7.1. Representative Heights of Capillary Rise
S.No. Soil Type Capillary rise (m)

1. Fine gravel 0.02 to 0.10
2. Coarse sand 0.10 to 0.15
3. Fine sand 0.30 to 1.00
4. Silt 1.0 to 10.0
5. Clay 10.0 to 30.0
6. Colloid more than 30.0
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7.6. SOIL SUCTION
As in the case of a capillary tube, the water in the soil above the water table has a negative pressure. The 

soil is in a state of reduced pressure, known as soil suction. The soil suction is measured in term of the height 
of water column suspended in soil. Generally, it is expressed in terms of the common logarithm of the height 
in centimeters, and is known as PF value. For example, a soil suction of 100 cm of water column can be 

represented as PF equal to 2, because,

100 = 102cm and log}S° = 2

A PF value of zero corresponds to a soils suction of 1 cm, as log{0 = 0.

Although the soil suction represents a negative pressure, it is customary to omit the negative sign.
The soil suction can also be represented in pressure unit, using the relation,

1 cm of water column = 0.0098 N/cm2

7.7. CAPILLARY POTENTIAL
The tenacity with which the soil holds the capillary water is measured in terms of the capillary potential 

or matrix potential. The capillary potential (i|>) is defined as the work done to take away a unit mass of water 
from a unit mass of soil. It is numerically equal to the tension (negative pressure) in the soil water but it is 
of opposite sign. Therefore,

t ■ -p -m
where p is tension in soil.

[Note. Some authors express capillary potential as energy per unit mass in kJ/kg.
For example, if p = 1 bar = 100 kN/m2,

100
height of water column = = 10.2 m and T*  = 10.2 x 9.81 = 100 kJ/kg]

It is worth noting that the capillary potential is always negative. The maximum possible value of i|> is 
equal to zero when the soil tension is zero, which occurs when the water is at atmospheric pressure. As the 
water content in the soil decreases, the tension increases. This causes a decrease in capillary potential. The 
capillary potential is minimum when the water content is minimum.

Water in the capillary fringe is seldom under equilibrium. It moves from a region of high potential (more 
water content) to a region of low potential (less water content). The water starts moving as soon as the 
suction equilibrium is disturbed either due to evaporation of water or due to an increase in water content. The 
velocity of the capillary water is given by

v - • i, ...(7.10)

where ku = coefficient of unsaturated permeability,
4 = suction gradient, which is equal to the potential difference per unit length.

7A CAPILLARY TENSION DURING DRYING AND WETTING OF SOILS
Capillary tension develops not only in the soils above the water table but also in a soil when its water 

content is reduced. When the water content of a saturated soil is reduced by drying, the water recedes into 
the interstices of the soil and forms menisci. As the water content is reduced further, the menisci recede. The 
radii of curvature decrease, and there is a corresponding increase in soil suction.

Fig. 7.7 shows the relationship between the soil suction and the water content of a soil. The suction at a 
particular water content is more when the soil is drying than when the soil is wetting, and a hysterisis loop 
is formed. The reason for the difference in soil suction is that during drying the release of water from the 
larger pores is controlled by the surrounding smaller pores, whereas during wetting it is not controlled by the 
smaller pores. The phenomenon is somewhat similar to the flow of capillary water in tubes of non- uniform 
diameter discussed in Sect 73. The process of drying is analogous to the flow of water in the downward 
direction, in which the capillary rise does not depend upon the larger diameter of the bulb.
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The increase in soil suction with 
decreasing water content is continuous over 
the entire range of water content. Its value 
is zero when the soil is saturated and is very 
high when the soil is oven dry. When a dry 
soil is submerged under water, the meniscus 
is destroyed and the soil suction is reduced 
to zero. The capillary water changes to free 
water.

7.9. FACTORS AFFECTING SOIL
SUCTION
The suction in soils depends mainly on 

the following factors:
(1) Particle size—In general the 

smaller the particle size, the greater 
is the soil suction. The soils with Fig. 7.7. Drying and Wetting Cycle.

fine particles have a large number of small pores with small radii of menisci. It results in a large 
capillary rise and hence greater suction.

(2) Water content—As the water content of a soil decreases, the soil suction increases and it attains the 
maximum value when the soil is dry. As discussed above, with a decrease in water content, water 
recedes into smaller pores resulting in the decrease of the radius of curvature of the meniscus.

(3) History of drying or wetting cycle—As discussed in the preceding section, for the same water 
content, the soil suction is greater during the drying cycle than in the wetting cycle.

(4) Soil Structure—The soil structure governs the size of interstices in the soils. As the soil suction 
depends upon the size of interstices, a change in the soil structure affects the soil suction.

(5) Temperature—A rise in temperature causes a reduction in surface tension (Ts~) of the water. 
Consequently, the soil suction decreases as the temperature increases.

(6) Denseness of soil—As the denseness of a soil increases, generally soil suction increases. When the 
soil is loose, with a low density, the pores are of large radius and the soil suction is low.

(7) Angle of contact—The angle of contact between water and soil particles depends upon the 
mineralogical composition of soils. As 
the angle of contact (8) increases, the 
soil suction decreases. The soil suction 
is maximum when the angle of contact 
is zero.

(8) Dissolved salts—The surface tension of 
water increases with an increase in 
impurities, such as salt. Therefore, the 
dissolved salts cause an increase in soil 
suction.

7.10. MEASUREMENT OF SOIL SUCTION
Suction in a soil mass can be measured 

using the following methods:

(1) Tensiometer Method—A tensiometer 
consists of a porous pot filled with water. The 
top of the porous pot is connected to a U- tube 
containing mercury. The pot is placed in the soil 
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whose suction is to be determined (Fig. 7.8).

The soil draws water from the porous pot. The process continues till an equilibrium is attained, when the 
suction inside and that outside the pot are equal. The suction (p") inside the porous pot can be calculated, 
using the manometer equation (see any text on Fluid Mechanics), as

0 -13.6 ft x 9.81 + (ft + y) x 9.81 = p"
or p" = -(12.6ft + y) x 9.81 ...(7.11)

where ft = deflection of mercury in manometer in metres,
y = vertical intercept between the mercury level in the right limb of the manometer and the 

centre of the pot.

Ilie soil suction (p") can be calculated using Eq. 7.11 once the values of ft and y have been determined.
Illis method is suitable for determination of soil suction upto 0.8 bar or 80 kN/m2 or 800 cm of water.

(2) Suction Plate Method—In this method, the soil sample is placed over a porous plate known as 
suction plate. The suction plate is in 
contact with water in the reservoir (Fig. 
7.9). The water reservoir is connected 
to a pipe. A mercury manometer is 
attached to the pipe as shown. The 
other end of the pipe is connected to a 
vacuum pump.

The soil sample takes water from 
the reservoir through the porous plate. 
The meniscus in the pipe has a 
tendency to move towards left, which 
indicates that the water is being drawn Fig. 7.9. Suction Plate.

into the soil. The water meniscus is kept stationary by means of the vacuum pump. The soil suction is equal 
to the reduction in the pressure as shown by the deflection (ft) of mercury in the manometer.

This method of measurement is suitable for a suction upto 1 bar or 100 kN/m2 or 10 m of water.

(3) Centrifuge Method—In this 
method, the centrifuging action occurs 
on the soil due to its rotation. The soil 
sample is placed on a porous pot as 
shown in Fig. 7.10. The pot is enclosed 
in a brass case which can be rotated 
about the centre of rotation.

As the rotation occurs, water from 
the soil comes out and travels through 
the walls of the porous pot to the water 
reservoir in the brass case marked with 
water level as the water table (W.T.). 
The level of the water table is kept 
constant, as the excess water passes 
through the escape hole provided at 
that level. The migration of the water 
from the soil to the water table 
continues till the suction of the water Fig. 7.10. Centrifuge Method

left in the soil is just equal to that required for equilibrium. The soil suction can be determined as

* ■ ...(7.12)
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where h = soil suction, expressed in terms of the height of water column (log h = PF).

co = rotational speed (radians per second)
ri = radial distance from the centre of rotation to the water table

r2 = radial distance from the centre of rotation to the middle of the soil sample.

The test is conducted at various speeds to obtain a relationship between the water content and the soil 
suction.

The centrifuge method can be used for determination of very high suctions, of the order of several 
thousands of kN/m2. For accurate results, thin samples shall be used. If the sample is relatively thick, it is 

subjected to an additional overburden pressure due to its own weight and erroneous results are obtained.

7.11. FROST HEAVE
The water which migrates upward from the water table to the capillary fringe may freeze if the 

atmospheric temperature falls to the freezing point, and the ice is formed. This results in an increase in the 
volume of soil, because when water is converted into ice, there is about 9% increase in its volume. If the 
porosity of the soil is 45% and the soil is saturated, the expansion of the soil would be (0.09 x 45) = 4.05%. 
In other words, there would be a heave of about 4 cm in every one metre thickness of the soil deposit. Due 
to frost heave, the soil at the ground surface is lifted. This may cause the lifting of light structures built on 
the ground.

The frost heave observed in most of the soils is much more than a heave of about 4 cm per metre. This 
is due to the fact that when the ice lenses are formed in the soil due to freezing of water, the water film from 
the adjacent soil particles is also removed. This disturbs soil suction equilibrium and more water is drawn up 
from the water table by capillary action to replenish the water deprived by the ice lenses from the soil 
particles (Fig. 7.11). This process may cause a frost heave of 20 to 30% of the soil depth.

G.S

Fig. 7.11. Ice Lenses.

The soils which are prone to frost action are mainly silts and fine sands. These soils have large capillary 
rise due to relatively fine particles. Moreover, water can easily flow through these soils because of fairly good 
permeability. In coarse-grained soils and clayey soils, the frost heave is relatively small. In coarse-grained 
soils, the frost heave is limited to about 4%, as there is very little capillary rise. Clayey soils, on the other 
hand, have very large capillary rise, but their permeability is very low. The water cannot move easily through 
these soils and, therefore, the frost heave is limited. However, if the clayey deposited have fissures and 
cracks, water moves easily and a large frost heave may occur in such soils.

If the temperature persists below the freezing point for a long period, frost penetrates the soil further, and 
the depth of the affected soil increases. The depth upto which the water may freeze is known as the frost line.

The basic condition for the formation of the frost heave may be summarised as under:
(1) The temperature in the soil is below freezing point and persists for a long period.
(2) A reservoir of the ground water is available sufficiently close to the frost line to feed the growing 

ice lenses by capillary action.

(3) The soil is saturated at the beginning and during the freezing period.
(4) The soil has sufficiently high capillary potential to lift the water above the ground water table.
(5) The soil has good permeability so that water moves quickly through it.
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The cracks and fissure also permit rapid movement of water.

(6) The soil particles of size about 0.02 mm are most prone to frost heave.
If a uniform soil contains more than 10% particles of the size 0.02 mm or if a well-graded soil contains 

more than 3% particles of this size, the soil is prone to frost heave.
The foundations of structures should be carried below the frost depth to avoid possible frost heave after 

the completion of the structure. However, highways and runways have limited depth below-the ground surface 
and cannot be constructed below the frost line. In such cases, other measures are taken to reduce frost heave, 
as discussed in Sect. 7.13.

7.12. FROST BOIL
After the occurrence of frost heave, if the temperature rises, the frozen soil thaws and free water is 

liberated. Thawing process starts from the upper layer and moves downwards. The liberated water is trapped 
in the upper layer while the lower layers are still frozen. The strength of the soil in the upper layer is reduced 
due to its softening caused by an increases in water content. The process of softening of soil due to liberation 
of water during thawing is known as frost boil.

Frost boil affects the structures resting on the ground surface. The effect is more pronounced on highway 
pavements. A hole is generally formed in the pavement due to extrusion of soft soil and water under the 
action of wheel loads. In extreme cases, the pavement breaks under traffic, and there is ejection of subgrade 
soil in a soft and soapy condition.

,i Coarse-grained soils are not affected much by frost boil, as the quantity of liberated water is small, and 
that too is drained away quickly. The soils most prone to the softening effect are silty soils. These soils have 
low plasticity index and become very soft with a small increase in water content. Clayey soils are not affected 
as much as silly soils since the quantity of liberated water is small and the plasticity index is high.

7.13. PREVENTION OF FROST ACTION
The frost heave and frost boil cause great difficulties in the maintenance of highways and runways, as 

discussed above. The following measures are usually taken to mitigate the ill effects of the frost action.
(1) The most effective method of prevention of frost action is to replace the frost-susccptible soil by coarsc-

grained soils such as gravels or coarse sands. In 
most cases, the method is not economically feasible 
owing to large quantities of soils involved.

(2) The frost action can be prevented by 
providing an insulating blanket between the water 
table and the ground surface. The insulating 
blanket consists of gravel, and has a thickness of 
15 to 30 cm. The blanket reduces the capillary 
action and hence the migration of water and the 
formation of ice lenses (Fig. 7.12).

(3) A good drainage system prevents the frost 

GROUND SURFACE

/—GRAVEL BLANKET

Fig. 7.12. Insulating Blanket.

action in two ways: (i) It lowers the water table and thus increases the distance between the ground surface and 
the water table, (it) The water liberated during thawing is drained away quickly by the drainage system.

(4) Sometimes additives are used to reduce frost action. Dispersion agents, such as sodium poly­
phosphate, when mixed with soil, decrease the permeability of the soil.

(5) Water proofing materials and other chemicals are also used to change the adsorbed cations on the clay 
minerals to reduce the tendency of soils to attract the water dipole.

7.14. SHRINKAGE AND SWELLING OF SOILS
Shrinkage A clayey soil shrinks when water evaporates from it. If water is added to such soils, swelling 

takes place. Shrinkage and swelling are characteristics of clayey soil. The coarse-grained soils have v»ry little 
shrinkage and swelling.
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Shrinkage is due to tension in soil water. When tension (negative pressure) develops in water, 
compressive forces act on the solid particle. The compressive forces induced in the solid particles are similar 
to those induced in the walls of the capillary tube discussed in Sect. 7.4. When the water content of a soil
mass reduces due to evaporation, the meniscus 
retreats. This causes compression of the solid 
particles and hence a reduction in the volume 
of the soil mass.

The stresses in pore water during 
shrinkage can be studied from the capillary 
tube analogy (Sect. 7.4). Let us consider a soil 
mass consisting of spherical, solid particles, 
shown in Fig. 7.13. When the capillary spaces 
between the particles are completely filled Fig. 7.13. Retreating of Meniscus.

with water, the meniscus forms a plane surface, as indicated by 1-1. The tension in water is zero. As 
evaporation takes place, water is removed from the free surface and the meniscus retreats to the position 2-2. 
This process causes tension in the water and corresponding compressive forces on the solid grains. The 
tension developed depends upon the radius of the meniscus.

With further evaporation, the meniscus retreats to position 3-3 and the radius decreases. This increases 
the compressive forces acting on the solid particles. Eventually, when the meniscus attains the minimum 
radius, shown by position 4-4, it is fully developed and the compressive forces induced are maximum. Further 
recession of the meniscus does not increase the compressive forces, as there are nd pores of smaller radius.

The lower limit of the volume occurs at the shrinkage limit. At the shrinkage limit, the soil is still 
saturated, but there is no free water at the soil surface. Further drying does not cause a reduction in its 
volume as the soil resistance exceeds the compressive forces. As soon as the shrinkage limit is reached, the 
surface becomes dry. It is indicated by a change in the colour of the soil surface to a lighter shade.

There may be a small additional shrinkage after the shrinkage limit, but this is usually ignored.
Swelling When water is added to a clayey soil which had shrunk by evaporation of the pore water, the 

menisci are destroyed. The tension in soil water becomes zero. The compressive forces between the solid 
particles reduce considerably, and elastic expansion of the soil mass occurs and this causes some swelling. 
However swelling mainly occurs due to attraction of dipolar molecules of water to the negatively charged soil 
particles. The swelling also depends upon a number of other factors, such as mutual repulsion of clay 
particles and their adsorbed layers and the expansion of entrapped air. The mechanism of swelling is much 
more complex than that of shrinkage.

Effects of Shrinkage and Swelling of Soils
Shrinkage and swelling create many problems, as discussed below.
(1) Shrinkage and swelling cause the deformations and stresses in the structures resting on or in the soil.
(2) High swelling pressures develop if the soil has an access to water, but is prevented from swelling. 

The light structures may be lifted if the swelling pressure is excessive.

(3) In semi-arid regions, the clay near the ground surface is subjected to shrinkage during dry periods 
and the cracks are formed. During wet periods, the clay swells and the cracks are closed. This 
process of the formation and closing of the cracks may cause the development of fissures in soils.

(4) If silt particles drop into the shrinkage cracks formed behind the retaining wall, particles later swell 
and force the retaining wall out of the plumb. Il may cause the failure of the wall if it had not been 
properly designed to resist the pressure so developed.

(5) If the soil below the pavements has high shrinkage and swelling properties, it creates the problems 
in the maintenance of highways and runways.

7.15. SLAKING OF CLAY
When a clay that had been dried well below the shrinkage limit is suddenly immersed in water, it
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disintegrates into a soits wet mass. The process is known 
as slaking of clay. Slaking can be explained as below.

When the soil dries to a water content lower than 
the shrinkage limit, some of the voids get filled with air 
(Fig. 7.14). Water enters these air-filled voids when the 
soil is immersed in water, ^his causes an explosion of 
the voids, and therefore disintegration of soil occurs.

According to another interpretation, when water Fig. 7.14. Slaking of Clay.

enters the pores, it forms menisci which react against the air in the void. The entrapped air is subjected to 
very high pressure and the soil mass disintegrates.

7.16. BULKING OF SAND
If a damp sand is loosely deposited, its volume is much more than that when the same sand is deposited 

in a loose, dry state. The phenomenon of increase in volume of sand due to dampness is known as bulking 
of sand.

In damped state, cohesion develops between the particles due to capillary water. The cohesion prevents 
the particles from taking a stable position. A sort of honey-comb structure is formed. The effect is 
predominant when the water content is between 4 to 5%. The increase in volume due to bulking is between 
20 to 30% for most sands.

If the damp sand is saturated by adding more water, the effect of capillary action is eliminated and the 
volume of the sand mass is decreased.

7.13. CAPILLARY SIPHONING
In an earth dam with an impervious core, capillary siphoning may occur (Fig. 7.15). The water rises in 

the outer shell due to capillary action. If the crest (top level) of the impervious core is in the reach of

Fig. 7.15. Capillary Siphoning.

capillary rise, water flows from the' storage reservoir to the downstream over the core. Considerable quantity 
of stored water may be lost due to capillary siphoning. To prevent this, the crest of the impervious core 
should be kept sufficiently high. In other words, the difference of top level of the core and water level in the 
reservoir should be more than the capillary rise in soil of the shell.

ILLUSTRATIVE EXAMPLES

Illustrative Example 7.1. What is the negative pressure in the water just below the meniscus in a 
capillary tube of diameter 0.1 mm filled with water.. The surface tension is 0.075 N/m and wetting angle is 10 
degrees..

Solution. From Eq. 7.1,

4 Ts cos 0 4 x 0.075 x 0.9848
hc =-----------— =-----------------------------------------r = 0.301 m

gpwd 9.81 x 1000 x 0.1 x io~3

Negative pressure = ywAc = 9.81 x 1000 x 0.301

= 2952.81 N/m2 = 2.953 kN/m2
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Illustrative Example 7.2. Estimate the capillary rise in a soil with a void ratio of 0.60 and an effective 
size of 0.01 nun. Take C = 15 nun2.

Solution. From Eq. 7.8,

he
C 15
,, ° n nt " 2500 mm = 2.5 m

eDl0 0.6 x 0.01

Illustrative Example 73. The pp of a soil is 2.50. Determine the capillary potential of the soil.

Solution. Soil suction - (10)2 5 - 316.23 cm - 3.1623 m

Capillary potential - -3.1623 x 9.81 x 103 N/m2

- -31.02 kN/m2

Illustrative Example 7.4. The capillary rise in a soil A with an effective size of 0.02 mm was 60 cm. 
Estimate the capillary rise in a similar soil B with an effective size of 0.04 mm.

Solution. From Eq. 7.8,
\he)2

60

(^10)2
“ (£>to)i

- - 2 or (hc)2 - 30 cm

Illustrative Example 7.5. The capillary rise in silt is 50 cm and that in fine sand is 30 cm. What is the 
difference in the pore size of the two soils ?

Solution. From Eq. 7.3, hc
0.30

= —T- cm 
a

For silt, (he)i = 50 = or dt = 6.0 x 10-3 cm
“1

For fine sand, (ftjj - 30 = or d, = 10.0 x 10‘3 cm
“2

Difference in pore size - (10.00 - 6.0) x IO-3 

- 4.00 x 10"3 cm

PROBLEMS

A. Numerical
7.1 Find the capillary rise in a sandy soil which has a void ratio of 0.65 and the effective size of particle is 

0.07 mm. Take C = 0.1 cm2. [Ans. 21.98 cm]

7.2. The effective size of a soil is 0.015 mm. Estimate the height of capillary rise. Take surface tension as
0.074 N/m. [Ans. 10 m]

7-3. Compute the maximum capillary tension for a capillary tube of 0.1 mm diameter. Take surface tension as 
0.075 N/m. [Ahs. 3.0 kN/m2]

7.4. The glass vessel shown in Fig. P 7.4 is filled with water. It has two holes of diameter 0.01 cm and 0.03 cm as 
shown. If a fully- developed meniscus is formed in the upper hole, determine the height h of the wall of the 
vessel. [Ans. 20.27 cm]

7-5. In Prob. 7.4, if both the holes are of the same diameter, equal to 0.01 cm, determine the contact angle in the 
lower hole if that in the upper hole is zero and h = 20.27 cm. [Ans. 70.54°]

B. Descriptive and Objective Type
7.6. What are different categories of soil water ? Describe in brief.
7.7. Discuss the phenomenon of capillary rise in soils. What are the factors that effect the height of capillary zone ?
7.8. What is soil suction ? How is it measured ? What are the factors that affect soil suction ?
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Fig. P. 7.4

7.9. Differentiate between frost heave and frost boil. What is their effect on soils ? How frost action can be 
prevented ?

7.10. Write a note on shrinkage and swelling of soils.
7.11. Discuss the phenomena of slaking and bulking.

C. Multiple Choice Questions
1. Capillary rise in a small tube is due to

(o) Cohesion (/>) Adhesion
(c) Both cohesion and adhesion (</) Neither (a) nor (b)

2. The surface tension of water at normal temperatures is about
(a) 0.73 dynes/m (/>) 0.73 N/m
(c) 0.073 N/m (r/) 0.073 kN/m

3. The capillary rise in clay is usually between
(a) 0.10 and 0.15 m (b) 0.3 and 1.0 m
(c) 1.0 and 10.0 m (</) greater than 10 m

4. A pF value of zero corresponds to a soil section of
(a) 1 m (/>) zero metre
(c) 1 cm (</) 10 cm

5. The frost heave in the following type of soils is generally high 
(a) Coarse sands (&) clays
(c) Fine sands and silts

6. Bulking of sands is usually 
(a) Less than 10%
(c) Greater than 30%

(</) gravels

(/>) Between 20 to 30%
(d) Between 10 to 20%

7. The frost heave depth as percentage of the soil depth in fine sands and silts is about 
(a) 4 to 5% (/>) 5 to 10%
(c) 10 to 15% ’ (d) 20 to 30%

8. A tension of 1 kN/m2 corresponds to a capillary potential of
(a) 1 kJ/kg (b) 10 kJ/kg
(c) 100 kJ/kg (d) 1000 kJ/kg

[Ans. I. (c), 2. (c), 3. (d), 4. (c), 5. (c), 6. (b), 7. (d), 8. (a)]



8
Premeability of Soils

8.1. INTRODUCTION
A material is porous if it contains interstices. Hie porous material is permeable if the interstices are 

interconnected or continuous. A liquid can flow through a permeable material. Electron photomicrographs of 
even very fine clays indicate that the interstices are interconnected. However, the size, cross- section, and 
orientation of the interstices in different soils are highly variable. In general, all the soils arc permeable.

The property of a soil which permits flow of water (or any other liquid) through it, is called the 
permeability.. In other words, the permeability is the ease with which water can flow through it. A soil is 
highly pervious when water can flow through it easily. In an impervious soil, the permeability is very low and 
water cannot easily flow through it. A completely impervious soil does not permit the water to flow through 
it. However, such completely impervious soils do not exist in nature, as all the soils are pervious to some 
degree. A soil is termed impervious when the permeability is extremely low.

Permeability is a very important engineering property of soils. A knowledge of permeability is essential 
in a number of soil engineering problems, such as settlement of buildings, yield of wells, seepage through and 
below the earth structures. It controls the hydraulic stability of soil masses. The permeability of soils is also 
required in the design of filters used to prevent piping in hydraulic structures.

As mentioned in chapter 7, free water or gravitational water flows through soils under the influence of 
gravity. Flow of free water depends upon the permeability of the soil and the head causing flow. This chapter 
deals with Darcy’s law for flow of water, the methods for the determination of permeability and the factors 
affecting the permeability of soils. Further details of flow of water and seepage problems are discussed in the 
next chapter.

8.2. HYDRAULIC HEAD
The total head at any point in a flowing fluid is equal to the sum of the elevation (or datum) head, the 

pressure head and the velocity head. The elevation head (z) is equal to the vertical distance of the point above 
the datum. The pressure head (p/yw) is equal to the head indicated by a piezometer with its tip at that point. 
The velocity head is equal to v2/2g. However, for flow of water through soils, as the velocity (v) is extremely 

small, the velocity head is neglected. Therefore, the total head of water in soil engineering problems is equal 
to the sum of the elevation head and the pressure head. For flow problems in soils, the downstream water 
level is generally taken as datum. The piezometric level is the water level shown by a piezometer inserted at 
that point. The line joining the piezometric levels at various points is called a piezometric surface. The 
piezometric surface also represents the hydraulic gradient line (HGL). The sum of the pressure head and the 
elevation head is known as the piezometric head.

Fig. 8.1 shows two vessels A and B containing water at different levels and connected by a small tube 
containing soil sample. Let the length of the tube be L. The flow takes place from the vessel A with a high 
head to the vessel B with a low head through the tube. With datum at the water level in the vessel B, the



PERMEABILITY OF SOILS 135

Point Elevotion head Pressure head Total head

1 -Z, hl h

2 -Z2 h2 h'

3 -z3 h3 0

Fig. 8.1. Various Heads.

elevation head, the pressure head and the total head at three points 1, 2 and 3 are also shown in the figure. 
The total head at point 1 is h and that at point 3 is zero. 'Ilie head h is known as the hydraulic head. It is 
equal to the difference in the elevations of water levels at the entry and exit points in a soil mass. Obviously, 
it is equal to the loss of head through the soil. The hydraulic head is also known as the effective head.

The loss of head per unit length of flow through the soil is equal to the hydraulic gradient (i),

i - h/L ...(8.1)
where h hydraulic head, and L = length of the soil specimen.

The variation of head at various points is represented by the line CD, known as the hydraulic gradient 
line (H.G.L.) or pressure gradient line. If a piezometer is inserted at any intermediate point 2, the water will 
rise upto the level of the hydraulic gradient line at that point. The line CD, therefore, represents a piezometric 
surface. It is generally assumed that the loss of head over the length of the soil sample is uniform and, 
therefore, the variation of head is linear.

8-3. DARCY’S LAW
The flow of free water through soil is governed by Darcy’s law. In 1856, Darcy demonstrated 

experimentally that for laminar flow in a homogeneous soil, the velocity of flow (v) is given by

v - ki ...(8.2)
where k = coefficient of permeability, i = hydraulic gradient.

'Die velocity of flow is also known as the discharge velocity or the superficial velocity.
Eq. 8.2 is known as Darcy’s law, which is one of the comer stones of soil engineering. The discharge q 

is obtained by multiplying the velocity of flow (v) by the total cross- sectional area of soil (A) normal to the 
direction of flow. Thus

q » vA = kiA ..,..(8.3)
Hie area A includes both the solids and the voids.
The coefficient of permeability can be defined using Eq. 8.2. If the hydraulic gradient is unity, the 

coefficient of permeability is equal to the velocity of flow. In other words, the coefficient of permeability is 
defined as the velocity of flow which would occur under unit hydraulic gradient. The coefficient of 
permeability has the dimensions of velocity [L/TJ. It is measured in mm/sec, cm/sec, m/sec, m/day or other 
velocity units. The coefficient of permeability depends upon the particle size and upon many other factors as 
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explained later. Table 8.1 gives the typical values of the coefficient of permeability of different soils.

Table 8.1. 'typical Values of the Coefficient of Permeability

S. No. Soil Type
Coefficient of 
permeability 

(mm/sec)

Drainage 
properties

1. Clean gravel 10+1 to 10+2 Very good

2. Coarse and medium sands 10~2 to 10+1 Good

3. Fine sands, loose silt 10~*  to 10~2 Fair

4. Dense silt, clayey silts 10-5 to 10-4 Poor

5. Silty day, clay IO-8 to 10”5 Very poor

According to USBR, the soils having the coefficient of permeability greater than IO-3 mm/sec are 
classified as pervious and those with a value less than KT5 mm/sec as impervious. The soils with the 
coefficient of permeability between 10~5 to IO-3 mm/sec are designated as semi-pervious.

8.4. VALIDITY OF DARCY’S LAW
Darcy’s law is valid if the flow through soils is laminar. The flow of water through soils depends upon 

the dimension of interstices, which, in turn, depend upon the particle size. In fine-grained soils, the dimensions of 
the interstices are very small and the flow is necessarily laminar. In coarse-grained soils, the flow is also 
generally laminar. However, in very coarse-grained soils, such as coarse gravels, the flow may be turbulent.

For flow of water through pipes, the flow is laminar when the Reynolds number is less than 2000. 
For flow through soils, it has been found that the flow is laminar if the Reynolds number is less than 
unity. For flow through soils, the characteristic length in the Reynolds number is taken as the average 
particle diameter (D).

Thus s 1
n

where p = is the mass density and q is the coefficient of viscosity.

Using Allen Hazen’s equation (Eq. 8.30) for velocity, it can be shown that the maximum diameter of the 
particle for the flow to be laminar is about 0.50 mm.

The value of the critical Reynolds number of unity is, however, conservative.,It has been demonstrated 
that the flow remains laminar even upto the Reynolds number of 75. It has been observed that Darcy’s law 
is valid for flow in clays, silts and fine sands. In coarse sands, gravels and boulders, the flow may be 
turbulent and Darcy’s law may not be applicable. It is difficult to predict the exact range of the validity of 
Darcy’s law. The best method to ascertain the range is to conduct experiments and determine the actual 
relationship between the velocity v and the hydraulic gradient. For Darcy’s law to be valid, this relationship 
should be approximately linear.

For flow through coarse sands, gravels and boulders, the actual relationship between the velocity and the 
hydraulic gradient is non-linear. Hough gave the following equation for the velocity when the flow is 
turbulent.

V - k(if ...(8.4)
where n = exponent, with a value of 0.65

In extremely fine-grained soils, such as a colloidal clay, the interstices are very small. The velocity is 
therefore very small. In such soils also, the Darcy law is not valid.

8.5. DETERMINATION OF COEFFICIENT OF PERMEABILITY
The coefficient of permeability of a soil can be determined using the following methods.
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(a) Laboratory Methods. The coefficient of permeability of a soil sample can be determined by the 
following methods :

(i) Constant-head permeability test.

(ii) Variable-head permeability test.
The instruments used are known as permeameters. The former test is suitable for relatively more pervious 

soils, and the latter for less pervious soils.
(b) Field Methods. The coefficient of permeability of a soil deposit in-situ conditions can be determined 

by the following fields methods :
(i) Pumping-out tests.

(ii) Pumping-in tests.
The pumping-out tests influence a large area around the pumping well and give an overall value of the 

coefficient of permeability of the soil deposit. The pumping-in test influences a small area around the hole 
and therefore gives a value of the coefficient of permeability of the soil surrounding the hole.

(c) Indirect Methods. The coefficient of permeability of the soil can also be determined indirectly from 
the soil parameters by

(j) Computation from the particle size or its specific surface.

(ii) Computation from the consolidation test data.
The first method is used if the particle size is known. The second method is used when the coefficient 

of volume change has been determined from the consolidation test on the soil.
(d) Capillarity-Permeability test. The coefficient of permeability of an unsaturated soil can be 

determined by the capillarity—permeability test (Sect. 8.16).

8.6. CONSTANT HEAD PERMEABILITY TEST
The coefficient of permeability of a relatively 

more permeable soil can be determined in a 
laboratory by the constant-head permeability test. 
The test is conducted in an instrument known as 
constant-head permeameter. It consists of a metallic 
mould, 100 mm internal diameter, 1273 mm 
effective height and 1000 ml capacity according to 
IS : 2720 (Part XVII). The mould is provided with 
a detachable extension collar, 100 mm diameter and 
60 mm high, required during compaction of soil. 
The mould is provided with a drainage base plate 
with a recess for porous stone. The mould is fitted 
with a drainage cap having an inlet valve and an 
air release valve. The drainage base and cap have 
fittings for clamping to the mould.

Fig. 8.2 shows a schematic sketch. The soil 
sample is placed inside the mould between two 
porous discs. The porous discs should be at least 
ten times more permeable than the soil. The porous 
discs should be deaired before these are placed in 
the mould. The water tubes should also be dcaired. 
The sample can also be prepared in the 
permeameter by pouring the soil into it and 
tamping it to obtain the required density. The base 
is provided with a dummy plate, 12 mm thick and 
108 mm in diameter, which is used when the 
sample is compacted in the mould. Fig. 8.2. Constant Head Permeameter
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It is essential that the sample is fully saturated. This is done by one of the following three methods.
(i) By pouring the soil in the permeameter filled with water and thus depositing the soil under water.

(zi) By allowing water to flow upward from the base to the top after the soil has been placed in the 
mould. This is done by attaching the constant-head reservoir to the drainage base. The upward flow 
is maintained for sufficient time till all the air has been expelled out.

(iii) By applying a vacuum pressure of about 700 mm of mercury through the drainage cap for about 15 
minutes after closing the drainage valve. Then the soil is saturated by allowing deaired water to enter 
from the drainage base. The air-release valve is kept open during saturation process.

After the soil sample has been saturated, the constant-head reservoir is connected to the drainage cap. 
Water is allowed to flow out from the drainage base for some time till a steady-state is established. The water 
level in the constant-head chamber in which the mould is placed is kept constant. The chamber is filled to the 
brim at the start of the experiment. The water which enters the chamber after flowing through the sample 
spills over the chamber and is collected in a graduated jar for a convenient period. The head causing flow (h) 
is equal to the difference in water levels between the constant-head reservoir and the constant-head chamber.

If the cross-sectional area of the specimen is A, the discharge is given by (Eq. 8.3) 
q -kiA

or q = kj-A

“ k - M -<8-5)

where L = length of specimen, h = head causing flow.
The discharge q is equal to the volume of water collected divided by time.
The finer particles of the soil specimen have a tendency to migrate towards the end faces when water 

flows through it. This results in the formation of a filter skin at the ends. The coefficient of permeability of 
these end portions is quite different from that of the middle portion. For more accurate results, it would be 
preferable to measure the loss of head h‘ over a length L' in the middle to determine the hydraulic gradient 
(r). Thus i - h'/L’.

The temperature of the permeating water should be preferably somewhat higher than that of the soil 
sample. This will prevent release of the air during the test. It also helps in removing the entrapped air in the 
pores of the soiL As the water cools, it has a tendency to absorb air.

To reduce the chances of formation of large voids at points where the particles of the soil touch the 
permeameter walls, the diameter of the permeameter is kept at least 15 to 20 times the particles size.

To increase the rate of flow for the soils of low permeability, a gas under pressure is applied to the 
surface of water in the constant-head reservoir. The total head causing flow in that case increases to 
(h + p/yw), where p is pressure applied.

The bulk density of the soil in the mould may be determined from the mass of the soil in the mould and 
its volume. The bulk density should be equal to that in the field. The undisturbed sample can also be used 
instead of the compacted sample. For accurate results, the specimen should have the same structure as in 
natural conditions.

(See Chapter 30, Sect. 30.13 for the laboratory experiment).
The constant had permeability test is suitable for clean sand and gravel with k > 10~2 mm/sec.

8.7. VARIABLE-HEAD PERMEABILITY TEST
For relatively less permeable soils, the quantity of water collected in the graduated jar of the 

constant-head permeability test is very small and cannot be measured accurately. For such soils, the 
variable-head permeability test is used. The permeameter mould is the same as that used in the constant-bead 
permeability test. A vertical, graduated stand pipe of known diameter is fitted to the top of permeameter. The 
sample is placed between two porous discs. The whole assembly is placed in a constant head chamber filled 
with water to the brim at the start of the test. Fig. 8.3 shows a schematic sketch. The porous discs and water 
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tubes should be de-aired before the sample is placed. If in-situ, 
undisturbed sample is available, the same can be used; otherwise 
the soil is taken in the mould and compacted to the required 
density.

The valve at the drainage base (not shown in figure) is closed 
and a vacuum pressure is applied slowly through the drainage cap 
to remove air from the soil. The vacuum pressure is increased to 
700 mm of mercury and maintained for about 15 minutes. The 
sample is saturated by allowing deaired water to flow upward 
from the drainage base when under vacuum. When the soil is 
saturated, both the top and bottom outlets are closed. The 
standpipe is filled with water to the required height.

The test is started by allowing the water in the stand pipe to 
flow through the sample to the constant-head chamber from which 
it overflows and spills out. As the water flows through the soil, 
the water level in the standpipe falls. The time required for the 
water level to fall from a known initial head (ftt) to a known final 

head (hj) is determined. The head is measured with reference to 

the level of water in the constant- head chamber.
Let us consider the instant when the head is h. For the 

infinitesimal small lime dt, the head falls by dh. Let the discharge 
through the sample be q. From continuity of flow, 

adh - -qdt 
where a is cross-sectional area of the standpipe. Fig. 8.3. Variable Head Permeameter.

...(8.6)

where t •= (t2 -ti), the time interval during which the head reduces from ht to ft2.

or adh - -(A x k x i) x dt

or adh = -Ak x — x dt

A kdt -dh
aL h

Integrating, Ak 

aL
-a

or Ak 
aL

(r2 -h) = log. (/ij/ftj)

or k - 77 log.

Eq. 8.6 is sometimes written as

‘ ...(8.7)

The rate of fall of water level in the stand pipe and the rate of flow can be adjusted by changing the area 
of the cross-section of the standpipe. The smaller diameter pipes are required for less pervious soils.

The coefficient of permeability is reported at 27°C as per IS : 2720 (Part XVII). The void ratio of the 
soil is also generally determined.

The variable head permeameter is suitable for very fine sand and silt with k = IO-2 to 10"5 mm/sec.

(See Chapter 30, Sect. 30.14 for the laboratory experiment).

Sometimes, the permeability test is conducted using the consolidometer instead of the permeameter 
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mould (see chapter 12). The fixed-ring consolidometer is used as a variable-head permeameter by attaching a 
stand pipe to its base.

8.8. SEEPAGE VELOCITY
The discharge velocity v in Eq. 8.2 is not the actual velocity through the interstices of the soil. It is a 

fictitious velocity obtained by dividing the total discharge (q) by the total cross-sectional area (A). The total 
cross- sectional area consists of not only the voids but also the solids. As the flow can take place only 
through voids, the actual velocity through the voids is much greater than the discharge velocity. The actual 
velocity on a macroscopic scale is known as the seepage velocity (v3).

Fig. 8.4 (a) shows the longitudinal section through a soil sample in which the voids and the solid 
particles are segregated. However, it must be clearly understood that the voids and solids in actual soils form 
a complex system and it is not possible to segregate them. From the continuity of flow.

q - vA - vsAv ...(a)

where Av is the area of flow through voids and is the actual seepage velocity.

From Eq. (a), v, ■ v x (AZA,,)

Multiplying the numerator and denominator by the length (!) of the specimen,

The product (A x L) is equal to the total volume V and the product (Av x L), equal to the volume of 
voids (V„) [Fig. 8.4 (&)].

y
Therefore, y, ■ v x — ...(c)

As the ratio Vy/V is equal to the porosity,

v, - - ,..(8.8)
In other words, the seepage velocity is equal to the discharge velocity divided by porosity.

Using Eq. 8.2, v, -

or vs - kp x i ...(8.9)

where kp - k/n ...(8.10)

The coefficient kp is known as the coefficient of percolation. Its value is always greater than the 
coefficient of permeability (k).
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Strictly speaking, the seepage velocity is not be absolute velocity through the interstices. The interstices 
are tortuous and irregular in cross-section and cannot be represented as shown in Fig. 8.4 (a). The absolute 
velocity varies from point to point. Its direction may also change and, at times, it may be directly opposite to 
the general direction of flow. In fact, the problem is so complex that an analysis based on the absolute 
velocity is not possible. Although on the microscopic scale, the flow path is tortuous, on a macroscopic scale, 
it can be considered as a straight Une. The seepage velocity can be taken as the macroscopic velocity at which 
the Une of wetting progresses in the direction of flow. Obviously, it is not equal to the absolute velocity as 
the water flows not in a straight Une but it detours around solid particles. Fortunately, the absolute velocity is 
not of much practical use in soil engineering. The geotechnical engineer is interested in the macroscopic 
behaviour of the soil and not in its microscopic behaviour.

The total discharge can be computed using either the discharge velocity (v) or the seepage velocity (vx). 

The discharge velocity is more convenient and is commonly used in soil engineering. In this text, when the 
term velocity is used without any qualification, it means discharge velocity.

8.9. GENERAL EXPRESSION FOR LAMINAR FLOW
For understanding the flow of water through soils, let us first consider the laminar flow through pipes. 

Fig. 8.5 shows a horizontal pipe of circular cross-section of radius R. Let us take a small cyUndrical fluid 
element of radius r and length /, as shown in figure. The shear stress r on the surface of the fluid element is 
given by Newton’s law of viscosity as

Fig. 8.5. Laminar flow in a pipe.

where p = coefficient of viscosity and — = velocity gradient.

For steady flow, the net force acting on the element in the horizontal direction is zero. Therefore, 

(pi -p2f nr2 - (2 rc rZ) t = 0

Substituting the value of t from Eq. (a), and simplifying, 

dv -r(pi -pi) 

dr 2 pZ
The pressure pL and p2 030 be expressed in terms of piezometric heads Aj and A2 as

Pi-kA and pj- h2

Ibus 
dr 2pl

Representing (A! - A^/Z by the hydraulic gradient (Z),

dv -rfwi 
dr “ 2p

Integrating, v . £ j ♦ C

The constant of integration C can be obtained from the condition of no slip (L&, v = 0) at the boundary
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(Le., r = R~). Thus

—y„i ■, Yu-iR2
Therefore v = —— r2 + —- ------

4 |A 4 |x

or r - (R2 - ?) ...(8.11)

Eq. 8.11 indicates that the velocity distribution in a pipe is of the shape of paraboloid of revolution, with 
the maximum velocity at its centre. The equation is known as Hagen—Poisseuille equation for laminar flow 
through pipes. The equation can be used to determine the discharge q in the pipe as under.

Discharge through a small circular ring of radius r and thickness dr is given by

dq - (2nrdr) v - 2nrdr (K2-?)

Inlegrating, 2 ,ir j j"' | («2 - r2) * .

Writing the radius R in terms of the hydraulic radius Rh (i.e Rh - D/4 - R/2) and the area A 
for n R2,

-(8.12)

Likewise, it can be shown that the discharge through two parallel plates of width B and placed at distance 
d apart is given by (see any text on Fluid Mechanics),

« - | y-

Substituting A = 2 Bd and RH = = d,

9 " 5 'v R" x A

Comparing Eqs. 8.12 and 8.13, it is observed that the general form of the equation for laminar flow 
through passages of different shapes is the same. The difference is only in the numerical value of the 
constants. The general equation for discharge in a conduit of any shape can be written as

...(8.14)

where Cs is a constant which depends on the shape of the conduit.

Eq. 8.14 is sometimes called the generalized Hagen- Poisseuille equation. This equation can be used in 
a modified form for the flow through soils as explained in the next section.

8.10. LAMINAR FLOW THROUGH POROUS MEDIA
Since the flow through porous media is laminar. Eq. 8.14 can be used. However, the area of flow passage 

in the case of porous media is equal to the porosity times the total cross-sectional area and, therefore, Eq. 
8.14 becomes

q - C. R2„ (M) ...(„)

when n is the porosity of soil, represented as ratio.
The hydraulic radius for a porous medium can be written as
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K _ area of flow Av
H wetted perimeter Pv

Multiplying the numerator and the denominator by the length of the passage (£).

_ A,, x L _ volume of flow channel

" Pv x L surface area of flow channel

The volume of flow channel may be taken as the volume of voids (Vv), which is equal to e , where e 
is the void ratio and Vs is the volume of solids. The surface area of the flow channel may be worked out on 
the basis of a hypothetical spherical grain of diameter D and having the same volume/area ratio as the entire 
mass. Thus

n Vv e Vs nE^/6 eD
A,' 4? ' ' ' ~6

Substituting the above value of in Eq. (a) and taking n = e/1 + e,

•■<)(*)»'

Replacing C^/36 by another coefficient C,

Using Eqs.. (8.2) and (8.3), the above equation can be written as

where ‘ " C (r77) 02 -(8'15)

Eq. 8.15 gives a general expression for the coefficient of permeability of soil.

8.11. FACTORS AFFECTING PERMEABILITY OF SOILS
The following factors affect the permeability of soils.
(1) Particle size. As it is evident from Eq. 8.15, the coefficient of permeability of a soil is proportional 

to the square of the particle size (D). The permeability of coarse-grained soils is very large as compared to 
that of fine- grained soils. The permeability of coarse sand may be more than one million times as much that 
of clay.

(2) Structure of soil mass. The coefficient C in Eq. 8.15 takes into account the shape of the flow 
passage. The size of the flow passage depends upon tire structural arrangement. For the same void ratio, the 
permeability is more in the case of flocculated structure as compared to that in the dispersed structure.

Stratified soil deposits have greater permeability parallel to the plane of stratification than that 
perpendicular to this plane. Permeability of a soil deposit also depends upon shrinkage cracks, joints, fissures 
and shear zones. Loess deposits have greater permeability in the vertical direction than in the horizontal 
direction.

The permeability of a natural soil deposit should be determined in undisturbed condition. The disturbance 
caused during sampling may destroy the original structure and affect the permeability. The effect of 
disturbance is more pronounced in the case of fine- grained soils than in the case of coarse-grained soils.
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(3) Shape of Particles. The permeability of 
a soil depends upon the shape of particles. 
Angular particles have greater specific surface 
area as compared with the rounded particles. For 
the same void ratio, the soils with angular 
particles are less permeable than those with 
rounded particles, as the permeability is 
inversely proportional to the specific surface. 
However, in a natural deposit, the void ratio for 
a soil with angular particles may be greater than 
that for rounded particles, and the soil with 
angular particles may be actually more 
permeable.

(4) Void Ratio. Eq. 8.15 indicates that the 
coefficient of permeability varies as e^/fl + e). 

For a given soil, the greater the void ratio, the 
Fig. 8.6. Variation of k with e2, t—— and

higher is the value of the coefficient of permeability.
Based on other concepts, it has been established that the permeability of a soil varies as e2 or 

e2/(l + e) (Fig. 8.6). Whatever may be the exact relationship, all soils have e versus log k plot as a straight 

line (Fig. 8.7).
It must be noted that each plot in Fig. 8.7 is for a given soil. The permeability of a soil at a given void 

ratio may not have any relationship with that of another soil at the same void ratio. Paradoxically, the soils 
with the largest void ratio (i.e. clays) 
are the least pervious. This is due to 
the fact that the individual void 
passages in clays are extremely small 
through which water cannot flow 
easily.

If the permeability of a soil at a 
void ratio of 0.85 is known, its value 
at another void ratio of e can be 
determined using the following 
equation given by Casagrande :

t-l.44o.ffie2 ...(8.16)

where k^ = permeability at a void 
ratio of 0.85, k = permeability at a 
void ratio of e.

(5) Properties of water. As 
indicated in Eq. 8.15, the coefficient 
of permeability is directly proportional 
to the unit weight of water (y^) and is 

inversely proportional to its viscosity 
(p). The unit weight of water does not 
vary much over the range of 
temperature ordinarily encountered in 
soil engineering problems. However, 
there is a large variation in the value 
of the coefficient of viscosity (p). The 

COEFFICIENT OF PERMEABILITY (k) mm/sec—► 
Fig. 8.7. Variation of log it with e.
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coefficient of permeability increases with an increase in temperature due to reduction in the viscosity.
It is usual practice (IS : 2720 Part XVII) to report the coefficient of permeability at 27°C. The following 

equation can be used for conversion of the permeability to 27°C.

*27 - k, g- ...(8.11)
1*27

where k^ = coefficient of permeability at 27°C when viscosity is P2?- 
and kt = coefficient of permeability of t °C when viscosity is p,.

Eq. 8.17 can be written as
Jtz, - Ctk, ...(8.18)

where C, is the correction factor, equal to (p,/pj7).

The correction factor C, can be determined from the values of the coefficient of viscosity given in 

Table 3.2.
(6) Degree of Saturation. If the soil is not fully saturated, it contains air pockets formed due to 

entrapped air or due to air liberated from percolating water. Whatever may be the cause of the presence of 
air in soils, the permeability is reduced due to presence of air which causes blockage of passage. 
Consequently, the permeability of a partially saturated soil is considerably smaller than that of a fully 
saturated soil. In fact, Darcy’s law is not strictly applicable to such soils.

The permeability of a partially saturated soil is measured in the laboratory by the capillarity— 

permeability test (Sect. 8.16).
(7) Adsorbed water. The fine-grained soils have a layer of adsorbed water strongly attached to their 

surface. This adsorbed water layer is not free to move under gravity. It causes an obstruction to flow of water 
in the pores and hence reduces the permeability of soils.

It is difficult to estimate the voids occupied by the adsorbed water. According to one estimate, the void 
ratio occupied by adsorbed water is about 0.10. The effective void ratio available for flow of water is thus 
about (e - 0.1) and not e. In some cases, at very low hydraulic gradients, the coefficient of permeability of 
fine-grained soils becomes negligibly small due to presence of adsorbed water.

(8) Impurities in water. Any foreign matter in water has a tendency to plug the flow passage and reduce 
the effective voids and hence the permeability of soils.

8.12. COEFFICIENT OF ABSOLUTE PERMEABILITY
As discussed above, the coefficient of permeability of a soil depends not only on the properties of soil 

but also on the properties of permeant (water). Attempts have been made to separate the effect of properties 
of permeant from the effect of the properties of soil. Another coefficient, known as the coefficient of absolute 
permeability (K), has been introduced. It is related to the coefficient of permeability (Aj as under:

K - ...(8.19)

Using Bq. 8.15, K - C D2

Therefore, the coefficient of absolute permeability (K) is independent of the properties of water. It 
depends only on the characteristics of soils.

The dimensions of the coefficient of absolute permeability can be determined from Eq. 8.19 as

It has the dimension of area.
The units of K are mm2, cm2, m2 or darcy.

1 darcy = 0.987 x 10~® cm2
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The coefficient of absolute permeability for a soil with a given void ratio and structure is constant. It has 
the same value whatever may be the fluid.

8.13. PUMPING-OUT TESTS
The laboratory methods for the determination of the coefficient of permeability, as discussed before, do 

not give correct results. The samples used are generally disturbed and do not represents the true in-situ 
structure. For more accurate, representative values, the field tests are conducted. The field tests may be in the 
form of pumping out test wherein the water is pumped out from the wells drilled for this purpose. The other 
type of the field tests are pumping-in tests, wherein the water is pumped into the drilled holes, as discussed 

in the. following article.
For large engineering projects, it is the usual practice to measure the permeability of soils by 

pumping-out tests. The method is extremely useful for a homogeneous, coarse grained deposits for which it 
is difficult to obtain undisturbed samples. In a pumping out test, the soil deposit over a large area is 
influenced, and therefore the results represent an overall coefficient of permeability of a large mass of soil. 
However, the tests are very costly and can be justified only for large projects.

Ground water occurs in pervious soil deposits known as aquifers. The aquifers are reservoirs of ground 
water that can be easily drained or pumped out. An aquiclude is a soil deposit which is impervious. If an 
aquifer does not have an aquiclude at its top and the water table is in the acquifer itself, it is called an 
unconfined aquifer. If the acquifer is confined between two aquicludes, one at its top and the other at its 
bottom, it is known as confined aquifer. The coefficient of permeability of the soil can be found using the 
equations developed below separately for unconfined aquifer and confined aquifer.

(a) Unconfined Aquifer In an unconfined aquifer, a tube well is drilled as shown in Fig. 8.8. The well 
reaches the underlying impervious stratum. The tube used for the well is perforated so that water can enter 
the well. The tube is surrounded by a screen called strainer to check the flow of soil particles into the well. 
Water is pumped out of the tube well till a steady state is reached. At that stage, the discharge becomes

constant and the water level in the well does not change. The water table, which was originally horizontal 
before the pumping was started, is depressed near the well. The water table near the well forms an inverted 
cone, known as the cone of depression. The maximum depression of the water table is known as the draw­
down (d).

The expression for the coefficient of permeability can be derived making the following assumptions, 
known as Dupuit’s assumption.
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(1) The flow is laminar and Darcy’s law is valid.

(2) The soil mass is isotropic and homogeneous.
(3) The well penetrates the entire thickness of aquifer.

(4) The flow is steady.
(5) The coefficient of permeability remains constant throughout.
(6) The flow towards the well is radial and horizontal.
(7) Natural ground water regime remains constant.
(8) The slope of the hydraulic gradient line is small, and can be taken as the tangent of the angle in 

place of the sine of angle, Le.

t
IS
1.

‘ ± ...(8.20)

Let us consider the flow through a cylindrical surface of height z at a radial distance of r from the centre 
of the well. From Darcy’s law,

d 
n 
n 
Is 
e

q » ki A

Substituting the value of i from Eq. (8.20) and taking A equal to 2w z, 

? - * (s) <2“rz) 

dr 2nkzdz 
or — - -- -----------

r Q

I.
. , Z dr Ink ? ,
Integrating, — - —— zdz

, , , , 2iti (4 - ft
or logeCryrj) = $ 2

or k =-------—— logt' Gv/rj) ...(8.21)
n (?2 - ’l)

or * - ,5°.^ I°8"> -<8-22>

Near the test well, there is a rapid drop in head and the slope of the hydraulic gradient is steep, and 
assumption (8) is not satisfied. The observation wells 1 and 2 should be drilled at considerable distance from 
the well for accurate measurements: The radial distance of the well should be at least equal to the thickness 
of aquifer (£>). The observation wells are usually arranged in two orthogonal lines, one along the general 
direction of flow of the ground water and the other at right angle to this direction.

An approximate value of the coefficient of permeability can be determined if the radius of influence (R) 
is known or is estimated. The circle of influence, over which the effect of pumping is observed, extends to a 
very large area. In fact, it gradually merges asymptotically to the water table. The radius of influence varies 
between 150 to 300 m. According to Sichardt, it can be found using the relation

R - 3000 dvT

where R = radius of influence (m), d = drawdown (m)
lai 
ed 
w-

and k = coefficient of permeability (m/sec) 

According to Kozeny (1933), the radius of influence, 

1 R - ((12 </»)

ns, where t is the time required to establish steady conditions, and n is the porosity. 

Eq. 8.21 can be written as
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* ' A 1°8'
n(Lr-n )

...(8.23)

where rw = radius of test well, R = radius of influence,
D = depth of aquifer measured below the water table, h = depth of water in the well.

Eq. 8.23 gives an approximate 
value of the coefficient of permeability, 
because the slope of the water surface 
near the well is steep and Dupuit’s 
assumption is not justified. Further, the 
value of the radius of influence (R) is 
also approximate.

(A) Confined Aquifer. Fig. 8.9 
shows a confined aquifer of thickness b 
and lying between the two aquicludes. 
The piezometric surface is above the 
top of the aquifer. In confined aquifer, 
the water pressure is indicated by the 
piezometric surface (PS).

Thus the piezometric surface is the 
water table equivalent for a confined 
aquifer.

Initially, the piczometric surface is 
horizontal. When the pumping is Fig. 8.9. Confined Aquifer.

started from the well, it is depressed and a cone of depression is formed. The expression for the coefficient 
of permeability can be derived making the same assumptions as in the case of unconfined aquifer. Let us 
consider the discharge through a cylindrical surface at a radial distance r from the centre and of height z. 
From Darcy’s law,

or

Integrating, 

or

or

q » kiA

q ' k

r, i 12 2 it kb r ,2
[toge(r]i------— [z]i

_ q log, (r2/ri)

2jcA(Z2-Zi)

2.30ql<>gi0(f2/r.)
Inbfe-zJ

■■■(“)

...(8.24)

...(8.25)

where Zj = height of water level in observation well (1) at a radial distance of n and 
z2 = height of water level in observation well (2) at a radial distance of r2.

As in the case of an unconfined aquifer, an approximate value of k can be determined if the radius of 
influence R is known or estimated. In this case.

g log, (R/rw) 

2nb(D-h)
...(8.26)

8.14. PUMPING-IN TESTS
Pumping-in tests are conducted to determine the coefficient of permeability of an individual stratum 

through which a hole is drilled. These tests are more economical than the pumping-out test. However, the 
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pumping-out tests give more reliable values than that given by pumping-in tests. The pumping-in tests give 
the value of the coefficient of permeability of stratum just close to the hole, whereas the pumping-out tests 
give the value for a large-area around the hole.

There are basically two types of pumping-in tests : (1) Open-end tests, (2) Packer tests. In an open-end 
tests, the water flows out of the test hole through its bottom end, whereas in packer tests, the water flows out 
through the sides of the section of a hole enclosed between packers. The value of the coefficient of 
permeability is obtained from the quantity of water accepted by the hole. The water pumped-in should be 
clean, as the impurities, such as silt, clay or any other foreign matter, may cause plugging of the flow 
passages. If the water available is turbid, it should be clarified in a settling tank or by using a filter. The 
temperature of the water pumped in should be slightly higher than the temperature of the ground water to 
preclude the formation of air bubbles in stratum.

(1) Open-end Tests. A pipe casing is inserted into the bore hole to the desired depth and it is cleaned 
out. The hole is kept filled with water during cleaning if it extends below the water table. This is necessary 
to avoid squeezing of the soil into the bottom of the pipe casing when the driving tool is withdrawn.

Fig. 8.10. Open-end tests.

After the hole has been cleaned out, water is added to the hole through a metring system. The constant 
rate of flow (q) is determined at which the steady conditions ate established. The coefficient of permeability 

is determined by the following equation (USER, 1961).

where r = inside radius of the casing,
H = difference of levels between the inlet to the casing and the water table [Fig. 8.10 (a)], 

q = discharge
If required, the discharge can be increased by pumping-in water under a pressure p [Fig. 8.10 (b)]. In this 

case, the value of H becomes equal to (H + p/yw).
For accurate results, the lower end of the pipe should be at a distance of not less than 10 r from the top 

as well as from the bottom of the stratum.
The open-end test can also be conducted above the water table [Fig. 8.10 (c)]. In this case, however, it 
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is difficult to maintain a constant water level in the casing and some surging of this level has to be tolerated. 
Eq. 8.27 can also be used in this case. However, in this case H is equal to the difference of inlet level and 
the bottom end of the pipe. If required, the rate of flow (<?) can be increased by pumping-in water under a 
pressure p, with a total head of (H + p/yw).

(2) Packer Tests. The packer tests are performed in an uncased portion of the pipe casing. The packer 
tests are more commonly used for testing of rocks. The tests are occasionally used for testing of soils if the 
bore hole can stay open without any casing.

(a) Single packer tests. If the hole cannot stand without a casing, single-packer lest is used. The packer 
is placed as shown in E[g. 8.11 (a). Water is pumped into the hole. It comes out of the sides of uncased 
portion of the hole below the packer. If the casing is used for the full depth, it should have perforations in 
the portion of the stratum being tested. Ilie lower end of the casing is plugged.

Fig. 8.11. Packer tests.

When the steady conditions are attained, the constant rate of flow (q) is determined. The value of the 
coefficient of permeability is found by the following equation (USBR, 1961).

* ’ 2nLH 10ge (L/r) if 1 * 10r

or k = 2^Lff sinh-1 (£/2r) if lOr > £ s r ...(8.29)

where r = inside radius of hole, £ = length of the hole tested,
H = difference of water levels at the entry and the ground water table for the hole tested below 

the water table.
sinh-1 = arc hyperbolic sine.

For the holes tested above the water table, H is equal to the difference of levels of water at the entry and 
the middle of the test section [Fig. 8.11 (b)].

If the water is applied under pressure (p), the value of H becomes (H + />/?„), as in the case of 
open-end tests.

After the test is complete, the packer is removed. If required, the hole is made deeper and again a packer 
is placed and the test repeated for that portion.
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(b) Double-packer test If the hole can 
stand without a casing, double-packer test can 
be used. The hole is drilled to the final depth. 
It is filled with water, surged and bailed out. 
Two packers are fitted to a small diameter 
pipe, as shown in Fig. 8.12. The bottom of the 
pipe fitted with packers is plugged. Fig. 8.12 
(a) shows the conditions when the test section 
is below the ground water table and Fig. 8.12 
(b), when above the ground water table. The 
value of the coefficient of permeability is 
determine)  using Eq. 8.28 or Eq. 8.29, 
depending upon the value of L and r as 
specified.

*

The double-packer test is conducted first 
in the lowest portion near the bottom of the 
hole and later repeated for the upper layers.

Fig. 8.12. Double-packer test.

The packer tests give better results when conducted below the water table than when above the water table. 
For reliable results, the thickness of the stratum should be at least five times the length (L) of the hole tested.

8.15. COEFFICIENT OF PERMEABILITY BY INDIRECT METHODS
The value of the coefficient of permeability of a soil can be estimated by using indirect methods, without 

conducting laboratory tests or field tests. 'Hie following methods are commonly used.
(1) Allen Hazen’s formula. Allen Hazen conducted a large number of tests on filter sands of particle size 

between 0.1 mm and 3.0 mm, having a coefficient of uniformity of less than 5, and gave the following 
relation :

t - CDfc ...(830)

where k = coefficient of permeability (cm/sec), D10 = effective size (cm),
C = constant, with a value between 100 and 150

If k and D10 are taken in mm/sec and mm, respectively, the value of the constant C lies between 
10 and 15.

Although Allen Hazen formula was derived for uniform sands in a loose state of compaction, it is 
frequently used used for other soils. However, the computed values may be in error by ± 100%.

(2) Kozeny—Carman equation. The coefficient of the permeability of a soil can be estimated using the 
Kozeny—Carman equation:

gpH- . e 
(QpS2)?2 1 + e

■ ■■(831)

where k = coefficient of permeability (cm/sec), pH, = mass density of water (gm/ml),

Cs = shape factor, which can be taken as 2.5 for granular soils, 
|x = coefficient of viscosity (poise), e = void ratio, g = 981 cm/sec2, 

T = tortuosity, with a value of V2 for granular soils and
S = surface area per unit volume of soil solids, known as specific surface (cm^cm3).

The Kozeny-Carman equation gives good results for coarse-grained soils such as sands and some silts. 
However, when the equation is used for clayey soils, serious discrepancies are observed. The accuracy for 
coarse-grained soils is about 20%.

For computation of k from Eq. 8.31, the value of specific surface S is required. The specific surface (S) 
of a particle is equal to. the surface area of the particle per unit volume of the particle. It depends upon the 
shape and size of the particle. For a spherical particle of diameter D, specific surface (5) is given by
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“ (nZ//6) ' D ...(8.32)

The specific surface of spheres uniformly distributed in size between the mesh size a and b, is given by

S - 6/Vab ...(833)
For accurate results, the ratio a/b should not be greater than 2.
If the particles are of irregular shape, the specific surface can be determined indirectly from a 

comparison with the specific surface of uniform sphere of the same size, and using a factor known as 
angularity factor (f).

f-
Specific surface of the actual sand particle 
Specific surface of spheres of the same size

The value of/depends upon the angularity of the particles. Its value is usually taken as 1.1 for rounded 
sands, 1.25 for sands of medium angularity and 1.4 for angular sands.

If Mi,M2...Mn are the percentage of the total soil sample retained on different sieves, the overall
specific surface of the total sample is given by 

S = RMiSi + M2S2 + .M„S„) ...(834)
where S2.........S„ are the specific surface of spheres uniformly distributed within the corresponding

Sieves.

(3) Loudon’s Formula. Loudon gave the following empirical formula.
logio^S2) = a + bn ...(8.35)

where k = coefficient of permeability (cm/sec), S = specific surface (cm^cm3),

n = porosity, expressed as a ratio, a = constant, with an average value of 1.365 at 10°C, 
b = constant, with an average value of 5.15 at 10°C.

The Loudon formula is much more convenient to use than the Kozeny-Carman equation and gives 
approximately the same accuracy.

(4) Consolidation test data. The coefficient of permeability of fine-grained soils can be determined 
Indirectly from the data obtained from a consolidation test conducted on the sample (see chapter 12). It is 
given by

k Cvyw mv • Cvpwgmv ...(8.36)

where k = coefficient of permeability (m/sec), Cv = coefficient of consolidation (m2/sec),
pw = density of water (kg/m3), g = 9.81 m/sec2,
mv - coefficient of volume compressibility (cm2/N), yw = unit weight of water (N/m3).

This method is suitable for very fine-grained soils (i < IO-5 mm/sec) for which permeability test cannot 

be easily conducted in the laboratory.

8.16. CAPILLARITY—PERMEABILITY TEST
The coefficient of permeability of soil in unsaturated condition can be determined from the 

capillarity-permeability test. The apparatus consists of a transparent tube made of lucite or glass, about 35 cm 
long and 4 cm diameter (Fig. 8.13). The sample of the dry soil in powdered form is placed in the tube and 
screens are fixed at both ends. One end of the transparent tube is connected to high level water reservoirs and 
the other end is open to atmosphere through an air-vent pipe. The air-vent pipe is connected to the screen at 
that end with a spring.

The valve D connecting to the higher reservoir is initially closed. When the valve C connecting to the 
lower reservoir is opened, capillary action in soil occurs and it draws water into it. Tne wetted surface starts 
advancing towards the open end. Let us consider the stage when the wetted surface has advanced by a 
distance of x. Let the negative capillary head be hc, as shown by an imaginary manometer in figure. (The 
manometer is imaginary and in actual tests, no manometer is used. It has been shown in the figure just to
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indicate the negative head). The 
total head causing flow is increased 
because of the negative head (he) 

and is given by

h - ht + he

Assuming a uniform hydraulic 
gradient over the entire length x, the 
velocity is given by Darcy’s law,

...(a)

The wetted surface moves (on a 
macroscopic scale) with a seepage 
velocity (v,), given by Eq. 8.8 as Fig. 8.13. Capillarity—Permeability test.

- v/n

Therefore, the seepage velocity is given by 
k (ht 4- he) 

v‘ “ n •

For partially saturated soils, the above equation is modified taking actual saturated porosity as Sun. Thus 
(/»! 4- he)

' ~ Sn ------x------

where ku = coefficient of permeability in unsaturated condition 
S = degree of saturation, expressed as a ratio.

Substituting

or

Integrating, 

or 

or

v, “ dx/dt, we have

dx ~ ku_ (Aj + M 

dt Sn x

Jl Sn Ji

~ Tn " '■>

Jtg - jrj 2ku (hi + hc)

" Sn ■ --(8-37)

Eq. 8.37 can be used to determine the coefficient of permeability (ku) if all other variables are given. As 
the capillary head (Ac) is also not known, there are two unknowns (ku and he) on the right-hand side of the 

equation. Therefore, one more equation is required.
The second equation can be derived if the head is changed from hi to h2 when the water surface has 

advanced to about half the length of the transparent tube by closing the valve C and opening the valve 
D. Let x2 and x3 by the distances measured from the left end at the time and t3. Eq. 8.37 becomes, for 

this case, as

skJ. fe * W ...(8.38)

(i 3 — fj) 5 w

The values of the unknown ku and he can be obtained analytically from Eqs. 8.37 and 8.38. A plot is
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made between x2 and t, as shown in Fig. 8.14. 

The slopes m} and m2 of the lines give the 
values of the left-hand sides of Eqs. 8.37 and 
8.38. Therefore,

2*„(A i + hc)
...(8.39)

...(8.40)
2ku(h2 + he) 

m2 “ --------Sn---------

The values of ku and he are determined 
from Eqs. 8.39 and 8.40 after substituting the 
values of mj and m2 obtained from the plot.

The porosity n of the soil sample is 
determined from its dry density, as discussed 
in chapter 2.

Ms

or
Gp.

Pd

and

The degree of saturation (S) is obtained from the water content of the soil determined after the test, using 
the equations developed in chapter 2.

S - wG/e
For accurate results, the capillary head (hc) should be maintained constant along the vertical wetting 

surface. It is done by slowly revolving the tube about its axis.

8.17. PERMEABILITY OF STRATIFIED SOIL DEPOSITS
A stratified soil deposit consists of a number of soil layers having different permeabilities. The average 

permeability of the deposit as a whole parallel to the planes of stratification and that normal of the planes of 
stratification can be determined as explained 
below.

(a) Flow Parallel to Planes of 
Stratification. Let us consider a deposit 
consisting of two horizontal layers of soil of 
thickness 7/j and H2 as shown in Fig. 8.15.

For flow parallel to the planes of 
stratification, the loss of head (h) over a length L 
is the same for both the layers. Therefore, the 
hydraulic gradient (i) for each layer is equal to 
the hydraulic gradient of the entire deposit. The 
system is analogous to the two resistances in 
parallel in an electrical circuit, wherein the 
potential drop is the same in both the resistances.

<?l LAYER 0)

LAYER (2)

Fig. 8.15
From the continuity equation, the total discharge (q) per unit width is equal to the sum of the discharges 

in the individual layers, Le.,

9 " 91 + 92
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Let (JtA)x and (kh)2 be the permeability of the layers 1 and 2 respectively, parallel to the plane of 
stratification and (kfi be the overall permeability in that direction. From Eq. (a), using Darcy’s law,

kh x i x (//, + W2) - (* A)i x i xHi + (kh)2 x i x H2

{kh)i x + (**) 2 x H2
Or kh-----------------H\T~H2------------

If there are n layers instead of two.

(t.h X H, t (l,,)2 X H2 + ... ♦ (t„), X H, 
k"-------------------------------------------------------- -(8'41)

(b) Flow normal to the plane of stratification. Let us consider a soil deposit consisting of two layers 
of thickness Hy and H2 in which the flow occurs normal to the plane of stratification (Fig. 8.16).

Fig. 8.16. Flow normal to plane of stratification.

Let (kv)i and (k^ be the coefficient of permeability of the layers 1 and 2 in the direction perpendicular 
to the plane of stratification, and 4, be the average coefficient of permeability of the entire deposit in that 
direction. In this case, the discharge per unit width is the same for each layer and is equal to the discharge 
in the entire deposit. The case is analogous to the resistances in series in an electrical circuit, wherein the 

current is the same for all resistances.
Therefore, q - qi - q2 —(fl)

Using Darcy’s law, considering unit area perpendicular to flow, 
hv x i„ x 1 - (kJi x (iv)j x 1 - (kv)2 x (i^ x 1 ...(b)

where iv = overall hydraulic gradient, (4)i = hydraulic gradient in layer 1,

(4h = hydraulic gradient in layer 2

From Eq. (b), (4)1 - [(^)/(K)i ] x 4 —(c)

and (4>2 — [WWi] x k -(d)

As the total loss of head (b) over the entire deposit is equal to the sum of the loss of heads in the 

individual layers,
h - hi + h2

Writing in terms of hydraulic grandient (i) and the distance of flow, remembering h » i x L,

4 x H - (4)1 X Hi + (4)2 X H2

Using Eqs. (c) and (d),
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or *,  [ ~ + A] - H . Hk + H2 

[ M (* v)j j

A AMi * <‘,)2
In general, when there are n such layers,

Hl+H2 + ... + H„

Jh_ Hn_
(K)t + (U2 + ■"+ (U

...(8.42)

Evan (1962) proved that for isotropic (k? - kh) and homogeneous layers, the average permeability of the 

entire deposit parallel to the plane of stratification is always greater than that normal to this plane. For 
illustration, let us consider a deposit consisting of two layers of thickness 1 m and 2 m, having the coefficient
of permeability of 1 x 10 2 cm/sec and 1 x 10-4 cm/sec, respectively.

From Eq. 8.41,
. 1 x KT2 x 100 t 1 x 1O~*  x 200
h “ 100 + 200

■ 0.34 x 10"2 cm/sec

From Eq. 8.42,
, 100 + 200

100 200
1 x 10-2 + 1 x KT

■ 1.49 x IO-4 cm/sec

Thus kh > ky

It may be noted that the average permeability parallel to the plane of stratification depends mainly on the 
permeability of the most permeable layer and its value is close to the permeability of that layer. On the other 
hand, the average permeability normal to the plane of stratification is close to that for the most impermeable 
layer. In other words, the average flow parallel to the plane of stratification is governed by the most 
permeable layer and that perpendicular to the plane of stratification-by the least permeable layer.

ILLUSTRATIVE EXAMPLES

Illustrative Example 8.1. In a constant head permeameter test, the following observations were taken.

Distance between piezometer tappings =100 mm
Difference of water levels in piezometers = 60 mm
Diameter of the test sample =100 mm
Quantity of water collected = 350 ml
Duration of the test = 270 seconds

Determine the coefficient of permeability of the soil

Solution. From Eq. 8.5, k = Ah

In this case, q - 350/270 - 1.296 ml/sec

Therefore, k - - -ffl°------- 0.0275 cm/sec.
(n/4) x (10)2 x 6.0

Illustrative Example 8.2. The falling-head permeability test was conducted on a soil sample of 4 cm 
diameter and 18 cm length. The head fell from 1.0 m to 0.40 m in 20 minutes. If the cross- sectional area of 
the stand pipe was 1 cm2, determine the coefficient of permeability.
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Solution. From Eq. 8.6, * - 77 log, 

----------1.0 x 18.0--------- (1.0/0.40)
(jr/4) x (4.0)2 x 20 x 60

■ 1.09 x 10-3 cm/sec.
Illustrative Example 8.3. A soil has the coefficient of permeability of 4.75 x 10~~ mm/sec at 30°C. 

Determine its value at 27°C. Take the coefficient of viscosity at 30°C and 27°C as 8.0 rnilli poise and 8.5 
milli poise, respectively.

Solution. From Eq. 8.17, *27 - k, £-
P27

- 4.75 x 10’2 x 8.0/8.5 - 4.48 x 102 mm/sec.
Illustrative Example 8.4. Estimate the value of the coefficient of permeability of a soil with an effective 

diameter of 0.2 mm.

Solution. From Eq. 8.30, k • CD^

Taking C = 125, A w 125 x (0.02)2 - 0,05 cm/sec.
Illustrative Example 8.5. The coefficient of permeability of a soil at a void raio of 0.7 is 4 x 10~^ 

cm/sec. Estimate its value at a void ratio of 0.50.

Solution. From Bq. 8.15, * - C -777) D2

As all the parameters remain constant, except e,

*0.7 (O.7O)3 (1 + 0.50)
*05 ' (1 + 0.70) “ (0.50)’

or fro,5 - 1.65 x IO-4 cm/sec.

Alternative Method
From Eq. 8.16, k ■> 1.4 io.85
or 4 k 10-1 - 1.4 *„,.,  x (0.7)2
or *0  8, • 5.83 x 10-4
For e - 0.50, * - 1.40 x 5.83 x 10-4 (0.5)2

- 2.04 x 10"4 cm/sec
Illustrative Example 8.6. A sandy layer 10 m thick overlies an impervious stratum. The water table is 

in the sandy layer at a depth of 1.5 m below the ground surface. Water is pumped out from a well at the rate 
of 100 litres per second and the drawdown of the waler table at radial distances of 3.0 m and 25.0 m is 3.0 
and 0.50 m, respectively. Determine the coefficient of permeability.

* - 10& (Vn)
re(z$ - zf)

Solution. From Eq. 8.21,

In this case, zq_ - 8.50 - 0.50 ■ 8.0 m and Zj ■ 8.50 - 3.0 - 550 m

Therefore, t-------10? 14 10 \ log, (25/3)
n[(8)2 - (5.S0)2]

- 0.002 m/sec - 2 mm/sec.
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Illustrative Example 8.7. Determine the coefficient of permeability of a confined aquifer 5 m thick which 
gives a steady discharge of 20 litres/sec through a well of 0.3 m radius. The height of water in the well which 
was 10 m above the base before pumping dropped to 8 m. Take the radius of influence as 300 m.

Solution. From Eq. 8.26,
q log,. (R/r) 

2ltb(D-h)

or
0.020 log,, (300/0.3) 

2it x5x (10 - 8)
= 0.0022 m/sec.

Illustrative Example 8.8. Determine the average coefficient of permeability in the horizontal and 
vertical directions for a deposit consisting of three layers of thickness 5 m, 1 m and 2.5 m and having the 
coefficients of permeability of 3 x Iff2 mm/sec, 3 x Iff*  mni/sec, and 4 X Iff2 mm/sec, respectively. Assume 

the layers are isotropic.

Solution. From Eq. 8.41, taking n = 3,

(*/.)i  x If + (*„) 2 x W2 + (*/,).,  x H3 

+ H2 + H3

3 x 10’
2.5) x 103

0.15 + 0.00003 + 0.10------  = 0.0294 mm/sec.

From Eq. 8.42,

or

Illustrative Example 8.9. Fig. E 8.9 
shows an aquifer inclined at 10° to the 
horizontal. The difference of water levels in 
two observation wells at a horizontal distance 
of 60 m is 5 m. Determine the discharge 
through the aquifer per unit width if k -0.7 
mm/sec. The depth of aquifer normal to the 
direction of flow is 2.95 J in.

Solution. Length of aquifer between two 
observation wells

= 2.5 X IO-4 mm/s

Fig. E-8.9

= 60/cos 10° = 60.926 m

103_________

2.5 x IQ3 

x 1(TS 4 x 10’2

Hydraulic gradient = /l/£= 6^6 = 0082

From Darcy's law, discharge per unit width.

= 0.7 x L0”3 x 0.082 x (2.95 x 1) = 0.169 x I(T3 m3/sec

= 0.169 lit/sec.
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Illustrative Example 8.10. Fig. E-8.10 shows an 
experimental set- up. If 30% of the effective head is lost 
in the soil A, determine the total head and the 
piezometric head at points 1 and 2.

Determine the coefficient of permeability of the soil 
B if that of the soil A is 0.5 mm/sec.

Solution.
Piezometric head at (1) = 0.3 + 0.3 + 0.4 = 1.0 
Datum head at (1) = - 0.60 m
Total head at (1) = 1.0 - 0.6 = 0.4 m
Head lost in Soil A = 03 x 0.4 = 0.12 m
Total head at (2) = 0.40 - 0.12 = 0.28 m 
Datum head at (2) = -0.30 m
Piezometric head at (2) = 0.28 - (-0.30) = 0.58 
Loss of head in soil B = 0.7 x 0.4 = 0.28 m
Let kB be the coefficient of permeability of soil B.

Since the discharge and area are the same in both the soils,

x >b - kA x iA

or kB x 0.28/0.30 - 0.5 x 0.12/0.30

or kB - 0.214 mm/sec.
Illustrative Example 8.11. Determine the 

discharge per unit width of the slot in Fig. E-8 
11 if the drawdown is 2.3 m. The coefficient of 
permeability of the soil is 1 x 10~2 mm/sec.

Also determine the elevation of the water 
surface at a distance of 30 m from the centre of 
the slot.

Solution. Let us consider flow at a distance 
of x from the centre of the slot. Using Darcy’s 
law, discharge per unit width

’ - ‘ x ‘)

or qdx = kzdz FiS- E-8.ll.

Integrating, q § dx » k zdz

Substituting the values given, 

1 x 10’2 x IO-3 (13.52 - 11.22) 3z ............. ..............
q - -----------------2(160 -0)------------ L m /sec “ 0,001775 ,lt/sec

The water surface z at x = 30 m can be determined using Eq. (a).

0.1775 x 105 -
1 x 10~2 x 10~3 (z2 - 11.22) 

2(30-0)

J



160 SOIL MECHANICS AND FOUNDATION ENGINEERING

or z2 - 125.44 = 2 x 30 x 0.1775 - 10.65
or z ■ 11.666 m.
Illustrative Example 8.12. A capillarity—permeability test was conducted in two stages under a head of 

50 cm and 200 cm at the end of entry of water. In the first stage, the wetted surface advanced from its initial 
position of 2 cm to 8 cm in 6 minutes. In the second stage it advanced from 8 cm to 20 cm in 20 minutes. If 
the degree of saturation at the end of the test was found to be 90% and the porosity was 30%, determine the 
capillarity head and the coefficient of permeability.

X? - X2 
Solution. From Eq. 8.37, --------- - 2* u(/h 4- he) 

S x n‘2 “ «1

or - P)2 _
6 x 60

2 ku (50 4- hc) 

0.9 x 0.30
or ku (50 + he) - 0.0225 ...(1)

From Eq. 8.38, 4-^ 2ku(h2 4- he)
>3 - <2 ' S x n

(20)’ - (8)’ _ 2* H(200 4- Ae)
20 x 60 0.9 x 0.3

or jtu(200 + hc) - 0.0378 ...(2)
From Eqs. (1) and (2),

200 + he 0-0378
0.0225 "50 + hc

or Ae = 170.59 cm
From Eq. (1), ku (50 + 170.59) - 0.0225
or ku - 1.02 x 10"*  cm/sec.

PROBLEMS

A Numericals
8.1. (a) A constant-head permeability test was run on a sand sample 30 cm in length and 20 cm2 in area. When a 

loss of head was 60 cm, the quantity of water collected in 2 minutes was 250 ml. Determine the coefficient 
of permeability of the soil.

(6) If the specific gravity of grains was 2.65, and dry mass of the sample, 1.1 kg, find the void ratio of the 
sample. [Ans. 0.052 cm/sec; 0.445]

8.2. A falling-head permeability test was performed on a sample of dean, uniform sand. One minute was required 
for the initial head of 100 cm to fall to 50 cm in the stand pipe of the cross- seasonal area l_50 cm2. If the sample 
was 4 cm in diameter and 30 cm long, calculate the coefficient of permeability of the sand. [Ans. 0.0275 cm/sec] 

83. During a pumping test, a well was sunk through a stratum of dense sand 10 m deep overlying an impervious 
stratum. Observation holes were drilled at 15 m and 6.75 m from the well. Initially, the water level in the well 
was 2.50 m below the ground surface. After pumping until steady conditions had been achieved, the water levels 
in the observation wells had dropped 1.95 m and 0.50m, respectively. If the steady discharge was 5 litres/sec, 
determine the coefficient of permeability. [Ans. 0.698 x IO-2 cm/sec]

8.4. A permeameter of diameter 82.5 mm contains a column of fine sand 460 mm long. When water flows through 
it under a constant head at a rate of 191 ml/minute, the loss of head between two points 250 mm apart is 380 
mm, calculate the coefficient of permeability.

If falling head test is made on the same sample using a stand pipe of diameter 30 mm, in what time will 
the water level in stand pipe fall from 1560 mm to 1066 mm above outflow level.

[Ans. 3.92 x 10-1 mm/sec; 59.1 sec]
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8.5. Calculate the coefficient of permeability of a soil sample 8 cm in height and cross-sectional area 60 cm2. It is 
observed that in 12 minutes, 600 ml of water passed down under an effective constant head of 50. cm.

On oven drying, the test specimen weighs 750' gm. Taking 2.70 as specific gravity of soil, calculate the 
seepage velocity of water during the test. [Ans. 2.22 x IO-3 cm/sec; 0.33 em/sec.]

8.6. Fig. P-8.6 shows a cross-section through the strata underlying a site. Calculate the equivalent permeability of the 
layered system in the vertical and horizontal direction. Assume that each layer is isotropic.

[Ans. 1.41 x IO"6 cm/sec; 0.081 cm/sec]

k = 0-2 cm/sec

k =3X IQ6 cm/sec 
k = 0 06 cm/sec

Fig. P41.6.

8.7. A glacial elay deposit contains a series of silt partings in it at an average vertical spacing of 2 m. If the silt 
layers are about 5 mm in thickness and have a permeability of one hundred times that of the clay, determine the 
ratio of the horizontal and vertical permeabilities. [Ans. 1.244]

,8.8. In a falling-head permeameter if the time intervals for drop in levels from /u to In and In to I13 are equal, prove 
that

In = ^llj * /13

8.9. If the effective grain size of the soil is 0.3 mm, estimate the coefficient of permeability. Take Hazen’s C = 10.
[Ans. 0.9 mm/sec]

8.10. A soil has a coefficient of permeability of 0.5 x I0-4 cm/sec at 2Q°C. Determine its value when the temperature 
rises to 35°C. (P20° = 10.09 x IO"3 poise and (.135 = 7.21 x IO-3 poise). [Ans. 0.7 x I0-4 cm/sec]

8.11. A drainage pipe beneath a dam has become clogged with sand whose coefficient of permeability is 10 m/day. It 
has been observed that the flow through the pipe is 0.15 m’/day when the difference of water levels on the 
upstream and downstream is 20 m. If the cross sectional area of the pipe was 200 cm2, what length of the pipe 
was filled with sand ? [Ans. 26.67 m]

8-12. a soj| has the coefficient of permeability of 0.4 x 10"4 cm/sec at a void ratio of 0.65 and a temperature of 
30°C. Determine the coefficient of permeability at the same void ratio and a temperature of 20°C. At 20°C, 
.pw-.0.998 gm/ml and p—0.0101 poise and at 3,0°C,•,(?» = 0.996...gm/ml'and p = 0.008 poise.

What would be the coefficient of permeability at a void ratio of 0.75 and a temperature of 20°C ?
[Ans. 0.317 x 10-4 cm/sec; 0.422 x 10"4 cm/sec]

B. Descriptive and Objective type
8.13. What is Darcy's law ? What are its limitations ?
8.14. What are different methods for determination of lire coefficient of permeability in a laboratory ? Discuss their 

limitations.
8.15. Describe pumping-out methods for the determination of the coefficient of permeability in the field. What are 

their advantages and disadvantages ? What are Dupuit's assumptions ?
8.16. Discuss open-end and packers methods for the determination of the coefficient of permeability. Compare these 

methods with the pumping-out methods.
8.17. What is Allen Hazen’s formula for the coefficient of permeability ? What is its use ? Compare this with 

Kozeny—Carman equation and Loudon's formula.
8.18. Describe in brief the capillarity-permeability lest ? Why the values of the copflicienl of permeability obtained 

from this test differ from those obtained from other tests ?
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8.19. How would you determine the average permeability of a soil deposit consisting of a number of layers ? What 
is its use in soil engineering ?

8.20. Write whether the following statements are true or false.
(a) The coefficient of permeability of a soil increases with an increase in temperature.
(ft) The soils with a higher void ratio have always greater permeability than soils with a smaller void ratio.
(c) The coefficient of permeability decreases with an increase in the specific surface.
(<•/) For a given soil, the coefficient of permeability increases with an increase in void ratio.
(e) For a soil deposit consisting of isotropic layers, the coefficient of permeability parallel to the plane of 

stratification is always greater than that normal to this plane.
(/) The variable-head permeability test is used for fine- grained soils.
(g) The line joining the piezometric surfaces is also known as the hydraulic gradient line.

[Ans. True (a), (c), (</). (<?). (/), (g)]

C. Multiple-Choice Questions
1. The permeability of soil varies

(a) inversely as square of grain size (ft) as square of grain size
(c) as grain size (</) inversely as void ratio.

2. The maximum particle size for which Darcy's law is applicable is
(a) 0.2 mm (ft) 0.5 mm
(C) 1.0 mm (</) 2.0 mm

3. According to U.S.B.R., a soil with a coefficient of permeability of IO-4 mm/sec will be classified as
(a) Pervious (ft) Impervious
(c) Semi-pervious (c) Highly pervious

4. The coefficient of permeability of clay is generally.
(a) Between IO-4 and 10~2 mm/s (ft) Between 10"5 and IO-4 mm/s
(c) Between IO-5 and IO"8 mm/s (</) Less then I0-8 mm/s

5. A constant-head permeameter is used for
(a) Coarse-grained soils (ft) Silty soils
(c) Clayey soils (</)Organic soils

6. The coefficient of permeability of a soil
(a) increases with a increase in temperature.
(ft) increases with a decrease in temperature.
(c) increases with a decrease in unit weight of water.
(d) decreases with an increase in void ratio.
A soil has a discharge velocity of 6 x IO-7 m/s and a void ratio of 0.50. Its seepage velocity is
(a) 18 x I0-7 m/s (ft) 12 x JO-7 m/s

(c) 24 x 10-7 m/s (cZ) 36 x 10-7 m/s

8. In a pumping-out test, the drawdown is 5m. If the coefficient of permeability of the soil is 10-4m/s, the radius 
of influence will be about 
(a) 250 m (ft) 300 m
(c) 150 m (tl) 200 m

9. For a sphere of 0.5 mm diameter, the specific surface is
(a) 12 mm"1 (ft) 6 mm-1
(c) 8 mm-1 (</) 9 mm"1

(Ans. 1. (ft), 2. (ft), 3. (c), 4. (c), 5. (a), 6. («), 7. (a), 8. (c). 9. (a)]



9
Seepage Analysis

1. INTRODUCTION
Seepage is the flow of water under gravitational forces in a permeable medium. Flow of water takes 

place from a point of high head to a point of low head. The flow is generally laminar.
The path taken by a water particle is represented by a flow line. Although an infinite number of flow 

lines can be drawn, for convenience, only a few arc drawn. At certain points on different flow lines, the total 
head will be the same. The lines connecting points of equal total head can be drawn. These lines are known 
as equipotential lines. As flow always takes place along the steepest hydraulic gradient, the equipotential lines 
cross flow lines at right angles. The flow lines and equipotential lines together form a flow net. The flow net 
gives a pictorial representation of the path taken by water particles and the head variation along that path.

Fig. 9.1 (a) shows a glass cylinder containing a soil sample of length L. A steady flow occurs vertically 
downward through the soil sample under a head of h. The elevation head, the pressure head and the total head 

Fig. 9.1. Vertical flow through soil.
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at points. A, B and C can be worked out as shown in Fig. 9.1 (b) and 9.1 (c). The point B is at a height of 
0.5 L above the datum. As the rate of loss of head is linear, the loss of head upto point B is h/2. Therefore, 
the total head at point B is h/2. Fig. 9.1 (d) shows a simple flow net, in which five flow lines and an equal 
number of equipotential lines are drawn. The equipotential lines are horizontal and the flow lines are vertical 
in this case. If a dye is inserted at a few points on the top of the soil sample, the paths taken by the dye 
represent the flow lines. The flow nets in actual soil engineering problems are not as simple as shown in the 
figure.

In this chapter, the methods for construction of flow net and their uses are discussed. The forces 
associated with seepage and their effect on the stresses are dealt in the following chapter.

9.2. LAPLACE’S EQUATION
The simple method of construction of flow net as explained above cannot be used for soil engineering 

problems in which the flow is generally two-dimensional. Ilie Laplace equation is used in the construction 
of the flow net in such cases.

The following assumptions are made in the derivation of the Laplace equation:
(1) The flow is two-dimcnsionaL
(2) Water and soil are incompressible.

(3) Soil is isotropic and homogeneous.
(4) The soil is fully saturated.
(5) The flow is steady, Le., flow conditions do not change with time.
(6) Darcy’s law is valid.

Let us consider an element of soil of size dx by dz through which flow is taking place (Fig. 9.2). The 
third dimension along y-axis is large. For convenience, it is taken as unity. Let the velocity at the inlet and 
outlet faces be v, and | v_ + • dx | in x-direction and v, and | v, + — • dx'I in z-direction.

■ ax ■ ■ az

H—dz—|

Fig. 9.2. Two-dimensional Flow.

As the flow is steady and the soil is incompressible, the discharge entering the element is equal to that 
leaving the element.
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or

Eq. 9.1 is the continuity equation for two-dimensional flow.
Let h be the total head at any point. The horizontal and vertical components of the hydraulic gradient are,

respectively,
dh . . dh

■■ ■ ~TX’ and ' ~Tz

The minus indicates that the head decreases in the direction of flow.

From Darcy’s law,
, dh . dh

Substituting in Eq. 9.1,
dx2 az2

, d2h . d2h _ 
or kx —y + *»  —2 “ 0dx2 dz2

As the soil is isotropic, Therefore, 

d2h d2h n 
ax2 + a?

Eq. 9.2 is the Laplace equation in terms of head h.

Sometimes, the Laplace equation is represented in terms of velocity potential 4>, given by 

<j» - -kh

__ . d<b . dh
Therefore, - vx - —

...(9.2)

$ - V, . -k 
dz dz

Substituting the values of vx and vz in Eq. 9.1,

+ ...(«) 
ar a?

Eq. 93 is the Laplace equation in terms of velocity potential.

Laplace’s equation can be solved if the boundary conditions at the inlet and exit are known. The equation 
represents two families of curves which are orthogonal to each other. One family represents the flow Unes 
along which the flow takes place. The other family represents the equipotential lines along which the potential 
(<t>) or total head (A) is constant. The graphical representation of the Laplace equations is, therefore, a flow 

net.

93. STREAM AND POTENTIAL FUNCTIONS
Stream function (ip) is a scalar function of the coordinates x, z such that its partial derivatives satisfy the

following equations:

- -V. -W)]

and - V. ...[9.4(h)]

As a stream function is a continuous function, its total differential is given by

" if ' * * 4^ ' *
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Substituting the values of and from Eq. 9.4, 
dx dz

dip = -v. dx + vx dz

If the stream function is constant along a curve, (Ap = 0. Therefore, - vz de + vx dz = 0

The tangent at any point on the ip-curve gives the direction: 
of the resultant velocity (v) (Fig. 9.3). Hence, the ip-curv< 
represents the flow line. The curves with constant value 

are the flow lines.

Velocity potential (4>) is a scalar function of x and z sucl 
that it derivatives satisfy the following equations (Refer Sect 
9.2).

Q - v, . -4~ ...[9.6(a)]
dx dx i v /j

and f - V, . -4^ ...[9.6(6)]

Integrating, Eqs. (a) and (b), <|> (x, z) = - kh (x, z) + f(z] 

and <p (x, z) = - kh (x, z) + g (x) (b)

Since x and z can be varied independently, 9.3. Flow Curves.

/(z) = g (x) = constant, say C
Therefore, <|> (x, z) = - kh (x, z) + C
If the total head h is taken as a constant, it represents a curve for which <p has a constant value. This is 

an equipotential line. Assigning different values to h such as /z[, /z2,... h„, we get a number of equipotential 
lines <(>[, <f>2, ...<p„.

The slope along an equipotential line cp can be determined as under. The total differential is given by

<Z<p - -^2 ■ dx + • dz
dx dz

If <p is a constant along a curve, dtp = 0

Hence, 0 = • dx +
dx dz

or
d<p/dx _ 
dtp/dz

...(9.7)

From Eqs. (9.5) and (9.7),

Thus, the stream function and the potential function are orthogonal to each other.

From Eqs. (9.4) and (9.6),

or

and

54*  dtp 
dx dz

d2tp =
dxdz = d2z 

dtp _ dtp
. dz dx
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or

Therefore,

dt _ fl^ 
dxdz “ dx1

a2ip + fl2ip _ _ fl2 <p + a2 <j> = 0 
dx1 + fl? dxdz + dxdz

Thus, the stream function (ip) also satisfies the Laplace equation.

Determination of Discharge
The discharge A<y between two adjacent flow lines ip and (ip + Aip) can be determined as follows 

[Fig. 9.3 (a)].
The discharge is equal to the resultant velocity v multiplied by the normal distance (An) between ip and 

(ip + tftp), Obviously, 
discharge - - vz dx + vx dz

Therefore, A q I (~vzdx + vxdz)

Substituting the value of vx and v2 from Eq. 9.4,

In other words, the flow between two adjacent flow lines is constant and is equal to the difference of 
stream functions of the two lines.

9.4. CHARACTERISTICS OF FLOW NET
Fig. 9.4 shows a flow field formed between two adjacent flow lines and equipotential lines. If v, is the 

velocity along the stream line represented by ip,

<l 
+

Fig. 9.4. Flow field.

vx - vs cos a

and vz - - v, sin a

The potential function <p can be written as
flip _ flip . dX flip dz 
ds dx ds dz ds

Using Eqs. 9.6, - vx cos a + vz (- sin a)

Substituting the values of vx and v, from Eqs. 9.9, 

flip 2 -2
—- - v. cos a + v, sin a - v. 
fls

...[9.9(a)]

...[9.9(b)]

...(9.10)
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Likewise, 

or 

or

flip _ dip dx dip dz
dn dx dn dz dn

dip
- v, sin a + v. cos a 

dn

- vf sin2 a + vt cos2 a = vf ...(9.11)

From Eqs.. 9.10 and 9.11, 
ds dn

or Al . AS ...(9.12)
As Am

The flow net must satisfy Eq. 9.12.

It is convenient to construct the flow net such that the change in stream function (Aip) between two 
adjacent flow lines and the change in potential function (A$) between two adjacent equipotential lines are 
constant.

Therefore A<p/Aip » constant

From Eq. 9.12, As/tsn - constant
Although any fixed ratio of te/lsn can be used, for convenience, tss/IXn is kept unity. Therefore, in 

actual practice, the flow net consists of approximate squares,
As - An ...(9.13)

Thus the distance between two adjacent flow lines is equal to the distance between two adjacent 
equipotential lines.

The characteristics of flow net can be summarised as under:
(1) The fundamental condition that is to be satisfied is that every intersection between a flow line and 

an equipotential line should be at right angles.
(2) The second condition to be satisfied is that the discharge (Aj) between any two adjacent flow lines 

is constant and the drop of head (AA) between the two adjacent equipotential lines is constant.

(3) The ratio of the length and width of each field (As/A n) is constant. The ratio is generally taken as 
unity for convenience. In other words, the flow net consists of approximate squares.

The flow net can be obtained by any one of the following methods, as discussed in the following 
sections.

(1) Graphical method, (2) Electrical analogy method,
(3) Soil Models, (4) Plastic models,
(5) Solution of Laplace’s equation.

It will be assumed that the flow is two-dimensional. In many of soil engineering problems, such as flow 
through a long earth dam, seepage under a long sheet pile and seepage below long gravity dams, the flow is 
actually two-dimensional. In all such cases, vertical sections at different points along the length are identical. 
The velocity has components only in two orthogonal directions (a; z), the component in the third direction 
(y-direction) is zero. However, if the length of the soil mass in the third direction (y-direclion) is small, the 
end effects are important and the flow is not truly two-dimensional and Laplace’s equation, as derived above, 
does not apply.

9.5. GRAPHICAL METHOD
The graphical method of flow net construction is the most commonly used method. The hydraulic 

boundary conditions which define the limiting flow lines and equipotential lines should be first identified and 
established. A reasonably good flow net can be drawn by the graphical method even by a novice with some 
practice. However, for getting a good flow net, a lot of practice and patience is required. Fortunately, the 
accuracy of the computation of hydraulic quantities, such as discharge and pore water pressure, does not 
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depend much on the exactness of the flow net. A reasonably good estimate of hydraulic quantities can be 
made even from a rough flow net.

The following points should be kept in mind while sketching the flow net.
(1) Too many flow channels distract the attention from the essential features. Normally, three to five 

flow channels are sufficient. (The space between two flow lines is called a flow channel).
(2) The appearance of the entire flow net should be watched and not that of a part of it. Small details 

can be adjusted after the entire flow net has been roughly drawn.
(3) The curves should be roughly elliptical or parabolic in shape.

(4) All transitions should be smooth.
(5) The flow lines and equipotential lines should be orthogonal and form approximate squares.
(6) The size of the square in a flow channel should change gradually from the upstream to the 

downstream.
The procedure for drawing the flow net can be divided into the following steps:
(1) First identify the hydraulic boundary conditions. In Fig. 9.5, the upstream bed level GDAK represents 

100% potential line and the downstream bed level CFJ, 0% potential line. The first flow line KLM hugs the

hydraulic structure and is formed by the flow of water on the upstream of the sheet pile, the downstream of 
the sheet pile and at the interface of the base of the dam and the soil surface. The last'flow line is indicated 
by the impervious stratum NP.

(2) Draw a trial flow line ABC adjacent to the boundary line. The line must be at right angles to the 
upstream and downstream beds.

The location of the first trial line is determined from experience. An experienced person will make a 
good estimate of the first trial line and subsequent work would be reduced.

(3) Starting from the upstream end, divide the first flow channel into approximate squares by 
equipotential lines. The size of the square should change gradually.

Some of the squares may, however, be quite irregular. Such squares are called singular squares.
(4) Extend downward the equipotential lines forming the sides of the squares. These extensions point out 

approximate width of the squares, such as squares marked (1) and (2).
Other sides of the squares are set equal to the widths as determined above. Irregularities are smoothened 

out, and the next flow line DF is drawn joining these bases. While sketching the flow line, care should be 
taken to make flow fields as approximate squares throughout.

(5) The equipotential lines are further extended downward, and one more flow line GHJ is drawn, 
repeating the step (4).

(6) If the flow fields in the last flow channel are inconsistent with the actual boundary conditions, the 
whole procedure is repeated after taking a new trial flow line.
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It is not necessary that the last flow channel should make complete squares. The flow fields in the last 
channel may be approximate rectangles with the same length to width ratio. In this case, the number of flow 
channels would not be full integer. In fact, the flow channels will be an integer only by chance.

9.6. ELECTRICAL ANALOGY METHOD
According to Darcy’s law, the discharge in a soil mass is proportional to the hydraulic head (A). 

According to Ohm’s law, the current in an electrical conductor is proportional to the voltage (E). An analogy 
exists between the two types of flow. The analogous quantities in the two systems are given in Table 9.1.

Table 9.1 Analogous Quantities

S.No. Flow of water Flow of Current

1. T , h 4
Law : q =• k—A Law : I = K ■ • A

2. Discharge, q Current, I
3. Head, h Voltage, E
4. Length, L Length, L
5. Area, A Area, A
6. Permeability, k Conductivity, K

An electrical model is, made whose boundary conditions are similar to those of the soil model. The 
equipotential lines are drawn by joining the points of equal voltage. The flow pattern obtained from the 
electrical model are used in the construction of flow net in the model.

The following three types of electrical analogy models are used.
(1) Electrical Analogy Thiy. A shallow tray, with a flat bottom, made of an insulating material is taken. 

The tray is filled with water. A small quantity of salt or hydrochloric acid or copper sulphate solution is added 
to water to make it a good conductor of electricity.

The hydraulic boundaries are simulated on the tray. For the flow below a sheet pile shown in Fig. 9.6 
(a), the boundary flow lines are ABC and FG. An insulating material, such as ebonite or perspex, is used to 
simulate the boundary flow lines. The insulating material is fixed to the tray by means of some 
non-conducting adhesive, such as plasticene or bee wax.

The boundary equipotential lines DA and CE are simulated by some good conductor of electricity such 
as copper bars.

For obtaining the flow pattern, an electrical potential difference of 20 V is applied to the two electrodes 
DA and CE. A voltage dividing variable resistor, known as potential divider, is connected in parallel to the 
alternating current source to vary the voltage in the range of 0 to 20 V. A galvanomete'r (or any other null 
indicator) and a probe are connected to the variable potential arm [Fig. 9.6 (h)].

The position of the equipotential lines is determined by locating the points of constant potential (voltage). 
To trace the equipotential line corresponding to a given percentage of total potential (say 10%), the voltage 
divider is set at that potential (2V). The probe is moved in the tray till the galvanometer shows no current 
flow. That position of the probe gives the point corresponding to 2V potential. By moving the probe, other 
points corresponding to that potential are obtained. A graph sheet is generally placed below the transparent 
plate to determine the coordinates of the points. A line joining all these points gives the equipotential line 
corresponding to 10% of the total head. Likewise, the equipotential line corresponding to 20% of the total 
head is obtained by changing the setting on the voltage, divider to 4V and repeating the procedure. Other 
equipotential lines can be drawn in the same manner.

After the equipotential lines have been drawn, flow lines can be sketched manually. The flow lines 
should be orthogonal to the equipotential lines and must satisfy the actual hydraulic boundary conditions. 
Alternatively, the flow lines can be drawn electrically by interchanging the boundaries. The copper strips are 
used for impermeable boundaries ABC and FG and insulating strips for DA and CE. The voltage difference 
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is applied across the new positions of 
copper strips. The new equipotential 
lines, which are actually flow lines, are 
traced by locating the points with the 
help of probe.

(2) Conducting Paper Method. A 
conducting paper is made by 
introducing graphite during its 
manufacture. One side of the graphite 
paper is coated with a non-conducting 
material and the other side with a 
positive aluminum coating. The paper 
is cut to the shape of the hydraulic 
structure for which the flow net is 
required. The boundary equipotential 
lines, such as DA and CE in Fig. 9.6 
(a), are given a coating of silver paint. 
When the paint has dried, the 
connecting wires are spaced out along 
the boundary strips in individual 
strands and are stapled in position.

Direct current (D.C.) supply can be 
used as there are no polarization 
effects. A 2-V accumulator is used for 
feeding the circuit. The lines of equal 
potential are traced, as in the electrical 
analogy tray.

The conducting paper method is 
quicker and more convenient than the 
tray method. However, the accuracy is 
low. As the transverse resistance of the 
paper is generally greater than the 
longitudinal resistance, it causes error.

(a)

Fig. 9.6. Electrical Analogy Tray.

The scales of the model in the longitudinal and transverse directions are sometimes kept different to account 
for difference in resistances. This makes the method more complex.

(3) Potential Analyser Method. A potential analyser is made in the form of a mesh of resistances 
(usually, of 100 ohms), separated at each node by pins of negligible resistance. The mesh is cut to the 
required shape. It is well insulated against temperature and humidity.

A direct current with a voltage difference of 1 V is applied to the appropriate boundaries of the model. 
Hie potential at any nodal point can be read with a high degree of accuracy. 'The equipotential lines are then 
drawn through the points of equal potential..

The method is quite convenient and gives fairly accurate results.

9.7. SOIL MODELS
Flow net can be obtained from a small scale soil model of the hydraulic structure. The soil model is 

placed between two transparent plates, about 100 mm apart. Fig 9.7 shows a soil model of an earth dam, with 
a horizontal filter at its toe.

The flow lines are traced directly by introducing a dye at suitable points on the upstream face of the dam. 
The equipotential lines can be drawn by connecting the points with the same piezometric levels. For this 
purpose, tiny piezometers are installed in the model at suitable points (not shown in figure). However, it is 
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more convenient to draw equipotential 
lines manually after the flow lines have 
been drawn.

The accuracy of the flow net 
obtained from soil models is not good 
because of scale effects and capillary 
effects. Sometimes, viscous fluids are 
used in place of water to reduce 
capillary effects.

The main use of soil models is to 
demonstrate the fundamentals of flow 
net and seepage in a laboratory. In 
practical problems, their use is rather 
limited, because of the time and effort Fig. 9.7. Soil model.

required in the construction of these models.

9.8. PLASTIC MODELS
A seepage flume of width of a few centimeters is used in this method. A model made of plastic is 

fastened to one side wall of the flume, leaving a small space of 2.5 mm or less between the model and the 
other side wall (Fig. 9.8).

SIDE VIEW
Fig. 9.8. Plastic model.

A highly viscous fluid, such as glycerine, is made to seep through the small space between the model and 
the side wall. The flow is laminar. As the fluid flows, it gives an accurate representation of seepage through 
soil. The flow lines can be observed directly by injecting a dye at suitable points.

Plastic models can be constructed more quickly than soil models. The flow lines in such models are also 
better defined. Consequently, the flow net obtained is more accurate than that obtained from soil models. 
Different permeabilities of the soil can be accounted for by varying the space between the model and the 
wall. Anisotropic soils can be represented by a zig-zag face.

9.9. FLOW NET BY SOLUTION OF LAPLACE’S EQUATION
Laplace’s equation can be solved by numerical techniques, such as finite difference method. Relaxation 

method is generally used to find the potentials at various points. Once the potentials have been determined at 
different nodal points, the equipotential lines are drawn by joining the points of equal potentials. Potentials 
can be obtained very quickly if a high-speed digital computer is available.

The Laplace equation (Eq. 9.3) can be written in finite difference form, as

to + to + to + to -4<|>o = 0 ...(9.14)

where <j>i, «t»3 and <j>4 are the potentials at the four adjoining points around the central point O with the

potential <j>o (Fig. 9.9).

The cross-section of the earth structure, for which the flow net is required, is covered with a square grid 
with a number of nodes. The values of the potential (<|>) at various nodal points are assumed, satisfying the 
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hydraulic boundary conditions. As the assumed values are not 
correct, there would be a residual Ro at point O, given by the 

equation,

<l>i + •h + + 4>4 ~4<t>o - Ro ...(9.15)

Each node is considered as a central node in turn and the 
residual determined. The object of the relaxation method is to 
reduce these residuals to zero. It must be borne in mind that the 
potentials at different nodes are inter-related and any change in 
potential at one node has an effect on the residuals at the adjacent 
nodes. The process is, therefore, quite tedius and time­
consuming. However, special relaxation techniques have been 
devised to reduce the effort.

The final correct value of <j> give the true picture of the 
variation of potential. The equipotential lines are drawn through 
the points of equal potentials. The flow lines are then drawn 
orthogonal to equipotential lines.

GRID AROUND *0’

Fig. 9.9. Finite Difference Grid

9.10. FLOW NET IN EARTH DAMS WITH A HORIZONTAL FILTER

Fig. 9.10. Earth Dam with a horizontal filter

The methods of drawing a flow net discussed in the preceding sections are used when the boundary flow 
lines and equipotential lines are given. Seepage through an earth dam is a case of unconfined seepage in 
which the upper boundary of flow net 
is not known. In such cases, it becomes 
necessary to first locate the upper 
boundary before a flow net can be 
drawn.

Let us consider the case of a 
homogeneous earth dam on an impervi­
ous foundation and having a horizontal 
filter at the downstream end (Fig. 9.10). 
The horizontal filter starts at point C.
The impermeable boundary CD is a flow line which forms the, lower boundary of the flow net. The upstream 
face AD is an equipotential line as the total head at every point on this face is equal to h. The discharge face 
CB is the equipotential line of zero potential. Thus, three hydraulic boundarv conditions are known.

The fourth boundary of the flow net is 
the top flow line AB, which is not known in 
the beginning. Below the line AB, the soil is 
saturated and the pressure every where on the 
AB is atmospheric. The line AB is known as 
phreatic line or seepage line. As the pressure 
head is zero on the phreatic line, the total 
head is equal to the elevation head. 
Consequently, there are equal vertical 
intercepts between the points of intersection 
of successive equipotential lines and the 
phreatic line. Once the phreatic line has been 
located, the flow net can be drawn by the 
usual methods.

kozeny’s BASIC PARABOLA

Fig. 9.11. Kozeny’s Solution.

Kozeny studies the problem using the method of conformal transformation. The boundary conditions for 
the flow region ABCD are as under (Fig. 9.11).
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Equipotential line, AD, has <|> - - kh 
Equipotential line, BC, has - 0 
Flow line, DC, has ip = 0
Flow line, AB, has i|> = q

Kozeny’s solution represents a family of confocal parabolas of flow lines and equipotential lines. The 
equation of Kozeny’s basic parabola AB, with C as focus as well as origin, is

Kozeny’s conditions are not entirely fulfilled by any practical earth dam. However, an earth dam with a 
horizontal drainage approximates the conditions at exit. An inconsistency occurs due to the fact that the 
upstream equipotential line in an actual earth dam is a plane surface and not a parabola as assumed by 
Kozeny. Casagrande (1940) recommended that the seepage line in actual dams can also be taken as basic 
parabola, provided the starting point for the parabola is taken at point E, such that AE = 0.3 AF (Fig. 9.10). 
The distance AF is the projection of the upstream slope on the water surface. The coordinates of the phreatic 
line can be determined using Eq. 9.16. The origin is at C, which is also the focus.

Substituting z = 0 in Eq. 9.16, the value of x is given by

*’■!(*) -a
The distance 2r0 between the focus and the directrix is known as focal distance (s). Thus

q = ks ...(9.17)
Substituting the value of q from Eq. 9.17 in Eq. 9.16,

i f _ A. £ _ zlX “ 2 k ks 2 2s

or s2-2xs-z2 = 0 ...(9.18)
Eq. 9.18 can also be derived directly using the property of the parabola that the distance of any point P 

on the parabola from the focus is equal to the distance from the directrix. (Fig. 9.12). Thus

FP - PB

By squaring, x2 + z2 - 52 + x2 - 2$x

or s2 - 2x.v -z2 = 0

If x is taken positive towards left of F, the above 
equation becomes

s2 + 2x5-z2 - 0 ...(9.19)

The value of s can be determined using the 
coordinates of the starting point E (Fig. 9.10). 
Substituting x - d and z = h in Eq. 9.19.

s2 + 2ds-h2 - 0

-2d ± V+ 4A2 
or 5 =---------------- - ----------------

Fig. 9.12. Properties of Parabola;Taking positive sign, 5 = + A2) -d ...(9.20)

Once the value of 5 has been determined, Eq. 9.19 can be used to determine the coordinates of the 
various points on the phreatic line. For different value of x, the corresponding z coordinates are computed and 
plotted.
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An entrance correction is required for the phreatic 
line obtained by the above procedure. The actual flow 
line must start at point A and not point £. Further, the 
flow line must be normal to the upstream face which 
is an equipotential line. The entry correction is made 
by eye judgment as shown in Fig. 9.10. The actual 
phreatic line is shown in solid line. Fig. 9.13 shows 
the entry correction when there is pervious gravel on 
the upstream. The phreatic line in this case is 
horizontal at the entry, as it cannot rise above for 
being normal to the inclined d/s face of gravel.

Once the phreatic line has been drawn, the flow
net can be completed using the methods already discussed. Fig. 9.14 shows a typical flow net.

Fig. 9.14. Flow Net in an Earth dam.

Discharge through the body of the dam

To determine the discharge through the body of the earth dam, let us consider the flow passing through 
the section PQ (Fig- 9.10). From Darcy’s law, discharge per unit length is given by

or

q - kiA

q-k ...(«)

From Eq. 9.19, z - (2 xs + s2)’4

or
dz s
dx (2x5 + s2)*

Therefore, Eq. (a) gives,

or q - ks ...(9.21)
Eq. 9.21 is a simple equation which gives approximate discharge through the body of the dam.

The discharge can also be obtained from the flow net, as explained later (Sect. 9.14).

9.11. SEEPAGE THROUGH EARTH DAM WITH SLOPING DISCHARGE FACE
Fig. 9.15 shows an earth dam 

without any filter on the downstream 
side. The downstream face through 
which water escapes is inclined to the 
horizontal. In this case, the phreatic 
line cuts the downstream face. It is 
normally not permitted in earth dams as 
it may cause the failure of downstream 
slope due to sloughing action. The Fig. 9.15. Flow Net for earth dam without filter.
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down stream face of the dam acts as the discharge face.
Fig. 9.16 (a) shows the downstream face when the phreatic line cuts the downstream face. The 

downstream face makes an angle p with the horizontal The angle is measured clockwise from the horizontal. 
In this case, the phreatic line can be drawn as in the case of the dam with a horizontal filter (Sect. 9.10),

(<D

Fig. 9.16.

taking the point C as the focus and also the origin. The phreatic line is given the entry correction as before. 
An additional correction at exit is required in this case, as the basic parabola goes outside the 
downstream face, which is impossible. The actual seepage line meets the discharge face tangentially for 
p < 90°. The seepage line has been shown by full line, whereas the theoretical basic parabola is shown 
by dotted line.

In the case of horizontal filter, the angle p is 180° [Fig. 9.16 (/?)]. For a rock toe [Fig. 9.16 (c)], the angle 
P is greater than 90°. The phreatic line drops vertically in this case.

Casagrande gave the charts for the exit 
correction. The basic parabola is shifted by 
distance Ar? to locate the point where the actual 
seepage line cuts the discharge face. The value 
of Aa is obtained from the value of 
Aa/(a + Aa) after the distance (a + Aa) is 
obtained from the basic parabola. The value of 
Aa/(a + Aa) depends upon the angle p, given in 
Fig. 9.16 (d). The value is also available in the 
form of a curve (Fig. 9.17). It is worth noting 
that the correction is zero when the angle p is 
180. That is the reason why exit correction was 
not applied in the case of horizontal filter. The 
chart is applicable for p a 30°.

Obviously, &a = C(a + Aa)

P-----►
Fig. 9.17. Casagrand’s Chart.

where C is the correction factor obtained from the chart (Fig. 9.17)

9.12. SEEPAGE THROUGH EARTH DAM WITH DISCHARGE ANGLE LESS THAN 30°
If the angle p is less than 30° (Fig. 9.18), point S at where the seepage line becomes tangential to 

downstream face can be obtained using Schaffemack’s method. It is assumed that part CS of the seepage line 
is a straight line. A tangent at point S coincides over the length CS with the seepage line.
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Fig. 9.18

The discharge is given by,

But

...(9.22)

«= tan p

and z = distance SP = a sin p, where SC = a

Therefore, q = k (a sin p) tan p
From Eqs. 9.22 and 9.23,

Az 4^ - £ a sin P tan P 
dx '

or z dz = a sin p tan p dx

Integrating between x = a cos p tox = d, and between z = a sin p to h, 

or 

or 

or 

or

f z dz = a p tan p | dx
Ja»inp Joccep

~ (h2 -a2 sin2 p) - a sin p tan p (d-a cos P)

A2-a2 sin2 p - 2a Sin P (d-a cosp) 
cosp r

— P - a2 cos p -2ad - 2a2cos2p
sin2p H K

a2 cos p - 2 ad + P - 0 
sin2p

+ 2d ± V 4 d2 - 4 (A2 cos p/sin2 p) cos p 

2 cos p 

d y/ d2 A2" 

cosp V COS2P Sin2p

...(9.23)

...(9.24)

Once the value of a has been determined from Eq. 9.24, the discharge can be found using Eq. 9.23.

9.13. SEEPAGE THROUGH EARTH DAM WITH DISCHARGE ANGLE GREATER THAN 30° 
BUT LESS THAN 60°.

Eq. 9.24 was obtained on the basis of Dupuit’s assumption that the hydraulic gradient is equal to dz/dx, 
Casagrande suggested that the actual hydraulic gradient for discharge angle greater than 30°is given by
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where distance s is measured along the curve.
Based on this assumption, the discharge expression can be written as

...(9.25)

Referring to Fig. 9.19, z = distance SP = a sin 0

Fi.g 9.19. Earth Dam with discharge angle greater than 30°. 

dz . „ 
and — = sin p

ds
Therefore, Eq. (9.25) becomes q - k a sin2 0 ...(9.26)

From Eqs. 9.25 and 9.26, k^z = A a sin2 0

or z dz - a sin2 0 ds

Integrating, J z dz - a J (sin2 0) ds
Josinp Ja

or (A2 - a2 sin2 0) = a sin2 0 (S-a)

or h2 - a2 sin2 0 - 2a S sin2 0 - 2 a2 sin2 0

or a2 - 2 aS + —— = 0
sin20

+ 2S ± V 4S2 - 4A2/sin20 
or a - -----------------------

or a - S-Vs2 - A2/sin2 0 ...(9.27)

The approximate length S of the straight line CE can be determined as

S - Vd2 + h2 ...(9.28)

Therefore, a « Vri2 + A2 — Vc/2 — A2cot20 ...(9.29)

Once the value of a has been determined, the discharge can be obtained from Eq. 9.26.
For angle 0 > 60°, the error introduced due to approximation in Eq. 9.28 becomes large and this method 

is not normally used.

9.14. USES OF FLOW NET
The flow net can be used for a number of purposes as explained below :
(1) Discharge. The space between two adjacent flow lines is called a flow channel. Let Nj be the number
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of flow channels. The difference between two adjacent equipotential lines is called < quipotential drop. Let 
Nj be the number of equipotential drops. In Fig. 9.20, there are 5 flow channels and 10 equipotential drops.

Fig. 9.20. Uses of Flow Net.

Let us consider tire flow through the flow field shown hatched. From Darcy’s law, the discharge through 
the flow field per unit length,

where 
and

‘ ■ (1?) (4,,xl>
Aft is equipotential drop in the flow field, 
As and An are dimensions of the flow field.

...(a)

Substituting

Total discharge,

Taking tss/\n = unity,

In Fig. 9.20,

Aft - in Eq. (a),

q = k x ft x ■ 0.5 kh

...(9.30)

The ratio QNf/Nd) is a characteristic of the flow net. It is known as shape factor (J)). It is independent 

of the permeability (ft) of the soil. It depends only on the configuration or the shape of the soil mass.
It is not necessary that Nf and Nd be always full integer. The last flow channel may consist of rectangles. 

However, in the last flow channel, the length/breadth (As/An) ratio should be approximately the same for all 
flow fields.

(2) Total head. The loss of head (Aft) from one equipotential line to the next is h/Nd. The total head at 
any point (P) can be determined as under.

hp - h-n x (ft/Wj) ...(9.31)

where n is the number of the equipotential drops upto point P.
In Fig. 9.20, n = 8 for point P. Therefore, total head at P is
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hp = h-8 x (A/10) = 0.2 ft

It may be noted than if piezometers were placed at different points on the same equipotential line, water 
would rise in these piezometers to the same elevation.

(3) Pressure head. The pressure at any point is equal to the total head minus the elevation head. As 
mentioned above, the downstream water level is generally taken as datum.

For example, for point P, the pressure head is given by
{hp)p -hp-(-(he)p) -hp + (he)p ...(9.32)

where {h^)p - pressure head at P and (he)p = elevation head at P and hp is the total head.

Obviously, the pressure head at P is equal to the height of water column in the piezometers at P, as 
shown in the figure.

(4) Hydraulic gradient The average value of hydraulic gradient for any flow field is given by

i = Aft/As ...(9.33)
where As is the length of the flow field and Aft is the loss of head.
The hydraulic gradient is generally maximum at the exit near point B where the length As is a minimum. 

As the velocity depends upon the hydraulic gradient, it is also maximum at the exit.

9.15. FLOW NET FOR ANISOTROPIC SOIL
The coefficient of permeability of stratified soil deposits parallel to the plane of stratification is generally 

greater than that normal to this plane. Such soils arc anisotropic in permeability. Let us take the axes x - x 
and z — z parallel and perpendicular to the plane of Stratification, respectively. Therefore kx > k^ From 
Darcy’s law,

Ar -(«)

and
, . , 3ft

*.az ...(ft)

Substituting the values of vx and vz in the continuity equation (Eq. 9.1),

. £A.o
■ <1? 'a?

or
a? ■>? ...(9.34)

As Eq. 9.34 is not Laplace’s equation, the principles of flow net construction, as described in the 
preceding sections, are not applicable to anisotropic soils.

Eq. 9.34 can however be converted to Laplace’s equation by transformation. Let the x coordinate be 
transformed to the new coordinate x, by the transformation (Fig. 9.21).

...(9.35)

Fig. 9.21. Transformation of Coordinates.
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Eq. 9.34 can be written as

[U d2h d2h 
[ a? + a?

Eq. 9.36 is the Laplace equation in x, and z. Therefore, the principles of flow net construction can be 

used for anisotropic soils after transformation.

The cross-section of the soil mass whose flow net is required is redrawn keeping the z-scale unchanged 
but reducing the x- scale by the ratio ■'lkz/kx. The flow net is constructed for the transformed section by usual 

methods [Fig. 9.22 (&)]. The flow net for the actual section is obtained by transferring back the flow net to 
the natural section by increasing the x-scale in the ratio 'Jicx/kz. Obviously, the flow net for the natural section 

does not have the flow lines and the equipotential lines orthogonal to each other [Fig. 9.22 (a)].

(a) naiukal stei IUIN

(b) TRANSFORMED SECTION

Fig. 9.22. Flownet for anisotropic soils. «

The discharge through an anisotropic soil mass can be obtained from an equation similar to Eq. 9.30, 

q - k!h-(Nf/Nd) ...(9.37)

where k' is the modified coefficient of permeability as determined below.

Discharge through a flow channel on the transformed scale per unit width is given by

Ag - A/(AA/Ax,) Az ...(fl)

Discharge through the same flow channel on the natural scale per unit width is given by

Aq = A^. (AA/Ax) Az .;.(&)
Since the discharge is the same in both the channels, 

k (M/bx,) -txz = kx- (,/Mi/bx) ■ txz 

or k! - Ax-(Ax/Ax)

Using Eq. 9.35, k! - kx • Vfe/A^)

or k! - Vm" ...(9.38)

The discharge q is determined using Eq. 9.37 with a value of k' obtained from Eq. 9.38.
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9.16. COEFFICIENT OF PERMEABILITY IN AN INCLINED DIRECTION
Let kx and kz be the coefficients of permeability along x and z directions respectively and ks be the

coefficient of permeability in inclined s-direclion (Fig. 9.23). 
By partial differentiation, 

dh dh dx dh dz . .
— = — ■ — + — • — ...(d)
ds dx ds dz ds ' '

Using the relations, 

, dh , dh
-’‘■Tz

and v, = -ks ~ , Eq. (a) becomes

vx = v s cos a and vz » vs sin a

dx Vz---- _ — ...(b)
ds ks ds Fig. 9.23. Permeability in an inclined direction

Now

and

Eq. (b) can be written as 

or

cos a

1 cos2 a sin2 a
k, ’ + kx

L t L
k," kx +

Eq. 9.40 is equation of an ellipse with and as semi-major 
and semi-minor axes, respectively. The directional variation of 

...(9.39)

...(9.40)

Fig. 9.24. Directional variation of 
permeability.

permeability can be determined from the ellipse (Fig. 9.24). A line 
making an angle a with x-axis gives the intercept vTJ as shown in figure.

Thus ks can be found.

9.17. FLOW NET IN A NON-HOMOGENEOUS SOIL MASS
Sometimes, two different soils are used in a soil mass, thus making it non-homogeneous. The flow lines 

and equipotential lines get deflected at the interface. The flow net thus gets modified.
Let the coefficients of the permeability of the two soils be kt and fcj. We shall consider separately the two 

cases when (1) k2 > k2 and (2) k2 < kz-

Case 1. ftj > k2. Fig. 9.25 (a) shows the case when the soil—1 has permeability more than the soil—2. 

The flow lines get deflected towards the normal after crossing the interface. The phenomenon of deflection of 
the flow lines is somewhat similar to refraction of light rays from a sparse medium to a dense medium.

Let cq be the angle which the flow line makes with the normal in soil—1 and a2 be the angle, in soil—2. 
Let <j>i and be the two equipotential lines. The discharge through the flow channel between the two flow 

lines in two soils is given by

Ac/i = kt (Ab/Ajj) A/q

and A<72 = k2 ■ (AA/Ai'2) ■ Aw2

For continuity of flow across the interface, the discharge through the flow channel remains the same. 
Therefore.

A 9i ■ Ag2

or kt • (&h/&si) • A - kz • (6-h/sj) • &n2
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(a) («

Fig. 9.25. Flownet in a non-homogeneous soil.

(Anj/ASi) = k2 ■ (An2/As2) ...(9.41)

kx

tan cq tan a2

*£ tan cq
...(9.42)

tan a2

Eq. 9.41 must be satisfied at the interface by every flow line crossing it.

Case (2) fcj < Fig. 9.25 (b) shows the case when the flow takes place from a soil of low permeability 
to that of high permeability. At the interface, the flow line is deflected away from the normal. Using a 
procedure similar to that for the first case, it can be shown that

*1 _ *2

tan cq tan 02

k< tan a. . _ n ...
or — » ----------  (same as Eq. 9.42)

k2 tan a2
As k2 > klt the angle 03 is greater than angle cq and the flow line deflects away from the normal.

Flow Net for Non-Homogeneous Section
Fig. 9.26 shows the flow net for an earth dam consisting of two soils of different permeability. The flow 

net is drawn using the following concepts.
(1) The flow net consists of squares in soil—1.
(2) The flow lines deflect at the interface, according ot Eq. 9.42.

Fig. 9.26. Non-homogeneous section.
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(3) Ilie flow net in soils—2 consists of rectangles. The ratio of the sides of the rectangle can be 
determined as under : From Eq. 9.41,

A »2 I A \
A s2 ^2 I Ast I

A i A n2 ki
As ’ A «2 &2

In Fig. 9.26, as k2 > klt >1-0

If the ratio of permeability is greater than 10, flow net in the soil of higher permeability need not be 
drawn. The loss of head in the soil of higher permeability is neglected. For example, in Fig. 9.26, if 
kt > 10&2, the flow net in soil—1 is neglected and it is assumed that the flow lines in soil—1 are horizontal. 
The flow net will be constructed only for soil—2, taking the interface as the upstream face. On the other 
hand, if Xc2 > 10 kx, the flow net will be drawn only for soil—1. In this latter case, the interface will act as 
a discharge face.

ILLUSTRATIVE EXAMPLES

Illustrative Example 9.1. Determine the coordinates of the phreatic line for the earth dam shown in Fig. 
9.14, Find the discharge through the earth dam from the flow net and also analytically. Take k = 4.5 X ICT4 
cm/sec.

Solution. From Eq. 9.20, taking d = 72.5 m and h = 30 m,

s - V(^ + ft2) - d

- V(rf ♦ 72.52) - 72.5 - 5.96 m
The coordinates of the phreatic line are determined from Eq. 9.19. 

s2 + 2xs - z2 - 0

or (5.96)2 + 2 x (5.96)-? - 0

or 35.52 + 11.92x-? - 0

The z-coordinates are determined for different values of x as under.

X +40 + 20 + 30 + 40 + 50 + 60 +72.5 m

z 12.44 16.25 19.83 22.63 25.13 27.40 30 m

From Eq. 9.30, q - kh{Nf/Nd) - 4.5 x 10-6 x 30 x (4/19)

or q - 2.84 x 10"5cumecs/m

Analytically, from Eq. 9.21, q - ks
or q « (H.5 x lO^XS^e) = 2.68 x 10-5 cumecs/m

Illustrative Example 9.2. Determine the uplift pressure on the impervious concrete floor of the weir 
shown in Fig. 9.2. Also determine the exit gradient.

Solution. Flow net in constructed as shown in Fig. E 9.2. Each equipotential drop AA is 7.5/15 = 0.5 m, 
as nd = 15.
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Fig. E-9.2

Hie total head at the two extremities of the floor are 7.0 m and 0.5 m. These are also equal to the 
pressure heads, as the underface of the floor is at the datum (d/s level).

Total uplift force U - y (/zj + hfi yw x area

- | (7.0 + 0.50) x 9.81 x (28.5 x 1)

or U - 1048.4 kN
Hie length (As) of the last flow field near toe is 1.0 m.
Therefore, exit gradient (i) - bh/bs - 0.5/1.00 = 0.50

PROBLEMS

9.1. Determine the seepage discharge through the foundation of an earth dam if the flow net has 10 equipotential 
drops and 3.5 flow channels. The length of the dam is 300 m and the coefficient of permeability of the soil is 
25 x 10-4 cm/sec. Hie level of water above the base of the dam is 12 m on upstream and 4 m on downstream. 

[Ans. 66.23 x 103 ni3/ year]

9.2. In the experimental set up shown in Fig. P 9.2, flow takes place under a constant head through the soils A 
and B.

Fig. P 9.2.
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(i) Determine the piezometric head at point C.
(ii) If 40% of the excess hydrostatic pressure is lost in flowing through soil B, what are the hydraulic head and 

piezometric head at point D.
(iu) If the coefficient of permeability of soil B is 0.05 cm/sec, determine the same for soil A.
(iv) What is the discharge per unit area ?

[Ans. (i) 120 cm, («) 24 cm, 64 cm, («i) 0.033 cm/sec (iv) 0.02 ml/sec.
93. A homogeneous earth dam is provided with a horizontal filter drain 30 m long at its toe, as shown in Fig. P 9.3. 

Determine the focal length.

Fig. P 9.3.

Also determine the seepage discharge per unit length if the coefficient of permeability is 40 m/day. 
[Ans. j = 3.99 m, q = 159.6 m3/day)

9.4. A sandy stratum 5 m thick has a slope of 1 in 10 and lies between two impervious strata (Fig. P 9.4). If the 
piezometers inserted at two points 20 m apart indicate a pressure difference of 3.5m and the coefficient of 
permeability is 1.91 x 10-4 cm/sec, determine the seepage discharge. [Ans. 5.96 litres/hour]

Fig. P 9.4.

93. Water percolates across a rectangular silty earth fill 30 m long and 15 m wide. The fill is founded on an 
impervious stratum and the depth of water on one side is 5.0. Compute the seepage discharge, k = 0.15 
cm/minute.. [Ans. 108 m3/day]

9.6. A homogeneous dam is 21.5 m high and has a free board of 1.5 m. A flow net was constructed and the 
following results were observed.

No. of potential drops = 12
No. of flow chanels = 3

The dam has a horizontal filter of 15 m length
Calculate the discharge/m length of the dam if the coefficient of permeability of the dam material is 2.7 x 

10”6 m/sec. [Ans. 1.35 x 10-5 cumecs/m]

9.7. A silty-clay deposit 4 m thick lies between two layers of sand as shown in Fig. P 9.7. Calculate the seepage 
through the clay if the coefficient of permeability is 1 x IO-6 cm/sec. [Ans. 1.296 x 10-3 m3/day/m°]

B. Descriptive and Objective Type
9.8. What is a flow net ? Describe its properties and applications. Describe different methods used to construct the 

flow net.
9.9. Explain the uses of a flow net.
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Fig. P 9-7.

9.10. Describe the electrical analogy method of flow net construction.
9.11. Prove that the discharge per unit width of an earth dam with a horizontal filter at its toe is equal to the 

coefficient of permeability times the focal length.
9.12. Prove that the discharge through an earth mass is given by

where k = coefficient of permeability, h = head, Nf = number of flow channels, 
Nd = number of equipotential drops.

9.13. How would you draw the flow net for a homogeneous earth dam without any filter ?
9.14. What is entry correction of the flow net ? How is it done ?
9.15. How would you construct the flow net when the soil is anisotropic ?
9.16. Explain the method of constructing the flow net in an earth dam consisting Of two different zones.
9.17. Mention whether the following statements are true or false.

(a) The flow lines and equipotential lines are orthogonal for an isotropic soil.
(ft) The number of equipotential lines and flow lines is always a full integer.
(c) In two-dimensional flow, the velocity in the third direction is zero.
(d) The velocity potential is equal to the total head.
(e) The flow net for anisotropic soil can be obtained from Laplace’s equation.
(f) The electrical analogy method can be used to obtain directly flow lines.
(g) Relaxation method is used to determine the potentials at various points.
(ft) The upstream face of an earth dam is an equipotential line.
(i) The shape factor depends upon the type of soil.
(/) When the flow passes from a soil of high permeability to that of low permeability, the flow lines are 

deflected away from the normal.
(ft) Tire equipotential lines make equal vertical intercepts on the phreatic line.
(/) The phreatic line of a homogeneous section always cuts the downstream face.
(m) The phreatic line at the entrance may rise upward.
(n) For an earth dam with a horizontal filter at its downstream toe, the Casagrande exit correction is zero.

[Ans. True, (a), (c), (/), (g), (ft), (ft), (/), (»)]

C. Multiple-Choice Questions
1. Hie phreatic line in a homogeneous dam is

(a) Circular (ft) Elliptical
(c) Hyperbolic (d) Parabolic

2. If there is flow from a soil of permeability fti to that of ft?, the angles 0i and O2 which the flow line makes with 
the normal to the interface are related as
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sin Oi A-|
(a) o = T~

sm 62 K2
COS0I A-|

(c)----- x- = T
COS 02 K2

tan Qi =
tan 02 ku
cot0i k\

<w Sfc ■ fa

3. The pressure on a phreatic line is
(a) . equal to atmospheric pressure.
(ft) greater than atmospheric pressure.
(c) less than atmospheric pressure.
(d) not related to the atmospheric pressure.

4. A flow net hits 4 flow channels and 20 equipotential drops, the shape factor is
(a) 1/5 (b) 5
(a) 80 (d) None of above

5. For an isotopic soil, kx/kz = 9. For the transposed section, the horizontal scale should be
(fl) 1/9 (b) 1/3
(c) Three times (d) Nine times

6. The starting point of the horizontal drainage is usually taken as .... of parabola
(a) Focus (h) Origin
(c) Vertex (d) Both (a) and (b)

7. If the flow net of a cofferdam foundation has
h = 6m, N/ = 6 and N,i = 18, k = 4 x IO-5 m/min, then the seepage discharge (in m7d) per m length is
(a) 0.2304 (ft) 0.1152
(c) 1.0368 (d) 2.304

8. A flow net can be used to determine
(o) Seepage, coefficient of permeability and uplift pressure
(ft) Seepage, coefficient of permeability and exit gradient
(c) Seepage, exit gradient and uplift pressure
(d) Seepage and exit gradient only

9. For an anisotropic soil with kx = 4kz, the value of the modified coefficient of permeability k' is
(a) 2 kx (ft) 4 kx
(c) 0.5 kx (d) 0.25 kx

10. For a flow net with Nf = 5 and N,i = 20, the shape factor is
(a) 0.25 (ft) 4.0
(c) 100 (d) 1.0

[Ans. I. (d), 2. (ft), 3. (a), 4. (a) 5. (ft), 6. (d), 7. (ft), 8. (c), 9. (a), 10. (a)]
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Effective Stress Principle

10.1. INTRODUCTION
The effective stress principle enunciated by Karl Terzaghi in 1936 forms an extremely useful basis of the 

most important theories in soil engineering. Hie effective stress principle consists of two parts :
1. Definition of the effective stress.
2. Importance of the effective stress in engineering behaviour of soil.
This chapter is devoted mainly to the first part. The second part dealing with the importance of effective 

stress is discussed briefly in the following article. The role of effective stress on compression characteristics 
and shear strength is dealt in detail in chapters 12 and 13, respectively.

The methods for determination of effective stress in soils for hydrostatic conditions and for steady 
seepage conditions are discussed separately. The effect of seepage pressure on the stability of the soil masses 
in described. Piping failures and the methods for its prevention are also discussed.

10.2. EFFECTIVE STRESS PRINCIPLE
(1) Definition of Effective Stress
Fig. 10.1 shows a soil mass which is fully saturated. Let us consider a prism of soil with a cross-sectional 

area A. The weight P of the soil in the prism is given by

p - hA ...(a)

where yffl/ is the saturated weight of the soil, and h is the height of the prism.

Total stress (a) on the base of the prism is equal to the force per unit area. Thus

o - J - T„/. ...(10.1)

While dealing with stresses, it is more convenient to work in terms of unit weights rather than density. 
As discussed in chapter 2,

Y - P ’ g
where y is in N/m3 and p is in kg/m3, g = 9.81 m/sec2

Thus, yJfl, « pta x g - 9.81 pfaf
Generally, the unit weights are expressed in kN/m3 and the mass density in kg/m3. In that case,

‘ 9 81 * 1<r’ p“

For example, if psal - 2000 kg/m3,

tsat - 9.81 x 10'3 x 2000 - 19.62 kN/m3

Sometimes, Eq. (a) is approximated as
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...(103)

ysal ~ 0.01 pjn( ...(b)

In that case ysa = 0.01 x 2000 = 20.00 kl-

For convenience, Eq. (b) is sometimes used.
Pore water pressure (u) is the pressure due to pore water 

filling the voids of the soil. Thus

« - Iwh ...(10.2)

Pore water pressure is also known as neutral pressure or 
neutral stress, because it cannot resist shear stresses.

Pore water pressure is taken as zero when it is equal to 
atmospheric pressure, because in soil engineering the pressures 
used are generally gauge pressure and not absolute pressures.

The effective stress (a) at a point in the soil mass is equal 
pressure. Thus

<5 = o - u 
For saturated soils, it is obtained as

5 = lsal h - ywh 

or o = (yJ(B - yj h

or a = y' h

where y' is the submerged unit weight. 

The effective stress is also represented by o' in some texts. 
It may be noted that the effective stress is an abstract quantity, as it cannot be measured directly in the 

laboratory. It is deduced from two physical, measurable quantities a and m. Thus the effective stress is a 
mathematical concept and not a physical quantity.

(2) Importance of Effective Stress
The effective stress controls the engineering properties of soils. Compression and shear strength of a soil 

are dependent on the effective stress. Thus 

compression = f(o) 

and shear strength = <p (o) 
where/and <p represent some functions.

As the effective stress in a soil increases, the compression of the soil occurs. This causes settlement of 
structures built on soils.

The shear strength of a soil depends on its effective stress. As the effective stress is changed, the shear 
strength changes. The stability of slopes, the earth pressures against retaining structure and the bearing 
capacity of soils depend upon the shear strength of the soil and hence, the effective stress. The importance of 
shear strength in soil engineering problem cannot be overemphasised. It is one of the most important 
properties of soils.

As discussed in chapter 8, the permeability of a soil depends upon the void ratio. With a change in 
effective stress, the void ratio of the soil changes. Therefore, to some extent, the permeability of a soil is also 
governed by the effective stress.

103. NATURE OF EFFECTIVE STRESS
Let us consider a physical model of a soil mass, fully saturated, as shown in Fig. 10.2(a). Let us take a 

wavy plane X- X passing through the points of contact of solid particles. On the macroscopic scale, the wavy 
plane cannot be distinguished from a true horizontal plane as the individual particles are of relatively small 
size. Therefore, for all practical purposes, the plane X-X can be assumed as horizontal.
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The total normal force P acting on the soil model is resisted partly by the interparticle forces at the points 
of contact (Pm) and partly by the pore water pressure force (Pw) [Fig. 10.2 (/>)].

Thus P = Pm + Pw -(10 -5)

At every point of contact, the interparticle force F can be resolved into the normal component (N) and 
the tangential component (T) to the plane X-X [Fig. 10.2 (c)]. The interparticle forces are random in both

Fig. 10.2. Physical model of a soil mass.

magnitude and direction throughout the soil mass. The tangential components, however, neutralise one another 
and the resultant of all the normal components is downward.

The effective stress is the nominal stress transmitted through the solid particles, and is given by

or

— sum of all N-components 
area of X—X plane

- SN ...(10.6)

Let the area of cross-section occupied by the solid particles (minerals) be A,„ 

be A„ [Fig. 10.2 (rf)].

Therefore, A = A„ + Aw

or Aw = A — Am

Let u be the pore water pressure. From Eq. 10.5,

P = pm + Pw = + SU

and that occupied by water

...(10.7)

or a A = a A„ + uAw -(10.8)

where a is the actual normal stress transmitted at the points of contact of the solid particles, and a is the 

total stress (Eq. 10.1).

Eq. 10.8 can be written as

a = 3 (Am/A) + u (A^/A)

Using Eq. 10.7, a = o (Am/A) + u (1 - Am/A)

or

where a„ = Am/A.

a = a am + u (1 - am) ...(10.9)
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The geotechnical engineer is interested in the effective stress (o) not in the actual contact stress (a). Let 
us again consider the equilibrium in the vertical direction [Fig. 10.2 (d)]. We have

P = XV + u AM

or oA »= SW + uA„

or o - IN/A + u(A„ZA) ...(10.10)

In Eq. 10.7, as the area occupied by the interparticle contact (mineral to mineral) A„, is very small (about 
3% for granular soils), the area Aw be taken approximately equal to the total area A. In other words,

Aw «• A.

Therefore, Eq. 10.10 becomes a = YN/A + u
Designating 2W/A by the nominal effective stress, 5,

o - o + u

or a ■= a-u (same as Eq. 10.3)
It must be noted that the effective stress (o) depends upon the normal force (2W) transmitted at the points 

of contact, but it is not equal to the contact stress (&). It is equal to the total normal force N transmitted at 
the points of contact divided by the total area A, including that occupied by water. It has no physical meaning 

and, therefore, cannot be directly measured. It is much smaller than the actual contact stress 5.
The pore water pressure due to water in voids acts equally in all directions (Pascal’s law). It does not 

resist any shear stress, and, therefore, is also allied the neutral stress. However, it is very important as the 
effective stress depends upon the pore water pressure.

In clayey soils, there may not be direct contact between the minerals due to the surrounding adsorbed 
water layers. However, it has been established by actual experiments that the interparticle contact forces can 
be transmitted even through the highly viscous adsorbed water. The above equations which have been 
developed assuming the soil as coarse-grained may be used for clayey soils as well.

For surface active minerals, Eq. 10.3 is modified as

a - a - u + (A' - R') ...[10.3 (a)]
where A' and R‘ are respectively the attractive and repulsive forces per unit area.

10.4. EFFECT OF WATER TABLE FLUCTUATIONS ON EFFECTIVE STRESS
Let us consider a soil mass shown in Fig. 10.3. Tire depth of the water table (W.T.) is below the 

ground surface. The soil above the water table is assumed to be wet, with a bulk unit weight of y. The soil 
below the water table is saturated, with a saturated weight of yJflf.

Total down ward force (P) at section X—X is equal to 
the weight (W) of the soil. Thus,

p = IF = y Hl A + H2A

where A is the area of cross-section of the soil mass.
Dividing by A throughout, I ^2 SATURATED SOIL

P „ „ Ixl I t I 1 I x()fu
The left-hand side is equal to the total stress (Eq. 10.1).

Therefore, a - y + y*,W 2

The pore water pressure (h) is given by Eq. 10.2 as

u - ywH2 F>g-103
From Eq. 103, o - a - u - (yHj + tsatH^ - ywW2

or a = yHi + (yJfl( - yw) H2

WET SOIL
__l______

H F

I ♦ ♦
W= rAHl4- rsatH2A
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or • a-y/A + Y'^i ...(10.11)

Eq. 10.11 gives the effective stress at section X—X. Fig. 10.3 also shows the directions of a and u at 
X-^X.

(a) If the water table rises to the ground surface, the whole of the soil is saturated, and

o = y' (Hi + H2) = i' H ...(10.12)

As y1 < y, the effective stress is reduced due to rise of water table.
(b) If the water table is depressed below the section X—X,

a-tH ...(10.13)

In this case, the effective stress is increased.
Thus, it is observed that the fluctuations in water table level cause changes in the pore water pressure and 

the corresponding changes in the effective stress.

10.5. EFFECTIVE STRESS IN A SOIL MASS UNDER HYDROSTATIC CONDITIONS
Fig. 10.4 (a) shows a soil mass under hydrostatic conditions, wherein the water level remains constant. 

As the interstices in the soil mass are interconnected, water rises to the same elevation in different 
piezometers fixed to the soil mass. The effective stress at various sections can be determined using Eq. 10.3.

Fig. 10.4. Water Table above soil

(1) Water Table above the soil surface A—A:
Section A—A a - ywIi, u = y„H

Therefore, a - a - u » 0 ...(a)

Section B—B a « yw H + (y««)i#i > and « - yw(T7 + ^A)

Therefore, a - [(7^)1 - gTA - Yt' -(6)

where yf is the submerged unit of soil—1.

Section C—C 0 - ywH + (y^/A + (ysa)2H2

u - yw (H + TA + 

Therefore a - yf + y2' II2 ...(c)

where y2' is the submerged unit weight of soil-2.

(2) Water Table at tlie soil surface A—A
Fig. 10.4 (b) shows the condition when the depth H of water abqve the section A—A is reduced to zero. 

In this case, the effective stresses at various sections are determined as under:

Section A—A 0 - u - a - 0 ...(d)
Section B—B 0 - , and u ■ ywTA

and o » fi Hi ...(e)
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Section C—C a = (yia)iHi + (ftj2/f2

m - <{w(Hi + H2)

Therefore, a » ft' Ht + ft' H2 ■■■(/)

Comparing Eqs. (a), (b), (c) with (d), (e) and (f), it is observed that the depth II of water above the soil 
surface does not contribute to the effective stress at all. In other words, the effective stress in a soil mass is 
independent of tire depth of water above the soil surface. It should therefore not be surprising that the marine 
soil deposits, which are under a very large depth of water, have a low effective stress and correspondingly 
low shear strength.

(3) Water Table in Soil—1
Fig. 10.5 (a) shows the case when the water table is at D—D in the Soil—1 al depth ///. The effective 

stresses at various sections are determined as follows.

A A A A

(b)

Fig. 10.5. Water Table in (a) Soil-1 and (b) Soil-2.

a - U = O ” 0

a - ft rtf,

Section A—A
Section D—D
where ft is the unit weight of soil above D—D. u = 0

Therefore, a

Section B—B 0
u

Therefore, a

Section C—C a
u 

Therefore, a

When H" - 0, a

- Yi W

- Yi^i' + (Y«W' (Note, rtf + Hi" = Hi)

- Y^i"

- Yi W + [(Y,«)i - YhW - ftH/ + li'Hi"

= Yi#i' + (Y^)i Hi" + (y,a)2H2

- iw(H2 + Hi")

- Yi Hi + ft' Hi" + ft' H2

- 11 Hi + i2H2

(4) Water Table in Soil—2
Fig. 10.5 (b) shows the condition when the water table is at EE in Soil—2 at depth H2. The effective 

stresses at various sections are as under:

Section A—A 
Section B—B
Section E—E

Section C—C

a = u = o - 0

0 - yi Hi, u - 0, 0 * ft H\

a » ft Hi + <j2H2 , u ■= 0 (Note. H2 + H2" <*  Hi)

o “ I1H1 + 12H2'

a - ftf/j + ft/72' + (Yx«)2^2"

« - Y» H2"

a - <11 Hi + <(2H2' + y2'/72"
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where y2 >s submerged unit weight of Soil-2.

(5) Water Table below C—C
Fig. 10.6 shows the condition when the water table is below C—C. 

As the pore water pressure is zero everywhere, the effective stresses are 
also equal to the total stresses.

Section B—B a - a - Yi^i

Section C—C a - a - + y2H2

The following points are worth noting in the five cases studied 
above.

(1) Hie effective stress at any section goes on increasing as the 
water table goes down. Fig. 10.6. Water Table below soil.

(2) The effective stress depends upon the bulk unit weight above the water table and the submerged unit 
weight below the water level.

(3) The effective stresses in a soil mass can be determined from the basic definitions, without 
memorising any formula.

10.6. INCREASE IN EFFECTIVE STRESSES DUE TO SURCHARGE
Let us consider the case when the soil surface is subjected to a surcharge load of intensity q per unit area. 

Let us,assume that the water table is at level B—B (Fig. 10.7). The stresses at various sections are determined 
as under.

Section A—A a • q, u - 0, a • q
i .e., all the points on the soil surface are subjected to an 

effective stress equal to q.

Section B—B o = ? + Yi ZZj, u = 0

Therefore, a - <7 + Yi #1

Section C—C a - 9 + Yt#i + (YsJz^a

u -

Therefore, o = ? + Yl + Y2^2

From the above illustrations, it is clear that the effective stress 
throughout the depth is greater than the case with no surcharge 
discussed in the preceding section. The difference is equal to the Fig. 10.7. Effect of Surcharge.

intensity q. In other words, the effective stress is increased by q throughout.

10.7. EFFECTIVE STRESSES IN SOILS SATURATED BY CAPILLARY ACTION
If the soil above the water table is saturated by capillary action, the effective stresses can be determined 

using Eq. 10.3. However, in this case the pore water pressure above the water table is negative [Fig. 10.8 (a)]. 
The water table is at level B—B. Let us consider two cases:

(1) Soil saturated upto surface level A—A [Fig. 10.8 (a)]
(2) Soil saturated upto level D—D [Fig. 10.8 (b)]

(1) Soil saturated upto surface level A—A [Fig. 10.8 (a)]
The pore pressure diagram is drawn on the right side.
The stresses at various sections are determined as under.

Section A—A o = 0, u = -ywHi

Therefore, o - 0
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h2

J Wet D 
g y Saturated gft xp

Fig. 10.8. Effect of capillary rise.

If the soil was not saturated with capillary action, the effective stress at section A—A would have been 
zero. "Ihus, the capillary action has increased the effective stress by ywHi. In other words, the negative 

pressure acts like a surcharge (q\.

Section D—D a = (a„,)i Ht' (Note. H\ + H" =

« = -Y»W|" = -YwW - «,')

Therefore, 0 = [(y,,,,), /// - ywHt'] + ywH}

or o = yf Hi' + ywHi

If the soil had been saturated due to rise in water-table to A—A, the effective stress at section D—D 
would have been y/Wi'. 'Thus, the effective stress is increased by 'jwHi due to capillary action.

Section B—B a - (Yra)i > u = 0
Therefore, a = (Yj«)i^i = Yi'Wi + Yh-Wj

If the soil above B—B had been saturated due to rise in water table to A—A, the effective stress would 
have been y/Wp Thus the effective stress is increased by Yw^i by capillary action

Section C—C o = (ym)i^i + (Ysa)z^2> u = ywH2

Therefore, o = {ysa)iHi + y2 H2 = Yi'^i + Y2W2 + ywHx

At this section also, the effective stress has also increased by Wi­

lt may be noted that the effective stress at all levels below the plane of saturation A—A, due to capillary 
water, is increased by ywHi- The capillary water pressure ywHi acts as if a surcharge. The effect is somewhat 

similar to the constant compressive stresses induced in the walls of the capillary tubes discussed in chapter 7

(2) Soil saturated upto level I)—D [Fig. 10.8 (&)].
Let us now consider the case when the soil above the water table B—B is saturated only upto level 

D—D upto a height W(". The soil above level D—D is wet and has a unit weight of y.

The capillary rise in this case is Hi".

The stresses at various sections can be determined as under.

Section A—A cr = u = a •= 0

There is no effect of capillary water.

Section D—D u = Yi Hi’, u = - y„ Hi"

Therefore, a = yi Hi + ywHi"

The effective stress due to capillary pressure is increased by ywHi".

Section B—B a = yHi + (yja)j H" - yi Hi + yi' Hi" + ywHi"

u = 0
Therefore, a - (yiHi + yiHi") + ywHi"



EFFECTIVE STRESS PRINCIPLE

The effective stress is increased by due to capillary action.

Likewise, it can be shown that the effective stress is increased by ywHi" at section C—C also.

The following points may be noted from the study of both cases :

(1) The capillary water above the water table causes a negative pressure H, where H is the capillary 
rise. This negative pressure causes an increase in the effective stresses at all levels below the 
saturation level. The increase is equal to ywH. The capillary action is equivalent to a surcharge 
q = ywH.

(2) If the soil is saturated due to rise in water table, the effective stress depends upon the submerged unit 
weight; whereas for the soil saturated with capillary water, the effective stress depends upon the 
saturated unit weight. In the latter case, the water does not contribute to hydrostatic pressure.

(3) If the water table rises to the top soil surface, the meniscus is destroyed and the capillary water 
changes to the free water, and the effective stress is reduced throughout.

(4) Eq. 10.3 is applicable in all cases. However, it should be remembered that the pore water pressure 
in the capillary zone is negative.

10.8. SEEPAGE PRESSURE
As the water flows through a soil, it exerts a force on the soil. The force acts in the direction of flow in 

the case of isotropic soils. The force is known as the drag force or seepage force. The pressure induced in 
the soil is termed seepage pressure.

Let us consider the upward flow of water in a soil sample of length L and cross-sectional area A under 
a hydraulic head of h [Fig. 10.9 (a)]. The expression for seepage force and seepage pressure can be derived 
considering the boundary water pressures ii[ and u2 acting on the top and bottom of the soil sample, as shown 
in Fig. 10.9 (b)(z). The boundary water pressure can be resolved into two components, namely, the hydrostatic 
pressure and the hydrodynamic pressure as shown in Fig. 10.9(fe)(n) and 10.9(b)(iz7).

(1) The hydrostatic pressures mj(s) and u2(s) are the components which would occur if there were no 
flow. If the samples were submerged under water to a depth of Hi, these pressures would have 
occurred.

Fig. 10.9. Vertically upward flow.
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(2) The hydrodynamic pressures m(d) and u.2(d) are the components which are responsible for flow of 
water. This pressure is spent as the water flows through the soil. These components cause the 
seepage pressure.

At the top of the sample, U[ - (s) + «i (d)

or Yw#i = + 0

At the bottom of the sample, u2 = u2 ($) + u2 (d)

or + L + h) = + L) + ywh

The hydrodynamic pressure is due to hydraulic head h. The seepage force (J) acts on the soil skeleton 
due to'flowing water through frictional drag. It is given by

J = ywhA ...(10.14)

The seepage pressure (p.t) is the seepage force per unit area,

= J/A = ywh ...(10.15)

The seepage pressure (ps) can be expressed in terms of the hydraulic gradient. From 10.15,

Ps = h = yH. • (h/L) ■ L

or ps = iyw L ...(10.16)

The seepage force (J) can be expressed as the force per unit volume (j), as

or j - zyM, ...(10.17)

Thus, the seepage force per unit volume is equal to the product of the hydraulic gradient (z) and the unit 
weight of water. As the hydraulic gradient is dimensionless, the seepage force per unit volume has the 
dimensions of the unit weight (i'.e.)[F/L3]. It has the units of N/m3. For isotropic soils, the seepage force acts 

in the direction of flow.

10.9. FORCE EQUILIBRIUM IN SEEPAGE PROBLEMS
Force equilibrium in seepage problems can be considered adopting either of the following approaches.
(1) Considering the equilibrium of the entire mass and using the boundary pressures.

(2) Considering the equilibrium of the solid particle or the mineral skeleton, and using the hydrodynamic 
pressures.

(a) Vertical Flow
(i) Upwards. Fig. 10.10(a) shows the forces acting on the soil mass shown in Fig. 10.9 (a). The unit 

weight of the soil used is the saturated unit weight. The resultant force (/?) on the soil mass considering the

Fig. 10.10. Force equilibinim in vertical flow.
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R = (W + Ut) - U2

or R = (LA ysa + ywAHi) -ywA(Hl + L + h)

or R = LAy' - ywhA ...(10.18)

The figure on the left-hand side shows the force diagram. The resultant force R acts downwards. For 
stability of the mass, R must act downwards.

Fig. 10.10(b) shows the forces acting on the solid particles, adopting the second approach. The unit 
weight of the soil used in this approach is the submerged unit weight. The resultant force (R) on the soil 
skeleton is given by

r w - c;2'

or R = LA y' - ywhA (same as Eq. 10.18)

In Eq. 10.18, the first term gives the submerged unit weight and the second term, the seepage force (Eq. 
10.14). It must be noted that in the first approach, the seepage force (J) is not considered separately. It is 
automatically accounted for in the boundary forces.

(ii) Downwards. Adopting a similar procedure, it can be shown that the resultant force when the flow is 
downward is given by

R = LAy'+ywhA ...(10.19)

(b) Inclined Flow
Fig. 10.11 (a) shown the flow through an inclined soil specimen. In this case also, the resultant force R 

can also be determined by adopting either of the two approaches discussed above for the vertical flow. As for 
the vertical flow, in the first approach, the resultant force R is the vectorial sum of the saturated weight

(2)R= Wsubn

(b)

Fig. 10.11. Force equilibrium in inclined flow.

(Wj<*)  and the boundary forces U. In the second approach, the resultant force R is the vectorial sum of the 
submerged weight (WJBfr) and the seepage force (J). The force triangles are shown in Fig. 10.11(b). Thus

(1) R ~WSOI + U ...(10.20)
(2) R = + 7 ...(10.21)

Thus the two approaches give the same resultant force R.

In Fig. 10.11 (b), the buoyant force is represented by B. Obviously,

B - Wsal - ...(10.22)

The two approaches give identical results. However, the first approach is more popular. It is more 
convenient to determine the boundary forces than to determine the seepage forces. The seepage forces depend 
upon the direction of flow and change from point to point. It becomes difficult to determine the seepage 
forces, especially in two-dimensional flow.
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10.10. EFFECTIVE STRESSES UNDER STEADY SEEPAGE CONDITIONS
As the water flows through the soil, it 

exerts a seepage force on the soil particles. 
The seepage force affects the interparticle 
forces and hence the effective stresses. The 
effective stress is increased when the flow is 
downward, as the seepage force increases the 
interparticle forces. On the other hand, when 
the flow is upward, the effective stress is 
decreased as the seepage force decreases the 
interparticle forces. The two cases are 
discussed separately below.

(a) Downward Flow. Let us consider the 
case when the flow is downward (Fig. 10.12). 
The head causing flow in h. The pore water 
pressure at sections A—A and B—B are 
indicated by the piezometers. The effective stres

Section A—A a = yw Hy

Fig. 10.12. Downward Flow.

at various sections arc determined using Eq. 10.3.
« = ywH„

Therefore, 

Section B—B
Therefore,

or

or

o = 0

Q = (7rar) l -^1 + w = 'Yw

o = - yw Hwi

o = (yf + ywHi) + ywHw - ywHwl

a = Yi' + yw(Hw + - Hwl)

For hydrostatic conditions, the effective stress is y/ Hit as discussed in Sect. 10.5. The second term 
indicates the effect due to flow. As (77„, + 7/j) > Hwl, the effective stress is increased due to downward flow.

Section C—C o = ywHw + (ysa)iHi + (yJflr)2772, « = 0
Therefore, a = ywHw + (yf + yH.) Hi + (y2' + yw)772

or o = y^ Hi + y2' H2 + y„, (Hi + 77„, + H-^

or o = 7i'77i + y2 H2 + ywh

A comparison with the effective stresses corresponding to hydrostatic conditions shows that, the effective 
stress is increased by ywh.

The conclusion that the effective stress is increased due to downward flow can also be drawn from 
intitutive feeling that as the water flows downward, it exerts a drag force in the downward direction and 
causes an increase in the interparticle forces.

(b) Upward Flow. Fig. 10.13 shows the case when the flow is upward. The piezometers at various 
elevations indicate the pore water pressure.

Section A—A a = y„, Hw, u = y„, 77„,
Therefore,

Section 15—B
a = 0

o = 7w Hw + (7j«)i 77i » « = 7h>77h,i
Therefore, a = (yJor)i Hi + ywH„ - yH, Hwi

_ - (71' + 7h.)«i + ywHwi
or a = 71' Hi + 7*  (Hi + - 77wl)

As Hwl > (Hi + Hw), the term y„,(7/1 + 7/M, - Hwl) is negative, and the effective stress is less than that 

from the corresponding hydrostatic conditions
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Fig. 10.13. Upward Row.

Section C—C o = yw Hw + (yja),//i + (yMh//2, u = ywHw2

or 5 = lwHw + (y/ + y^Hi + (y2' + yw) H2 - ywHw2

or v-^th + yl H2-(.HM-Hw-Hi-Hi)y»

or a = yi'#! + y2' H2 - ywh

Thus, the effective stress is reduced by yH,h from the corresponding hydrostatic conditions.

10.11. QUICK SAND CONDITIONS
As discussed above, the effective stress is reduced due to upward flow of water. When the head causing 

upward flow is increased, a stage is eventually reached when the effective stress is reduced to zero. The 
condition so developed is known as quick sand condition. Fig. 10.14 shows a soil specimen of length L 
subjected to an upward pressure. Let us consider the stresses developed at section C—C.

Therefore, a = (y' + yw) L - yw- (L + h)

or o~y'L-ywh

The second term can be written in terms of the hydraulic gradient as under.

Iwh = yw ■ (h/L) ■ L - yw ■ i ■ L 

Therefore, a . y'L - ywiL
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The effective stress becomes zero if y'L = ywiL

or i-l'/K ...[10.23(a)]

The hydraulic gradient at which the effective stress becomes zero is known as the critical gradient (fe). 
Thus

4-Y'/Yu- ...(10.23)
Substituting the value of the submerged unit weight in terms of void ratio from Eq. 2.24 (a),

Taking the specific gravity of solids (G) as 2.67, and the void ratio (e) as 0.67,

Thus the effective stress becomes zero for the soil with above values of G and e when the hydraulic 
gradient is unity i.e. the head causing flow is equal to the length of the specimen.

Alternative method

The above expression for the critical gradient can also be obtained from the equilibrium of forces. When 
the quick condition develops, the upward force is equal to the downward weight. Thus

(L x A) = (A + L)A yw

or bsal - i„)LA - Ahfw

or Lf' - hyw ...[10.23(h)]

or h/L - y 7yw

or i - y 7yw ...[same as Eq. 10.23 (a)]

The shear strength of a cohesionless soil depends upon the effective stress (see chapter 13). The shear 
strength is given by

s - o tan $
where <|> is the angle of shearing resistance. The shear strength becomes zero when the effective stress 

o is zero. The soil is then said to be in quick (alive) condition. If the critical gradient is exceeded, the soil 
particles move upward, and the soil surface appears to be boiling. The quick condition is also known as 
boiling condition. During this stage, a violent and visible agitation of particles occurs. The discharge suddenly 
increases due to an increases in the coefficient of permeability occurred in the process. If a weight is placed 
on the surface of soil, it sinks down. The soil behaves as a liquid having no shear strength.

When a natural soil deposit becomes quick, it cannot support the weight of man or animaL But contrary 
to common belief, the soil does not suck the victims beneath its surface. As a matter of fact, quick sand 
behaves like a liquid with a unit weight about twice that of water. A person can easily float in it with about 
one-third of his body out of quick sand. However, quick sand is highly viscous and movement m it would 
require a great effort and energy. A person may die by drowning (suffocation) if he gets tired and let his head 
fall into the quick sand in panic.

If a person is caught in quick sand conditions, he should keep his head high above the soil surface and 
move slowly towards the bank. He should try to catch some tree on the bank and try to pull himself out of 
the quick sand.

It is to be emphasized that quick sand is not a special type of sand. It is a condition which occurs in a 
soil when the effective stress is zero. Any cohesionless soil can become quick when the upward seepage force 
is large enough to carry the soil particles upward. The quick sand condition may also develop in gravel when 
the hydraulic gradient exceeds the critical gradient. However, the discharge required to maintain quick 
condition in gravels is very large, which may not be available. The required discharge depends upon the 
permeability of the soil.
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The shear strength of cohesive soils is given by (see chapter 13), 

s = c + <5 tan 4>

The soil has shear strength equal to the cohesion intercept (c) even when the effective stress is reduced 
to zero. The cohesive soils, therefore, do not become quick as soon as the effective stress is reduced to zero.

The quick sand conditions may be summarised as under:
(1) Quick sand is not a special type of soil. It is a hydraulic condition.
(2) A cohesionless soil becomes quick when the effective stress is equal to zero.
(3) The critical gradient at which a cohesionless soil becomes quick is about unity.

(4) The discharge required to maintain a quick condition in a soil increases as the permeability of the 
soil increases.

(5) The cohesive soil does not become quick when the effective stress is equal to zero, as it still 
possesses some strength equal to the cohesion intercept.

(6) A quick condition is most likely to occur in silt and fine sand.

10.12. SEEPAGE PRESSURE APPROACH FOR QUICK CONDITIONS
The expression for critical gradient in the proceeding section has been developed using the first approach 

mentioned in Sect. 10.9, i.e., considering the boundary 
pressures. The same expression can. be developed 
using the second approach, i.e., considering the 
seepage pressure.

Let us consider the equilibrium of the soil 
skeleton in Fig. 10.15. The downward force is given 
by

Wsub - (A * L) f'

The upward force is equal to the seepage force 
(Eq. 10.14).

J = i Y„ (A x L)

When the soil becomes quick, the resultant force
is zero.

Therefore, 

or

or

sub “ Fig. 10.15. Seepage Pressure Approach

AL y' = »Yh.(A x L)

i - — ...(some as Eq. 10.23)
Ym’

Alternatively, one can work with pressures instead of forces. The downward pressure due to the 
submerged weight of soil is given by

a “ y' L

The seepage pressure is given by Eq. 10.16 as

Ps - itwL

The net effective stress would be zero when a = ps.

Thus i L y„, = y ' L
or t = y'/Yw ...(same as Eq. 10.23)

10.13. EFFECT OF SURCHARGE AND SUBMERGENCE ON QUICK CONDITIONS
Fig. 10.16 shows a soil specimen submerged under water and subjected to surcharge load of intensity q. 

Let us consider the stresses at section C—C.
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Fig. 10.16. Effect of Surcharge.

a = + 9 + 'tso.L

and u = ywHwl or u = yw(h + Hw + L)

Therefore, a - (yw//w + q + ysalL) - yw(h + Hw + L)

The soil will become quick when <5 = 0. Thus

Yw (b + i) = Yw + q + Y«r A

Ywft + YwMv + Yw A = Yw^Av + Q + "tsaiL

or Yh. h = Y' L + 4

or h = 7 'L * g ...'10.25)

Yw
Comparing this equation with Eq. 10.23 (b) for the case when there is no surcharge as discussed in the 

preceding sections, it is observed that the head required to cause quick condition is increased by q/y^ In 
other words, the downward weight increases the stability against quick conditions. The critical gradient is, 
however, not affected by the depth of water (Hw) over the soil surface. Substituting q = 0 in Eq. 10.25,

or h/L = y '/Yw

or i = y '/Y» • • -(same as Eq. 10.23)

10.14. FAILURES OF HYDRAULIC STRUCTURES BY PIPING
Hydraulic structures, such as weirs and dams, built on pervious foundations sometimes fail by formation 

of a pipe-shaped channel in its foundation, known as piping failure. The failure occurs when water flowing 
through the foundation has a very high hydraulic gradient and it carries soil particles with it. There are two 
types of such failures :

(1) Backward-erosion piping failure.
(2) Heave-piping failure.

(1) Backward Erosion Piping. This type of piping begins with the removal of soil particles by flowing 
water near the exit points. A scour hole forms near the exit when the hydraulic gradient is high. 'The hole 
extends upstream along the foundation. The failure occurs as soon as the scour hole approaches the upstream 
reservoir. Tire failure mechanism of backward erosion piping is not amenable to theoretical solution.



EFFECTIVE STRESS PRINCIPLE 205

Backward erosion of soil is caused by the percolating water, and the piping begins when the hydraulic 
gradient at exit, known as exit gradient, exceeds the critical gradient (ic), given by Eq. 10.24. The soil at the 
exit is removed by the percolating water. When the soil near the exit has been removed, the flow net gets 
modified. There is more concentration of the flow lines in the remaining soil mass, resulting in an increase

of the exit gradient. This causes further removal of the soil. This process of backward erosion continues 
towards the upstream reservoir and a sort of pipe is formed (Fig. 10.17). As soon as the channel approaches 
the reservoir, a large amount of water rushes through the channel so formed and the hydraulic structure fails.

Backward erosion piping may also occur in the body of earth structure, such as an earth dam. This takes 
place when the phreatic line cuts the downstream lace of the dam and the seepage pressure is high. It is 
indicated by a progressive sloughing of the downstream face. Such failures can occur even when the exit 
gradient is low. If the downstream face has the slope angle equal to the angle of internal friction of the 
cohesionless soil, the critical gradient at which failure occurs is approximately equal to zero. In other words, 
the failure may occur even when the seepage is almost horizontal towards the downstream face.

Backward erosion piping may also occur along any weak bedding plane in the foundation, or along the 
periphery of a conduit embedded in the earth dam when the seepage pressure is high.

Generally, backward erosion piping failure occurs when the exit gradient is greater than the critical 
gradient. But, in exceptional cases, it may occur even when the overall downward submerged weight of the 
soil is greater than the upward force due to seepage. In such a case, some of the fine particles of the soil are 
carried by the percolating water even though the most of soil particles are restrained. Thereafter, the seepage 
concentrates in the loosened soil and results in piping failure.

(2) Heave Piping. Failure by heave piping occurs in the form of a rise or a heave of a large mass of soil 
due to seepage pressure. When the seepage force due to upward flow of water at any level is greater than the 
submerged weight of the soil above that level, the entire soil mass in that zone heaves up and is blown out 
by the percolating water. This type of failure is known as heave piping failure.

Heave piping may occur on the downstream of a sheet pile cutoff wall of a hydraulic structure (Fig. 
10.18). According to Terzaghi, heave piping occurs within a distance of 0/2 on the downstream of the sheet 
pile, where D is the depth of pile below the ground surface. It occurs in the zone marked abed when the 
upward seepage force is greater than the submerged weight of the soil in this zone. The seepage force can be 
determined from the flow net.

In Fig. 10.18, the equipotential line of potential 0.4 h passes through d and that of 0.3 h through c. The 
average excess hydrostatic pressure on the base c d of the prism a b c d is 0.35 h. Therefore, upward seepage 
force, U - yw (0.35 h) (D/2 x 1) per unit length and downward force due to submerged weight,
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Fig. 10.18. Heave Piping.

W - y' x (D/2 x D)
Heave piping would occur when U k W'. The failure is associated with an expansion of the soil which 

results in an increase in the permeability of the soil. The flow suddenly increases and ultimately leads to 
failure.

The factor of safety with respect to heave piping can be obtained from the following equation.

u

or F . ££ ...(1026)

where ha is the average excess hydrostatic pressure at the base of the prism abed.

10.15. PREVENTION OF PIPING FAILURES
The occurrence of piping in and below a hydraulic structure such as an earth dam is disastrous. This may 

cause catastrophe. The following measures are generally adopted to prevent piping failures.
(1) Increasing the path of percolation. The hydraulic gradient (/) depends upon the path of percolation 

(L). If the length of the path is increased, the exit gradient will decrease to a safe value. The length of the 
path of percolation can be increased by adopting the following methods.

(a) Increasing the base width of the hydraulic structure.
(b) Providing vertical cut off walls below the hydraulic structure.
(c) Providing an upstream impervious blanket, as shown in Fig. 10.19.
(2) Reducing Seepage. With a reduction of seepage through the dam, the chances of piping failure 

through the body of the dam are considerably reduced. The quantity of seepage discharge is reduced by 
providing an impervious core, as shown in Fig. 10.19.

(3) Providing drdinage filter. A drainage filter changes the direction of flow away from the downstream 
face. It prevents the movement of soil particles along with water. The drainage filter is properly graded, as 
discussed in the following section.

The drainage filter may be horizontal or in the form of a rock toe (Sect. 9.11). It may also be in the form
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Fig. 10.19. Prevention of Piping.

of a chimney drain, as shown in Fig. 10.19. A chimney drain is effective for stratified soil deposits in which 
the horizontal permeability is greater than the vertical permeability.

(4) Loaded Filter. A loaded filter consists of graded sand and gravels. The function of the loaded filter 
is to increase the downward force without increasing the upward seepage force.

The loaded filter is placed at the exit point where the water emerges from the foundation. For the sheet 
pile wall, the filter is placed over the affected zone a b c d in Fig. 10.18. The loaded filter increases the factor 
of safety against heave piping. The factor of safety (F) is given by

where W is the weight of filter.
The loaded filter should be of pervious material such that it does not increase the hydrostatic pressure. It 

should only increase the downward force.

10.16. DESIGN OF A GRADED FILTER
A graded filter consists of layers of pervious material which permit flow of water but prevent the 

movement of soil particles. The soil particles in a particular layer are coarser than that in the preceding layer. 
However, the difference of sizes of the particles in the two layers should not be excessive otherwise the 
particles of the preceding layer will be carried into the next layer. The particle sizes of different layers are 
fixed according to the design criteria given below :

(1) The filter material should be coarse enough so that the percolating water moves easily without any 
build up of water pressure in the filter.

For the filter to provide free drainage, its coefficient of permeability should be 25 times or more than the 
coefficient of permeability of the soil to be protected, known as a base material. As the coefficient of 
permeability varies as the square of the particles size, the ratio of the particle diameters should be at least 5. 
Therefore, the first criterion of design of graded filter is that £>15 of filter material is greater than 5D1S of base 

material.
or D1S (/) > 5Djs (b) ...(10.28)

where (/) stands for filter and (b) for base material.

(2) The filter material should be fine enough that the soil particles of the base material are not washed 
through the filter.

It would not be necessary to screen out all the particles in the base material.. If the filter openings 
restrain the coarsest 15% i.e. D85 size of base material, the soil particles are checked due to formation of a 

skeleton. The coarser 15% particles collect over the openings in the filter material and form smaller openings 
to trap the smaller particles, as shown in Fig. 10.20. Therefore, the size of the openings formed in the filter 
must be less than D& of the soil. It has been established that the diameter of the openings is about 1/5 of the 

D1S size of the filter. Therefore, the second criterion is

of filter material < D8s of base of material

or Dis(f) < SD^b) ...(10.29)

Combining both the criteria (1) and (2),
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Fig. 10.20. Openings in filter

s Pts(/)
D8S(b) < < DiS(b)

The U.S. Corps of Engineers have recommended that

Dsotf) 

D50(b)

...(10.30)

...[10.30 (fl)]

In a graded filter, each layer is designed considering it as a filter and the preceding layer as a base 
material. The particle sizes of the layers increase in the direction of flow. (Fig. 10.21).

Fig. 10.21. Graded filter.

(4) The material of the last layer should be coarse enough not to be carried away through the openings 
of the perforated drainage pipes, if provided.

If the D8S size of the last layer satisfies the following criterion, the chances of washing of the filter 

material into the pipes are reduced.

For circular holes in the pipe,

D8S of filter material 

Diameter of the hole
...(1031)

For slotted openings,

Dss of filter material 

Width of slot
...(10.32)

D^s of filter material
Generally, —Sjze Openjng— f°r 130t^ ^P68 t'ie openings is kept equal to or grater than 2.0.

(5) The grain size curve of the filter material should be roughly parallel to that of the base material.
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(6) To avoid segregation, filter should not contain the particles of size larger than 75 mm.
(7) For proper working, the filter material should not contain more than 5% of the fines passing 75|  IS 

sieve.
*

(8) The thickness and area of the filter should be sufficient to carry the seepage discharge safely.
If the filter has to work as a loaded filter, the total thickness should be large enough to provide adequate 

weight.

10.17. EFFECTIVE STRESS IN PARTTALLY SATURATED SOILS
In partially saturated soils, air is also 

present along with water. In the discussion 
given below, it is assumed that air is in 
sufficient quantity such that there is 
continuity in both the air phase and the water 
phase. Because of meniscus formation, the air 
pressure is greater than the water pressure. It 
is assumed that the air pressure and water 
pressure are constant throughout the void 
spaces. Thus, there are three measurable 
stresses in a partially saturated, namely, total 
stress o, pore water pressure uw and air 

pressure ua.

Let us consider the forces acting on the 
wavy plane X—X, shown in Fig. 10.22 (a). 
The wavy plane passes through the points of 
contact of solid particles. The wavy plane can 
be taken as a plane as already mentioned. 
Fig. 10.22 (b) shows the forces acting on the 
plane. From equilibrium in the vertical direction.

aA = XN + uwAw + uaAa ...(fl)

where a = total stress, A total area of the plane, = area of the plane passing through water, 

Aa = area of the plane passing through air, and
XN = summation of normal forces acting at the particle to particle contact points.

2,/V
From Eq. (a), o » ~~ + uw — + ua —

or o = 0 + uwaw + u„(l - aw) ...(b)

where a = effective stress (= XN/A), flw = A^/A , and aa = Ag/A = 1 - a„

The area at the points of contact is neglected as it is very small as compared to the area through the 
water and that through the air. Eq. (b) can be written as

a = a - uwaw - uo (1 - aw) ...(10.32)

Eq. 10.32 cannot be verified experimentally as it is difficult to measure the area Bishop et al (1960) 

conducted a large number of tests and gave the following equation for the effective stress in partially 

saturated soils.
a - a - ua + x(ua - uw) ...(1033)

where x (pronounced as Chi) represents the fraction of the area of the soil occupied by water. It depends 
mainly on the degree of saturation S (Fig. 10.23). Its value is zero for dry soil and is unity for fully saturated 
soil. The value of x also depends upon the soil structure, the cycle of wetting and drying, and stress changes.
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ILLUSTRATIVE EXAMPLES

Illustrative Example 10.1. A sand deposit is 10 m thick and overlies a bed of soft clay. The ground 
water table is 3 in below the ground surface. If the sand above the ground water table has a degree of 
saturation of 45%, plot the diagram showing the variation of the total stress, pore water pressure and the 
effective stress. The void ratio of the sand is 0.70. Take G = 2.65.

Solution Bulk density, p = j pw

(2.65 + 0.45 x 0.70 \ ,-AA , 3or p = ----------1 * 07Q--------- x 1000 = 1744.12 kg/m3

or y = 1744.12 x 9.81 x 10"3 = 17.11 kN/m3

For saturated soils, S = 1.0, and

p ■ *1000 ■1970-59 ks/l"2

or y = 1970.59 x 9.81 x IO-3 = 19.33 kN/m3

Fig. E 10.1 shows the soil profile. The stresses at section B-B and C-C are as under:

Section B—B a = 17.11 x 3 = 51.33 kN/m2, u = 0

o = 51.33 kN/m2

Section C—C a = 17.11 x 3 + 19.33 x 7 = 186.64 kN/m2

Fig. E 10.1.
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« = 7 x 9.81 = 68.67 kN/m2, a = 186.64 - 68.67 = 117.97 kN/m2

Fig. E 10.1 shows the variation of stresses.

Illustrative Example 10.2. Determine the increase in the effective stress at section C—C in Illustrative 
Example 10.1 when the water table is lowered by 5 m. Assume that the soil above the water table has the 
degree of saturation of 45% throughout.

Solution. o = 8 x 17.11 + 2 x 19.33 = 175.54 kN/m2

u = 2 x 9.81 = 19.62 kN/m2, 5 = 175.54 - 19.62 = 155.92 kN/m2

Increase in effective stress = 155.92 - 117.97
= 37.95 kN/m2

Illustrative Example 10.3. A soil profile consists of a surface layer of clay 4 m thick (y =19.5 kN/m3) 

and a sand layer 2 m thick (y = 18.5 kN/m ) overlying an impermeable rock. The water table is at the ground 
surface. If the water level in a standpipe driven into the sand layer rises 2 m above the ground surface, draw 
the plot showing the variation of o, u and a. Take yw = 10 kN/m.

(h) Determine the increase in effective stress at the top of the rock when the artesian head in the sand is 
reduced by 1 m.

Solution. Fig. E 10.3 shows the profile.
Section B—B (Clay), a = 19.5 x 4 = 78.0kN/m2, u = 4 x 10.0 = 40.0 kN/m3

a = 78.0 - 40.0 = 38.0 kN/m2

Section B—B (sand) a = 19.5 x 4 = 78.0 kN/m2

u = 6 x 10.0 = 60.0 kN/m2, a = 78.0 - 60.0 = 18.0 kN/m2

Section C—C o = 4x 19.5 + 2 x 18.5 = 115.0 kN/m2

u = 8 x 10.0 = 80.0 kN/m2, a = 115.0 - 80.0 = 35.0 kN/m2

Fig. E 10.3 shows the variation of stresses. It is to be noted that there is a sudden change in u and a at 
level B—B

Fig. E 10.3.

(b) When artesian pressure is reduced by 1 m

Section C—C <J = 4 x 19.5 + 2 x 18.5 = 115.0 kN/m2

u = 7 x 10.0 = 70.0kN/m2, a = 115.0 - 70.00 = 45.0 kN/m2

Increase in stress = 45.0 - 35.0 = 10.0 kN/m2.

Illustrative Example 10.4. A soil profile consists of a surface layer of sand 3.5 m thick (p = 1.65 
Mgfm3), an intermediate layer of clay 3 m thick (p = 1.95 Mg/m3) and the bottom layer of gravel 3.5 m thick 
(p = 1.925 Mg/m3). The water table is at the upper surface of the clay layer. Determine the effective pressure 
at various levels immediately after placement of a surcharge load of 58.86 kN/m2 to the ground surface.

Solution. Fig. E 10.4 shows the soil profile.

Section A—A a = 58.86 kN/m2 , u = 0, O = 58.86 kN/m2
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S8.86kN/m2

cr =238.99 u-63.77 Er=175.2?
kN/m2 kN/m2 kN/m2

Fig. E 10.4

Section If—B u- 58.86 + 3.5(1.65 x 9.81) = 115.51
u - 0. a = 115.51 kN/m2

Section C-C a - 115.51 + 3 x (1.95 x 9.81) - 172.90
u - 3 x 9.81 = 29.43, a = 172.90 - 29.43 - 143.47 kN/m2

Section D—I) a- 172.90 + 3.5(1.925 x 9.81) - 238.99
u. - 6.5 x 9.81 - 63.77, a - 238.99 - 63.77 - 175.22 kN/m2.

Illustrative Example 10.5. A sand deposit consists of two layers. The top layer is 2.5 m thick (p = 
/709.67 kg/m3) and the bottom layer is 3.5 m thick (psat = 2064.52 kg/m3). The water table is at a depth of 

3.5 m from the surface and the zone of capillary saturation is 1 m above the water table. Draw the diagrams, 
showing the variation of total stress, neutral stress and effective stress.

Solution, big. E 10.5 shows the soil profile.

7-5m~^~
kN/m2SATURATION C?

BOTTOM LAYER

88-77 
kN/m2

Fig. E 10.5

y - 1709.67 x 9.81 x IO'3 - 16.77 kN/m3 

yxnf - 2064.52 x 9.81 x 10’3 - 20.25 kN/m3

Level A—A o - u - 0 = 0

Level B—B (top layer) a - 16.77 x 2.5 - 41.93 kN/m2 u - 0 

o - 41.93 kN/m2

Level B—B (Bottom layer) a - 16.77 x 2.5 - 41.93 kN/m2 

u - -1- x 9.81 - -9.81 kN/m2 

a - 41.93 -(-9.81) - 51.74kN/m2

Level a - 16.77 x 2.5 + 1 x 20.25 - 62.18kN/m2

u - (): a - 62.18 - 0 - 62.18 kN/m2
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Level D—D a = 16.77 x 2.5 + 20.25 x 3.5 = 112.8 kN/m2

u = 2.5 x 9.81 = 24.53 kN/m2, a = 112.8 - 24.53 = 88.27 kN/m2
Illustrative Example 10.6. A 8 m thick layer of stiff saturated clay (y = 19.0 kN/m?) is underlain by a 

layer of sand. The sand is under an artesian pressure of 5 m. Calculate the maximum depth of the cut that 
can be made without causing a heave.

Solution. Fig. E 10.6 shows the cut. Let H be the required depth of the cut. Heave will occur when the 
effective stress o becomes zero al level A—A.

Fig, E 10.6.

a = 19.0 x (8 - H) = 152.0 - 19W, u = 5 x 9.81 = 49.05 

o = 152.0 - 19W-49.05 = 102.95 - 1977 = 0

H = 5.42 m.or
Illustrative Example 10.7. A 10 m thick layer of silty clay (p = 1864.64 kg/ni) overlies a gravel layer. 

The gravel is under an artesian pressure of 12.5 tn. It is proposed to excavate a foundation trench 2 m deep. 
Determine the factor of safety against heaving.

(b) What would be the factor of safety against heaving when a uniform pressure of 98.1 kN/m2 is applied 

to the footing constructed in the above trench 1

Solution. Factor of safety
_ Down-ward force at the top of gravel layer 

Upward force at the top of gravel layers

= 1864.64(9.81 X 10"’) x (10-2) = J J9

(b) After Construction. The downward force is increased due to the uniform pressure of 98.1 kN/m2. 

F = 1864.64 (9.81 x 10"’) x (10-2) + 98.1 = j

Illustrative Example 10.8. Determine the factor of safety against heave failure in the hydraulic structure 
shown in Fig. Ex. 10.8. p = 1850 kg/rn3.

Solution. Average pressure on the base of soil prism,

ha = 0.42 h = 0.42 x 8 = 3.36 m

y' = 1850 x 9.81 x 10’’ - 9.81 = 8.34 kN/m2

From Eq. 10.26, factor of safety, F = '

= 8.34 x 5 = 
9.81 x 3.36

Illustrative Example 10.9. Determine the approximate limits of the filter material required for the soil of the 
bqse material which has D|5 = 0.01 mm and Dss = 0.10 mm, and the grading curve as shown in Fig. E 10.9.

Solution. From Eq. 10.28, Disyj > 5D\^(b)

or D|5 (j) > 5 X 0.01 > 0.05 mm
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Fig. E 10.8.

From Eq. 10.29, Distf) < 5 DS5 (b)

Fig. E 10.9

Therefore, DiS of filter material should lie between 0.05 mm and 0.5 mm. As the gradation curve of the 
filter material should be roughly parallel to that of the base material, the hatched portion indicates the limits' 
of the material suitable as filter.

Illustrative Example 10.10. If excavation is carried out in a soil with a porosity of 0.40 and the specific' 
gravity of solids of 2.65, determine the critical gradient. A 1.50 m layer of the soil is subjected to an upward' 
seepage head of 1.95 in. What depth of coarse sand would be required above the soil to provide a factor of 
safety of 2.50 ? Assume that sand has the same porosity and sp. gr. of solids as the soil.

Solution. e - ——— - - 0.667
1 - n 0.60
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Critical gradient
■2-65 --1 = 0.99 
1 + 0.667

Saturated density

Let x be the depth of sand layer. 
Effective pressure al bottom

0.667 
.667

x 1.0 = 1.99 g/ml (19.52 kN/mj

Upward pressure at bottom

Now factor of safety, F.S.

= (1.50+ x) (19.52 - 9.81)

= (1.50 + x) 9.71
= 1.95 x 9.81

(1.50 +x) X 9.71
- I lie x, n o 1 - i

PROBLEMS

A. Numerical
10.1 . Determine the total, neutral and effective stresses at the bottom of the deposit shown in Fig. P 10.1.

|Ans. 199.14, 83.39, 115.75 kN/m2)

r ___________________
3m J>= 1-6 g/ml

3m /= 20 g/ml

2-5m /si-70g/ml
’ 1m P=1-55 9/ml

2m p= 1-85 g/ml__________

Fig. P 10.1

10.2 . The water table in a deposit of uniform sand is located at 2 m below the ground surface. Assuming the soil 
above the water table is dry, determine the effective stress at a depth of 5 m below the ground surface. The void 
ratio is 0.75 and the specific gravity of solids is 2.65.
(b) If the soil above the water table is saturated by capillary action, what is the effective stress at the that depth? 

[Ans. 57.43 kN/m2; 65.83 kN/m2]
103. A deposit of fine sand has a void ratio of 0.54 and the specific gravity of solid particles is 2.67. Compute the 

safe exit gradient, with a factor of safety of 4.
[Ans. 0.271]

10.4. A deposit of silty clay lies between two layers of sand, 
as shown in Fig. P 10.4. The lower sand layer is under 
artesian pressure of 4 m and the water level in the upper 
sand layer is 2.0 m below the ground surface. Determine 
the effective stress at the bottom.
(b) Also, determine the head above G.S. that would 
cause heaving at the base of the clay.

[Ans. 32 kN/m2, 7.2 m]

10.5. The porosity of a sample of sand in the loose state was 
54% and in dense state, 38%. • Find out the critical 
hydraulic gradient in both the states if the specific 
gravity of the soil grain was 2.60. Also find out the
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saturated densities in kg/m3. [Ans. 0.736 ; 0.992; 1737.33 kg/m3; 1992.56 kg/m3]

10.6. If 40% of the excess hydrostatic pressure is lost in flowing through soil B which has a coefficient of 
permeability of 0.05 cm/sec (Fig. P 10.6), determine the discharge velocity and seepage velocity through each 
soil and the hydraulic head at which instability occurs.

[Ans. Soil A : 0.02 cm/sec, 0.06 cm/sec; Soil B : 0.02 cm/sec, 0.053 cm/sec; 73.33 cm]

Fig. P 10.6.

B. Descriptive and Objective Type
10.7 . Define total stress, neutral stress and effective stress. What is the importance of the effective stress ?
10.8 . Prove that the effective stress (a) for a saturated soil can be expressed as 

0 = o- u
where o = total stress, u = pore water pressure.

10.9 . What is the effect of surcharge and the capillary action on the effective stress ?
10.10 . Prove that the seepage force per unit volume is equal to the product of the hydraulic gradient and the unit 

weight of water.
10.11 . Discuss two different approaches of considering the equilibrium in seepage problems. Which approach is more 

convenient and why ?
10.12 . What is the effect of the seepage pressure on the effective stress ? Give examples.
10.13 . What is quick sand ? How would you calculate the hydraulic gradient required to create quick sand conditions 

in a sample of sand ?
10.14 . Explain the mechanics of piping in hydraulic structures. What methods are used to increase the factor of safety 

against piping ?
10.15 . Why a filter is used on the downstream of an earth dam ? How would you design a filter ?
10.16 . What are two different types of piping failures ? Explain with the help of sketches.
10.17 . What is effective stress principle ?
19.18. Write whether the following statements are correct.

(a) The effective stress is the stress at the points of contact of the soil particles.
(b) The effective stress stress can be measured directly in the field.
(c) The effective stress is equal to the total stress minus the pore water pressure.
(d) The rise of water due to capillary action reduces the effective stress.
(e) The shear strength of a soil depends upon its effective stress.
(f) In partially saturated soils, the pore air pressure is more than the pore water pressure.
(g) Quick sand is a type of sand.
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(A) Quick sand conditions can develop even in gravel.
(0 Backward—erosion piping is amenable to the theoretical solution.
(/') Heave piping occurs on the downstream of the pile for a distance of half the depth of the pile.
(A) The piping can be checked by providing a loaded filter.
(/) Tire graded filter consists of a layer of pervious materials which is well-graded.
(m) The diameter of the openings between particles is equal to about Dis size of the particle.
(n) The graded filter checks the flow of water.
(o) Piping is the same as quick sand.
(j>) The effective stress at various points increases due to rise in the water table.
,(4 ) The effective stress in a fully submerged soil depends upon its submerged unit weight.

[Aus> True, (c), (e), (/), (A), (/). (A), (?)]

C. Multiple Choice Questions
1. The critical gradient of a soil increases

(a) with increase in void ratio (A) decrease in void ratio
(c) decrease in specific gravity (d) None of above

2. The exit gradient is equal to the ratio of
(a) total head to total length (A) slope of flow line
(c) slope of equipotential line (d) head loss to length of flow field at exit.

3. The effective stress is
(a) actual contact stress (b) an abstract quantity
(c) equal to total stress (d) None of above

4. The effective stress controls the following properties of soils :
(a) Shear strength (b) Compressibility
(<?) Permeability (d) All the above

5. Quick sand is
(a) a type of sand
(A) a condition in which a cohesionless soil loses its strength because of upward flow of water.
(c) a condition in which a cohesive soil loses its strength.
(d) none of above.

6. The seepage pressure is proportional to
(a) hydraulic gradient (A) unit weight of water
(c) length of the specimen (d) all the above.

7. A deposit of fine sand has a porosity 11 and specific gravity of solid is G. The critical gradient is equal to 
i(a) (G-l) (I + n) (A) (G-l) (I-n)
(c) (G-l)/(l+n) (d) (G-l)/(l-n)

8. For a void ratio of 0.60, the relationship between the specific gravity of solids (G) and the hydraulic gradient 
(0 for the quick sand condition is
(o) G = 0.6/+1 (A) G = r + 0.6
(c)G=l,6t+l (d)G=l,6z-l

9. For a soil deposit having 11 = 33% and G = 2.60, the critical gradient is
(a) 1,0 (A) 1.05
(e) 1.07 (d) 1.10

[Ans. I. (A), 2. (d), 3. (A), 4. (d), 5. (A), 6. (d), 7. (A), 8. (c), 9. (c)]
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Stressees Due to Applied Loads

11.1. INTRODUCTION
Stresses are induced in a soil mass due to weight of overlying soil and due to the applied loads. These 

stresses are required for the stability analysis of the soil mass, the settlement analysis of foundations and the 
determination of the earth pressures. The stresses due to self weight of soil have been discussed in chapter 
10. These stresses are summarised in Section 11.3. The rest of the chapter is devoted to the determination of 
stresses due to applied loads.

The stresses induced in soil due to applied loads depend upon its stress-strain characteristic. The 
stress-strain behaviour of soils is extremely complex and it depends upon a large number of factors, such as 
drainage conditions, water content, void ratio, rate of loading, the load level, and the stress path. However, 
simplifying assumptions are generally made in the analysis to obtain stresses. It is generally assumed that the 
soil mass is homogeneous and isotropic. The stress-strain relationship is assumed to be linear. The theory of 
elasticity is used to determine the stresses in the soil mass. It involves considerable simplification of real soil 
behaviour and the stresses computed are approximate ones. Fortunately, the results are good enough for soil 
problems usually encountered in practice. For more accurate results, realistic stress-strain characteristics 
should be used. However, the procedure becomes complex and numerical techniques and a high speed 
computer are required.

11.2. STRESS-STRAIN PARAMETERS
Ine main stress-strain parameters required for the application of elastic theories are modulus of elasticity 

(E) and Poisson’s ratio (v). The modulus of elasticity can be determined in the laboratory by conducting a 
triaxial compression test (see chapter 13). The stress-strain curve is plotted between the deviator stress 
(oi - a3), and the axial strain (£0. An unconsolidated-undrained (UU) or an unconfined compression test can 
be performed for saturated, cohesive soils. A consolidated drained (CD) is usually conducted for cohesionless
soils. The value of modulus is generally taken as the 
secant modulus at 1/2 to 1/3 of the peak stress (Fig.
11.1) . Sometimes, instead of the secant modulus, the 
initial tangent modulus or the tangent modulus at 1/2 to 
1/3 of the peak stress is also used.

The value of Poisson’s ratio (v) for an elastic 
material varies from 0.0 to 0.50. For undrained 
conditions, the value of Poisson’s ratio is 050. For 
drained conditions, the Poisson’s ratio is less than 0.50.. 
As the soil is not a purely elastic material, the value of v 
outside the elastic range of 0.0 to 0.50 is also 
occasionally encountered. It is difficult to ascertain the 
exact value of Poisson’s ratio. Fortunately, the effect of 
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Poisson’s ratio on the computed stresses is not significant and an approximate value can be used without 
much error.

Tables 11.1 and 11.2 give typical range of values of modulus of elasticity and Poisson’s ratio, 
respectively, for some soils.

Table 11.1. Typical Values of E

S. No. Type of Soil
E

MN/m2 kN/m2

1. Soft Clay 1.5—4.0 1500—4000

2. Hard clay 6.0—15.0 6000—15000
3. Silty Sand 6.0—20.0 6000—20000

4. Loose Sand 10.0—25.0 10000—25000

5. Dense Sand 40.0—80.0 40000—80000

6. Dense gravel 100—200 1 x 105 to 2 x 10s

Table 11.2. Typical Values of Poisson’s Ratio (v)

S. No. Type of Soil V

1. Saturated clay 0.4—0.5
2. Unsaturated clay 0.1—0.3
3. Silt 0.3—0.35
4. Loose sand 0.30-0.50

5. Dense sand 0.20—0.30

11 J. GEOSTATIC STRESSES
Hie method for the determination of total vertical stresses due to self weight of the soil have been 

discussed in chapter 10. The stresses due to self weight of soils are generally large in comparison with those 
induced due to imposed loads. This is unlike many other civil engineering structures, such as steel bridges, 
wherein the stresses due to self weight are relatively small. In soil engineering problems, the stresses due to 
self weight are significant. In many cases the stresses due to self weight are a large proportion of the total 
stresses and may govern the design.

When the ground surface is horizontal and the properties of the soil do not change along a horizontal 
plane, the stresses due to self weight are known as geostatic stresses. Such a condition generally exists in 
sedimentary soil deposits. In such a case, the stresses are normal to the horizontal and vertical planes, and 
there are no shearing stresses on these planes. In other words, these planes are principal planes. The vertical 
and horizontal stresses can be determined as under.

(a) Vertical stresses. The vertical stresses are determined using the methods described in chapter 10. Let 
us consider the horizontal plane A—A at a depth z below the ground surface [Fig. 11.2 (a)]. Let the area of 
cross-section of the prism be A. If the unit weight of soil (?) is constant, the vertical stress (aj is equal to 

the weight of soil in prism divided by the area of base. Thus

Weight of soil in prism ? (z x A)
2 Area of base A

or ot-yz ...(11.1)

If the soil is stratified, having n layers of thickness zbZ2,... z„, with unitweight ?2, ■■■Yn> the vertical 

stress is given by

Oz - > ...(11.2)
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In natural deposits, generally the density of the soil 
increases with an increase in depth due to the weight of soil 
above. In such a case, the unit weight of soil cannot be taken 
as constant. In this case, the weight of soil in the prism is 
given by

W = J yA dz

o
where dz is.the thickness of a small strip of soil at depth z.
Therefore, the vertical stress is given by

J yA dz

or az = J yrfc ...(11.3)

o
If the soil is stratified and also has a variable unit weight, 

the vertical stress is given by

(b)

Fig. 11.2. Geostatic Stress.

a, = j ri dz + J -ft dz + ... + J ...(11.4)

0 0 0
(6) Horizontal stresses. The horizontal stresses (oA. and <jv) act on vertical planes, as shown in Fig. 11.2 

(b). The horizontal stresses at a point in a soil mass are highly variable. These depend not only upon the 
vertical stresses, but also on the type of the soil and on the conditions whether the soil is stretched or 
compressed laterally. In the treatment that follows it would be assumed that qf = gv.

The ratio of the horizontal stress (oA.) to the vertical stress (qz) is known as the coefficient of lateral stress 

or lateral stress ratio (K). Thus

or gx = Kg. ...(11.5)
In natural deposits, generally there is no lateral strain. The lateral stress coefficient for this case is known 

as the coefficient of lateral pressure at rest (Ko). The value of its coefficient can be obtained from the theory 
of elasticity, as explained below. In retaining structures (chapter 19), there is either stretching or contraction 
of soils and the value of K is different.

The strain in x-direction is given by (see any text on theory of elasticity or mechanics of materials)

[<Jx-v(Ov + Oz)]

For conditions of no lateral strain, EA. = 0.

Thus q( = v(av + oj

Taking oA. = av and simplifying,

...(11.6)

...(11.7)
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The value of Ko can be obtained if the Poisson’s ratio v is known or estimated. Eq. 11.7 is not of much 
practical use as the soil is not a purely clastic material and it is difficult to estimate the Poisson ratio.

The value of Kq is determined from actual measurement of soil pressure or from experience. For a 
sedimentary sand deposit, its value varies from 0.30 to 0.6, and for a normally consolidated clay, its value 
generally lies between 0.5 and 1.10. Table 11.3 gives the average values of Ko for different types of soils.

Jaky’s formula is commonly used, according to which
Ko - 1 - sin <p'

where <t>’ is the angle of shearing resistance.

Table 113. Values of Lateral Pressure Coefficient at Rest (Ko)

S. No. Type of Soil Ko

1. Loose sand 0.5—0.60

2. Dense sand 0.3—0.50
3. Clay (drained) 0.5—0.60
4. Clay (undrained) 0.80—1.1
5. Over-consolidated clay 1.0—3.0

11.4. VERTICAL STRESSES DUE TO A CONCENTRATED LOAD
Boussinesq (pronounced as Boo-si-ncsk) gave the theoretical solutions for the stress distribution in an 

clastic medium subjected to a concentrated load on its surface. 'Ihe solutions arc commonly used to obtain 
the stresses in a soil mass due to externally applied loads. The following assumptions are made.

(1) The soil mass is an clastic continuum, having a constant value of modulus of elasticity (/(), i.e., the 
ratio between the stress and strain is constant.

(2) The soil is homogeneous, i.e., it has identical properties at different points.
(3) The soil is isotropic, i.e., it has identical properties in all directions.
(4) The soil mass is semi-infinite, i.e., it extends to infinity in the downward direction and lateral 

directions. In other words, it is limited on its top by a horizontal plane and extends to infinity in all 
other directions.

(5) The soil is weightless and is free from residual stresses before the application of the load.
[Note. The stresses due to self weight are computed separately as explained in the preceding section].
Fig. 11.3 shows a horizontal surface of the clastic continuum subjected to a point load Q al point O. The 

origin of the coordinates is taken at O. Using logarithmic stress function for the solution of elasticity problem, 
Boussinesq proved that the polar stress oR at point P (x, y, z) Is given by

where R = polar distance between the origin O and point P. 
P = angle which the line OP makes with the vertical.

/? - Vx2 + y2 ♦ z2

R - Vr2 + z2 where r2 - x2 

sin p - r/R and cos p - z/R

3 Qcos p
...(11.8)

rig. 11.3. Stresses due to a concentrated load

Obviously,

or

and

The vertical stress (aj at point P is given by
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IB can be determined for the given value of r/z from Eq. 11.11. The computed values are tabulated in Table
11.4.

3Q cos3 6
or °z “ 2 n r2

or
a , 3Q - (z/y3 , 3g . ?

22n r2 2jc r*

or
3Q 1 ?

or
3Q J_ ( / ]

O'‘2« z2 [(r2,^’]

or
a, - ■ £ ■ -----------1----------  ...(11.9)

2“ ? [1 + (r/z)2]* 4

or az - /B - ...(11.10)

where
'•----------------- 1-------yr -(11-H)

2n[l + (r/z)2]'4

The coefficient IB is known as the Boussinesq influence coefficient for the vertical stress. The value of

Table 11.4. Values of Boussinesq’s Coefficient (Ib)

r/z Zb r/z Ib r/z Ib r/z Ib

0.00 0.4775 1.05 0.0745 2.05 0.0077 3.25 0.0011
0.05 0.4745 1.10 0.0658 2.10 0.0070 3.50 0.0008
0.10 0.4657 1.15 0.0581 2.15 0.0064 3.75 0.0005
0.15 0.4516 1.20 0.0513 2.20 0.0058 4.00 0.0004
0.20 0.4329 1.25 0.0454 2.25 0.0053 4.25 0.0003
0.25 0.4103 1.30 0.0402 2.30 0.0048 4.50 0.0002
0.30 0.3849 1.35 0.0357 2.35 0.0044 4.75 0.0002
0.35 0.3577 1.40 0.0317 2.40 0.0040 5.00 0.0001
0.40 0.3295 1.45 0.0282 2.45 0.0037 10.00 0.0000
0.45 0.3011 1.50 0.0251 2.50 0.0034
0.50 0.2733 1.55 0.0224 2.55 0.0031
0.55 0.2466 1.60 0.0200 2.60 0.0029
0.60 0.2214 1.65 0.0179 2.65 0.0026
0.65 0.1978 1.70 0.0160 2.70 0.0024
0.70 0.1762 1.75 0.0144 2.75 0.0022
0.75 0.1565 1.80 0.0129 2.80 0.0021
0.80 0.1386 1.85 0.0116 2.85 0.0019
0.85 0.1226 1.90 0.0105 2.90 0.0018
0.90 0.1083 1.95 0.0095 2.95 0.0016
0.95 0.0956 2.00 0.0085 3.00 0.0015
1.00 0.0844

The following points are worth noting when using Eq. 11.10.
(1) The vertical stress does not depend upon the modulus of elasticity (E) and the Poisson ratio (v). But 

the solution has been derived assuming that the soil is linearly elastic. The stress distribution will be the same 
in all linearly elastic materials.
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(2) Hie intensity of vertical stress just below the load point is given by

az - 0.4773 R ...(11.12)

(3) At the surface (z = 0), the vertical stress just below the load is theoretically infinite. However, in an 
actual case, the soil under the load yields due to very high stresses. The load point spreads over a small but 
finite area and, therefore, only finite stresses develop.

(4) The vertical stress (a2) decreases rapidly with an increase in r/z ratio. Theoretically, the vertical stress 
would be zero only at an infinite distance from the load point. Actually, at rlz = 5.0 or more, the vertical 
stress becomes extremely small and is neglected.

(5) In actual practice, foundation loads are not applied directly on the ground surface. However, it has 
been established that the Boussinesq solution can be applied conservatively to field problems concerning 
loads at shallow depths, provided the distance z is measured from the point of application of the load.

(6) Boussinesq’s solution can even by used for negative (upward) loads. For example, if the vertical 
stress decrease due to an excavation is required, the negative load is equal to the weight of the soil removed. 
However, as the soil is not fully elastic, the stresses determined are necessarily approximate.

(7) The field measurements indicate that the actual stresses are generally smaller than the theoretical 
values given by Boussinesq’s solution, especially at shallow depths. Thus, the Boussinesq solution gives 
conservative values and is commonly used in soil engineering problems.

Limitations of Boussinesq’s Solution. The solution was initially obtained for determination of stresses 
in elastic solids. Its application to soils may be questioned, as the soils are far from purely elastic solids. 
However, experience indicates that the results obtained are satisfactory.

The application of Boussinesq’s solution can be justified when the stress changes are such that only a 
stress increase occurs in the soil. The real requirement for use of the solution is not that the soil be elastic 
(Le., fully recoverable), but it should have a constant ratio between stress and strain. When the stress decrease 
occurs, the relation between stress and strain is not linear and, therefore, tire solution is not strictly applicable. 
If the stresses induced in the soil arc small in comparison with the shear strength of the soil, the soil behaves 
somewhat elastically and the Boussinesq solution can be used.

For practical cases, the Boussinesq solution can be safely used for homogeneous deposits of clay, 
man-made fills and for limited thickness of uniform sand deposits. In deep sand deposits, the modulus of 
elasticity increases with an increase in depth and, therefore, the Boussinesq solution will not give satisfactory 
results. In this case, the assumption of proportionality between stress and strain cannot be justified. For such 
a case, non-linear elastic solutions or elastic-plastic solutions are required.

The point loads applied below ground surface cause somewhat smaller stresses than are caused by surface 
loads, and, therefore, the Boussinesq solution is not strictly applicable. However, the solution is frequently 
used for shallow footings, in which z is measured below the base of the footing.

11.5. HORIZONTAL AND SHEAR STRESSES DUE TO A CONCENTRATED LOAD
The method for determination of the vertical stress (o2) has been discussed in the preceding section. In 

most soil engineering problems, only the vertical stresses are required. Occasionally, other stress components 
(Oj, Oy and r^) are also required. These components can be determined as follows :

Fig. 11.4 shows an elementary stress block, indicating all the stress components. In all there are 9 stress 
components, namely, a„ Uy, a„ x^, x^ xf„ xy„ xa and x^. However, the moment equation gives the following 

relations.
■*  Xyx ; Ty2 ” Tjj, ; Xa “

and, therefore independent unknown components are only six ay, at, x^, x^, xa. The equations for

determination, of a. have already been given. The corresponding equations for other components are :
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It may be noted that o„ oy and x^ depend upon Poisson’s ratio.

Cylindrical Coordinates. Sometimes, it is more convenient to use cylindrical coordinates (r, 0, z) instead 
of cartesian coordinates (x, y, z). The Boussinesq solution in terms of cylindrical coordinates is as under 

(Fig. 11.5).

0

Fig. 11.5. Cylindrical Coordinates. 

30 ?
Vertical stress, az -

_ , Of 3zr2 (1 -2v) 1Radials,rcss' ‘ to [ ]
TmgenUal stress, ' to (1 ’ 2v) [ «7«Tzj ’

Shear stress, x„ -n 2*  IF

Shear stresses » x# - 0

where R - Vr2 + z2, as before.
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11.6. ISOBAR DIAGRAM
An isobar is a curve joining the points of equal stress intensity. In other words, an isobar is a contour of 

equal stress. An isobar is a spatial curved surface of the shape of an electrical bulb or an onion. The curved 
surface is symmetrical about the vertical axis passing through the load point.

The isobar of a particular intensity can be obtained using Eq. 11.10. The calculations are shown in a 
tabular form. Table 11.5 gives calculations for an isobar of intensity 0.1 Q per unit area.

From Eq. 11.10,
Q

Taking az - 0.1 Q,

1.00

Fig. 11.6. Isobar of 0.1 Q

Q

or ...(a)

For different depths z, the value of IB is computed from Eq. (a), as 
shown in the second row of Table 11.5. The values of r/z for computed 
values of 1B are obtained from Eq. 11.11 or Table 11.4. Once the values 
of r/z have been determined, the radial distance r can be obtained as 
shown in table. It may be observed that r is zero at the load point, and it 
attains a maximum value at r/z = 0.75 and again decreases. As the isobar 
is symmetrical about the load axis, the other half can be drawn from 
symmetry. The shape of an isobar approaches a leminscate curve (not 
circle). Fig. 11.6 shows the pressure bulb of intensity 0.1 Q.

In the same manner, the isobars of other intensity 0.2 Q, 0.3 Q, etc. can be drawn. Obviously, the isobars 
of higher intensity shall lie within the isobar of 0.1 Q.

Table 11.5. Calculations for Isobar of 0.1 Q

Depth z 0.25 0.50 0.75 1.0 1.25 1.50 1.75 2.00 2.185

IB 0.00625 0.25 0.05625 0.10 0.1562 0.225 0.3062 0.400 0.4775

r/z 2.16 1.50 1.16 0.93 0.75 0.59 0.44 0.27 0.000

r 0.54 0.75 0.87 0.93 0.938 0.885 0.770 0.540 0.000

Isobars are useful for determining the effect of the load on the vertical stresses at various points. The 
zone within which the stresses have a significant effect on the settlement of structures is known as the 
pressure bulb. It is generally assumed that an isobar of 0.1 Q forms a pressure bulb. The area outside the 
pressure bulb is assumed to have negligible stresses.

11.7. VERTICAL STRESS DISTRIBUTION ON A HORIZONTAL PLANE
The vertical stresses at various points on a horizontal plane at a particular depth z can be obtained using 

Eq. 11.10. Let us determine the stresses at a depth of 2 m. Therefore,

O, - /» • (2/?) - 4 ■ (0/4) - 0.2542.

The value of o2 are computed (see Table 11.6) for different values of r/z, after obtaining IB from Eq. 

11.11 or Table 11.4.
Table 11.6. Calculation for vertical stress at z = 2m

0 0.50 1.00 1.50 2.00 2.50 3.00 4.00

r/z 0 0.25 0.50 0.75 1.00 1.25 1.50 2.00

Ib 0.4775 0.4103 0.2733 0.1565 0.0844 0.0454 0.0251 0.0085

Oz 0.1194 Q 0.1026 Q 0.0683 Q 0.0390 Q 0.0211 Q 0.0113 Q 0.0063 Q 0.0021 Q
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Fig. 11.7. Vertical Stress on a horizontal plane.

Fig. 11.7 shows the vertical stress distribution diagram. The diagram is symmetrical about the vertical 
axis. The maximum stress occurs just below the load (r = 0), and it decreases rapidly as the distance r 
increases.

The vertical stress distribution diagram on a horizontal plane can also be obtained graphically if the 
isobars of different intensity are available. The horizontal plane is drawn on the isobars diagram. The points 
of intersection of the horizontal plane with the isobar of a particular intensity give that vertical stress.

11.8. INFLUENCE DIAGRAMS
An influence diagram is the vertical stress distribution diagram on a horizontal plane at a given depth, 

due to a unit concentrated load. In Fig. 11.7, if the concentrated load Q is taken as unity, the diagram 
becomes an influence diagram. The influence diagrams are useful for determination of the vertical stress at 
any point on that horizontal plane due to a number of concentrated loads applied at the ground surface.

Fig. 11.8. Influence Diagrams.

Fig. 11.8 shows three influence diagrams, marked /b/2 and Jy, due to unit loads applied at three points 
A', C' and B' on the ground surface. The stress at any point A on the horizontal plane at depth z due to three 
loads Qj, 02 and Qi is given by

(°j)a “ QlaM + Q2aAB + QiaAC ...(11.15)

where = vertical stress at A due to unit load at A '
aAB = vertical stress at A due to unit load at B' 

and qac = vertical stress at A due to unit load at C' 

The values of aM, and oAC can be abtained from the influence diagram /b 1$ and /2. 

The computation work is considerably simplified using the reciprocal theorem, according to which 

aAB “ aBA< °AC ” °CA and aBC “ °CB

where the first suffix denotes the point where the stress is required and the second suffix gives the point 
above which the load is applied. Accordingly, Eq. 11.15 can be written as

(0J4 = Ql + Ql + Qi°CA ...(11.16)
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where oM = vertical stress al A due to unit load al A

°ba - vertical stress at B due to unit load at A
and Cd = vertical stress at C due to unit load at A

Therefore, there is no need of drawing three influence diagrams in this case. Only one influence diagram
(/i) with unit load at A' is sufficient. The values of cba and are determined from 1^ diagram below the 
load points B' and C.

If the stresses at any other point, say point B, are required, then the influence line for load above that 
point (B1 in this case) would be drawn. Alternatively, the influence line diagram can be traced on a paper 

and placed in such a way that its axis of symmetry passes through the point B'.

11.9. VERTICAL STRESS DISTRIBUTION ON A VERTICAL PLANE
The vertical stress distribution on a vertical plane at a radial distance of r can be obtained using Eq. 

11.10. In this case, the radial distance r is constant and the depth changes. Tire values of r/z are obtained for 
different depths z. The values of IB are obtained from Eq. 11.11 or Table 11.4 and the stresses computed as 

°z ” Table 11.7 shows the calculations for vertical stresses on a vertical plane at r = 1 m.

Table 11.7. Calculations of Vertical stresses at r = Im

z 0.25 0.50 1.00 1.50 2.00 2.50 5.00

r/z 4.0 2.0 1.00 0.667 0.50 0.40 0.20

Ib 0.0004 0.0085 0.0844 0.1904 0.2733 0.3294 0.4329

Oz 0.0064 Q 0.0340 Q 0.0844 Q 0.0845 Q 0.0683 Q 0.0527 Q 0.017 Q

Fig. 11.9 shows the variation of vertical stresses on a vertical 
plane at r = 1 m. The vertical stresses are plotted horizontally along 
r-axis, and the depth, parallel to the z-axis. It may be noted that the 
vertical stress first increases and then decreases. The maximum 
vertical stress occurs at r/z = 0.817. This corresponds to the point of 
intersection of the vertical plane with the line drawn at 39°15' to the 
vertical axis of the load.

11.10. VERTICAL STRESSES DUE TO A LINE LOAD
The vertical stresses in a soil mass due to a vertical line load 

can be obtained using Boussinesq’s solution. Let the vertical line 
load be of intensity q' per unit length, along the y-axis, acting on the 
surface of a semi-infinite soil mass, as shown in Fig. 11.10.

Let us consider tire load acting on a small length by. The load 
can be taken as a point load of q' by and Boussinesq’s solution can 
be applied to determine the vertical stress at P (x, y, z). From Eq. 
11.9,

. WW • ?
231 (? + z2)* 4

The vertical stress at P due to the line load extending from -oo to + oo is obtained by integration,
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Substituting x2 + z2 = it2 in Eq. (fe),

Let y = u tan 9. Therefore, dy = h see2 0 <10.

. 3 q' z3 f/2 u sec2 0 .
Eq. (c) can be written as O- = —z— J —;------ t— a H2n Jo if sec5 9

or G- = J cos3 0 </0 ■ ■■(d)

2 nu 0
Let sin 0 = t. Therefore, cos 0 <10 = dt

Eq. 11.17 can be used to determine the vertical stress at point P.
When the point P lies vertically below the line load, x = 0.

Therefore, <T, = ^- ...(11.18)
* rez

The expressions for the stresses CTt and can be obtained in a similar manner, starting from Eq. 11.13.
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and - -2- • ...(11.20)

11.11. VERTICAL STRESS UNDER A STRIP LOAD
The expression for vertical stress at any point P under a strip load can be developed from Eq. 11.17 of 

the line load. The expression will depend upon whether the pint P lies below the centre of the strip load 
or not.

Note. The length of the strip is very long. For convenience, unit length is considered.

(1) Point P below the centre of the strip
Fig. 11.11 shows a strip load of width B (= 2b) and intensity q. Let us consider the load acting on a small 

elementary width dx at a distance x from the centre of the load. This small load of q dx can be considered 
as a line load of intensity q'. From Eq. 11.17,

■Fig. 11.11. Strip Load, point P below centre.

The stress due to entire strip load is obtained as 

2q 1
az • —L I ----------------- To dx

™ J-b [1 + (x/z)2]2
Let x/z = tan u. Therefore, dx = z sec2 u du

Substituting in Eq. (a), a, . x 2 f —-SeC^“ , du

Jo (1 + tan2u)2
where 0 = tan’1 (b/z) = angle made by extemities of the strip at P.

or cos2u du
a Jo

4g r /I + cos2u\ , 
~ * Jo --------2--------or
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or a, = ( 20 + sin 20)
z jr

...(H.21)

(2) Point P not below the centre of the strip
Fig. 11.12 shows the case when the point P is not below the centre of the strip. The extremities of the 

strip make angles of pj and p2 at P. As in the previous case, the load q dx acting on a small length dx can 

be considered as a line load. The vertical stress at P is given by Eq. 11.17 as

Fig. 11.12. Strip load, point P not at the centre.

2qdx 1
1 + (x/zf

Eq. (a) is simplified making the following substitution,

x - z tan p or dx = z sec2 p dp

f * 2g(zsec2p)dp [ 1 ]2
Iherefore Ao, = —-------------=—

«z [ 1 + tan2p ]

or Ao. = cos2 pdp

p2
Integrating, o, = j*  (1 + cos 2p) dp

31 Pt

or o, = [ (p2- Pi) + (sin p2cos p2 - sin pj cos
it L

Substituting P2 - Pi “ 2 0,

a. = F2 0 + (sin p2 cos p2 - sinpt cos Pj )1
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If (Pi + P2) - 2<p, it can be shown that

sin p2 cos p2 - sin Pi cos Pi - sin 2 0 cos 2 (p

Therefore, Eq. (Z>) becomes

az - [2 0 + sin 20 cos2<p] ...(11.22) .

Tire expressions for ax and x„ can be likewise derived.

a, - 2 [20 - sin 20 cos 2<p ] ...(11.23)
Jt

and " re sin 2<p] ...(11.24)

It may be mentioned that Eqs. 11.22 to 11.24 are general equations which can be used even for the case 
when the point P is below the centre of the load.

In this case, p2 - -p, - 0

Fig. 11.13. Isobars of strip load.
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and Pi + P2 “ 0 or <p- 0

Therefore, Eq. 11.22 gives

az = (20 + sin 28) ...(same as Eq. 11.21)

Eq. 11.22 can be used to determine isobars of different intensity due to strip load. Fig. 11.13 shows the 
isobars. The isobar of load intensity 0.1 q is at a depth of about 6 13 below the load. Fig. 11.13 can be used 
for determination of vertical stresses at various points.

11.12. MAXIMUM SHEAR STRESSES AT POINTS UNDER A STRIP LOAD

The shear stress at any point P below a strip load is given by Eq. 11.24 as sin 20 sin 2<p. The 

planes on which the shear stresses are zero arc known as principal planes. Therefore for principal planes, 
= 0.

or — sin 20 sin 2 <p = 0
re v

As q and 0 cannot be zero, will be zero when
sin 2 = 0 or 2 <p = 0

The principal stresses are obtained from Eqs. 11.22 and 11.23, substituting 2<p = 0.

Oj - az = (2 0 + sin 2 0) ...(11.25)

a2 = a, = ~(20 - sin 20) ...(11.26)

The maximum shear stress is equal to half the difference of the principal stresses. Thus

- I («1 - - J “"20 ...(11.27)

Eq. 11.27 indicates that the maximum shear stress at P depends upon the angle 20 subtended by the strip 
load at the point P Obviously, the maximum shear stress will remain constant if the angle 20 does not 
change. Let us draw a circle with the centre O obtained by the intersection of lines OA and OB making angles

Fig. 11.14. Maximum shear stresses
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(90-20) with the ends of the load, as shown in Fig. 11.14. As the angle subtended at the centre of circle is 
twice that at the circumference, the point P makes an angle 20. All the points on this circle will subtend an 
angle 20.

From Eq. 11.27, as the maximum shear stress depends on the angle 20, the circle is the locus of all points 
with shear stress equal to Tmax. The absolute maximum value of shear stress, (Tmax)max will occur when 
sin 20 = 1 in Eq. 11.27. Thus

(t-niax)max “ Jt
The locus of (Tmax)niax a sem’ circle, which has the width of the loaded strip, B, as its diameter, In this 

case,

sin 20 - 1 or 20 » 90°.

11.13. VERTICAL STRESSES UNDER A CIRCULAR AREA
The loads applied to soil surface by footings are not concentrated loads. These are usually spread over a 

finite area of the footing. It is generally assumed that the footing is flexible and the contact pressure is 
uniform. In other words, the load is assumed to by 
uniformly distributed over the area of the base of footings.

Let us determine the vertical stress at the point P at 
depth z below the centre of a uniformly loaded circular area 
(Fig. 11.15). Let the intensity of the load be q per unit area 
and R be the radius of the loaded area. Boussinesq's 
solution can be used to determine a.. The load on the 
elementary ring of radius r and width dr is equal to q 
(2 nr) dr. The load acts at a constant radial distance r from 
the point P. From Eq. 11.9,

a « _ 3 {q x 2nrdr) 1 1
25 ? ' [1 + (r/z)2]”

The vertical stress due to entire load is given by

■3,21 Z 7^5 -W
Let r2 + z2 « u. Therefore, 2r dr - du Fig. 11.15. Circular Laid.

Eq. (a) becomes >■ - V du

(R2 + z2)5'2 j

or

or

...(11.29)

...(11.30)
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where Ic is the influence coefficient for the circular area, and is given by

...(11.31)

Table 11.8 gives the value of the influence coefficient Zc for different values of R/z.

Table 11.8. Influence Coefficients Ic for the Circular Area

R/z Ic R/z Ic R/z Ic R/z Ic

0.00 0.0000 0.65 0.4109 1.30 0.7734 1.95 0.9050

0.05 0.0037 0.70 0.4502 1.35 0.7891 2.00 0.9106
0.10 0.0148 0.75 0.4880 1.40 0.8036 2.50 0.9488
0.15 0.0328 0.80 0.5239 1.45 0.8170 3.00 0.9684
0.20 0.0571 0.85 0.5577 1.50 0.8293 3.50 0.9793
0.25 0.0869 0.90 0.5893 1.55 0.8407 4.00 0.9857
0.30 0.1286 0.95 0.6189 1.60 0.8511 5.00 0.9925
0.35 0.1592 1.00 0.6465 1.65 0.8608 6.00 0.9956
0.40 0.2079 1.05 0.6720 1.70 0.8697 7.00 0.9972
0.45 0.2416 1.10 0.6956 1.75 0.8779 8.00 0.9981

0.50 0.2845 1.15 0.7175 1.80 0.8855 9.00 0.9987
0.55 0.3273 1.20 0.7376 1.85 0.8925 10.00 0.9990
0.60 0.3695 1.25 0.7562 1.90 0.8990 00 1.0000

Eq. 1131 for the influence coefficient Ic can be written in terms of the angle 20 subtended at point P by 

the load.
Let tan 0 = R/z. Therefore,

r 3/2 I

or 1, - 1 - (cos2 0)“ - 1 - cos3 0 ...(11.32)

Eq. 11.32 indicates that as 0 tends to 90°, the value of Ie approaches unity. In other words, when a 

uniformly loaded area tends to by very large in comparison with the depth z, the vertical stress at the point 
P is approximately equal to q.

When the point P is not below the centre of the load, analysis becomes complicated and is outside the 
scope of this text. In that case, the isobars shown in Fig. 11.16 can be used to determine the vertical stress at 
any point. It may be noted that the isobar of 0.1g cuts the axis of the load at a depth of about 42? (= 2D) 
below the loaded area. The zone within which the stresses is indicated by this isobar, as mentioned above, is 
known as the bulb of pressure. The reader should compare this pressure bulb with that below the strip load, 
which is much deeper.

11.14. VERTICAL STRESS UNDER A CORNER OF A RECTANGULAR AREA
The vertical stress under a comer of a rectangular area (Fig. 11.17) with a uniformly distributed load of 

intensity q can be obtained from Boussinesq’s solution. From Eq. 11.9, the stress at depth z is given by, taking 
dQ - q dA= qdx dy,

3(9*4y)?  1
4 2------------S (? .
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Fig. 11.16. Isobars for circular loaded area.

„ . . .. 3qz3 qdxdy
By mtegrmon. Jo (? /? + 7^

Although the integral is quite complicated, Newmark was able to perform it The results were presented 
as follows:

where m = B/z and n = Uz

The values of m and n can be interchanged without any effect on the values of az. Eq. 11.33 can be 

expressed as

Fig. 11.17. Vertical stress under comer.
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= lNq ...(11.34)

where lN is Newmark’s influence coefficient, given by 

_______ ______ nin______ ni2 + n2 + 2 . _| (_mn___________ A
N [ y]m2 + n2 + \ + n2 + „? n2 + I I yjm2 + n2 + m2 n2 + 1 I]

Table 11.9 gives the values of 7^ for different values of m and n.

Table 11.9. Influence Coefficients In for Rectangular Area

m
0.2 0.4 0.6 0.8 1.0 2.0 3.0 5.0 10.0

0.2 0.0179 0.0328 0.0435 0.0504 0.0547 0.0610 0.0619 0.0620 0.0620

0.4 0.0328 0.0602 0.0801 0.0931 0.1013 . 0.1134 0.1150 0.1154 0.1154

0.6 0.0435 0.0801 0.1069 0.1247 0.1361 0.1533 0.1555 0.1561 0.1562

0.8 0.0504 0.0931 0.1247 0.1461 0.1598 0.1812 0.1841 0.1849 0.1850

1.0 0.0547 0.1013 0.1361 0.1598 0.1752 0.1999 0.2034 0.2044 0.2046

2.0 0.0610 0.1134 0.1533 0.1812 0.1999 0.2325 0.2378 0.2395 0.2399

3.0 0.0618 0.1150 0.1555 0.1841 0.2034 0.2378 0.2439 0.2461 0.2465

5.0 0.0620 0.1154 0.1561 0.1849 0.2044 0.2395 0.2461 0.2486 0.2491

10.0 0.0620 0.1154 0.1562 0.1850 0.2046 0.2399 0.2465 0.2491 0.2498

Faduin gave charts for determination of the influence factor lN (Fig. 11.18). These charts can be used in 

a design office. The charts can also be used for determination of the vertical stress under a strip load, in 
which case the length tends to infinity and the curve for n = <» can be used.

Fig. 11.18. Fadum's chart.

11.15. VERTICAL STRESS AT ANY POINT UNDER A RECTANGULAR AREA
The equations developed in the preceding section can also be used for finding the vertical stress at a 

point which is not located below the comer. The rectangular area is subdivided into rectangles such that each 
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rectangles has a comer at the point where the vertical stress is required. The vertical stress is determined 
using the principle of superposition. The following three cases can occur.

(1) Point anywhere below the rectangular area. Fig. 11.19 (a) shows the location of the point P below 
the rectangular area ABCD. The given rectangle is subdivided into 4 small rectangles AEPH, EBFP, HPGD 
and PFCG, each having one comer at P. The vertical stress at P due to the given rectangular load is equal to 
that from the four small rectangles. Therefore, using Eq. 11.34,

Qz = ?[((v)i + (4r)z + (fw)3 + (Zv)«.l ...(11.35)

where (7W)2, (In)3 and (//Ai are Newmark’s influence factors obtained from Table 11.9 for the four 
rectangles marked (1), (2), (3) and (4).

For the special case, when the point P is al the centre of the rectangle ABCD, all the four small 
rectangles are equal, and Eq. 11.35 becomes

= ...(11.36)

where IN is the influence factor for the small rectangle.
(2) Point outside the loaded area. Fig. 11.19 (&) shows the point P outside the loaded area ABCD. In 

this case, a large rectangle AEPF is drawn with its one comer at P.

Now rectangle ABCD = rectangle AEPF - rectangle BEPH - rectangle DGPF + rectangle CGPH
The last rectangle CGPH is given plus sign because this area has been deducted twice, once in rectangle 

BEPH and once in DGPF.
Therefore, the stress at P due to a load on rectangle ABCD is given by

« [(/»). - - Vtih + ('«). 1 •••(1137)
where (/^)i, (/jv)2, and (IN\ are the influence coefficients for the rectangles AEPF, BEPH, DGPF and 

CGPH, respectively.
(3) Point below the edge of the loaded area. If the point P is below the edge of the loaded area ABCD 

(Fig. 11.19 c), the given rectangle is divided into two small rectangles APED and PBCE. In this case,

<8-»[0n)*(W!)  -(1138)
where and (IN)2 are influence coefficients for rectangles APED and PBCE, respectively.

11.16. NEWMARK’S INFLUENCE CHARTS
The methods for the determination of vertical stresses under a strip, a circular and a rectangular area have 

been discussed in the preceding sections. In practice, sometimes one has to find the vertical stresses under a 
uniformly loaded areas of other shapes. For such cases, Newmark’s influence charts are extremely useful.
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Newmark’s chart is based on the concept of the vertical stress 
below the centre of the circular area, discussed in Sect. 11.13. Let 
us consider a uniformly loaded circular area of radius /?b divided 
into 20 equal sectors (Fig. 11.20). The vertical stress at point P at 
depth z just below the centre of the loaded area.due to load on one 
sector (hatched area (1)) will be (1/20) of that due to load on full 
circle. From Eq. 11.29,

Fig. 11.20. Concentric circles for R\ and Ri.

If the vertical stress (oj is given an arbitrary fixed value, say 
0.005g, Eq. (a) becomes

1
3/2 1

Solving Eq. (b), Rx/z - 0.270 ...(11.39)

Thus every one-twentieth sector of the circle, with a radius R{ equal to 0.270 z, would give a vertical 
stress of 0.005 q at its centre.

Let us now consider another concentric circle of radius Rz and divide it again into 20 equal sectors. Each 
larger sector is divided into two sub-areas. If the small area (marked 2) exerts a stress of 0.005 q at P, the 
vertical stress due to both area (1) and (2) would be equal to 2 x 0.005 q. Thus,

[
 3/2 I

Solving, Rz/z = 0.40.

In other words, the radius of the second circle should be equal to 0.40 z.
Likewise, the radii of the third to the ninth circles can be determined. The values obtained are 0.52 z, 

0.64 z, 0.77 z, 0.92 z, 1.11 z, 1.39 z and 1.91 z. The radius of 9| circle is 2.54 z. The radius for the tenth 

circle Ri0 is given by

or

Therefore, the tenth circle cannot be drawn.

Fig. 11.21 shows the complete Newmark’s influence chart, in which only 9| circles have been drawn for 

z equal to the distance AB marked on the chart.
Use of Newmark’s Chart. The chart can be used to determine the vertical stress at point P below the 

loaded area. A plan of the loaded area is drawn on a tracing paper to a scale such that the length AB( = 2 cm 
in this case) is equal to the depth (z) of the point P below the surface. For example, if the pressure is required 
at a depth of 1 m, the plan should be drawn to a scale of 2 cm = 1 m or R.F. = 1/50. The traced plan of the 
loaded area is placed over the Newmark chart such that the point P at which the. pressure is required 
coincides with the centre of the chart. The vertical stress at point P is given by

oz - I x n x q ...(11.40)
where I = influence coefficient ( = 0.005 in this case),
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Fig. 11.21. Newmark’s Charts.

n = number of small area units covered by the plan. Each area between two successive radial 
lines and two successive concentric circle is taken as one unit.

. q = intensity of load.

The following points are worth noting:
(1) The fractions of the unit areas should also be counted and properly accounted for.
(2) If the plan of the loaded area extends beyonds the 9 |th circle, it may be assumed to approach the 

10th circle for the purpose of counting the unit areas.
(3) The point P at which the vertical stress is required may be anywhere within or outside the loaded 

area.
(4) If the depth at which the stress is required is changed, a fresh plan is required such that the new 

depth is equal to the distance AB on the chart.

11.17. COMPARISON OF STRESSES DUE TO LOADS ON AREAS OF DIFFERENT SHAPES
The variation of vertical stress with depth depends upon the shape and size of the loaded area. Fig. 11.22 

shows the variation of the vertical stress with depth below the centre of circular, square and strip loads.
The vertical stresses are equal to the load intensity at the surface and decrease rapidly with an increase in 

depth (z). In the case of circular and square loads, the vertical stress is about 10% of the surface load (q) at a depth 
of about 28. However, in the case of strip loads, the stresses are much greater. Even al z = 38, the vertical 
stress is about 20% of the surface load (q). In other words, the pressure bulb in this case is much deeper.
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11.18. VERTICAL STRESSES UNDER TRIANGULAR LOADS
Fig. 11.23 shows a triangular load with a width of 2b and the intensity varying from 0 to q. The vertical 

stress (o,) at a point P (x, z) is given by

Fig. 11.23. Triangular load.

”■ ■ to [f “ ■Sin2s]

where 6 is the angle which the line PB marks with vertical, and a is the angle subtended by PA and PB 
at P.

If the point P is exactly below the end B, x = 2b and 6 = 0. Therefore,

2n ...(11.42)
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The above equations can also be applied to the case when the intensity of the load increases linearly from 
zero at one end to a maximum q and then decreases to zero (Fig. 11.24).

For the load shown in Fig. 11.24 (a),

(a) (b)

Fig. 11.24. Triangular load with maximum intensity at centre.

az ‘ 2rtd + a2) + *( “1 ~ a2)] ...(11.43)

When the point P is exactly below the point B, cq = a2 - a and x = 2b. [Fig. 11.24 (Z>)]. Therefore,

°z “ 2bjt ^2b x 2a + 2i>(a ”

...(11.44)

11.19. VERTICAL STRESSES UNDER TRAPEZOIDAL LOADS
Fig. 11.25 (a) shows a trapezoidal load due to an embankment, which consists of a triangular load over 

width a and a uniform load of intensity q over width b. The vertical stress at point P is given by

(a) (b)

Fig. 11.25. Trapezoidal load.

or az = [ (cq + aj) + | cq

or o2 - ^[a(aj + aj) + 6ai]

Obviously, for the trapezoidal load shown in Fig. 11.25 (t), the vertical stress at P,

...(11.45)
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O. = + “2) + fcal] ...(11-46)

11.20. STRESSES DUE TO HORIZONTAL LOAD
(a) Line Load Qy Fig. 11.26 shows a horizontal load Qj per 

unit run acting on the soil surface shown by solid lines. In this 
case, it is more convenient to determine the radial stress (af) and 
the tangential Stress (cr0). Ilie radial stress is given by

2 Qi sin 6 

r (2a - sin 2a)
...(11.47)

where 0 = angle made by radial line r with the vertical 
a = angle made by soil surface with the vertical

For horizontal ground surface, a = n/2. Therefore,

2Qi sin 0
' r(jr —0)

2 Qt sin 0
a, = ----------------

irr
stresses due to a horizontal load Q can be(Z») Concentrated Load Q. In cartesian coordinates, the 

written as

Fig. 11.26. Horizontal load.

...(11.48)

(l-2r)R2 J /(3K , z) 11 
(R + z)2 I R2(R + z)j|

3Q ?z

“ " 271 Rr

T . 3g . W 
' 2« 7

where x,y,z are coordinates of point P and R is the distance OP, 
as shown in Fig. 11.4.

This case is generally referred to as Cerutti’s problem.

11.21. STRESSES DUE TO INCLINED LOAD
Fig. 11.27 shows an inclined load Q2 per unit run acting on the

soil surface. The radial stress at a point at an angle 0 is given by 

2Q2 ( cos p cos0 sin psin 0 \ ...
■ — [2a + sin 2a * 2a-sin 2a) •(11-50)

where p = angle which the load Q2 makes with vertical, 
a = angle the soil surface makes with the vertical.

x2(37? * z) 1] 
R!(R + z) J]
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For the horizontal ground surface, a = st/2. Thus

2Qi F cos p cos 8 sin p sin 6 
' “ r I Jr ax

20, or ar - -^cos(e-p)

When the load is vertical, p = 0.

11.22. WESTERGAARD’S SOLUTION
Boussinesq’ solution assumes that the soil deposit is isotropic. Actual sedimentary deposits are generally 

anisotropic. There are generally thin layers of sand embedded in homogeneous clay strata, Wcstergaard’s 
solution assumes that there are thin sheets of rigid materials sand-wiched in a homogeneous soil mass. These 
thin sheets are closely spaced and are of infinite rigidity and are, therefore, incompressible. These permit only 
downward displacement of the soil mass as a whole without any lateral displacement. Therefore, 
Wcstergaard’s solution represents more closely the actual sedimentary deposits.

According to Westergaard, the vertical stress at a point P at a depth z below the concentrated load Q is 
given by 

where c depends upon the Poisson ratio (v) and is given by

c - V(l-2v)/(2-2v)

For an elastic material, the value of v varies between 0.0 to 0.50. For the case when v is zero, Eq. 11.52 
is simplified considerably, taking c = 1/V2,

----------------------- 1------  . 2 ...(11.53) 
Jt[l + 2(r/z)2]3/4 ?

or az = Iw ...(11.54)

where Iw is known as Westergaard influence coefficient.

'w ' »[1 ■"(“'55)

The values of fw are considerably smaller than the Boussinesq influence factor (/fl). Table 11.10 gives the 
values of Iw. The values of IB are also given for comparison.

Table 11.10. Comparison of Iw and Ib

rh 0.0 0.1 0.2 0.3 0.4 0.5 0.6

Ib 0.4775 0.4657 0.4329 0.3849 0.3295 0.2733 0.2214

Iw 0.3183 0.3090 0.2836 0.2483 0.2099 0.1733 0.1411

rh 0.7 0.8 0.9 1.0 2.0 3.0 6.0

Ib 0.1762 0.1386 0.1083 0.0844 0.0085 0.0015 0.0001

Iw 0.1142 0.0925 0.0751 0.0613 0.0118 0.0038 0.0005

Fig. 11.28 shows the variation of IB and Iw with r!z. The Westergaard influence factor is about 2/3
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Fig. 11.28. Comparison of Ib and Iw.

of the Boussinesq values for small values of r/z. But for r/z more than 2.0, the Westergaard values are 
slightly greater. The effect of the load is negligibly small in both the cases when r/z is greater than about 
2.0.

11.23. FENSKE’S CHARI'S
Just like Newmark’s Charts which are based on Boussinesq’s solution, Fenske’s Charts are based on 

Westergaard’s solution. The Fenske chart can be prepared using Eq. 11.52.

"’■S' t (r/cz)2]1'2

The above equation can be integrated to obtain the vertical stress (oz) below the centre of a uniform 
circular load of intensity q and radius R as was done for the Boussinesq solution for derivation of Eq. 11.29. 
In this case,

If instead of the full circle, only l/8th sector of the circle is considered, the stress is given by

Eq. 11.57 is similar to the equation used for Newmark’s chart, with one difference that the depth used 
here is the modified depth cz.

The radius Rr of the first circle can be determined for a constant value of a2 (say, 0.001 q). Thus

0.001 9 - f [1 - {----------- —ri 1

8 [ I 1 + J

or = 0.127

or Rt = 0.127 (cz)

The modified depth cz is marked as the distance AB in Fig. 11.29.
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Fig. 11.29. Fenske’s Chart ( / = 0.001).

Likewise, the radii of other circles are determined. Unlike the Newmark chart, the radial divisions are 
also changed in Fenske’s chart. There are 8 radial divisions for the first circle and 48 radial divisions for the 
18th circle. The radii of the circular arcs and the number of radial divisions are so chosen that each influence 
area unit is approximately a square. Table 11.11 gives the values of 7?/(cz) for different circles and their 
corresponding number of division.

The method of using the Fenske chart is similar to that for the Newmark chart. However, in this case the 
distance AB represents the modified depth cz. The plan of the loaded area is drawn on a tracing paper to a 
scale such that the distance AB is equal to c times the depth z of the point P at which the stress is required. 
For Poisson’s ratio of zero, the value of c is equal to 0.707.

Table 11.11. Values of R/cz for Fenske’s Chart

Circle No. 1 2 3 4 5 6 7 8 9

Rlfcz) 0.127 0.204 0.292 0.376 0.472 0.560 0.664 0.772 0.900

Divisions 8 12 20 24 32 32 40 40 48

Circle No. 10 11 12 13 14 15 16 17 18 1 19

R/(cz) 1.032 1.176 1.332 1.512 1.712 1.952 2.236 2.592 3.044 4.420

Divisions
I”48

48 48 <18 48 48 48 48 48 48

11.24. APPROXIMATE METHODS
The methods discussed in the preceding sections are relatively more accurate, but are time- consuming. 

Sometimes, the engineer is interested to estimate the vertical stresses approximately for preliminary designs. 
The following methods can be used.

(1) Equivalent Point-Load Method. The vertical stress at a point under a loaded area of any shape can 
be determined by dividing the loaded area into small areas and replacing the distributed load on each small 
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area by an equivalent point load acting at the 
centroid of the area (Fig. 11.30); e.g. in Fig. 1130, 
Q = qa2 for each area. The total load is thus 

converted into a number of point loads. The vertical 
stress at any point below or outside the loaded area is 
equal to the sum of the vertical stresses due to these 
equivalent point loads. Using Eq. 11.10,

[Ci (/»)■ * Q2Ub>2 * - + e.w.i 
--------------------------?----------------------

2 &(/»),■ ...(11.58)

Eq. 11.58 gives fairly accurate results if the 
side a of the small area unit is equal to or less than 
one-third of the depth z of point P at which the 
vertical stress is required.

Fig. 1130. Equivalent Point loads.

(2) Two-to-one Load Distribution Method. The actual distribution of load with the depth is complex, 
However, it can be assumed to spread approximately at a slope of two (vertical) to one (horizontal). Thus the 
vertical pressure at any depth z below the soil surface can be determined approximately by constructing a 
frustum of pyramid (or cone) of depth z and side slopes (2:1). The pressure distribution is assumed to be 
uniform on a horizontal plane at that depth.

L.----------------- B+Z----------------J

Fig. 11.31. Two-to-One Distribution.

The average vertical stress az depends upon the shape of the loaded area, as given below (see Fig. 11.31),

(1) Square Area (B x B),

(2) Rectangular Area (B x L),

(3) Strip Area (width B, unit length), qz -

<2 J2
(B + z)2

q(B x L) 
(B + z)(L + z)
<? x (B x 1) 
(B + z) x 1

...(11.59)

...(11.60)

...(11.61)

(4) Circular Area (diameter D), ...(11.621
(D + z)2

The above method gives fairly accurate values of the average vertical stress if the depth z is less than 2.51 
times the width of the loaded area. The maximum stress is generally taken as 1.5 times the average stress! 
determined above.

(3) Sixty Degree Distribution. This method is similar to the preceding method. In this case, the pressure! 
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distribution is assumed along lines making an angle of 60° with the horizontal instead of 63^° (2 : 1). The 

method gives approximately the same results.

11.25. CONTACT PRESSURE DISTRIBUTION
The upward pressure due to soil on the underside of the footing is termed contact pressure. In the 

derivations of the preceding sections, it has been assumed that the footing is flexible and the contact pressure 
distribution is uniform and equal to q. Actual footings are not flexible as assumed. The actual distribution of 
the contact pressure depends upon a number of factors such as the elastic properties of the footing material 
and soil, the thickness of footings. In fact, it is a soil- structure interaction problem.

Borowicka (1936, 1938) studied the contact pressure distribution of uniformly loaded strips and circular 
footings resting on a semi-infinite elastic mass, assuming the base of the footing as frictionless. The analysis 
showed that the contact pressure distribution depends upon the relative rigidity (Kr) of the footing-soil system.

The relative rigidity is defined as

1 (1-^)

6 (1 -V/)
...(11.63)

where vf = Poisson’s ratios for soil and footing material, respectively, 
E„E[ = Moduli of elasticity for soil and footing material, respectively.

2b = width (or diameter) of footing, t = thickness of footing.

Fig. 11.32 shows the contact pressure distribution of circular and strip footings for different values of 
relative stiffness. For a perfectly rigid fooling (Kr = oo), the contact pressure is minimum at the centre, with

Fig. 11.32. Contact Pressurc (Borowicka).

a value of about 0.5 q for the circular footing and 0.67 q for the strip footing. The contact pressure is very 
large at the edges. In fact, it tends to infinity. For purely flexible footings (Kr = 0), the contact pressure is 

uniform and equal to q.
Borowicka’s results can be used to determine the contact pressure on a cohesive soil which behaves like 

an elastic soil mass. In a cohesionless soil, modulus of elasticity increases with depth due to an increase in 
confining pressure. Such soils are non-homogeneous.

Contact pressure on saturated elay. Fig. 11.33 shows the qualitative contact pressure distribution under 
flexible and rigid lootings resting on a saturated clay and subjected to a uniformly distributed load q. When 
the footing is flexible, it deforms into the shape of a bowel, with the maximum deflection at the centre. The 
contact pressure distribution is uniform.

If the footing is rigid, the settlement is uniform. The contact pressure distribution is minimum at the 
centre and the maximum at the edges. The stresses at the edges in real soils cannot be infinite as theoretically 
determined for an elastic mass. In real soils, beyond a certain limiting value of stress, the plastic flow occurs 
and the pressure becomes finite.
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(a) FLEXIBLE FOOTING (b) RIGID FOOTING

Fig. 11.33. Contact pressure on saturated clay.

Contact Pressure on sand. Fig. 11.34 shows the qualitative contact pressure distribution under flexible 
and rigid footings resting on a sandy soil and subjected to a uniformly distributed load q. In this case, the 
edges of the flexible footing undergo a larger settlement than at the centre. The soil at the centre is confined 
and, therefore, has a high modulus of elasticity and deflects less for the same contact pressure. The contact 
pressure is uniform.

(a) FLEXIBLE FOOTING (b) RIGID FOOTING

Fig. 11.34. Contact Pressure on Sand.

If the footing is rigid, the settlement is uniform. The contact pressure increases from zero at the edges to 
a maximum at the centre. The soil, being unconfined at edges, has low modulus of elasticity. However, if the 
footing is embedded, there would be finite contact pressure at edges.

Usual Assumption. As discussed above, the contact pressure distribution for flexible footings is uniform 
for both clay and sand. The contact pressure for rigid footing is maximum at the edges for footings on clay, 
but for the rigid footings on sand, it is minimum at the edges. For 
convenience, the contact pressure is assumed to be uniform for all 
types of footings and all types of soils (Fig. 11.35) if load is 
symmetric.

The above assumption of uniform pressure distribution will result w TrTTTTTTTTr 
in a slightly unsafe design for rigid footing on clays, as the maximum 
bending moment at the centre is underestimated. It will give a 
conservative design for rigid footings on sandy (cohesionless) soils, as 
the maximum bending moment is overestimated. However, at the Fi8-UniForm contact Pressure, 

ultimate stage just before the failure, the soil behaves as an elasto-plastic material (and not an elastic material) 
and the contact pressure is uniform, and the assumption is justified at the ultimate stage.

11.26. LIMITATIONS OF ELASTIC THEORIES
Both Boussinesq’s and Westergaard’s theories are applicable to elastic materials. Actual soils do not 

behave in the manner as assumed in the analysis. The results obtained arc necessarily approximate. The 
theories have the following limitations.

(1) The soil mass is never truly isotropic and homogeneous.
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(2) The soil mass is not elastic as the particles do not return to the original position when the load is 
removed.

(3) Tire, stress-strain ratio for most soils is not constant.
However, for most soils the stress-strain ratio is approximately constant provided the stresses are well 

below the failure stresses, and no unloading occurs.
Although the applicability of elastic theories to soil problems is questionable, yet the results are generally 

not much different from the observed values. A difference of 20 to 30% between the theoretical and the 
measured values may occur. This difference is generally ignored considering many complexities of the 
problem. The elastic theories are used as better theories are not yet available which can be used in a design 
office.

ILLUSTRATIVE EXAMPLES

Illustrative Example 11.1. A concentrated load of 2000 kN is applied at the ground surface. Determine 
the vertical stress at a point P which is 6 in directly below the load. Also calculate the vertical stress at a 
point R which is at a depth of 6 in but Ut a horizontal distance of 5 m form the axis of the load.

30 1Solution. From Eq. 11.9, CT, = ----- , • --------- --------
2nz- [1 + (r/z)2)'22

Point I'. r/z - 0. g. = -3 * 2°011--------——■= 26.53 kN/m2
2k(6) tl + or

Point R. r/z = 5/6. a. = 3 * 2<1f*°  -------- I----„ = 7.1 kN/m2
2n(6)2 (1 + <5/6)2]M

Illustrative Example 11.2. A long strip footing of width 2 in carries a load of 400 kN/m. Calculate the 
maximum stress at a depth of 5 m below the centre line of the footing. Compare the results with 2 : 1 
distribution method.

Solution. From Eq. 11.21, CT, = (20 + sin20)

In this case, li = .1 m and z = 5 m.

tan 0 = 1/5 = 0.2 and 2 0 = 0.395 radians
Taking q = 400/2 = 200 kN/m2,

CT- = — (0.395 + 0.385) = 49.6 kN/m2 
' it

2 : 1 Distribution method. From Eq. 11.61,

g = = 57.1 kN/m2

57 1 _ 40 6
Percentage error = ' ~ X 100 = 15.2%

Illustrative Example 11.3. There is a line load of 120 kN/m acting on the ground surface along y-axis.
Determine the vertical stress at a point P which has x and z coordinates as 2 in and 3.5 m, respectively.

Solution. From Eq. 11.17, CT, = — -------- --------7"1(1+ (X/Z) ’ J

At point P,
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Illustrative Example 11.4. The unit weight of the soil in a uniform deposit of loose sand (Ko = 0.50) is 
16.5 kN/m3. Determine the geostatic stresses at a depth of 2 m.

Solution. From Eq. 11.1,

°z “ Yz “ 16-5 x 2.0 - 33.0 kN/m2

From Eq. 11.6, ax = Koaz - 0.5 x 33.0 - 16.5 kN/m2

Illustrative Example 11.5. Determine the vertical stress at a point P which is 3 m below and at a radial 
distance of 3 m from the vertical load of 100 kN. Use Wcstergaard’s solution (v = 0.0).

Solution. From Eq. 1153, a, - -------------- ------- 5-577 • §
M zr [1 + 2(r/z)2]3/2 z2

or
1_________

ji[1 + 2(3/3)2]3/2

—| _ 0.681 kN/m2 
(X2

Alternatively Using Eq. 11.54, uz ■= Iw •

Taking Iw from Table 11.10 as 0.0613,

az - 0.0613 x 1“ kN/m2 
(3?

Illustrative Example 11.6. Calculate the vertical stress at a point P at a depth of 2.5 m directly under 
the centre of the circular area of radius 2 m and subjected to a load 100 kN/mt. Also calculate the vertical 

stress at a point Q which is at the same depth of 2.5 m but 2.5 m away from the centre of the loaded area.

Solution. From Eq. 11.29 a, = q 1- J----------------z
H [ j 1 + (7?/z)2

azatP - 100 1- J--------------------- 51 = 52.39 kN/m2
[ |1 + (2.0/2.5)2 J ]

From Fig. 11.16, the vertical stress at z = 1.25 R and r = 1.25 R is about 0.2 q.

Therefore, az at Q - 0.2 x 100 - 20 kN/m2

Illustrative Example 11.7. An L—shaped building in plan (Fig. E 11.7) exerts a pressure of 75 kN/m2 on 

the soil. Determine the vertical stress increment at a depth of 5 m below the interior corner P.

Solution. The loaded area is subdivided into three small areas such
that each small area has one comer at P.

From Eq. 11.35, 

For area Aj 

From Table 11.9, 

For area A2 

From Table 11.9, 

For area A3 

From Table 11.9,

Oz - + «v)2 + (/jv)3]
m - n - 10/5 - 2.0 

(^)i = 0.2325

m - 15/5 - 3, n - 10/5 - 2.0 

(IN)2 = 0.2378

m - 20/5 - 4, n - 15/5 - 3 

(IN)3 - 0.2450

Fig. E 11.7.Therefore, az - 75 [0.2325 + 0.2378 + 0.2450] = 53.65 kN/m2.

Illustrative Example 11.8. A rectangular foundation 4 m by 5 m carries a uniformly distributed load of
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200 kN/m2. Determine the vertical stress at a point P located as shown 

2.5 m.

Solution. From Eq. 11.35, o. = 3[(4)j + (4^ + (4)3 + (4)4]

In this case For Ai and Az, m = 2/2.5 = 0.80, n = 2/2.5 = 0.80

(4r)i - 0.1461,

For A 3 and A4, m = 3/2.5 = 1.20, n = 2/2.5 = 0.80

(4)3 - 0.1684

Therefore, er. = 200 [0.1461 + 0.1461 + 0.1684 + 0.1684]

= 125.8 kN/m2

in Fig. E 11.8 and at a depth of

2m

2m

Fig. Ex. 11.8

Illustrative Example 11.9. A T-shaped foundation 
(Fig. E 11.9) is loaded with a uniform load of 120 
kN/m2. Determine the vertical stress at point P at a depth 

of 5.0 in. Use Newmark’s influence chart. Compare the 
answer by exact method.

Solution. The foundation plan is drawn on a tracing 
paper with a scale such that the distance AB in Fig. 11.21 
represents 5.0 m. The plan is placed on the Newmark 
chart such that point P is at the centre of the chart.

Number of area units occupied by plan = 63

From Eq. 11.40, a. = I xn x q

or o2 = 0.005 x 63 x 120 - 37.8 kN/m2

3m 3m

Fig. E 11.9

Exact method. The loaded area is divided into 3 areas, such that they have one corner at P.
Area A(
Area A2
Area A3
From Eq. 11.35, 

or

m = 3/5.00 = 0.60 ; 11 = 1.5/5.00 = 0.30. (4)| = 0.0629
m = 3/5.00 = 0.60 ; 11 = 6/5.00 = 1.20, (4)2 = 0.1431
m = 3/5.00 = 0.60 ; n = 3/5.00 = 0.60, (4)2 = 0.1069

= q [(4)1 + (W2 + (fob 1
o. = 120(0.0629 + 0.1431 + 0.1069] = 37.55 kN/m2

Illustrative Example 11.10. A rectangular loaded area 2 m x 2.5 m carries a load of 80 kN/tn2 (Fig. E 
11.10). Determine the vertical stress at point P located outside the loaded area at a depth of 2.5 nt.

Solution. From Eq. 1137, az - [(4)1 - Un>2 - + (4W]

0-5 m

Fig. E 11.10.



252 SOIL MECHANICS AND FOUNDATION ENGINEERING

For large rectangle AEPG, 
and
Area A3 m

Area A3 m
Area A4 m
Therefore,

m - 350/2.50 = 1.40, n - 2.50/2.50 = 1.00
(1^ - 0.1914

= 3.5/25 = 1.40, n = 0.5/25 = 0.20, (Zw)2 = 0.0589
= 2.5/25 = 1.0, n = 1.0/250 = 0.40, (IN)3 = 0.1013
= 0.5/25 = 0.2, n = 1.0/25 = 0.40, (fw)4 = 0.0328

oz = 80 [0.1914 - 0.059 - 0.1013 + 0.0328] 
= 5.12 kN/m2

Illustrative Example 11.11. A rectangular foundation 3.0 x 1.50 m carries a uniform load of 40 kN/m2. 
Determine the vertical stress at P which is 3 m below the ground surface (Fig. E 11.11). Use equivalent point 
load method

Solution. Let us divide the loaded area into 9 small areas of size 0.5 m x 1.0 m.

Load on each area = 40 x (1.0 x 0.5) = 20kN

The stresses at point P are determined due to 9 point loads, using Boussinesq’s solution (Eq. 11.9).

For loads (1) and (4),

For loads (2), (3), (5), (6),

For loads (8) and (9),

For load (7),

Therefore,

r - V 1.5 2 + (0.25)2 - 1.521,

r - V 0.52 + 0.252 - 0.559,

r - V (0.75)2 + (0.5)2 - 0.901 ;

r = V (1.5)2 + (0.75)2 - 1.677;

, . y 3G 1
z 2.t(?) [1 + (r/z)2]572

r/z = 0.507

r/z - 0.186

r/z - 0.300

r/z= 0.559

In this case, az - ------—7 x ---------------------+ -----------------------------—-
2n(3)2 [ [1 + (0.507)2 ]5/z [1 + (0.186)2]572

+ [1 + (0.30)2]572 + [1 + (0.559)2]572 ]

or = 1.061 [1.129 + 3.674 + 1.612 + 0.507] = 7.34 kN/m2
Illustrative Example 11.12. Determine the vertical stress at a point P which is 3 m below the ground 

surface and is on the centre line of the embankment shown in Fig. E 11.12. Take 7 = 18 kN/m3.
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Fig. E 11.12.

Solution. From Eq. 11.46,

<7; “ “J [*  («1 + + b “J

In this case, a = 12 in and b = 2 m, q = 6 x 18 = 108 kN/m2

tan a2 “ 2/3.0 = 0.667; cc2 = 0.588 radians

14
tan (cq + = 4.667; (cq + = 1.359 radians

Therefore, az - [12(1359) + 2 x (1.359 - 0.588)] = 1023 kN/m2

PROBLEMS

A. Numerical
11.1 . A monument weighing 15 MN is erected on the ground surface. Considering the load as a concentrated one, 

determine the vertical pressure directly under the monument at a depth of 8 m below the ground surface.
[Ans. 111.9 kN/m2]

112. A concentrated load of 50 kN acts on the surface of a homogeneous soil mass of large extent. Determine the 
stress intensity at a depth of 5 m, directly under the load, and at a horizontal distance of 2.5 m.

[Ans. 0.955 kN/m2; 0.55 kN/m2]

113. Two columns A and B are situated 6 m apart. Column A transfers a load of 500 kN and column B, a load of 
250 kN. Determine the resultant vertical stress on a horizontal plane 20 m below the ground surface at points 
vertically below the points A and B. [Ans. 59.8 kN/m2 ; 29.9 kN/m2]

11.4 . An excavation 3 m x 6 m for foundation is to be made to a depth of 2.5 m below ground level in a soil of bulk 
unit weight 20 kN/m3. What effect this excavation will have on the vertical pressure at a depth of 6 m measured 

from the ground surface vertically below the centre of foundation ? In for m = 0.43 and n = 0.86 is 0.10.
[Ans. decrease 20 kN/m2]

113. A square foundation (5 m x 5 m) is to carry a load of 4000 kN. Calculate the vertical stress at a depth of 5 m 
below the centre of the foundation. In = 0.084 for m = n = 0.50.
(fi) Also determine the vertical stress using 1 : 2 distribution. [Ans. 53.76 kN/m2 ; 40 kN/m2]

11.6 . A water tower has a circular foundation of 10 m diameter. If the total weight of the tower, including the 
foundation, is 2 x 104 kN, calculate the vertical stress at a depth of 2.5 m below the foundation level.

[Ans. 231.9 kN/m2]
11.7 . A rectangular foundation, 3 m x 2.1 m, is perfectly flexible and carries a load of 300 kN/m2. Determine the 

vertical pressure at a depth of 5 m below a.point P shown in Fig. P 11.7. [Ans. 31.8 kN/m2]
113. The contact pressure for a square footing 2 m x 2 m is 400 kN/m2. Using 1: 2 distribution, determine the depth 

at which the contact pressure is 100 kN/m2. [Ans. 2 m]
11.9 . A rectangular foundation 20 m x 10 m subjects the subgrade to a contact pressure of 250 kN/m2. Determine the 

vertical stress at a point P located at a depth of 5 m (Fig. P 11.9).
(Use Table for In values) [Ans. 3.375 kN/m2]
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Fig. P 11.7. Eg. P 11.9.

11.10 . A 1000 kN load is uniformly distributed on a surface area of 3 m x 2.5 m. Find the approximate value of 
vertical stress at a depth of 2 m, using, 
(») 2 : 1 distribution
(ii) 60° distribution. (Ans. 44.4 kN/m2 ; 39.2 kN/m2]

11.11 . A concentrated load of 1000 kN acts vertically at the ground surface. Determine the vertical stress at a point 
which is at
(j) a depth of 2.5 m and a horizontal distance of 4.0 m
(ii) at a depth of 5.0 and a radial distance of 2.5 m. [Ans. 3.2 kN/m2; 10.93 kN/m2]

B. Descriptive and Objective Type
11.12. State the assumptions made in computing stresses below the ground surface due to a point load acting on it. 

Discuss their validity in practice.
11.13. Derive an expression for the vertical stress at a point due to a point load, using Boussinesq’s theory.
11.14. What do you understand by geostatic stresses ? How are these determined ?
11.15. What is an influence diagram ? What is its use in practice ?
11.16. Derive an expression for the vertical stress at a point due to a line load. Give examples of a line load.
11.17. How would you determine the stresses at a point due to a (a) strip load (b) circular load. Compare the zones of 

influence due to the two types of loads.
11.18. Describe the method of calculating the stress at a point below the comer of a rectangular load. How is this 

method used for finding the stresses at points other than that below the comer ?
11.19. Discuss the basis of the construction of Newmark’s influence chart. How is it used ?
11.20. Explain Westergaard’s theory for the determination of the vertical stress at a point. How is it different from 

Boussinesq’s solution ?
11.21. What is Fenske’s chart ? Explain its construction and use.
11.22. Discuss various approximate methods for the determination of the vertical stress at a point What are their 

limitations ?
11.23. What do you understand by contact pressure ? What are the factors that affect the contact pressure distributions? 

Draw the contact pressure distribution diagram for flexible and rigid footings on sand and clayey soils.
11.24. Mention whether the following statements are true or false.

(a) Die vertical stress due to a point load depends upon modulus of elasticity.
(f>) For determination of the deformation, the secant modulus at the peak stress is used.
(c) Die Poisson ratio for most of the soils is zero.
(d) Die horizontal stress can be more than the vertical stress.
(e) Die Boussinesq influence coefficient just below the point load is zero.
(/) Die maximum shear stress due to a strip load is constant at all points.
(g) Die zone of influence due to a circular load is deeper than that due to a strip load.
(h) While determining Newmark’s influence coefficient, the constant m and n can be interchanged.
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(i) The Boussinesq solution always gives stresses greater than the Westergaard solution.
(J) The equivalent point load gives reliable results if the dimension of the area is greater than three times the 

depth.
(it) Two-to-one load distribution and sixty-degree distribution give approximately the same stresses.
(/) In actual design, the contact pressure distribution is generally taken as uniform.

[Ans. True. (J). (A), (*),  (/)]

C. Multiple-Choice Questions
1. The stress developed at a point in the soil exactly below a point load at the surface is

(a) proportional to the depth of point.
(b) proportional to the square of the depth of point.
(c) inversely proportional to the depth of point.
(J) inversely proportional to the square of the depth of point.

2. An isobar is a curve which
(a) joins points of equal horizontal stress.
(b) joins points of equal vertical stress.
(c) joins points of zero vertical stress.
(rf) joins points of maximum vertical stress.

3. If the entire semi-infinite soil mass is loaded with a load intensity of q at the surface, the vertical stress at any 
depth is equal to
(a) q (b) 0.5 q
(c) zero (</) infinity

4. For a strip of width B subjected to a load intensity of q at the surface, the pressure bulb of intensity 0.2 q 
extends to a depth of
(a) 3B (b) 6 B
(c) 1.5 B (</) B

5. Newmark's influence chart can be used for the determination of vertical stress under
(a) circular load area only (b) rectangular loaded area only
(c) strip load only (d) Any shape of loaded area

6. The Westergaard analysis is used for
(a) homogeneous soils (/>) cohesive soils’
(c) sandy soils (</) stratified soils

7. A concentrated load of 1000 kN acts vertically at a point on the soil surface. According to Boussinesq’s equation 
the ratio of the vertical stresses at depths of 3m and 5m is 
(a) 0.35 (b) 0.70
(c) 1.75 (</) 2.78

8. A load of 2000 kN is uniformly distributed over an area of 3 m x 2m. The average vertical stress at a depth of 
2m using 2 : I distribution is
(a) 160 kN/m2 (/>) 100 kN/m2
(c) 48 kN/m2 W) 37 kN/m2

[Ans. 1. (d). 2. (b), 3. (a), 4. (a), 5. (d). 6. (d), 7. (d), 8. (/>)]
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Consolidation of Soils

12.1. INTRODUCTION
When a soil mass is subjected to a compressive force, like all other materials, its volume decreases. The 

property of the soil due to which a decrease in volume occurs under compressive forces is known as the 
compressibility of soil. The compression of soils can occur due to one or more of the following causes.

(1) Compression of solid particles and water in the voids.
(2) Compression and expulsion of air in the voids.
(3) Expulsion of water in the voids.

Compression of solid particles is negligibly small. Compression of water in the voids is also extremely 
small, as the water is almost incompressible in the range of stresses involved in soil engineering. Therefore, 
the compression due to the first cause is not much significant.

Air exists only in partially saturated soils and dry soils. The compression of the air is rapid as it is highly 
compressible. Further, air is expelled quickly as soon as the load is applied. However, the compression due 
to the second cause is not relevant for saturated soils.

When the soil is fully saturated, compression of soil occurs mainly due to the third cause, namely, 
expulsion of water. As this chapter is mainly concerned with saturated soils, only this cause is relevant.

The compression of a saturated soil under a steady static pressure is known as consolidation. It is entirely 
due to expulsion of water from rhe voids. It is similar to the action of squeezing of water from a saturated 
sponge under pressure. The soil behaves as a saturated sponge. As the consolidation of soils occurs, the water 
escapes. The solid particles shift from one position to the other by rolling and sliding and thus attain a closer 
packing. It is worth noting that the decrease in volume of soil occurs not due to compression of solids or 
water but due to the shifting of positions of the particles as the water escapes. Small volume changes may 
occur due to bending, distortion and fracture of the soild particles, but such changes are insignificant in the 
ordinary range of stresses involved in soil engineering problems. However, bending, distortion and fracture 
are indirectly responsible for a further decrease in volume due to shifting of particles.

Settlement of a structure is its vertical, downward movement due to a volume decrease of the soil on 
which it is built. In other words, the settlement is the gradual sinking of a structure due to compression of the 
soil below. A study of consolidation characteristics is extremely useful for forecasting the magnitude and time 
of the settlement of the structure.

The compression of soils due to expulsion of air due to dynamic methods, such as rolling and tamping, 
is known as compaction (see chapter 14).

This chapter deals mainly with consolidation of fully saturated soils.

(Note. In geology, consolidation means hardening of soils due to solidification. It should not be confused ; 
with the word consolidation used in soil engineering).
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12.2. INITIAL, PRIMARY AND SECONDARY CONSOLIDATION
The consolidation of a soil deposit can be divided into 3 stages :
(1) Initial Consolidation. When a load is applied to a partially saturated soil, a decrease in volume 

occurs due to expulsion and compression of air in the voids. A small decrease in volume also occurs due to 
compression of solid particles. The reduction in volume of the soil just after (he application of the load is 
known as initial consolidation or initial compression. For saturated soils, the initial consolidation is mainly 

due to compression of solid particles.
(2) Primary Consolidation. After initial consolidation, further reduction in volume occurs due to 

expulsion of water from voids. When a saturated soil is subjected to a pressure, initially all the applied 
pressure is taken up by water as an excess pore water pressure, as water is almost incompressible as 
compared with solid particles. A hydraulic gradient develops and the water starts flowing out and a decrease 
in volume occurs. The decrease depends upon the permeability of the soil and is, therefore, time dependent. 
This reduction in volume is called primary consolidation.

In fine-grained soils, the primary consolidation occurs over a long time. On the other hand, in coarse­
grained soils, the primary consolidation occurs rather quickly due to high permeability. As water escapes from 
the soil, the applied pressure is gradually transferred from the water in the voids to the soild particles. Thus, 
the effective stress is increased.

(3) Secondary Consolidation. The reduction in volume continues at a very slow rate even after the 
excess hydrostatic pressure developed by the applied pressure is fully dissipated and the primary consolidation 
is complete. This additional reduction in the volume is called secondary consolidation. The causes for 
secondary consolidation are not fully established. It is attributed to the plastic readjustument of the solid 
particles and the adsorbed water to the new stress system. In most inorganic soils, it is generally small.

In the discussions that follow the word consolidation means primary consolidations unless otherwise 
stated. The primary consolidation is the most important component of the total consolidation and forms the 

main subject matter in this chapter.

123. SPRING ANALOGY FOR PRIMARY CONSOLIDATION
The process of primary consolidation can be explained with the help of the spring analogy given by 

Terzaghi. Fig. 12.1 (a) shows a cylinder fitted with a tight-fitting piston having a valve. The cylinder is filled 
with water and contains a spring of specified stiffness. Let the initial length of the spring be 100 mm and the 
stiffness of spring be 10 mm/N. Let us assume that the piston is weightless and the spring and water are 

initially free of stress.
When a load P (say, 1 N) is applied to the piston, with its valve closed, the entire load is taken by water 

[Fig. 12.1 (&)]. The stiffness of the spring is negligible compared with that of water, and consequently, no 
load is taken by spring. From equilibrium,
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Pw + Ps = P ...(12.1)

where Pw = load taken by water, Ps = load taken by spring, and P = total load.

For P = 1 N, Eq. 12.1 becomes

Pw + Ps = 1.0

Initially (t = 0) when valve is closed, Ps = 0.00. Therefore, Pw =1.0

...(12.2)

If the valve is now gradually opened, water starts 
some load and a decrease in its length occurs. When a 
to the spring, Eq. 12.2 becomes

escaping from the cylinder. The spring starts sharing
portion (AP) of the load is transferred from the water

AP + (1.0 - AP) = 1.0

As more and more water escapes, the load carried by 
the spring increases. Fig. 12.2 shows the transfer of the 
load from the water to the spring. Eventually, when the 
steady conditions are established, the water stops 
escaping. Finally, at time t = tf, the entire load is taken 
by spring. Thus, Pw = 0 and Ps = 1.00.

This load causes a decreases in length of the spring 
by 10 mm. The final length is 90 mm, as shown in Fig. 
12.1 (c).

As the load carried by water is zero, it is again free 
of excess pressure. Now if the valve is closed and the 
load P is increased to 2N, the process of transfer of load 
load and its length becomes 80 mm. Likewise, the process 
been applied.

Fig. 12.2. Load Sharing between’ spring and water.

repeats and finally the spring takes the complete
is repeated till the final increment of the load has

12.4. BEHAVIOUR OF SATURATED SOILS UNDER PRESSURE
The behaviour of saturated soils when subjected to a steady, static pressure is similar to that of the

analogy model.
behaves like water in 
likened to the valve in

The solid particles in the saturated soil behave like springs, while the water in
spring

the 
the

cylinder. The permeability of the soil controls the flow of water and it 
piston. The pore water pressure (u) in the soil is analogous to the pressure

the voids
can be 
carried

by water in the cylinder. Finally the stress developed in the spring is analogous to the effective stress (5) 
developed in the soil.

When a pressure. Ao, is applied to a saturated soil sample of unit cross-sectional area, the pressure is 
shared by the solid particles and water as

Ao + u = Ao1 ...(12.3)
Initially, just after the application of pressure, the entire load is taken by water. The pressure developed in 
water, also known as excess hydrostatic pressure or hydrodynamic pressure (u), is equal to the applied 
pressure. The pressure taken by the solid particles, represented as the effective stress, A a, is zero. Thus

0 + (uj = Ao[ ...(12.4)

The excess hydrostatic pressure developed after the application of the load sets up a hydraulic gradient, 
and the water starts escaping from the voids. As the water escapes, the applied pressure is transferred from 
the water to the solids. Eventually, the whole of the pressure is transferred to the soil solids as the effective 
stress, and the excess water pressure becomes zero. Thus

Ao = Aoj ...(12.5)

As the effective stress increases, the volume of the soil decreases. The decrease in volume is generally 
expressed as change in void ratio. Fig. 12.3 shows decrease in void' ratio with time, as the effective stress 
increases due to transfer of pressure to the solid particles. Initially, just after the application of the pressure (t 
= 0), the void ratio is e0. Finally, when the pressure has been fully transferred to the solid particles (t = th,
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the void ratio is («y)j. It must be noted that the 

curve shown in Fig. 12.3 is drawn for applica­
tion of one pressure increment Ao,.

If the applied pressure is now increased to 
Ao2, the process of load transfer repeats and 
the soil attains eventually a different final void 
ratio (ef)2 when the entire load is transferred to 
the solid particles. A curve can be dawn 
between the final void ratios and the 
corresponding effective stresses for different 
load increments. (Fig. 12.4). It may be noted 
that as the effective stress increases, the final 
void ratio decreases, and, therefore, the 
volume of the soil decreases. The reduction in 
volume is due to expulsion of water from the
voids under excess hydrostatic pressure and is, therefore, primary consolidation.

<'A 
f Wz 

(ef)(ef)3

125. CONSOLIDATION TEST
The consolidation test is conducted in a laboratory to 

study the compressibility of a soil. The test is performed 
in the consolidation test apparatus, known as the 
consolidometer or an oedometer [(Fig. 12.5 (a)]. It 
consists of a loading device and a cylindrical container 
called consolidation cell. The soil specimen is placed in 
the cell between top and bottom porous stones. The 
consolidation cells are of two types : (1) Floating or free 
ring cell [Fig. 125 (b)] in which both the top and bottom 
porous stones are free to move. The top porous stone can 
move downward and the bottom stone can move upward 
as the sample consolidates. (2) Fixed ring cell [Fig. 12.5 (c)] in which the bottom porous stone cannot move. 
Only the top porous stone can move downward as the specimen consolidates. The fixed ring cell can also be 
used as a variable-head permeability test apparatus. For this purpose, a piezometer is attached to the base of 
the cell.

The inside surface of the ring should be smooth and polished to reduce friction. The ring imposes a 
condition of zero lateral strain on the soil sample. The internal diameter of the cell is usually 60 mm, but the

Fig. 12.4. Plot between et and a.

(b> Floating ring type

Fig. 12.5. Consolidation Test.
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cells with a diameter upto 100 mm are also available. The thickness of the sample is fixed from the following 

considerations:
(1) The thickness of the sample should be as small as possible to reduce side friction, but a minimum 

thickness of 20 mm is usually required to get uniform distribution of pressure on the sample.

(2) The diameter to the thickness ratio should be a minimum of 3.
(3) The thickness of the specimen should not be less than 10 times the maximum size of the particle.

The thickness of the sample for a 60 mm diameter cell is usually taken as 20 mm. The specimens of 
diameter 50, 70 and 100 mm may be used in special cases.

The consolidometer has arrangements for the application of the desired load increment, saturation of 
sample and measurement of change in thickness of the sample at every stage of consolidation process. The 
consolidation cell is placed in a water jacket or water trough so that water has free access into and out of the 
sample. The cell is provided with a perforated pressure pad at its top for the application of load. The load is 
applied either by suspending weights from a hanger resting at the centre of the pressure pad or by a lever 
arrangement. The arrangement for saturation of the sample consists of a small water reservoir connected to 
the cell with a plastic tube (not shown in figure). A dial gauge is used to measure the change in thickness as 
the consolidation takes place. The sample is kept submerged under water to prevent evaporation from its 

surface.
Before conducting the test, the porous stones are saturated either by boiling them in distilled water for 

about 15 minutes or by keeping them submerged under water for 4 to 8 hours. The bottom porous stone is 
first placed in the consolidation cell and a filler paper is fixed on the porous stone. The ring containing the 
sample is then placed on the bottom porous stone. Another filter paper is kept on the top of the sample and 
then top porous stone is placed. The loading pad is placed on the top porous stone. The bolts are tightened 
so as to hold the entire assembly, and then the consolidation cell is kept under the loading unit. It should be 
centred carefully so that the load is applied axially. The dial gauge is mounted and adjusted. The mould 
assembly is connected to the water reservoir to saturate the sample. The level of water in the reservoir should 
be approximately same as that of the sample.

An initial setting pressure of about 5.0 kN/m2 (for very soft soils, 2.5 kN/m2) is applied to the sample. 

The initial setting pressure is chosen such that there is no swelling. The load is allowed to stand till there is 
no change in the dial gauge reading or 24 hours whichever is less. The final dial gauge reading under the 
initial setting pressure is noted.

The first increment of load to give a pressure of 10 kN/m2 is then applied to. the specimen. The dial 

gauge readings are taken after 0.25, 1.0, 2.25, 4.0, 6.25, 9.0, 12.25, 16.0, 20.25, 25, 36, 49, 64, 81, 100, 121, 
144, 169, 196, 225, 289, 324, 400, 500, 600 and 1440 minutes (24 hours). Sometimes, after 49 minutes, 
readings are taken at 1, 2, 4, 8, 10 and 24 hours. The primary consolidation in the sample is usually complete 
within 24 hours.

The second increment of the load is then applied. It is usual practice to double the previous load in each 
increment. The successive pressures usually applied are 20, 40, 80, 160, 320 and 640 kN/m2, etc., till the 

desired maximum required load intensity is reached. The maximum load intensity is governed by the actual 
loading on the soil in the field after the construction of the structure.

After the consolidation under the final load increment is complete, the load is reduced to one-fourth of 
the final load (160 kN/m2 in above case) and allowed to stand for 24 hours. The sample takes water and 

swells. The reading of the dial gauge is taken when the swelling is complete. The load is further reduced to one­
fourth intensity (40 kN/m2) and the swelling recorded after 24 hours. The load is then reduced to 10 kN/m2 

and the swelling is noted. The load is finally reduced to the initial setting load and kept for 24 hours and the 
final dial gauge reading taken. Throughout the test, the container gutter should be kept filled with water.

Immediately after complete unloading, the ring with the sample is taken out. The excess surface waters; 
dried using a blotting paper. The weight of the ring and the sample is taken. The sample is then dried in an 
oven (maintained at 110°C) for 24 hours and its dry mass Ms and the water content are determined.

(See Chapter 30, Sect. 30.15 for the laboratory experiment).
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12.6. DETERMINATION OF VOID RATIO AT VARIOUS LOAD INCREMENTS
The results of a consolidation test are plotted in the form of a plot between the void ratio and the 

effective stress. It is, therefore, required to determine the void ratio at various load increments. There are two 
methods :

(1) Height of solids method, (2) Change in void ratio method.
The first method is a general method applicable to both saturated and unsaturated soils. The second 

method is applicable only to saturated soils.
(1) Height of Solids method. In this method, equivalent height of solids is determined from the dry mass 

of the soil. The height of solids is given by

S 
e 
d 
d 
e 
d 
d

where Ht = height of solids, Vs = volume of solids,
Ms = dry mass of sample, G = specific gravity of solids, A = cross-sectional area of specimen. 

From definition of void ratio, 
volume of voids - K . .

volume of solids Vt

Eq. (a) can be written as, 
(A x H) - (A x Hs) H-H.

e “------ (aT7$-------------ht -( }

where H is the total height (total thickness).
Thus, the void ratio is determined from the total height (H) and the height of solids. The total thickness 

of the sample is measured at least once during the test, usually either before the start of the test or at the end 
of the test. At other stages of loading, the thickness H is worked out from the measured thickness and the 
difference in dial gauge readings.

Therefore, H - Ho ± ...(12.8)

where Hq = initial height and AZ7 = change in height.

See Table 12.1 for the illustration of the method.

Table 12.1. Computation of Void ratios by Height of Solids Method 
Given data Ho - 25 mm, A = 50 cm2, Volume = 125 ml,

M, - 190.24 gm, G = 2.67, wf = 24.94%

Least count of dial gauge = 0.01 mm

Observations Calculations

Applied 
pressure 
(kN/m2)

Dial 
gauge 

reading

Change in 
thickness 
All (mm)

H = Ho±SAH H—H, e fom Eq. (a) 
-(H-Hs)/Hs

0.0 490 25.00 10.75 0.754

10.0 482 -0.08 24.92 10.67 0.748

20.0 470 -0.12 24.80 10.55 0.740
40.0 431 -0.39 24.41 10.16 0.713
80.0 390 -0.41 24.00 9.75 0.684

160.0 343 -0.47 23.53 9.28 0.651
320.0 295 -0.48 23.05 8.80 0.617

640.0 249 -0.46 22.59 8.34 0.585
0.0 364 + 1.15 23.74 9.49 0.666
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From Eq. 12.6,

From Eq. 12.7,

JvTo’,5- 1-425a”-14-25fflm
H - H, H - 14.25

e " H, " 14.25

Obviously, the initial void ratio (e0) at the start of the test is given by

e - ...(12.9)

H-H,
For an intermediate stage, e » —y— ...(12.1U)

After determination of the void ratio and the water content at the beginning and at the end of the test, 
the corresponding degree of saturation can be found from the relation, S = wG/e.

From the calculated void ratios, a plot of ‘e’ versus log a can be made, as shown in Fig. 12.8.

(2) Change in Void ratio method. In this method, the final void ratio (e(), corresponding to complete 
swelling conditions after the load has been removed, is determined from its water content, using the equation, 

e( = wG

assuming that the soil is fully saturated.
The void ratio corresponding to intermediate loading stages is determined as explained below. From the 

definition of void ratio,

where V = total volume and V, is the volume of solids. Eq. (a) can be written as

also as unity. In this case. 

Original volume 

Change in volume

Therefore,

or

V - Vs (1 + e)

or A x H - V, (1 + e) -(b)

where A is the cross-sectional area of the specimen and H is its total height.

By partial differentiation of (b), A dH - Vs de ...(c)

From Eqs. (b) and (c), - ~\~+e

or ,A« - (1 e) Aff ...(12.11)

Eq. 12.11 can also be derived directly, taking the volume of solids as unity and the cross-sectional area

= H - 1 + e

= Ae, and change in height = A H

&e AH
1+e ’ H

Ke . KH ...(same as 12.11)
n

As the void ratio et and the total height H of the sample are known at the end of the test, the void ratio 

at any other stage can be determined from the change in thickness A7f measured by the dial gauge. Thus, the 
change in void ratio (Ac) under each pressure increment is calculated from Eq. 12.11 by working backwards 
from the known value of void ratio et at the end of the test after swelling. 

Thus ...[12.11(«)].
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where A// is the change in thickness, as measured with respect to the thickness //, at the end of the test. 

See Table 12.2 for the illustration of the method.

Table 12.2. Computation of Void Ratios by Change in Void Ratio Method

Given Data Ho = 25 mm, A = 50 cm2. Volume = 125 ml,

G = 2.67, w, = 24.94%, Ht = 23.74

e, = wt x G = 0.2494 x 2.67 = 0.666.

From Eq. 12.11 (a), Ae = + x AH = 0.0702 AH
n v ' 23.74

Ms = 190.24 gm,

Least count of dial gauge = 0.01 mm.

Observations Calculations

Applied 
pressuree 
(kN/m2)

Dial gauge 
reading

Change in 
thickness 
AH (mm)

H = Ho±2 AH A e 
(from Eq. (d) e

0.0 490 -0.08 25.00 0.754
10.0 482 24.92 - 0.006 0.748
20.0 470 -0.12 24.80 - 0.008 0.740
40.0 431 -0.39 24.41 - 0.027 0.713
80.0 390 -0.41 24.00 -0.029 0.684
160.0 343 -0.47 23.53 - 0.033 0.651
320.0 295 -0.48 23.05 - 0.034 0.617
640.0 249 -0.46 22.59 - 0.032 0.585
0.0 364 + 1.15 23.74 + 0.081 0.666 f

12.7. CONSOLIDATION TEST RESULTS
(1) Dial gauge reading-time plot. Fig. 12.6 (a) shows the plot between the dial gauge reading and time 

for a typical load increment for clay and sand samples. The thickness just after the application of the load 
increment (t = to), is a maximum which decreases as the time increases. The decrease is rapid initially but it

Fig. 12.6. (a) Dial gauge reading-time plot, (b) Final void ratio-a plot.

slows down as the time passes. There is practically no change in thickness after 24 hours. The consolidation 
at that load increment is considered to the complete at 24 hours. For sand, the change in thickness occurs 
very quickly and stops after a few minutes. This is due to high permeability of the sand which permits easy 
flow of water.
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The plot between the dial gauge reading and time is required for determining the coefficient of 
consolidation, which is useful for obtaining the rate of consolidation in the field.

(2) Final void ratio-effective stress plot. The thickness of the specimen after 24 hours of application of 
the load increment is taken as the final thickness for that increment. The final void ratio (ej) corresponding to 
the final thickness for each increment is determined using the methods discussed in the preceding section.

Fig. 12.6 (b) shows the plot between the final void ratios, (ey)b (ef)2, (e/)3 ... etc. and the corresponding 
effective stresses a2a3, ...for load increments 1, 2, 3, ... etc. As the sand is relatively less compressible, 
the change in void ratio is small. The plot between the final void ratio and the effective stress is required for 
determination of the magnitude of the consolidation settlement in the field.

The reader must carefully note the difference between Fig. 12.6 (a) and Fig. 12.6 (£>). The former shows 
the process of consolidation under a particular increment. For each load increment, a plot like Fig. 12.6 (a) 
can be plotted. The latter shows the plot between the final void ratios reached under different load increments 
and the corresponding effective stresses under those increments.

(3) Final void ratio—log a plot. Fig. 12.7 (a) shows a plot between the final void ratio and the effective 
stress, which is similar to one in Fig. 12.6 (b). For convenience the suffix /has been dropped. The curve has

(a)
Fig. 12.7. (a) e-a plot.

Log <r ----- »•
tb) 

(/>) e - log o plot.

concavity upward. The slope of the curve at different points is different. The slope decreases with an increase 
in effective stress.

It is more common to plot the results on a 
natural scale and the effective stress as 
abscissa on the log scale [Fig. 12.7(b], 
The plot is practically a straight line for a 
normally consolidated clay (defined later) 
within the range of pressure usually 
encountered in practice.

(4) Unloading and Reloading plot. 
In Fig. 12.8, the curve AB indicates the 
decrease in void ratio with an increase in 
the effective Stress. The curve is similar to 
one shown in Fig. 12.7 (b). It is the 
loading curve.

After the sample has reached 
equilibrium at the effective stress of u2, as 
shown by point B, the pressure is reduced 
and the sample is allowed to take up water 
and swell The curve BEC is obtained in 

semi-log graph, in which the final void ratio is plotted on the

Fig. 12.8. Loading, unloading and reloading plot.
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unloading. This is known as the expansion curve or swelling curve. It may be noted that the soil cannot attain 
the void ratio existing before the start of the test, and there is always some permanent set or residual 
deformation.

If the specimen which has swelled to the point C is reloaded, the recompression curve CFD is obtained. 
As the load approaches the maximum value of the load previously applied corresponding to point B, there is 
reversal of curvature of the curve and then the plot DG continues as an extension of the first loading curve 
AB. However, the reloaded specimen remains at a slightly lower void ratio at point D than that attained at B 
during the initial compression for the same load.

12.8. BASIC DEFINITIONS
The following basic definitions related to consolidation are of paramount importance.

(1) Coefficient of Compressibility. The coefficient of compressibility (av) is defined as decrease in void 
ratio per unit increase in effective stress. It is equal to the slope of the e-a curve at the point under 
consideration [Fig. 12.7 (a)].

As the effective stress increases, the void ratio decreases, and therefore, the ratio de/da is negative. The 
minus sign makes av positive. For convenience, the coefficient of compressibility a,, is reported as positive.

As the value of av is different at various effective stresses, while reporting its value, the effective stress 
to which that value corresponds must be mentioned. The coefficient of compressibility decreases with an 
increase in the effective stress. In other words, the soil becomes stiffer (less compressible) as the effective 
stress is increased and the curve becomes flatter.

The coefficient of compressibility (a„) has the dimensions of [L2/F]. The units are m2/kN. It may be 

noted that the units are inverse of that for pressure.

(2) Coefficient of Volume change. The coefficient of volume change (or volume compressibility) is 
defined as the volumetric strain per unit increase in effective stress. Thus

- A V/Vo 
m'’ = —— A o

...(12.13)

where mv = coefficient of volume change, Vo = initial volume, 
AV = change in volume, and A a = change in effective stress.

The reader should note that the coefficient of volume change is inverse of the bulk modulus used in solid 
mechanics and fluid mechanics. For most clays, mv -lx KT3 to 1 x KTW/kN.

The volumetric strain (AV/V0) can be expressed in terms of either void ratio or the thickness of the 
specimen as explained under:

(a) Let eQ be the initial void ratio. Let the volume of solids be unity. Therefore, the initial volume Vo is 
equal to (1 + e0). If Ae is the change in void ratio due to change in volume AV, we have AV = Ae. Thus

Therefore, Eq. 12.13 becomes ...(12.14)

(b) As the area of cross-section of the sample in the consolidometer remains constant, the change in 
volume is also proportional to the change in height. Thus AV - AW

Therefore, A//

where Ho = initial height.
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-bH/Ha
Therefore, Eq. 12.13. becomes m„ = —— ...(12.15)

or ...[12.15(a)]

The relationship between av and inv can be obtained from Eqs. 12.12 and 12.14 as

-<1216>

Like , the coefficient of volume change mv depends upon the effective stress at which it is determined. 
Its value also decreases with an increase in the effective stress. The unit of mv is the same as that of a,„ 
However, the coefficient of volume change mv is more commonly used in practice than the coefficient of 

compressibility av.

(3) Compression Index. The compression index (Cf) is equal to the slope of the linear portion of the 
void ratio versus log a plot [Fig. 12.7 (b)]. Thus

Cc = , ~ . ...(12.17)
logio(a/o0)

where a0 = initial effective stress, o = final effective stress, Ae = change in void ratio

Sometimes, Eq. 12.17 is expressed as

where Ao is the change in effective stress.
The numerical value of C( can be easily determined from the difference in void ratio corresponding to 

one log cycle. Thus

C, - - -Ae ...(12.19)

The compression index is extremely useful for determination of the settlement in the field.
The compression index of a clay is related to its index properties, especially the liquid limit. Terzaghi and 

Peck gave the following empirical relationship for clays of low to medium sensitivity ((S, s 4).

(a) For undisturbed soils, Ce = 0.009 (wL - 10)

(b) For remoulded soils, Cc - 0.007 (wL -10)

where wL = liquit limit (%).

The value of Ce normally varies between 0.30 for highly plastic clays and 0.075 for low plastic clays.

The compression index is also related to the insitu void ratio eo or water content (vv0) as under

Cc- 0.54 (e0-0.35) ...(12.21)

Cc = 0.0054 (2.6w0 - 35) .. .(12.22)

The coefficient of compressibility av may be calculated from the compression index as under :

ar = 0.435 S

where aa is the average pressure for the increment.

(4) Expansion Index. The expansion index or swelling index (Ce) is the slope of the e-log o plot 
obtained during unloading (BEC in Fig. 12.8).
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As it is evident, the expansion index is much smaller than the compression index.

(5) Recompression Index. Recompression is the compression of a soil which had already been loaded 
and unloaded. The load during recompression is less than the load to which the soil has been subjected 
previously. The slope of the recompression curve obtained during reloading ( CFD in Fig. 12.8) when plotted 
as e-log o, is equal to the recompression index (Cr). Thus

The recompression index is appreciably smaller than the compression index Cc. It is usually in the range 

of 1/10 to 1/5 of the compression index.

(6) Normally consolidated and Over-consolidated clays. A normally consolidated soil is one which had 
not been subjected to a pressure greater than the present existing pressure. A soil is said to be 
over-consolidated if it had been subjected in the past to a pressure in excess of the present pressure.

The portion AB of the curve in Fig. 12.8 represents the soil in normally consolidated condition. The curve 
in this range is also called the virgin compression curve. The soil in the range CD when it is recompressed 
represents overconsolidated condition, as the soil had been previously subjected to a pressure a*  which is 

greater than the pressure in the range CD.
The maximum pressure to which an over-consolidated soil had been subjected in the past divided by the 

present pressure is known as the overconsolidation ratio (O.C.R.). For example, the soil indicated by the 
condition at point C has an over-consolidation ratio of 02/01-

It may be emphasized that normally consolidated soils and overconsolidated soils are not different types 
of soils but these are conditions in which a soil exists. The same type of soil can behave as normally 
consolidated in a certain pressure range and an over-consolidated in some other pressure range. For example, 
in Fig. 12.8, the soil which behaves as overconsolidated in the range CD would again behave as normally 
consolidated in the range DG.

The liquidity index of a normally consolidated clay is generally between 0.6 and 1.00, whereas that for 
an over-consolidated clay between 0.0 and 0.60.

As the recompression index (Cr) is very small as compared with the compression index (Cc), the soils in 
the overconsolidated state have smaller compressibility. The settlements of the structures built an 
over-consolidated clays are small

(7) jUndereonsolidated clays. If the clay deposit has not reached equilibrium under the applied 
overburden loads, it is said to be underconsolidated. This normally occurs in areas of recent land fill.

12.9. TERZAGIH’S THEORY OF CONSOLIDATION
(1) Assumptions. Terzaghi (1925) gave the theory for the determination of the rate of consolidation of a 

saturated soil mass subjected to a static, steady load. The theory is based on the following assumptions :
(1) The soil is homogeneous and isotropic.

(2) The soil is fully saturated.
(3) The solid particles and water in the voids are incompressible. The consolidation occurs due to 

expulsion of water from the voids.
(4) The coefficient of permeability of the soil has the same value at all points, and it remains constant 

during the entire period of consolidation.
(5) Darcy’s law is valid throughout the consolidation process.
(6) Soil is laterally confined, and the consolidation takes place only in axial direction. Drainage of water 

also occurs only in the vertical direction.
(7) The time lag in consolidation is due entirely to the low permeability of the soil
(8) There is a unique relationship between the void ratio and the effective stress, antf. this relationship 
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remains constant during the load increment. In other words, the coefficient of compressibility and the 
coefficient of volume change are constant.

Comments on the assumptions
The assumptions made by Terzaghi are not fully satisfied in actual field problems. The results obtained 

from the use of the theory to practical problems are approximate. However, considering complexity of the 
problem, the theory gives reasonably accurate estimate of the time rate of settlement of a structure built on 
the soil. A brief comment on the various assumptions and their effect is given below.

Assumptions 1 to 3 are generally satisfied for fully saturated, clay deposits. However, the presence of air 
may affect the accuracy.

Assumptions 4 and 5 are not fully satisfied. In fact, the coefficient of permeability varies at different 
points in the deposit. Its value decreases as the consolidation progresses due to an increase in the effective 
stress. Further, at very low hydraulic gradients, the Darcy law in not strictly applicable. Fortunately, the errors 
introduced due to these assumptions are small.

The largest error is probably due to the assumption 6. In the field, the consolidation is usually 
3-dimensional and not one- dimensional. However, in the case of deposits having large areas compared with 
their thicknesses have essentially one-dimensional consolidation and the error is not much.

Assumption 7 is not fully justified, as some secondary consolidation does occur along with the primary 
consolidation. However, for most inorganic soils, the secondary consolidation is small and does not introduce 
much error.

The actual relationship between the void ratio and the effective stress is not linear, contrary to the 
assumption 8. However, if a large number of samples are taken from the same stratum and an average value 
of the coefficient of volume change (niv) is taken for the appropriate range of the effective stress, the error 
introduced due to this assumption is not unduly high. The only justification for making this assumption is to 
get a relatively simple expression. The theory becomes more complex when actual relationship is used.

(2) Derivation of Differential Equation. The basic differential equation of one-dimensional 
consolidation can be derived as under:

Let us consider a saturated clay layer of thickness 2d ( = IT) sandwiched between two layers of sand 
(Fig. 12.9). When a uniform pressure of A o is applied on the surface of the top sand layer, the total stress 
developed at all points in the clay layer is increased by Ao.

As explained in the spring analogy model (Sect. 12.3), initially the whole of the pressure is taken up by 
water, and the hydrostatic excess pressure of Ao/yM, develops. Fig. 12.9 shows the excess hydrostatic pressure 
diagram on the right side. It is assumed that various points along the thickness of the clay layer are connected 
by flexible tubes to the piezometers. At time t = 0, just after the application of the load, the excess hydrastatic 
pressure u; is equal to Ao/yw throughout the clay layer. This is represented by the horizontal line AB. The 

Fig. 12.9. Excess Hydrostatic Pressure.
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excess hydrostatic pressure is independent of the position of the water table. For convenience, the water table 
is assumed at the level of the surface of the clay layer.

Water starts escaping towards the upper and the lower sand layers due to excess hydrostatic pressure 
developed. The hydrostatic excess pressure at the top and the bottom of the clay layer, indicated by points C 
and E in the pressure diagram, drops to zero. However, the excess hydrostatic pressure in the middle portion 
of the clay layer at D remains high. The curves indicating the distribution of excess hydrostatic pressure are 
known as isochrones. The isochrone CDE indicates the distribution of excess hydrostatic pressure at time t.

As the consolidation progresses, the excess hydrostatic pressure in the middle of the clay layer decreases. 
Finally at time t - tf, the whole of the excess hydrostatic pressure has been dissipated, and the pressure 

distribution is indicated by the horizontal isochrone CFE.
Let us consider the equilibrium of an element of the clay at a depth of z from its top at time t. The 

consolidation pressure Aa is partly carried by water and partly by solid particles as
Ao = Ao + u ...(12.25)

where A o is the pressure carried by solid particles,
and u is the excess hydro-static pressure (pressure units)

The hydraulic gradient (/) at that depth is equal to the slope of the isochrone CDE at a horizontal distance 
z from the point C in the pressure diagram.

Thus,
dh _ d (u/yj 
dz “ dz ...(a)

where u is the excess hydrostatic pressure at depth z.

The expression for the hydraulic gradient i can also be obtained as under. Let us consider a thin slice of 
clay layerA z at depth z (Fig. 12.10). The pressure difference (Au) across this thickness is given by

The unbalanced head across the thickness is given by

...[same as (a)]

From Darcy’s law, the velocity of flow at depth z is 
given by

Fig. 12.10. Pressure Difference on a Thin Sice.

Ah - ——

The hydraulic gradient becomes

The velocity of flow at the bottom of the element of 
thickness Az can be written as

...(1226)
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The discharge entering the element 2m is

- v(Ax x Ay)

where A x and Ay are the dimensions of the element is plan.

The discharge leaving the element QM is

G<>0' = ( V + dz ’ & ) <^x x Ay)

Therefore, the net discharge squeezed out of the element is given by

Q = Qout ~ Qin

or A(2 - [ + ^ • - v j Ax x Ay

or A 2 = (Ax x Ay x Az) ...(b)

As the water is squeezed out, the effective stress increases and the volume of the soil mass decreases. 
From Eq. 12.13,

AV = - mv Vo A a

where Vo = initial volume of soil mass ( = Ax Ay Az)

and Aa = increase in effective stress.

The decrease in volume of soil per unit time

d (A V) . . a (A a)
' = - »»v (A x Ay Az) . .(c)

As the decrease in volume of soil mass per unit time is equal to the volume of water squeezed out per 
unit time, Eqs. (b) and (c) give

dv . a (A o)
— (Ax Ay Az) - -mv (Ar Ay Az) ~^L

From Eq. 1225, A a = A a - u

d Aa d(Aa) du
or --------- ---  —1L — —

dt dt dt

For a given pressure increment, dA a - 0. Therefore,

3 (A 5) du
dt ’ “ dt

Therefore, Eq. (d) becomes — = - mv j = mv 

Equating two values of dv/dz from Eqs. 12.26 and 12.67,

...(12.27)

...(1228)

where cv is the coefficient of consolidation and is given by
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'I»mv gPwf’h
...(12.29)

Eq. 12.28 is the basic differential equation of one-dimensional consolidation. It gives the distribution of 
hydrostatic excess pressure u with depth z and time t.

12.10. SOLUTION OF BASIC DIFFERENTIAL EQUATION OF CONSOLIDATION
The solution of the basic differential equation of one- dimensional consolidation (Eq. 12.28) can be 

obtained using Fourier series. Let us express hydrotatic excess pressure u as

«-Afr) •£(*)  ...(1230)

where fa (z) and f2 (r) indicate some function of z and t, respectively.

Substituting the above value of u in Eq. 12.28,

c.

gK(2)1 I frWl

°r A A) ' c.AW
The left-hand side of the above equation is a function of z only and the right-hand side is a function of 

t only. In other words, if the left-hand side is equal to some constant (say, - A2) when t is taken as a variable 

and the right-hand side is equal to the same constant when z is considered as a variable.

where C3 is a constant of integration and e is the base of the hyperbolic or Napierian logarithm. 

Substituting the above solutions in Eq. 12.30,

Thus. [A A)] --^71 A) ...(fl)

and X, [ft (()] - -42C,AW
...(b)

Eq. (a) has the solution given by

fa (z) - Ci cos Az + C2 sin Az ...(c)

where Q and C2 are constants of integration.

Eq. (b) has the solution given by
AW - C,e-A,‘-'

...(d)

u • [Ci cos Az + C2 sin Az] C3 e~A Cv‘

or u = [C4 cos Az + C5 sin Az]e~A Cv‘ ...(1231)

where C4 and C5 are other constants, such that

C4 ■ C\ C3 and C5 • C2 C3

The constants C4 and Cs can be determined from the boundary conditions :
(i) t = 0 , u = Uj , for any value of z

where ut is initial hydrostatic pressure.
(zi) t - 00 , u - 0 ,. for any value of z

(zzz) z = 0 , u - 0 , for any value of t
(zv) z = H ( = 2d) , u - 0 , for any value of t

For the boundary condition (zzz), Eq. 1231 gives C4 = 0.
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Therefore, Eq. 12.31 becomes u ■ C5 sin (Az) e~A Cv ‘ ■■ .(e)

For the boundary condition (iv), u - 0 at z - H.

Therefore, Cs sin (AH) e~A Cv‘ - 0

The above equation is satisfied if AH - rar, where n is any integer. The equation can be written in the 

following form:
u - B1sin(Irz/H)e“(”’/"!)‘-' + B2sin(2>a/H) e~(4“*

♦ ... ♦ B, sin +-

or “"2 ...(12.32)

n -1

where Blt B2... Bn are constants.

From boundary condition (i), when t = 0, u « u,-. Therefore, 

or B„ sin (nnz/H) ...[12.32 (a)] ।

If m and n are two unequal integers, the following identities hold good.

f sin mr sin nr dr - 0

and f sin2 nr dr « n/2
Jo

In the above identities if (jcz /H) is substituted for x, the differential dr changes to (n/H) dz and the 
limits of integration change to 0 to H.

Therefore, sin (mnz/H) sin (nnz/H)dz ■ 0 ...fl

and f sin2 (n re z/H) dz « H/2 •-■(#)
•'o

Multiplying both sides of Eq. 12.32 (a) by sin (nnz/H) and integrating between the limits 

0 to H,

f Ui sin(nnz/H)dz - /0 sin (»*  z//?) sin (nnz/H)dzj

(m * n)

+ S [ ‘ S3n2 31Z//^) j

The right-hand side of the above equation has been split into two parts: (z) when m x n (it) when m = «l

Using identities (/) and (g), the above equation becomes

Uj sin (nnz/H) dz - Bn ■ (H/2)

Therefore, B„ - di sin (nnz/H) dz ...(/i),

Substituting the above value of Bn in Eq. 12.32,
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u = 2 ['7^ Jo j sin (« jcz/77) e ” / z ^Cv‘

or ““S (1-cosn3t) (sin**  nz/H}er^n x/,^e’' ...(k)

H - 1
Only odd integers n are relevant, because for even integer 1—cos rar = 0

and for odd integers 1 — cos rat » 2
Substituting n = 2N + 1, where N is an integer, Eq. (jt) becomes

“ - J [ S‘” ...(12.33)

Eq. 12.33 is the required solution of the basic differential equation of one-dimensional consolidation. It 
gives the variation of hydrostatic excess pressure u with depth z at any time t in terms of the initial 
hydrostatic excess pressure ( equal to A o/yM.).

Substituting H » 2d, where d is the length of the drainage path, in Eq. 12.33,

“ - V i (^77) f * - ...(12.34)

Let us introduce a non-dimensional parameter, known as time factor (Tv), given by

T, - ‘-j ...(12.35)

Eq. 1234 becomes. u - x [ sin ] e-«Wx‘r./4 ...(12J6)

A series of isochrones indicating the variation of u with z can be plotted for different values of T„. The 
shape of the isochrones depends upon the initial distribution of excess pore water pressure u, and the drainage 
conditions at the boundaries of the clay layer. If both the upper and lower boundaries are free draining, the 
clay layer is known as open layer. If only one boundary of the clay layer is free draining, the layer is called 
half-closed layer.

Fig. 12.11 (a) shows the isochrones for an open layer of thickness 2d when the initial distribution of 
pressure is uniform. The upper half of the diagram is also applicable for a half-closed layer of thickness d 
[Fig. 12.11 (b)]. The hydraulic gradient at any point is equal to the slope of the isochrone at that point.

The progress of consolidation at any point depends upon the pore water pressure u at that point. The

Fig. 12.11. Isochrones.
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Substituting the value of u/u-, from Eq. 1236,

...(12.37)

...(12.38)

M . | (2W + 1)where

Eq. 12.38 gives the degree of consolidation at a point. In practical problems, the main interest is to know 
the average degree of consolidation of the whole layer. The average degree of consolidation (U) is defined as

Ui- U, 

Ut

where Uj is initial excess hydrostatic pressure over the entire depth,

U,- ut di 
2d Jo

and U, is the average excess hydrostatic pressure after time t over the entire depth,

2d Jo

Eq. 12.39 can be written as, U =
bf-‘*

Therefore the average degree of consolidation (U) depends Fig. 12.12. Average Degreee of Consolidation
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upon the non-dimensional time factor Tv. The curves can be obtained between U and T„ for different drainage 
conditions and the pressure distribution.

Table 12.3 gives the values of Tv for different values of the average degree of consolidation (U). Case (1) 

is applicable for uniform pressure distribution for both open layer and half-closed layer. This is also 
applicable for triangular (linear) distribution of pressure in the case of open layers. Case (2) is applicable for 
triangular distribution of pressure for half-closed layer with maximum pressure near the drainage face. Case 
(3) is also applicable for triangular distribution of pressure for half-closed layer but with zeio pressure near 
the drainage face. Fig. 12.13 gives the curve for the three cases considered.

Table 123. Variation of U with Tv.

Pressure 
distribution jD?

Curve (1) 
Case (1)

Curve (2) 
Case (2)

Curve (3)
Case (3)

U Tv Tv Tv

0 0.0 0.0 0.0

0.1 0.008 0.003 0.047

, 0.2 0.031 0.009 0.100

03 0.071 0.024 0.158

0.4 0.126 0.048 0.221

05 0.196 0.092 0.294

0.6 0.287 0.160 0.383

0.7 0.403 0.270 0.500

0.8 0.567 0.440 0.665

0.9 0.848 0.720 0.940

1.0 co 00 00

The time factor Tv depends upon the coefficient of consolidation (c„), time t and the drainage path d (Eq. 

1235). The coefficient of consolidation represents the combined effect of the coefficient of permeability (£) 
and the coefficient of volume change (mv) as indicated by Eq. 12.29.

As the codsolidation progresses, both the coefficient of permeability (k) and the coefficient of volume 
change (mv) decrease, but the ratio (k/mv) remains almost constant over a considerable range of pressure. 
Consequently, the coefficient of consolidation remains almost constant.

The drainage path (d) represents the maximum distance that the water has to travel before reaching the 
free-drainage boundary. For an open layer, the value of d is equal to half the thickness of the layer, whereas 
for a half-closed layer, it is equal to the thickness of the layer.

The time (t) is measured from the instant the load is applied to the layer.
। As indicated by Eq. 12.44, the time factor Tv and hence the degree of consolidation depends upon 

k, m„ d and t. It also depends upon the distribution of pressure across the thickness.

The curve (1) in Fig. 12.13 is parabolic. The relationship can be represented by the following empirical 
equations.
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Tv = | U2 (for U < 0.60) ...(12.45)

and Tv = -0.933 log10 (1-U) - 0.085 (for U > 0.60) ...(12.46)

where U is expressed as a ratio (not percentage).

Eq. 12.46 can also be written as,
Tv = 1.781 - 0.933 logw (100 - U%) ...[12.46 «

These approximate relations are extremely useful when the curves between U and Tv are not available. 

Limitation of the Consolidation Theory. One-dimensional consolidation theory is based on a number of 
assumptions which are not realised in practice. The equation has the following limitations :

(1) The value of the coefficient of consolidation (cv) has been assumed to be constant. In reality, it 
changes with a change in the consolidation pressure. For accurate predictions of the time-rate of 
consolidation in the field, its value should be determined for the expected pressure range.

(2) The distance d of the drainage path cannot be measured accurately in the field. The thickness of the 
deposit is generally variable, and an average value has to be estimated.

(3) There is sometimes difficulty in locating the drainage face. Sometimes thin pervious seams which 
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can act as good drairiagc faces are missed in the boring operations. On the other hand, sometimes 
isolated sand pockets are wrongly taken as drainage faces.

(4) The equation is based on the assumption that the consolidation is one-dimensional. In field, the 
consolidation is generally 3- dimensional. The lateral drainage may have a significant effect on the 
time rate of consolidation.

(5) The initial consolidation and the secondary consolidation have been neglected. Sometimes, these 
form an important part of the total consolidation.

(6) In the field, the load is seldom applied instantaneously. The effect of the loading period has to be 
considered, as explained in Sect. 12.15.

(7) In actual practice, the pressure distribution may be far from linear or uniform. The theory becomes 
complicated when correct distribution is considered.

Notwithstanding the above limitations, the consolidation theory is used to predict the time rate of 
settlement of the structures built on a soil. The results are fairly accurate if the theory is applied with caution, 
keeping above limitations in mind.

12.11. DETERMINATION OF COEFFICIENT OF CONSOLIDATION
The curve between dial gauge reading and time t obtained in the laboratory by testing the soil sample is 

similar in shape to the theoretical curve between U and Tv obtained from the consolidation theory. This 
similarity between the laboratory curve and the theoretical curve is used for the determination of the 
coefficient of consolidation (c„) of the soil. The methods are known as the fitting methods. The following two 

methods are commonly used.
(1) Square-root of time method. The method, devised by Taylor, utilizes the theoretical relationship 

between U and Vf. The relationship is linear up to the value of U equal to about 60% (Eq. 12.45). It has 

been further established that at 17 = 90%, the value of V/V is 1.15 times the value obtained by the extension 

of the initial straight line portion [Fig. 12.14 (a)].
The sample of the soil whose coefficient of consolidation is required is tested as explained in Sect. 12.5 

For a given load increment, the dial gauge readings are taken for different time intervals. A curve is plotted 
between the dial gauge reading (/?), as ordinate, and the Vt , as abscissa [Fig. 12.14 (£>)]. The curve ABCDE 
shows the plot. The curve begins at the dial gauge reading Ro at time r0, indicated by point A.

As the load increment is applied, there is an initial compression. It is obtained by producing back the
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initial linear part of the curve to intersect the dial-gauge reading axis at point A This corresponds to the 
corrected zero reading (Re). The consolidation between the dial gauge reading and R,. is the initial 
compression. The Terzaghi theory of consolidation is not applicable in this range.

From the corrected zero reading point A a line A' C is drawn such that its abscissa is 1.15 limes that 
of the initial linear portion A ' B of the curve. The intersection of this line with the curve at point C indicates 90% 
of U. The dial gauge reading corresponding to C is shown as /?go and the corresponding abscissa as V/IXI.

The point D for 100% primary consolidation can be obtained from R<^ as,

K. - Km = y <«t -

The consolidation after 100% of primary consolidation, in the range DE. is the secondary consolidation.
The value of the coefficient of consolidation of the soil for that load increment is obtained from the value 

of VrQ0 obtained from that plot. From Table 12.3, for U = 90%, the value of Tv = 0.848. Therefore, using

Eq. 12.35,
Tv d2 = 0,848 d2 = 0.848 d2 

t (y[i^)2 tgo ...(12.47)

The distance of the drainage path d is half the total thickness. The total thickness may be taken as the 
average of the initial thickness (ty) and final thickness (Hf) of the sample.

, H 1 F M + Hfl
Thus d = - = - 2 7 ...[12.48(a)]

For single drainage. d = H = ——- ... [ 12.48(6)]

The test is repeated for different load increments and an average value of cv obtained, as shown in 

Fig. 12.15.
(2) Logarithm of time method. The method 

given by Casagrande uses the theoretical curve 
between U and Log 7",,, as shown in Fig. 12.16 (a). 
The curve consists of three parts : (/) an initial 
portion which is parabolic in shape, (it) a middle . 
portion which is almost linear, and (Hi) the last i _______
portion to which the horizontal axis is an asymptote, \ AVERAGE C
It is observed that the point of intersection of the v

tangent drawn al the point of inflexion on the curve 
and the asymptote of the lower portion gives the 
value of 100% consolidation. --- ---------------------------------

The sample of the soil is tested as explained in L°9 ►

Section 12.5. For a given load increment, a curve is 
plotted between the dial gauge reading R and log t Fig- 1215- Variation of Cv.

[Fig. 12.16 (b)]. Let Ro be the initial dial gauge before the application of the load increment. The corrected 

zero reading (/?,.) is obtained using the fact that the initial portion of the curve is parabolic. Two points B and 

C are selected corresponding to some arbitrary time fj and 4/|, respectively, and having the vertical intercept 
a, as shown. Point A ' is located such that the vertical intercept between B and A ' is also equal to a. It 
represents the corrected dial gauge reading R,. corresponding to zero primary consolidation. As a check, the 

procedure can be repealed by selecting two other points (not shown) with the time ratio 1 : 4. It should also 
give approximately the same location of point A '. Obviously, the consolidation between the dial gauge 
reading Ro to represented by A and A', is initial compression.
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(b)
Fig. 12.16. Logarithm of time Plot.

The final portion of the experimental curve is linear. The point F corresponding to 100% consolidation is 
obtained from the intersection of the two linear parts, as shown. The values of 7?1Oo and tjoo are obtained 
corresponding to point F. The compression between the dial gauge readings Rc and 7?100 is the primary 
consolidation, and that between /?ioo and Rf is the secondary consolidation.

The point M corresponding to 50% primary consolidation (Rx) is located midway between Rc and A100 
and the value of time is obtained.

Thus Rc — Rfo « — (Rc — Rioo)

From Table 12.3, for U = 50%, the value of Tv is equal to 0.196. From Eq. 12.35,

The distance d of the drainage path is determined using Eq. 12.48, as in the first method.
The test is repeated for different load increments and an average value of cv for the desired load range is 

determined, as shown in Fig. 12.15.
Comparison of the two methods. The two methods for determination of the coefficient of consolidation 

give comparable results for most of the soils. However, the following points must be carefully noted.
(1) For some soils, the square-root of time plot does not give a straight line for the initial portion and, 

therefore, to locate the corrected zero Rc becomes difficult. For such soils, the log-of-time method is 
better.

(2) The square-root of time method is more suitable for soils exhibiting high secondary consolidation. In 
such soils the log r—plot does not show the characteristic shape required to locate the point 
corresponding to 100% consolidation.

(3) The square-root of time method is more convenient for a general case, as it requires dial gauge 
readings covering a much shorter period of time compared with the log-time method. The latter 
method requires accurate plotting of the secondary consolidation curve in order to locate the 
asymptote.

Compression Ratios. The following definitions for different compression ratios are used.
(i) Initial compression ratio (r;). It is the ratio of the initial compression to the total compession. In 

terms of dial gauge readings, it is expressed as
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Ro - Rr

Ro - Rf
...(12.50)

where 7?0 = zero dial gauge reading, Rc = corrected zero reading, and Rf = final dial gauge reading.
(Zi) Primary compression ratio (rp). It is ratio of the primary conTpression to the total compression. In 

terms of dial gauge readings, it is given by

Rc - «too 

Ro - Rf
...12.51)

where Z?100 = dial gauge reading corresponding to 100% primary consolidation.

(Hi) Secondary compression ratio (rs). It is the ratio of the secondary compression to the total 
compression. In terms of dial gauge readings,

It can also be written as 

because

Rjoo - Rf 

Ro- Rf
...(12.52)

...(12.53)

12.12. PRECONSOLIDATION PRESSURE
The maximum pressure to which an overconsolidated soil had been subjected in the past is known as the 

preconsolidation pressure or over-consolidation pressure (oc). When a soil specimen is taken from a natural 
deposit, the weight of the overlying 
material (over-burden) is removed. This 
causes an expansion of the soil due to a 
reduction in pressure. Thus the specimen 
is generally preconsolidated or over­
consolidated. When the specimen is loaded 
in the consolidation test, the initial portion « 
AB of the compression curve ABCD (Fig. T 
12.17) is actually a recompression curve, e 
Consequently, the initial portion AB is 
relatively flat. It is followed by a straight 
line CD with a steep slope which indicates 
the compression of a virgin (normally 
consolidated) soil.

In the transition range BC, the slope 
gradually changes. The preconsolidation 
pressure (ac) falls in this range. It can be F'S- I217- Determination of ac.

obtained using the method given by Casagrande.
The procedure consists of the following steps :
(1) Determine the point E on the curve where the curvature is maximum, i.e., the radius of curvature is.• 

minimum.
(2) Draw the tangent EF to the curve at E.
(3) Draw a horizontal line EG at E.
(4) Bisect the angle between the tangent EF and the horizontal EG, and draw the bisector EH.
(5) Produce back the straight line portion CD of the curve and determine the point of intersection P of 

the bisector EH and the backward extension of CD.
(6) Draw the vertical PJ through P which cuts the log o-axis at J. The point J indicates the 

preconsolidation pressure or.
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(7) The vertical PJ cuts the curve at point K. The portion ABK of the curve represents the 
recompression curve and the portion KCD as the virgin compression curve.

12.13. CAUSES OF PRECONSOLIDATION IN SOILS
Preconsolidation in a soil deposit may be due to one or more of the causes mentioned below:
(1) Preconsolidation may be due to the overburden which had been later removed by erosion.

(2) It may be due to loads of buildings and other structures which had been demolished.
(3) It may be due to melting of glaciers which covered the soil deposit in the past.
(4) Preconsolidation may be due to capillary pressure which acted on the soil in the past but was later 

destroyed due to a rise in water table.
(5) Preconsolidation may be due to dcssication of the clay deposit. During drying due to rise in 

temperature, tension develops in pore water and the effective stress increases. After dcssication, the 
soil remained preconsolidated.

(6) Sustained downward seepage forces cause an increase in the effective stress. When the seepage later 
stops, the soil becomes preconsolidated due to reduction in the effective stress.

(7) Pre-consolidation may be due to tectonic forces caused by the movement of earth’s crust which later 
became less severe.

12.14. FINAL SETTLEMENT OF A SOIL DEPOSIT IN THE FIELD
Computation of settlement of a soil deposit in the field consists of two parts :
(i) Computation of magnitude of final settlement.

(it) Determination of the time-rate of settlement.
For the computation of final settlement, the coefficient of volume change or the compression index is 

required, which is based on the plot between void ratio and tire effective stress. For the time-rate of 
computation, the Terzaghi theory is used. It requires the coefficient of consolidation and is discussed in Sect. 
12.10.

(1) Final Settlement Using Coefficient of Volume Change
Let us consider a small element of thickness Az at a depth z in the clay deposit of total thickness Ho (Fig. 

12.18). Let the effective pressure increment causing the settlement be Ao. From Eq. 12.15,

I 1^1 I M i I I I t

Ho

Fig. 12.18. Layer Subjected to Ao.
AII - »lp/70(Ao) 

Representing the final settlement as Asf and taking Ho = Az, 

Asf - mv Az (Ao) 

Total settlement of the complete layer,
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If both mv and Ao are constant,

sy-ffipAo Ho ...(1254)

In an actual case, as the pressure intensity Ao and the coefficient of volume change mv decrease with 
depth z, it is convenient to divide the stratum into a number (n) of small layers and to assume Ao and mv as 
constant in each layer. The final settlement is given by

...(12.55)

The settlement sf may also be obtained by 
the method of graphical integration. The 
variation of Ao and mv with the depth z is 
shown in Fig. 12.19 (a), and Fig. 12.19 (Z>) 
respectively. Fig. 12.19 (c) shows the variation 
of the product (Ao x mv) with the depth z. The 
final settlement is equal to the area of the 
diagram in Fig. 12.19 (c).

However, if the thickness of the clay layer 
is relatively small, the variations of A a and mv 
with depth z may be assumed as linear (Fig.

(mv)i (Ao), (Az);

(A6-xmv)

Fig. 12.19. Graphical Integration Method.

12.20) . The values at the mid-depth may be taken as representative 
values, and Eq. 12.15 may be used as

AH - Ho

Sf - Ho

...(1236)

1220

V ' ("»X (Ao)fflW0

where (mv)m and (A o)m are the values at mid-depth.

(2) Final settlement using Void Ratio
If e - o plot for the soil is available, it can be used to determine 

the final settlement. The value of Ae corresponding to the given load 
increment is read off from the plot and substituted in Eq. 12.11.

or

where e0 is the initial void ratio.

The usual practice is not to use Ae but to use the coefficient of compression index (Cc) for normally 

consolidated soils and the coefficient of recompression index (Cr) for preconsolidated soils as explained below.

(a) Normally consolidated soils. As mentioned earlier, the compression index of a normally consolidated 
soil is constant. For such soils, it is more convenient to use compression index. From Eq. 12.18,

logio (o0 + A o)/ o0

or -Ae - Cc log10(oo + Ac)/a0

where Ae is change in void ratio when the effective pressure is increased from o0 to (o0 + Ao). Substituting 
this value of Ae in Eq. 1257,
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...(12.58)

(Z>) Preconsolidated soils. The final settlements are small in the case of preconsolidated soils as the 
recompression index Cr is considerably smaller than the compression index. From Eq. 12.24,

Therefore, Eq. 1257 gives ...(12.59)

The above equation is applicable when (a0 + A o) is smaller than the perconsolidation pressure o(..

If the perconsolidation pressure or is greater than a0 but less than (o0 + Ao), the settlement is computed 

in two parts:
(i) Settlement for pressure oo to oc.

(it) Settlement for pressure of to (oo + Ao)
For the first, part, the recompression index is applicable, whereas for the second part, the compression 

index is used. Thus
Cr CcH0 . (ao+ Aa\

= - - ■ Ho log (of / a0) + ——— log ------ =-------
1 + e0 1 + e0 y oc j

...(12.60)

In this case, the first part is relatively small and is sometimes neglected.

12.15. TIME-SETTLEMENT CURVE
The load is not applied to a soil deposit in the field instantaneously as assumed in the consolidation 

theory. First excavation is done for the footing. Il causes a decrease in the stresses. After the excavation, the 
footing is constructed and the load of the super-structure is applied gradually, as shown in Fig. 12.21 (a). The 
net load on the soil becomes zero, say at time t - t0. It then gradually increases to full load P at t = tp. 

Thus, there is expansion of soil due to removal of load in the beginning and it is followed by recompression. 
Il is generally assumed that the net compression of the soil during the period t = 0 to t - to is negligible. The 
actual loading period is from time t - t0 to t - tp. During this period, the loading is assumed to vary linearly 

from zero to full load P.

The time-settlement curve in the field is obtained based on the assumption that the settlement at the end 
of construction period (tp) is the same as that would have occurred in half as much time had the entire load 

been applied instantaneously. In other words, the actual settlement at time tp is equal to that at tp/2 due to 
instantaneous loading. In Fig. 12.21 (b), the curve OB is the load settlement curve obtained using the Terzaghi 
theory, assuming that the full load P is applied instantaneously at time to- The corrected curve is obtained 
from the instantaneous loading curve. The point C on the corrected curve has the settlement FC at time tp. 
This settlement is equal to the settlement AH at time tp/2 of the instantaneous curve. A horizontal line AC is 

drawn from point A to cut the vertical FC at time tp at C.

The settlement on the corrected curve at any other time is also obtained from the instantaneous curve. 
The settlement LG at time t is obtained from the settlement KD at time t/2 of the instantaneous curve, but a 
correction is applied. At time t, as the full load is not acting, the settlement is not exactly equal to KD. The 
actual load acting at t is equal lo P x (r/tp), i.e. the load acting at time t is (t/tp) times the full load P. The 

correction to the settlement is made graphically, as described below. A horizontal line DE is drawn to cut the 
vertical at time tp at E. The diagonal OE is drawn. It intersects the vertical LG al time t at point G. The actual 
settlement at time t is given by LG. Obviously, this is equal to FE x (r/rp) or KD x (t/tp). Therefore, the 
correction factor is (t/tp).
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Likewise, the settlement at any other time can be obtained. Fig. 12.21 (b) also indicates the settlement at 
time r/4 of the instaneous curve. A smooth curve is drawn through all points so obtained. Thus the corrected 
curve OC is drawn. The curve CM beyond the loading period is extended by making offset BM equal to AC. 
The load after time tp is equal to the full load P. The offset, therefore, remains equal to the one-half of the 
loading period (tp/2). In other words, the horizontal offset between the corrected curve and the instantaneous 
curve after the loading period is constant, and equal to tp/2.

Alternative method.
The corrected curve can be obtained easily if the rate of settlement is not of interest during the 

construction period (rp). In this case, the corrected curve can be taken as the curve for instaneous loading in 
which the origin is taken at t - tp/2. In other words, the whole load P is assumed to be applied 
instantaneously at half the loading period (tp/2).

12.16. FIELD CONSOLIDATION CURVE
The compression characteristics of in-situ soils are different from those obtained from the tests conducted 

on the soil samples. Even the so-called undisturbed samples are also slightly disturbed when these are taken 
out. The disturbance causes a slight decrease in the slope 
of the compression curve obtained in the laboratory after 
conducting  ̂a consolidation test. Consequently, the slope of 
the curve for in-situ soils is, expected to be greater than 
that obtained from the test. The methods for obtaining the 
field consolidation curve from the laboratory consolidation 
curve are discussed separately for normally consolidated, 
over-consolidated and under-consolidated soils.

(a) Normally consolidated soil. Schmertmann 
established that the laboratory virgin curve intersects the 
field consolidation line at a void ratio of 0.40 cq, where 
eo is the initial void ratio. The initial void ratio (e0) can be 

taken as the void ratio at the start of the laboratory test.

Fig. 12.22. Field Consolidation Curve of N.C. Clays.Thus the field consolidation line must pass through point
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C corresponding to a void ratio of 0.40 e0 (Fig. 12.22). [Note. In some texts, it is taken as 0.42 e0]. The 
coordinates of point D represent the natural void ratio (e0) and the effective overburden pressure (o0) before 

the sample was extracted. When the sample has been taken out, the overburden pressure reduces to zero, but 
the water content (w) and hence void ratio remain essentially the same. The process is represented by line 
De0.

When the undisturbed sample is tested in the laboratory, the compression curve (ku), represented by the 
curve ABC is obtained. The portion AB of this curve represents the recompression and the portion BC as the 
virgin compression. The upward extension of the linear portion BC intersects the horizontal line through e0 at 
point E. For a normally consolidated soil, the point E always lies towards the left of the point D. Once it has 
been established that the soil is normally consolidated, the field consolidation line or in-situ consolidation line 
(kf) is drawn joining the points D and C. The slope of this line DC is equal to the compression index of the 

in- situ soil.
If the sample is remoulded and again tested, the compression curve (kr) is obtained. The slope of the kr- 

curve is somewhat smaller than that of the £„-curve. However, the downward extension of the A>-line also 
intersects the horizontal line drawn from 0.4 e0 at point C.

(b) Preconsolidated soil. In Fig. 12.23, the curve ABC is the laboratory compression curve (ku) for the

undisturbed sample. The point C corresponds 
portion of the curve ABC meets the 
horizontal line eQ D at point E. In case of 
preconsolidated soils, the point E lies towards 
the right of point D representing the in-situ 
condition (oo>eo). H is obvious that there is 

recompression of the soil from a pressure of 
o0 to the preconsolidation pressure (oc). A 

smooth curve DG is drawn from point D 
parallel to the recompression curve. Its 
intersection with the vertical passing through 
o(, is denoted by the point G. The point G is 
joined to the point C by a straight line. The 
curve DGC represents the field compression 
curve (kf). For pressure between o0 to oc, the 
relevant index is the recompression index Cr 

to a void ratio of 0.4 e0. The backward extension of the linear

Fig. 12.23. Field Consolidation Curve for O.C. Clays.

and for the pressure more than af, it is the compression index (Cc) given by the Ay-line.

(c) Underconsolidated soils. In areas of recent landfill, sometimes the soil is underconsolidated. It has 
not reached equilibrium under the effective overburden pressure (o0). For such soils, the preconsolidation 
pressure (cjf) is less than the overburden pressure.

Thus ac < a0 or O.C.R. < 1

The total compression for such soils when subjected to external loads is equal to the sum of the 
compression due to overburden pressure till equilibrium is reached and the additional compression due to 
external loads. Thus

Ae - Aej + Ae2

where Aej = decrease in void ratio due to o0
Ae2 = decrease in void ratio due to applied pressure, as found in normally consolidated soils.

12.17. SECONDARY CONSOLIDATION
According to Terzaghi’s theory of consolidation, the primary consolidation stops when the excess pore 

water pressure becomes zero. In actual practice, it has been observed that some consolidation continues even 
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after the full dissipation of the excess pore water pressure. This additional consolidation is known as 
secondary consolidation. In other words, the secondary consolidation is the consolidation which occurs after 
the completion of the primary consolidation.

The causes of secondary consolidation are not well understood. This is probably due to the gradual 
readjustment of the soil skeleton which occurs after the stresses caused during primary consolidation. There 
is plastic readjustment of the soil particles to the new stress. (In this respect, secondary consolidation is 
somewhat analogous to. the creep in steel when it is overstressed and is in the plastic state.) Secondary 
consolidation may also be due to progressive fracture of the interparticle bonds and the particles themselves.

The rate of secondary consolidation is given by the secondary compression index (Cz), as defined below.

Cz = , ...(12.61)logjo (t2/«t) v '

where Ae is change in void ratio between time and t2

It is equal to the slope of the final linear part of the curve drawn between the void ratio and log time

Fig. 12.24. Secondary Consolidation.

Another parameter, known as the coefficient of secondary consolidation (C«), is more commonly used. It 
is given by

C„ ■ 7^'------- ...(12.62)

Ite, Ite, tog10 (<2/<i)
where ep = void ratio at the end of primary consolidation
and Ae = change in void ratio between time q and t2.
The magnitude of the secondary consolidation is given by

- Ca x Hlogw^/ti) ...[12.62(a)]

Time q corresponds to the end of primary consolidation.

The rate of secondary consolidation depends upon the plastic characteristics of the soil. It is controlled 
by highly-viscous, adsorbed water layer surrounding the clay minerals. As the secondary consolidation is 
highly erratic, its estimate using the above equations is seldom accurate.

For a particular soil, the rate of secondary consolidation increases as the ratio of the pressure increment 
to the existing pressure is decreased. For standard consolidation test, the ratio is kept one. The rate also 
increases with a decrease in the thickness of the specimen used in the test. There are a number of other 
factors which control the rate of secondary consolidation. In general, the value of Ca for normally 
consolidated soils varies with the compressibility and hence with the natural water content.

The rate depends upon the length of time the preload may have acted on the soil. It also depends upon 
the shear stresses and on the degree of disturbance of the sample.

Secondary consolidation is important only for highly plastic clays and organic soils. In some organic 
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soils, the secondary consolidation may even be more than the primary consolidation. In over-consolidated, 
inorganic clays, the secondary consolidation is usually small and hence it is neglected.

12.18. 3-D CONSOLIDATION EQUATION IN CARTESIAN COORDINATES
Terzaghi’s theory of one-dimensional consolidation discussed above is based on the assumption that the 

soil is laterally confined and the consolidation takes place only in the vertical direction. In field, as the layers 
are not laterally confined, the consolidation takes place in all the three-dimensions. In general, the 
consolidation in the horizontal direction is small and, therefore, neglected. However, in some special cases, 
such as in sand drains, there is significant radial drainage, in addition to the vertical drainage. For such cases, 
three-dimensional consolidation equation is required to determine the rate of consolidation. The equation for 
3-D consolidation is derived below, making the following assumptions :

(1) The soil mass is homogenous.

(2) The soil is completely saturated.
(3) The soil particles as well as the water in the voids are incompressible.

The consolidation takes place 
due to reduction in voids 
caused by flow water.

(4) Darcy’s law, in generalised
form, is applicable
anisotropic soils.

(5) Pressure increment Au

Fig. 12.25

applied instantaneously
develop an initial excess pore 
water pressure u/.

Fig. 12.25 shows a parallelepiped 
of soil mass with sides dx, dy, dz with 
its centre at point P(x,y,z). Let the 
velocity components at the point P by 
vx, vy and vz. The velocities on the six 
faces are obtained using the partial 
derivatives and are shown in the figure.

The volume of water entering the 
parallelepiped per unit time (Q,) is obtained from the products of the relevant velocities and areas. Thus

a - (v.-f (*-%  • f)«&*
Likewise, the volume of water going out per unit time (Qo) is given by

a ■ (v- + IT ' ' f )44 * (v-+ to • f) x * *
Therefore, the volume of water squeezed out of the parallelepiped per unit time is given by 

dQ - 2o-2,

or
/ dvv di'x\ , , ■ (to+ + ■&)

The volume of the parallelepiped V is equal to dx, dy , dz. It is also equal to Vs (1 + e), where Vs is the 
volume of the solids and e is the void ratio. Thus
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V _ dxdydz
' " 1 + e ~ 1 + e

or V = V,(l + e)

or
| r y (1 + e) i . y f

dt dt [ '] s dt

dV dxdydz de ...
or

at 1+e dt

Obviously 
parallelepiped p

the volume of water squeezed out per unit time is equal to the change in volume of 
er unit time. From Eqs. (a) and (b), 

dxdydz de (dvx dvy dvz\ 
TZT ' Hi - * -JT *

de ■. ( dvx dvv dv. \
or

If u is the । 
law as

excess hydrostatic pressure, the velocities in x, y, and z directions are obtained from Darcy’s

, . . dh . 1 du
vx = a-, i,. = kx — = kx — • —
x x dx dx

, . . dh . 1 du
= fc, L = fc, — = fc, — - —> 7 V "V gy Qy

, . , dh .1 du
^-t-^-k’Tk-kT.'Tz

Substituting; the above velocities in Eq. (c), 
de 1 + e (. d2u , d2u , d2u\

As soon as 
is entirely taker 
gradually decre;

the pressure increment (A a) is applied, the pore water pressure develops. Initially, the load 
i by pore water, but as the time passes, water is squeezed out. The excess pore water pressure 
ases and the effective stress increases, as in the one-dimensional consolidation. Thus

Ao = Ao + Az/

where A a 
As any inci

= effective stress, and A u = pore water pressure.
rease in effective stress (o) is equal to a decrease in excess hydrostatic pressure u,

Ao = -Au

Therefore,
de = _ de 
da du

But -=■ - 
da

coefficient of compressibility av (Eq. 12.12).

Therefore,
de

— av du
From the rule of partial differentiation.

be de du du
dt ” du ’ dt ~ °v ’ dt

From Eqs. (d) and (e),

du 1 + e f, d2u . d^ii , d2u\
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The above equation can be written in terms of the coefficient of volume change mv.

From Eq. 12.16, mv » j g

™ du 1 (, d^u d2u . d2u \
Thus — - --------- ht, —7 + k.. —- + k. —y

dt >nv'fw 3x2 "y dy2 d^. l

The equation can be written in terms of coefficients of consolidation cvx,c,v and cre in the three 
directions using Eq. 12.29.

™___ . du d^u d2^ d^u
. C|a _ + + c„ _ ...(12.63)

Eq. 12.63 is the general equation for three-dimensional consolidation (3-13 consolidation).

12.19. 3-D CONSOLIDATION EQUATION IN CYLINDRICAL COORDINATES
Three-dimensional consolidation equation, obtained in the proceeding se'.'i ton, can be transformed into 

cylindrical coordinates (r, 0, z) by making the following subs station:

x - r cos 0, y = r sin 0 and z - z
where r = radial distance (polar distance),
and 0 = angle made by the radius with the pole.

Thus, tan0 = y/x or 0 = arc tan (y/X) ...(a)

and r2 = x2 + y2 ...(b)

2r v- - 2x or cos 0
dx dx r

Differentiating Eq. 

Likewise, 

From Eq. (a), 

or 

or 

Likewise, 

Therefore, 

or 

and

— _ _x i
dx x2 sec2 C

sec’S
ax x2

a6 _ -y _ -y_ _ sin 0
» ' ?(1 + //.?) r r

d 0 x cos 6
dy ° r2 " r

aS _ aa t ar du a0
dx dr dx + 80 dx

cos20 '■ • s:n 9 cos s*° 2 B

or2 3 3 dr r dr r
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Likewise,

d u sin 0 cos 0 d2 u sin2 0
■ae ' / _ * ae2 ' r2

d2u d2u ,2c d2u sin 0 cos 0
~2 = -~2 sin 0 + 2 -t— • -------------

dy2 dr 50 r

du cos20 -2du sin 0 cos 0 d2u
+ dr r <10 r QQ2

d2u d2u _ d2 u I du 2. *
dx2 + dy2 dr2 + r dr + r2 ae2From Eqs. (c) and (d),

In the case of axial symmetry, c„ = ct,■ = cir (say)

From Eq. 12.63, ~ = cm

lai™
 

• 
B 

u

du 
or = cv,

(d2u d2u\ d2u
dx2 + dy2 J + Cvz a?

T T ■ T— Z \ dU 1
Using Bq. (e), — - c„

' d2u 1 du 1 a2u\ d2u
+ r ar + ? ae2) + c“ a?

In the case of axial symmetry, = (
d 0

)

du (d2 u 1 du \ d2 u
finis, — = c„ -y + - — + cm —y ...(12.64)

dt dr r dr) dz

Eq. 12.64 is the governing equation for consolidation in three- dimensions in terms of cylindrical
coordinates for the case of axial symmetry. The equation can be split into two parts :

(i) Radial Flow :
du 
dt

...(12.65)

(it) Vertical flow : cm ( ^-y ] = — • ■ .(12.66)

dr ) dt

where cir = kr /(mv yw) and c,,. = ^/(nt,, y„,).

If Ur and Uv are the average degrees of consolidation in radial and vertical directions, respectively, using
Eq. 12.43,

Ur = A4) -.(12.67)

and U„ = f(Tv) ...(12.68)

where Tr and Tv are time factors in radial and vertical directions, respectively, given by (using Eq. 12.44), 

Tr = cvrt/(4R2) ...(12.69)

and Tv = c„t/& ...(12.70):

where R is the radius of the drainage area, 
d is the drainage length in the vertical direction.

It has been shown that the overall average degree of consolidation U under combined radial and vertical 
directions can be expressed as

(1 - U) = (1 - Uv) (1 - Ur) -(12.711

The value of Uv can be obtained using the theory of one-dimensional consolidation as already discussed.
The value of U, is obtained as explained in the following section for the sand drains.
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12.20. SAND DRAINS
The main application of the radial consolidation is in the design of 

sand drains used to increase the rate of drainage in the embankment. 
Sand drains are constructed by driving a casing (or a hollow mandrel) 
into the embankment and making vertical bore holes. The holes are 
backfilled with a suitably graded sand. The casing is withdrawn after 
the sand has been filled. The drains are generally laid either in a square 
pattern [Fig. 12.26 (a)] or a triangular pattern [Fig. 12.26 (&)]. The 
spacing (5) of the drains is kept smaller than the thickness of the 
embankment (2/7) in order to reduce the length of the radial drainage 
path. The zone of influence of each drain in a triangular pattern is 
hexagonal in plan, which can be approximated by an equivalent circle 
of radius R, where 7? = 0.525 S. In case of a square pattern, the radius 
of circle of influence R is equal to 0.554S. The radius of the sand drain 
is represented by rw.

Fig. 12.27 shows the sand drains installed in position. A sand 
blanket is placed over the top of the sand drains to connect all the sand 
drains. To accelerate the drainage, a surcharge load is placed on the 
sand blanket. The surcharge is generally in the form of dumped soil. 
Due to surcharge load, the pore water pressure increases in the 
embankment. The drainage occurs in the vertical and horizontal 
directions. The horizontal drainage occurs because of sand drains. The 
sand drains accelerate the process of dissipation of excess pore water 
created by the surcharge.

The theory of sand drains was given by Rendulic (1935) and 
Barron (1948). Later, Richart (1959) summarised the theories. 
Depending upon the type of strain, there are two cases.

(1) Free strain case. (2) Equal strain case.

(1) Free Strain Case. If the surcharge load placed over the sand
blanket is flexible, free strain case occurs. In this case, there is uniform ‘8' ' ’ atterns ° n rains- 

distribution of surface loads, but the settlements at the surface are uneven. The basic differential equation for 
radial drainage, given by Eq. 12.65, is

Fig. 12.27. Sand Drains Installation.
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In the case of free strain case, the boundary conditions are as under

At time t = 0, u = w,. At time t > 0, u = 0 at r = rw. and at r = R, = 0
or

The solution for excess pore water pressure u at any time t and at a radial distance r is obtained by the 
solution of the differential equation as

- -2Ul (a)U0(ar/rw)

where n = R/rw and

t/i (a) - Ji (a) Ko (a) - (a) Jo (a)
Uo (a ri) = Jo (a n) Yo (a) - Yo (a n) Jo (a)

and t/0(a'-/rH,) = Jo (ar/r„) Yo (a) - yG Jo (a)

wfiCre Jo = Bessel function of first kind Of zero order.
Ji = Bessel function of first kind of first order.
Zo = Bessel function of second kind of zero order.
Y\ = Bessel function of second kind of first order.

and a,. ci2 ... arc roots of Bessel function which satisfy the equation

Ji (a71) y0 (a) - y, (an) Jo (a) - 0
Also Tr = Cvft/(2R)2

. r k' k>>
MW c„ = ■-------- - ---------mvyM. »iv '

i i which kh is coefficient of permeability in horizontal direction.

I he average pore water pressure uav throughout the soil mass may be written as

u . u. V --------------- 4P*.  ia)__________ ^"T)
JV «, ... a2 («2 - 1) [n2 Uo (a*)  - (a)]

The average degree of radial consolidation Ur can be determined from the equation

u, - 1 - ...(12.72)
Fig. 12.28 shows the variation of Ur with the time factor Tr by dotted lines for different values of n, 

where n = R/r*.

(2) Equal Strain Case. This case occurs when the surcharge applied is rigid, such as heavy steel plates. 
In this case, the settlements are uniform, but the distribution of pressure is non-uniform. The problem was 
solved by Barron, who gave the expression for excess pore water pressure u as

. 22 / \ ”2 , M ■ (3/12 - 1)
where F (n) - --------logj ’ -  ---------5—-

n - 1 4 7i

um = average value of pore water pressure throughout out the embankment

_ i - 8T,
or u.v ■= ii: e in which X - ■ , .

F(w)
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The average degree of consolidation in radial direction is given by
U, = 1 - e{~sr'/FW ...(12.74)

Fig. 12.28 shows the variation of Ur with Tr by firm lines for 3 values of n.

Tr (Equal strain case)

0-01 002 6105 67i o5 05 10

Fig. 12.28. Variation of Ur which Tr.

It may be observed that the curves for free strain and equal strain are not much different and they give 
approximately the same results. Equal strains case is generally preferred as it is more convenient. Fig. 12.28 
also gives the value of Tr in a tabular form for the equal strain case.

Effect of Smear Zone. A smear zone is formed around a sand drain due to the remouldining of clay 
caused during its construction. A decrease in the coefficient of permeability in the radial direction occurs due 

) to remoulding. Barron extended the analysis of the equal-strain case taking into account the effect of smear zone.

The analysis is based on the assumption that the clay in the smear zone has zero 
excess pore water pressure on the inner boundary and the time-dependent excess pore 
water pressure on the outer boundary. Fig. 12.29 shows a cross-section through a sand 
drain having a smear zone. The radial distance from the centre line of the drain well j
to the farthest point on the smear zone is equal to the radius of smear zone rs. pH

The excess pore water pressure u in this case in given by yj.-’

“ “ ~ U°v + ) 108c

where kh = coefficient of permeability of the soil in horizontal direction yp1
ks = coefficient of permeability of smear zone, y;:.^
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and

The average degree of consolidation is given by

v, . 1 - 1 - e’"-""1 ...(12.74

The solutions for values of in are also available in the form of curves for different values of kh/ks and B 

and n. It may be noted that for no smear zone. 13 = 1.0 and the results of equal-strain case apply.

The net effect of the smear zone on the consolidation is that the influence area of the drain is reduced. 
As an approximation, the effect of smear zone is sometimes taken indirectly into account by reducing the 
radius of influence R to 0.5 R.

The following points regarding sand drains may be noted.
(1) Secondary consolidation is not taken into account in the design of sand drains. In fact, the sand; 

drains are ineffective in controlling the secondary consolidation for highly plastic and organic soils.

(2) Sand drains tend to act as weak piles and reduce the stresses in the clay. Consequently, the excess.; 
pore water pressure developed is generally less as compared with that in the case when there are no 
sand drains. This factor is not taken into account in equation given above.

(3) The typical design parameters for the sand drains arc as under :

(a) Radius of sand drains well, r„. = 0.2 to 0.3 m
(/>) Spacing of sand drains, S = 2 to 5 m
(c) Depth of sand drains, 2H = 3 to 35 m
(d) Thickness of sand blanket = 0.6 to 1 m.

12.21. EFFECT OF LATERAL STRAINS ON CONSOLIDATION
In field, the condition of zero lateral strain as assumed in Terzaghi’s consolidation theory is not satisfied. 

The initial excess pore water pressure («,•) is, therefore, not equal to the increase in the vertical stress as 

assumed in one- dimensional consolidation.
Skempton and Bjerrum developed a semi-empirical method of calculating settlement, taking into account 

the effect of lateral strain. The final settlement is expressed by them as
sz=Hsoa/ ...(12.77)'

where s0Cd is the final settlement based on the assumption of no lateral strain using one-dimensional 
consolidation theory, as explained in Sec. 12.14. The correction factor p is given by

/0 Aoxp + (1 -u4)}

P - --------------jj--------------------------- ...(12.78)
| Ao, dz
Jo

where A is the pore pressure coefficient as discussed in ^hapter 13.

If mv and A are assumed to be constant, Eq. 12.78 reduces to

P = A + (1 - A) a ,..(12.79|

&cs3dz
where a - ------------

f Aoj dz

The value of a depends upon the shape of the loaded area and the thickness D of the clay stratum in 
relation to the dimension of the loaded area. Il can be calculated using the theory of elasticity. The value d 
a for the circular and strip footings arc given in Table 12.4.
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Table 12.4. Values of coefficient a

D/B 0.0 0.25 0.50 1.0 2.0 4.0 10.0 00

a
(circular footing) 1.0 0.67 0.50 0.38 0.30 0.28 0.26 0.25

a
(strip footing) 1.0 0.80 0.63 0.53 0.45 0.40 0.36 0.25

Note : (1) B is equal to the width of strip footing or diameter of the circular footing.

(2) For square footings, use the values of a for the circular footing of the same area.

The values of the pore pressure coefficient A depend upon the type of the clay.
The typical values of the correction factor p are given in Table 12.5. Fig. 12.30 gives the values of p for 

different values of A and D/B ratio, where D is the thickness of soil layer.

Table 12.5. Values of p.

Type of Soil P
Heavily over-consolidated clay 0.25 to 0.4
Moderately overconsolidated clay 0.4 to 0.7
Normally consolidated clay 0.6 to 1.00
Soft, sensitive clay 1.0 to 1.20

Fig. 1230. Plot for value of p.

ILLUSTRATIVE EXAMPLES

Illustrative Example 12.1. Calculate the final settlement of the clay layer shown in Fig. E 12.1 due to 
an increase of pressure of 30 kN/m2 at mid-height of the layer. Take = WkN/m3.
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T=20kN/m3 A-Om

Cloy Cc = 0.22
------------------------ •-------------------------- 2.5 m

T= 18 kN/m3 eo=1.30 |

Fig. E 12.1 

Also calculate the settlement when the water table rises to the ground surface. 

Solution. Initial pressure at the centre of the clay layer. 

o0 - 4 x 20 + 1.25 x 18 - 102.5 kN/m2. 

C, /On+ Aa\
From Eq. 12.58, sf = - --------- --  Ho log10 ------—-------

1 + eo [ ao )

0.22 , ( 102.5 + 30.0 \’ TTT30 x 250 10gl4 1625 -J

- 0.0263 m - 2.63 cm

When the water table rises to the ground surface, 

o0 - 4 x (20 - 10) + 1.25 x (18 - 10) - 50 kN/m2

„ . 0.22 / 50 + 30)
Therefore, sf - 1 * x 2.50 logw ——

= 0.0488 m = 4.88 cm

As expected, the settlement increases due to the rise of the water table.

Illustrative Example 12.2. A footing has a size of 3.0 m by 1.50 m and it causes a pressure increment 
of 200 kN/m2 at its base (Fig. E 12.2). Determine the consolidation settlement at the middle of the clay layer. 

Assume 2 : 1 pressure distribution and consider the variation of pressure across the depth of the clay layer.

Fig. E 12.2.

Solution. Initial pressure at the centre of the clay layer,

o0 - 2.5 x 16 + 0.5 (18 - 10) + 15 x (15 - 10.0) = 51.5 kN/m2
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The pressure increase at the top, middle and the bottom of the clay layer are found as follows (Eq. 
11.60).

The average pressure can be found from the following equation (Simpson’s rule). 

A a - | [(Ao), + 4 (Aa)m + (A o)b]

(Ao),-
200 x (3 x 1.50) -51.4 kN/m2

(3.0 + 2.0) (1.5 + 2.0)

(A a)m =
200 x (3 x 1.50) = 27.7 kN/m2

(3.0 + 3.5) (1.5 + 3.5)

(A o)b -
200 x (3 x 150) = 17.3 kN/m2

(3.0 + 5.0) (1.5 + 5.0)

A a - | [51.4 + 4 x 27.7 + 17.3] - 29.9 kN/m2

Therefore, from Eq. 12.58, sf - , °-3n°cn x 3.0 log10 f 515 + 29-9 
1 + U.oU I J1.J

or Sf = 0.09941 m = 99.41 mm

Illustrative Example 123. A stratum of clay is 2 m thick and has an initial overburden pressure of 50 
kN/m2 at its middle. Determine the final settlement due to an increase in pressure of 40 kN/nr at the middle 
of the clay layer. The clay is over-consolidated, with a preconsolidation pressure of 75 kN/m2. The values of 

the coefficients of recompression and compression index are 0.05 and 0.25, respectively. Take initial void ratio 
as 1.40.

Solution. From Eq. 12.60,

or s, = 7.34 x 10-3 + 16.50 x 10’3 m

or sf = 23.84 x I0"3 m = 23.84 mm

Illustrative Example 12.4. A consolidation test was conducted on a sample of a normally consolidated 
clay, with an initial void ratio of 1.55, and the following results were obtained.

a (kN/tn2) 80 160 320 640 1280

e 1.35 1.28 1.14 0.96 0.78

Plot e - log a curve. If the initial overburden pressure is 150 kN/m2, draw the field consolidation line and 

hence determine the coefficient of compression.

(b) If the thickness of the clay layer in the field is 4 m and the increase in the pressure due to loading 
is 50 kN/m2, compute the settlement.

Solution. Fig. E 12.4 shows the required plot. The field consolidation line is drawn between the point 
(oq, e0) and point D where the plot cuts the horizontal line through e = 0.40 e0 = 0.4 x 1.55 = 0.62.

From the figure,

From Eq. 1258,

- _ ...1-47 - 0.88 _
logio («2/oi) l°gio (1000/200)

Ce ( o0 + Ao \
Sf “ 1 X o '°§10 S

1 + e0 O0 )
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Fig. E 12.4

-Ae/(1 + e0)
---------Ao
_ (1.50 - 1.44)/(1 <■ L501 _ 2 x 1(r4 m2/kN 

120
Sf = mv Ao Ho

sf . 2 x 10-4 x 120 x 5 x 103 mm = 120 mm

= 0.1654 m = 165.4 mm
Illustrative Example 12.5. A clay stratum 5 m thick has the initial void ratio of 1.50 and the effective 

overburden pressure of 120 kN/m2. When the sample is subjected to an increase of pressure of 120 kN/m, the 
void ratio reduces to 1.44. Determine the coefficient of the volume compressibility and the final settlement of 

the stratum.

Solution From Eq. 12.14, 

or 

From Eq. 12.54, 

or
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Illustrative Example 12.6. Determine the coefficient of consolidation of soil whose test data is plotted in 
Fig. E 12.6. The sample was 2.0 cm thick and had double drainage.

t in minutes F>g- E 12.6.
Solution. The construction lines are shown dotted.
From the figure, Vr^o “ 6.55 or tgo - 42.90 minutes

From Bq. 12.47, c, - - 0.0198 mn’/mln.

Illustrative Example 12.7. Determine the coefficient of consolidation of a soil whose data is plotted in
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Solution. The construction lines are shown in Fig. E 12.7. Rl0o is obtained from the intersection of the 
two straight lines drawn. The point 50% consolidation (/?50) and the corresponding r^ are determined.

Rc - R50 “J (Rc - Rioo)

In this case, 

Therefore, 

From the plot,

Rc - 191, 7?100 - 79

Rso - R. - | (R. - Rm) - 191 - |(191 - 79) - 135 

fogio *50  “ 0'58

or

From Eq. 12.49.

iso - 3.802 minutes = 288.12 s 

0.196 / 0.196 x (10)2 2,
cv *-------------= —- ' = 0.086 mmvsec
v t50 228.12

Illustrative Example 12.8. A 3 nt thick clay layer beneath a building is overlain by a permeable stratum 
and is underlain by an impervious rock. The coefficient of consolidation of the clay was found to be 0.025 
cm2/minute. The final expected settlement for the layer is 8 cm. (a) How much time will it take for 80% of 

the total settlement to take place ? (c) Determine the time required for a settlement of 2.5 cm to occur, (d) 
Compute the settlement that would occur in one year.

Solution, (a) Length of drainage path, d = 3 m = 300 cm.

From Eq. 12.35, Cv - T^/t

Substituting the values, 0.025 - Tv(300)2/t or t = 3.6 x 106 Tv

From Table 12.3, when U - 80%, Tv - 0.567

Therefore, from Eq. (a), t - 3.6 x 106 x 0.567 - 2;041 x 106 minutes - 3.883 years.

25
(b) When the settlement is 2.5 cm, U - x 100 - 31.25%.

From Table 12.3, when 

Therefore, from Eq. (a), 

(c) From Eq. (a),

U = 31.25%, Tv = 0.078

t - 3.6 x 106 x 0.078 - 0.2808 x 106 minutes = 195 days

1 x 365 x 24 x 60 - 3.6 x 106 or Tv = 0.146

From Table 12.3, when Tv = 0.146, U = 0.429.

Therefore, settlement = 0.429 x 8 = 3.432 cm
Illustrative Example 12.9. A clay layer 4 m thick has a final settlement of 6.0 cm. The layer has double 

drainage. If the coefficient of consolidation is 0.02 cm2/minute, determine the time required for different 
percentages of consolidation from 10% upto 90% and hence plot the tim^-settlement curve.

Solution. From Eq. 12.35, Tv » C^t/cP

or T, ■ 0.02 x r/(200)2 or l - 2 x 106 T,
2 x 106 T

If time is taken in years, t - ———----- f— - 3.805 Tv
60 x 24 x 365

The calculations are given in the tabular from below for U of 10, 20, 30, 40, 50, 60, 70, 80 and 90% and 
the corresponding Tv obtained from Table 12.3.

The settlements are calculated from the values of U and the final settlement (sf) i.e. s = U x sf or s = 617

U (%) 10 20 30 40 50 60 70 80 90

Tv_________ 0-008 0.031 0.071 0,126 0.196 0.287 0.403 0.567 0.848
t (year)_______ 0.030 0.118 0.270 0.479 0.746 0.092 1.533 2.157 3.227

s (cm)0.6 1.2 1.8 2,4 3.0 3.6 4.2 4.8 5.4
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• Zderinln Oy a^olay layer 0». ore layer« 

°f<° - - '-d—

“^^dZ^fS - 3 tn and r, . 0.30) are »«4 determine dte time reqmred for 90% 

eoJolidLon. Take e„ = 2.0 Atonlh. Aeeume the triangular layout of drama. Neglect verttcal consohdauon

in this case.
Solution, (a)
From Table 12.3, for U

From Eq. 12.35,

or
(b) For triangular layout 

or

From Fig. 12.28, for

From Eq. 12.69,

or

U = 40/60 - 0.6667 i.e. 66.67%

= 66.67%, Tv ■= 0.364 

c„ . T„tf/l

I . 0J64 X (3)’/0.30 - 10.92 months.

of drains. R - 0.525 x S
R . 0325 x 3 - 1.575 m
n . R/r„ - 1.575/0.30 - 5.25

I/, - 90% and n - 5.25, we have T, - 0.270 

T, - c„l/dR‘

0 270 ~ a 2 1.34 months.
4 x (1.575)
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Illustrative Example 12.11. The laboratory consolidation data for an undisturbed clay sample are as 
follows. = 1.00, O] = 85 kN/m2, and e2 - 0.80, o2 - 465 kN/m2.

Determine the void ratio for a pressure o3 of 600 kN/m2.

Illustrative Example 12.12. A clay layer 4 m thick is subjected to a pressure of 55 kN/m2. If the layer 
has a double drainage and undergoes 50% consolidation in one year, determine the coefficient Of 
consolidation. Take Tv = 0.196.

Solution. Ce =
- e2 _ 1,00 - 0,80 = 

log10(a2/oi) " log10 (465/85) =

Now Ce = ei ~ ^3 = ei - e3
’ logl0 (oa/aj) login (600/85)

or 0.271 =
1 -00 - e3

■ or C3’0'77

Sf = mv Hq = 2.60 x 10 3 x 4 x 55 = 0.572 m

If the coefficien t of permeability is 
water per unit area in one year.

Solution. cv =

0.020 m/yr, determine the settlement in one year and rate of flow of

- 0.196 X (2.0)2/(l)

or cv = 0.784 m2/yr

From Eq. 12.29, mv =
k 0.020 x 1000

c„yh, “ 0.784 x 1000 x 9.81

= 2.60 x 10“3 m2/kN

Settlement rate Since U is proportional to Vt for U < 0.60, the settlement (s) is also proportional to 
ft. Thus

Settlement after one year = 0.5 x 0.572 = 0.286 m.

s2 a t or t = Cs2

When t = 1 year, s = 0.286 m. Therefore,

Discharge per unit area per surface = 0.143/2 «= 0.072 m’/yr/m'

c.--------------y = 12.226 
(0.286)2

Thus t =

ds 
or — >

di

= 12.226?

-- r------ . * = 0.143 m/yr
2 x 12.226 s 24.452 s

PROBLEMS

A. Numerical
12.1. A saturated soil stratum 4 m thick lies above an impervious stratum and belpw a pervious stratum. It has a void 

ratio of 1.50 at an initial pressure of 150 kN/m2.
(<) Compute the change in void ratio due to to an increase of stress of 50 kN/m2. Take Cc = 0.20.

(ii) Also compute the final settlement of the soil stratum due to above increase in stress.
(m) What would be the time required for 50 percent consolidation ? Take Tv = 0.20 and k = 3.0 x ICT4 cm/sec.

[Ans. 0.025; 4 cm; 34.18 minutes]
12.2. In a laboratory, the consolidation test was performed on a specimen of clay 3 cm thick. The sample was drained 
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at top and bottom. The time required for 50% consolidation of the sample was observed to be 15 minutes. 
Determine the coefficient of consolidation of day.

Calculate time required for 50% and 90% consolidation for this clay deposit in the field 3 m thick and 
drained at both ends. [Ans. 4.93 x 10-4 cm2/sec; 104.17 days; 450.69 days]

123. There is a layer of soft clay 4 m thick under a newly constructed building. The overburden pressure over the 
centre of the clay layer is 300 kN/m2. Compute the settlement if there is an increase in pressure due to 
construction of 100 kN/m2. Take Cc = 0.50, G = 2.70. The water content of the deposit was found to be 50%.

[Ans. 10.63 cm]
12.4 . In a consolidation test, an increase of 100 kN/m2 in the vertical pressure was applied to a saturated clay sample 

initially 2.5 cm thick. The thickness of the sample reduced to 2.46 cm after 24 hours. The sample was then 
relieved of pressure and allowed to take up water. The final thickness was 2.465 cm and the moisture content 
was 30%. Assuming that the sample was saturated throughout the test, calculate the following :

(i) the initial void ratio. (Take G = 2.68)
(ii) the void ratio after consolidation.

(iii) the void ratio after expansion
(iv) the coefficient of compressibility. [Ans. 0.83, 0.80, 0.804, 1.6 x 10-4 m2/kN]

123. In a consolidation test on a soil, the void ratio of the sample decreased from 1.25 to 1.10 when the pressure is 
increased from 200 kN/m2 to 400 kN/m2. Calculate the coefficient of consolidation if the coefficient of 
permeability is 8 x IO-8 cm/sec. [Ans. 7.55 m2/year]

12.6. The time required to reach 60% consolidation for a sample 1 cm thick tested in consolidometer under conditions 
of double drainage was found to be 35 seconds. Determine the time required for a layer 10 m thick to reach the 
same degree of consolidation, if it has drainage only on one side. [Ans. 1.4 x 10 seconds]

12.7. A clay stratum 2.5 m thick lies over a sandy stratum and has drainage on both sides. Calculate the values of the 
pore water pressure and the effective stress at the middle of the clay stratum when 60% of consolidation has 
taken place under an increment of load from 500 to 2500 kN/m2. [Ans. 800 kN/m2; 1700 kN/m2]

12.8. In a consolidation test, a fully saturated clay sample was subjected to a load of 500 kN/m2. After 12 hours, the 
average pore pressure was found to be 200 kN/m2. Find out the time required for 50% consolidation to take 

place. Assume Tv - (re/4) U2. [Ans. 8.33 hours]

12.9. There is clay layer 8 m thick with a layer of sand on
either side. An undisturbed sample 2.5 cm thick of 
the clay when tested in the laboratory required 25 
minutes to reach 50% consolidation (Tv = 0.20). It is 
proposed to construct a building at the above site. 
Estimate the time required for 90% consolidation to take 
place. (Tv = 0.85). (Ans. 7555.6 days]

12.10. Fig.'P-12.10 shows a bore hole log obtained during 
sub-surface exploration. There are two layers of clay 
of thickness 2 m each, located 6 m and 15 m below 
the ground surface. The bulk densities of sand and
clay were found to be 2.0 gm/ml and 1.82 gm/ml, respectively. Compute the total settlement of each clay layer 
under a uniformly distributed load of 400 kN/m2 spread over a large area on ground surface. Cc = 0.40, eo =

[Ans. 32.45 cm, 21.57 cm, total = 54.02 cm]

Fig. P 12.10.

16 m
0-15m

J3m

12.11. A 6 m thick fine silt stratum [Cv - 7.2 x IO-3 cm2/sec] underlies a coarse sand deposit and overlies a 0.15 cm
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thick fine sand layer under which there is a clay stratum 3 m thick (Fig. P-12.11) (cv = 9 x IO-5 cm2/sec).

A pervious stratum lies below the clay layer. When the clay layer reaches a degree of consolidation of 20%, 
what would be the degree of consolidation of the silt layer ? (Tv = 0.03 for 20% U and U = 82% for Tv = 0.6).

[Ans. 82%]
12.12. A clay layer of 10 m thickness underlies a sand stratum of 10 m and overlies a pervious layer. The sand layer 

carries a point load of 10 MN. Assume e = 0.70, and G = 2.72, L.L. = 60% and cv = 25 x 10-4 cm2/sec. The 

water table is located 5 m above the top of the clay layer. Find how long would the clay take to settle 4.7 cm.
[Ans. 36.55 hours]

12.13. A 15 m thick hydraulically isotropic clay stratum overlies an impervious stratum. If the coefficient of 
consolidation is 5 x KT4 cm2/sec, find the time required for 50% and 90% consolidation (Tv = 0.20 and 0.85, 

respectively).
(«) In order to accelerate the rate of settlement, vertical sand drains of 1 m diameter were installed at 5 m centre 

to centre. Calculate how much the settlement is accelerated due to provision of sand drains. For n = 5, Tr = 
0.081 for Ur = 50% and Tr = 0.27 for Ur = 90%. [Ans. 9.0 x 108 seconds ; 38.25 x 108 seconds.

(«) 0.405 x 108 seconds ; 1.35 x 108 seconds]

B. Descriptive and Objective type
12.14. Describe the consolidomcter test. Show how the results of this test are used to predict the rate of settlement and 

the magnitude of settlement.
12.15. Define the following terms :

(i) Coefficient of compressibility, (h) Coefficient of volume change.
(<«) Compression index, (iv) Expansion index
(v) Recompression index.

12.16. Discuss rhe spring analogy for primary consolidation. What are its uses ?
12.17. Differentiate between primary consolidation and secondary consolidation.
12.18. Differentiate between normally consolidated and the overconsolidated soils. How would you determine the 

overconsolidation pressure ?
12.19. Discuss Terzaghi's theory of consolidation, stating the various assumptions and their validity.
12.20. What is the coefficient of consolidation ? What is its use in the settlement analysis ? How is it determined ?
12.21. What is the time factor ? How is it related to the average degree of consolidation ?
12.22. Discuss the limitations of Terzaghi’s theory of consolidation. Why is theory used despite its limitations ?
12.23. What are different causes of preconsolidation in soils ? What is the effect of preconsolidation on the settlement?
12.24. How would you determine the time-settlement curve in the field ?
1225. What is field consolidation curve ? How is it obtained ?
12.26. Explain the phenomenon of secondary consolidation. Differentiate between the secondary consolidation index 

and the coefficient of secondary consolidation.
12.27. Explain the theory of 3-dimensional consolidation. What is its practical use ?
12.28. Describe sand drains. How are these designed ? Discuss their uses. What is the effect of smear ?
12.29. Discuss Skempton-Bjerrum’s theory for calculating settlement, taking into account the effect of lateral strains.
1230. Write whether the following statements are correct.

(«) When the soil is fully saturated, the compression occurs mainly due to compression of water.
(i>) The initial consolidation of a fully saturated soil is zero.
(c) The secondary consolidation is neglible in organic soils.
(rf) The friction in the fixed ring cell is more than that in the floating-ring cell.
(e) The height of solids method for the determination of void ratio cannot be used for partially saturated soils.
(f) The compression index of normally consolidated soils is constant.
(g) The expansion index and the recompression index are approximately equal.
(/i) The coefficient of consolidation varies with the change in pressure.
(i) 'Ilie time taken for a half-closed layer to attain a particular degree of consolidation is twice of that for an 

equivalent open layer.
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(/) The field consolidation curve is generally steeper than the laboratory curve.
(A) The actual settlement is always greater than that given by Terzaghi’s theor; if lateral strains occur.

(Ana. Tme, (b), (J), (/). <«)■ (*).  (/))
C. Multiple Choice Questions

1. The coefficient of compressibility is the ratio of
(a) Change in void ratio to change in effective stress

। (b) Volumetric strain to change in effective stress.
(c) Change in thickness io change in effective stress.
(d) Stress to strain.

2. With an increase in the liquid limit, compression index
(a) decreases (b) increases
(c) remain constant (r/) may increase or decrease

3. The recompression index is about.................. of the compression index
(a) 5 times (b) 1/5
(c) 1/2 . (</) 1/20 .

4. When consolidation of a saturated soil sample occurs, the degree of saturation
(fl) increases (h) decreases
(c) remains constant (</) may increase or decrease

S. Consolidation time of a soil sample
(a) increases with an increase permeability.
(Z>) increases with a decreases in compressibility.
(c) increases with a decrease in unit weight of water.
(</) increases with a decrease in permeability.

6. The ultimate settlement of a soil deposit increases with
(a) an increase in the compression index.
(h) an increase in the initial void ratio.
(c) a decrease in thickness of the stratum.
id) an increase in lime.

7. Under load, the void ratio of a submerged, saturated clay decreases from 1.0 to 0.92. The ultimate settlement of 
a layer 2m thick layer will be
(a) 2.0 cm (/») 4.0 cm
(c) 8.0 cm (d) 16.0 cm

8. A normally consolidated clay layer settles 2 cm when the effective stress is increased from 80 to 160 kN/m2. 
When the effective stress is further increased to 320 kN/m2, the further settlement will be

(a) 2 cm (/>) 4 cm
(c) 1 cm (d) 8 cm

9. A fully saturated clay specimen is subjected to a pressure of 200 kN/m2 in the consolidation test. After a period 
of time when the average pore pressure is 60 kN/m2, the degree of consolidation is

(a) 60 (b) 70
(c) 30 W) 50

[Ans. 1. (a), 2. 0), 3. (6). 4. (c), 5. (d>, 6. (a), 7. (c), 8. (a), 9. («]



13
Shear Strength

13.1. INTRODUCTION
The shear strength of a soil is its maximum resistance to shear stresses just before the failure. Soils are 

seldom subjected to direct shear. However, the shear stresses develop when the soil is subjected to direct 
compression. Although shear stresses may also develop when the soil is subjected to direct tension, but these 
shear stresses are not relevant, as the soil in this case fails in tension and does not fail in shear. In field, soils 
are seldom subjected to tension, as it causes opening of the cracks and fissures. These cracks are not only 
undesirable, but are also detrimental to the stability of the soil masses. Thus, the shear failure of a soil mass 
occurs when the shear stresses induced due to the applied compressive loads exceed the shear strength of the 
soil. It may be noted that the failure in soil occurs by relative movements of the particles and not by breaking 
of the particles.

Shear strength is the principal engineering property which controls the stability of a soil mass under 
loads. It governs the bearing capacity of soils, the stability of slopes in soils, the earth pressure against 
retaining structures and many other problems, as explained in later chapters. All the problems of soil 
engineering are related in one way or the other with the shear strength of the soiL Unfortunately, the shear 
strength is one of the most complex engineering properties of the soil. The current research is giving new 
concepts and theories. This chapter presents the basic concepts and the accepted theories of the shear strength.

13.2. STRESS-SYSTEM WITH PRINCIPAL PLANES PARALLEL TO THE COORDINATE AXES
In general, a soil mass is subjected to a three—dimensional stress system. However, in many soil 

engineering problems, the stresses in the third direction are not relevant and the stress system is simplified as 
two-dimensional. The plane strain conditions are generally assumed, in which the strain in the third 
(longitudinal) direction is zero. Such conditions exist, for example, under a strip footing of a long retaining 
wall.

At every point in a stressed body, there are three planes on which the shear stresses are zero. These 
planes are known as principal planes. The plane with the maximum compressive stress (oj) is called the 

major principal plane, and that with the minimum compressive (o3) as the minor principal plane. The third 
principal plane is subjected to a stress which has the value intermediate between Oj and o3, and is known as 

the intermediate principal plane. Generally, the stresses on a plane perpendicular to the intermediate principal 
plane are required in the analysis. Therefore, the stresses on the intermediate principal plane are not much 
relevant. Only the major principal stress (oj and the minor principal stress (o3) are generally important.

In solid mechanics, the tensile stresses are taken as positive. In soil engineering problems, tensile stresses 
rarely occur. To avoid many negative signs, compressive stresses are taken as positive and the tensile stresses 
as negative in soil engineering.

Fig. 13.1 shows a plane which is perpendicular to the intermediate principal plane. The major and minor 
principal stresses act on this plane. The major principal plane is horizontal and the minor principal plane is
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vertical. Let us consider plane AB which is inclined at an angle 0 (measured 
counterclockwise) to the major principal plane AC.

Resolving the forces acting on the wedge ABC in the horizontal (x-direction),

a^BC = ©ABsin0-rABcos0

where o = normal stress on AB, r = shear stress on AB.

In above expression, the length perpendicular to the plane of the paper has been 
taken as unity, which is the general practice for two dimensional stress system. 
The above equation can be simplified as

BC . . _
03 — = o sin 0 - t cos 8Ad

or ©3 sin 0 ■= ©sin 0 - tcos0 ...(a) Fig. 13.1.

Likewise, resolving the forces in the vertical (y- direction),

©1 AC- o AB cos 0 + t AB sin 0

or ©jcos0 = ocos0 + xsin0 ...(b)

Multiplying Eq. (a) by cos 0 and Eq. (b) by sin 8, and subtracting,

(©j - ©3) sin 0 cos 8 = q (cos 0 sin 0 - cos 0 sin 0) + t (sin2 0 + cos2 0)

or (oj - ©3) sin 0 cos 0 = x

or x “ 2 sin 2 6 ...(13.1)

Substituting the above value of r in Eq. (a),

or

©3 sin 0 -ct sin 0 - ^£1—2^. sin 2 0 cos 0 

©3 - a - (Oj - o3)cos20

or
, . (1 + cos 2 0)

© - ©3 + (Oj - ©3) i

or
o_(21p)tto-^)cos20 (m)

Eqs. 13.1 and 13.2 give the stresses on the inclined plane AB, making an angle 0 (measured 
counterclockwise) with the major .principal plane AC.

133. MOHR’S CIRCLE
Otto Mohr, a German scientist, devised a graphical method for the determination of stresses on a plane 

inclined to the principal planes. The graphical construction is known as Mohr's circle and is extremely useful. 
In this method, an origin O is selected and the normal stresses are plotted along horizontal axis and the shear 
stresses on the vertical axis. As the compressive stresses are taken positive in soil engineering, these are 
plotted towards the right of the origin, Le. along positive x-axis. The shear stress is generally taken as positive 
if it causes a counterclockwise couple at a point inside the wedge ABC in Fig. 13.1. Thus the shear stress 
marked on the plane AB is positive. The positive shear stresses are plotted upward from the origin, Le., along 
positive y-axis. Let us draw the Mohr circle for the stresses shown in Fig. 13.1.

In Fig. 13.2, the point E represents the minor principal stress ©3 and the point F, the major principal 

stress Op The point C is the middle point with the normal stress coordinate equal to (ot + ©3)/2. The circle 
is drawn with C as the centre and EF as diameter. The circle is known as Mohr’s circle. Each point on the 
circle gives the stresses © and x on a particular plane. Il can be shown that the point D on the circle gives 
the stresses on the plane AB inclined at an angle 8 to the major principal plane. The line DE makes an angle 
0 with' ©-axis. The angle DCF subtended at the centre is obviously twice the angle DEC.
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From the figure, 

or

and

Oh - OC + CH

O1 + Of (Oi - Oi)OH - 1 A + ■ 1 „ - cos 2 0 - o 
2 2

DH - CD sin 2 0 - 1 2 3 sin 2 0 - t

Comparing the above equations with Eqs. 13.2 and 13.1, it is obvious that the coordinates of the point D 
represent the stresses on the inclined plane AB in Fig. 13.1.

The point £ is a unique point, which is known as the pole (P) or the origin of planes (OP). If a line is 
drawn. from any point (say D) on the Mohr circle parallel to the plane ( say, AB) whose stresses are 
represented by that point, it will intersect the circle at the 
pole P. When the major principal plane is horizontal 
(parallel to x-axis), the minor principal plane is vertical 
and the pole lies at the point E which indicates the minor 
principal stress. Once the pole has been located, the 
stresses any other plane making an angle a with trie 
major principal plane can be determined graphically by 
drawing a line through the pole and making an angle a 
with o-axis. The coordinates of the point obtained by the 
intersection of this line with the circle give the stresses 
on that plane.

The line OD represents the magnitude of the 
resultant stress on the inclined plane AB. The angle of 
the obliquity of the resultant with the normal of the plane 
AB is equal to the angle £.

It may be mentioned that the equations developed in Sect. 13.2 and the Mohr circle discussed in this 
section are based on the principles of mcchanics.These arc valid for all materials irrespective of their 
stress-strain characteristics. The same relations are also applicable in solid mechanics.

13.4. STRESS-SYSTEM WITH PRINCIPAL PLANES INCLINED TO THE COORDINATE AXIS
Fig. 13.3 (b) shows a stressed element in which the principal planes are inclined to the coordinate axes. 

In other words, the principal planes are not vertical and horizontal. The stresses on a plane inclined at an 
angle 0 to the major principal plane can be determined using Eqs. 13.1 and 13.2 or using the Mohr circle, as 

Fig. 13.3. Inclined Principal Planes.
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these relations are independent of the inclination of the principal planes. However, the orientation of the 
principal planes is different from that in Fig. 13.2.

In Fig. 13.3 (a), the points E and F are located and the Mohr circle is drawn, as in Fig. 13.2. The pole 
P is located by drawing a line EP from E parallel to minor principal plane BC or by drawing a line FP from 
F parallel to the major principal plane AC. The Stresses on the plane AB inclined at an angle 6 to the major 
principal plane can be determined by drawing a line PD through the pole P and parallel to AB. The 
coordinates of point D give the stresses a and x on the plane AB. It may be noted that the line ED also 
makes an angle 0 with o-axis.

133. STRESS-SYSTEM WITH VERTICAL AND HORIZONTAL PLANES NOT PRINCIPAL PLANES
Fig. 13.4 (a) shows an element ABC in which the vertical and horizontal planes BC and AC are subjected 

to shear stresses in addition to the normal stresses. Hence, these planes are not the principal planes. The 
stresses on the plane AB inclined at an angle 0 to plane AC can be determined from the equilibrium of forces.

Resolving the forces in x-direction [Fig; 13.4 (£>)]

(c)

Fig. 13.4. Vertical Planes not Principal Planes.

a AB sin 0 - axBC + r^AC + x AB cos 0

or o sin 0 - a, sin 0 + x,y cos 0 + x cos 0 ...(a)

Resolving the forces in y-direction,

o AB cos 0 + x AB sin 0 - t^BC + ayAC

or o cos 0 + x sin 0 - x^ sin 0 + oy cos 0

or acos0 - XjySinO + oycos0 - xsin0 ...(b)

Multiplying Eq. (a) by sin 0 and Eq. (b) by cos 0 and adding

o ■ ax sin2 0 + x^, sin 0 cos 0 + x sin 0 cos 0 + x^, sin 0 cos 0 + ay cos2 0 - x sin 0 cos 0

o - ax sin2 0 + ay cos2 0 + 2 x^ sin 0 cos 0

or

or
a, + a„ (o„ - a,)

o ■ —-—* + ---- cos 2 0 + Xq, sin 2 0 ...(133)

Eq. 13.3 gives the normal stress a on the plane AB.
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Substituting the above value of o in Eq. (a) and simplifying, 

x = 2^ s*n 2$ - cos 2 8 ...(13.4)

Eq. 13.4 gives the stress x on the plane AB.

Eq. 13.3. can be written as, 

(ar + o„) (a,, - a,)
a ---------- --—-------cos 2 0 + xJJ1sin2 0 ...[13.3(a)]

Mohr’s circle Squaring Eqs. 13.3 (a) and 13.4 and adding we get

[q~(g* 2 qy)l + T? ■ ~ cos228 + x^sin228 + 2^^)cos28 x^ sin2ej

r 2
t / a„ — a, \ ■> o i — o.)

+ — sin2 2 0 + i^y cos2 2 0 - 2 y 2—~ sin 2 0 (t*,,  cos 2 8)

or ...(13.S)

Eq. 13.5 is the equation of a circle whose centre has the coordinates 2 j’° j an^ whose radius 

is {[ 2 ) + • Th® coordinates of any point on the circle represent the normal and shear stresses

(0, t) on a particular plane. The circle is Mohr’s circle.

Construction of Mohr Circle
To draw the Mohr circle in this case, the normal stresses ax and oy are marked as points Q and R 

respectively on the ©-axis [Fig. 13.4 (c)]. At point Q, a perpendicular QS is drawn, such that QS - x^. The 
shear stress x^ is positive on the plane BC as it causes a counterclockwise moment al a point inside the 

wedge. Likewise, the perpendicular RT is equal to xiy. However, this is negative because the shear stress on 
the plane AC causes a clockwise moment.

Point C is at the middle point of QR and has the coordinates j ( 2 ) ’ ° a^° on l^e ^ne ^rawn

[ f ~ qx 'l 2 1 
through point S and T. A circle is drawn with its centre at C and its radius equal to I I 2 I v . The 
circle passes through points S and T. Il may be noted that the point T in the Mohr circle represents the 
stresses on the plane AC and the point S, on the plane BC. The line CD drawn at an angle of 28 to the line 
CT intersects the Mohr circle at D. Therefore, the point D gives the stresses on the inclined plane AB.

Principal Planes. As the principal planes are the planes with zero shear stresses, from Eq. 13.4, 

ov - a, 
0 = — sin 2 0p - x,,, cos 2 8P

“ ,an28'- -<,36>

where Qp is the angle which the principal plane makes with the plane AC in Fig. 13.4 (b). As the angle 
subtended at the centre is twice this angle, the line CU indicates one of the principal planes and the point U 
represents the major principal stress. This can also be proved from the above value of tan 28p. We have
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cos 20p
(CTy-Oj/2

Substituting these values of sin 20p and the cos 2Qp in Eq. 13.3,

Therefore, the two principal stresses are as under.

Major principal stress, + °y

The point U gives the major principal stress (Oj).

Minor principal stress,
o, + av

°3 “ —~
The point V gives the minor principal stress (a3)

...(13.7)

...(13.8)

Also, because tan 2 0p = tan (20p + 180°), the second principal plane is indicated by the line CV.

13.6. IMPORTANT CHARACTERISTICS OF MOHR’S CIRCLE
The following important characteristics of Mohr’s circle should be carefully noted, as these are required 

for further study.
(1) The maximum shear stress Tmax is numerically equal to (oi - 03)/2 and it occurs on a plane inclined 

at 45° to the principal planes (Fig. 13.5).
(2) Point D on the Mohr circle represents the stresses (a, t) on a plane make an angle 0 with the major 

principal plane.

6)

,le 
U

Fig. 13.5. Characteristics of Mohr’s Circle.
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The resultant stress on that plane is equal to Vo2 + r2 and its angle of obliquity with the normal of 

the plane is equal to angle [3, given by
P= tan"1 (t/a) ...(13.9)

(3) The maximum angle of obliquity pmax is obtained by drawing a tangent to the circle from the 
origin O.

(4) The shear stress Xf on the plane of the maximum obliquity is less than the maximum shear stress

(5) Shear stresses on planes at right angles to each other are numerically equal but are of opposite signs, 
as shown in Fig. 13.4 (c).

(6) As the Mohr circle is symmetrical about o-axis, it is usual practice to draw only the top half circle 
for convenience.

(7) There is no need to be rigid about sign convention for plotting the shear stresses in Mohr’s circle.
These can be plotted either upward or downward. Although the sign convention is required for
locating the orientation of the planes, the numerical 
results are not affected.

13.7. MOHR-COULOMB THEORY
The soil is a particulate materiaL The shear failure 

occurs in soils by slippage of particles due to shear stresses. 
The failure is essentially by shear, but shear stresses al 
failure depend upon the normal stresses on the potential 
failure plane. According to Mohr, the failure is caused by a 
critical combination of the normal and shear stresses.

The soil fails when the shear stress (ry) on the failure 
plane at failure is a unique function of the normal stress 
(a) acting on that plane.

T, - f(O>
Since the shear stress on the failure plane at failure is 

defined as the shear strength (s), the above equation can be 
written as

s - /(a) ...(13.11)
The Mohr theory is concerned with the shear stress at 

failure plane at failure. A plot can be made between the 
shear stress x and the normal stress a at failure. The curve 
defined by Eq. 13.11 is known as the Mohr envelope [Fig. 
13.6 (a)]. There is a ujiique failure envelope for each 
material.

Failure of the material occurs when the Mohr circle of 
the stresses touches the Mohr envelope. As discussed in the 
preceding sections, the Mohr circle represents all possible 
combinations of shear and normal stresses at the stressed 
point. At the point of contact (D) of the failure envelope and 
the Mohr circle, the critical combination of shear and 
normal stresses is reached and the failure occurs. The plane 
indicated by the line PD is, therefore, the failure plane. Any 
Mohr’s circle which does not cross the failure envelope and
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lies below the envelope represents a (non-failure) stable condition. The Mohr circle cannot cross the Mohr 
envelope, as the failure would have already occurred as soon as the Mohr circle touched the envelope.

Hie shear strength (s) of a soil at a point on a particular plane was expressed by Coulomb as a linear 
function of the normal stress on that plane, as

s - c + atan<}> ...(13.12)
In other words, the Mohr envelope is replaced by a straight line by Coulomb as shown in Fig. 13.6 (b).

In Eq. 13.12, c is equal to the intercept on r-axis and <j> is the angle which the envelope makes with 
a-axis [Fig. 13.6 (c)]. The component c of the shear strength is known as cohesion. Cohesion holds the 
particles of the soil together in a soil mass, and is independent of the normal stress. The angle <j> is called the 
angle of internal friction. It represents the frictional resistance between the particles, which is directly 
proportional to the normal stress.

As mentioned before, the failure occurs when the stresses are such that the Mohr circle just touches the 
failure envelope, as shown by point B in Fig. 13.6 (c). In other words, shear failure occurs if the stresses a 
and t on the failure planexglot_as point B. If the stresses plot as point A below the failure envelope, it 
represents a stable; non-failure condition. On the other hand, a state of stress represented by point C above 
the failure envelope is not possible. It may be noted that a material fails along a plane when the critical 
combination of the stresses a and t gives the resultant with a maximum obliquity (Pmnx), in which case the 

resultant just touches the Mohr circle.

13.8. REVISED MOHR-COULOMB EQUATION
Later research showed that the parameters c and <j» in Eq. 13.12 are not necessarily fundamental properties 

of the..soil as was originally assumed by Coulomb. These parameters depend upon a number of factors, such 
as the water content, drainage conditions, conditions of testing. The current practice is to consider c and <j> as 
mathematical parameters which represent the failure conditions for a particular soil under given conditions. 
That is the reason why c and <|> are now called cohesion intercept and the angle of shearing resistance. These 
indicate the intercept and the slope of the failure envelope, respectively.

Terzaghi established that the normal stresses which control the shear strength of a soil are the effective 
stresses and not the total stresses. In terms of effective stresses, Eq. 13.12 is written as

s - d + o tan <J>' ...(13.13)
where c' and <|>' are the cohesion intercept and the angle of shearing resistance in terms of the effective 
stresses.

Eq. 13.13 is known as the Revised Mohr—Coulomb equation for the shear strength of the soil. The 
equation has replaced the original equation (Eq. 13.12). It is one of the most important equations of soil 
engineering.

The Mohr—Coulomb theory shows a reasonably good agreement with the observed failures in the field 
and in the laboratory. The theory is ideally suited for studying the behaviour of soils at failure. The theory is 
used for estimation of the shear strength of soils. However, even this theory is not perfect. It has the 
following main limitations :

(1) It neglects the effect of the intermediate principal stress (02).

(2) It approximates the curved failure envelope by a straight line, which may not give correct results.
(3) When the Mohr envelope is curved, the actual obliquity of the failure plane is slightly smaller than 

the maximum obliquity. Therefore, the angle of the failure plane, as found, is not correct.
(4) For some clayey soils, there is no fixed relationship between the normal and shear stresses on the 

plane of failure. The theory cannot be used for such soils.

13.9. DIFFERENT TYPES OF TESTS AND DRAINAGE CONDITIONS
The following tests are used to measure the shear strength of a soil.

(1) Direct shear test (2) Triaxial Compression test
(3) Unconfined Compression test (4) Shear Vane test.
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The shear test must be conducted under appropriate drainage conditions that simulate the actual field 
problem. In shear tests, there are two stages :

(1) Consolidation stage in which the normal stress (or confining pressure) is applied to the specimen and 
it is allowed to consolidate.

(2) Shear stage in which the shear stress (or deviator stress) is applied to the specimen to shear iL

Depending upon the drainage conditions, there are three types of tests as explained below :

(1) Unconsolidated—Undrained Condition. In this type of test, no drainage is permitted during the 
consolidation stage. 'Hie drainage is also not permitted in the shear stage.

As no time is allowed for consolidation or dissipation of excess pore water pressure, the test can be 
conducted quickly in a few minutes. The test is known as unconsolidated—undrained test (UU test) or quick 
test (Q-rest).

(2) Consolidated—Undrained Condition. In a consolidated—undrained test, the specimen is allowed to 
consolidate in the first stage. The drainage is permitted until the consolidation is complete.

In the second stage when the specimen is sheared, no drainage is permitted. The test is known as 
consolidated—undrained test (CU test) It is also called a R-test, as the alphabet R falls between the alphabet 
Q used for quick test, and the alphabet S used for slow test.

The pore water pressure can be measure^ in the second stage if the facilities for its measurement are 
available. In that case, the test is known as CU test.

(3) Consolidated—Drained Condition. In a consolidated—drained test, the drainage of the specimen is 
permitted in both the stages. The sample is allowed to consolidate in the first stage. When the consolidation 
is complete, it is sheared at a very slow rate to ensure that fully drained conditions exist and the excess pore 
water is zero.

The test is known as a consolidated—drained test (CD test) or drained test. It is also known as the slow 
test (S—test).

13.10 . MODE OF APPLICATION OF SHEAR FORCE
The shear force in a shear test is applied either by increasing the shear displacement at a given rate or 

by increasing the shearing force at a given rate. Accordingly, the shear tests are either strain—controlled or 
stress-controlled.

(I) Strain controlled tests. In a strain-controlled test, the test is conducted in such a way that the 
shearing strain increases at a given rate. Generally, the rate of increase of the shearing strain is kept constant, 
and the specimen is sheared at a uniform strain rate.

The shear force acting on the specimen is measured indirectly using a proving ring. The rate of shearing 
strain is controlled manually or by a gear system attached to an electric motor.

Most of the shear tests are conducted as strain—controlled. The stress—strain characteristic are easily 
obtained in these tests, as the shape of the stress—strain curve beyond the peak point can be observed only 
in a strain—controlled test. A strain—controlled test is easier to perform than a stress- controlled test.

(2) Stress—Controlled tests. In a stress—controlled test, the shear force is increased at a given rate. 
Usually, the rate of increase of the shear force is maintained constant. The shear load is increased such that 
the shear stresses increase at a uniform rate. The resulting shear displacements are obtained by means of a 
dial gauge.

Stress—controlled tests are preferred for conducting shear tests at a very low rate, because an applied 
load can easily be kept constant for any given period of time. Further, the loads can be conveniently applied 
and removed. The stress-controlled test represents the field conditions more closely.

13.11 DIRECT SHEAR TEST
(a) Apparatus. A direct shear test is conducted on a soil specimen in a shear box which is split into two 

halves along a horizontal plane at its middle (Fig. 13.7). The shear box is made of brass or gunmetal. It is
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Fig. .13.7. Direct Shear Test.

either square or circular in plan. A square box of size 60 x 60 x 50mm is commonly used. The box is 
divided horizontally such that the dividing plane passes through the centre. The two halves of the box are 
held together by locking pins. Suitable spacing screws to separate the two halves are also provided. The 
spacing screws are fixed to the upper half and they butt against the top of the lower half.

The box is provided with the gripper or the grid plates which are toothed and fitted inside it. The gripper 
plates are plain (without perforations) for undrained tests and perforated for drained tests. Porous stones are 
placed at the top and the bottom of the specimen in drained tests. A pressure pad of brass or gun metal is 
fitted into the box at its top to transmit the normal load to the sample. The normal load from the loading yoke 
is applied on the top of the specimen through a steel ball bearing upon the pressure pad.

The lower half of the box is fixed to the base plate which is rigidly held in position in a large container. 
The large container is supported on rollers (rollers not shown). The container can be pushed forward at a 
constant rate by a geared jack which works as a strain-controlled device. The jack may be operated manually 
or by an electric motor.

A loading frame is used to support the large container. It has the arrangement of a loading yoke and a 
lever system for applying the normal load.

A proving ring is fitted to the upper half of the box to measure the shear force.The proving ring butts 

against a fixed support. As the box moves, the proving ring records the shear force. The shear displacement 
is measured with a dial gauge fitted to the container. Another dial gauge is fitted to the top of the pressure 
pad to measure the change in the thickness of the specimen.

(&) Test. A soil specimen of size 60 x 60 x 25 mm is taken. It may be either an undisturbed sample or 
made from compacted and remoulded soil. The specimen may be prepared directly in the box and compacted. 
The base plate is attached to the lower half of the box. A porous stone is placed in the box. For undrained 
tests, a plain grid is kept on the porous stone, keeping its segregations at right angles to the direction of shear. 
For drained tests, perforated grids are used instead of plain grids. The mass of the base plate, porous stone 
and grid is taken. The specimen if made separately is transferred to the box and its mass taken.

The upper grid, porous stone and the pressure pad are placed on the specimen. The box is placed inside 
the large container and mounted on the loading frame. The upper half of the box is brought in contact with 
the proving ring. The loading yoke is mounted on the steel ball placed on the pressure pad. The dial gauge 
is fitted to the container to give the shear displacement. The other dial gauge is mounted on the loading yoke 
to record the vertical movement.

The locking pins are removed and the upper half box is slightly raised with the help of spacing screws. 
The space between the two halves is adjusted, depending upon the maximum particle size. The space should 
be such that the top half of the box does not ride on soil grains which come between the edges.

The normal load is applied to give a normal stress of 25 kN/m2. Shear load is then applied at a constant 

rate of strain. For undrained tests, the rate is generally between 1.0 mm to 2.00 mm per minute. For drained
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Fig. 13.8. Stress-Strain Curves

tests, the strain rate depends upon the type of soil. For sandy soils, it may be taken as 0.2 mm/minutc; 
whereas for clayey soils, it is generally between 0.005 to 0.02 mm/min. 'Hie sample shears along the 
horizontal plane between the two halves. The readings of the proving-ring and the dial gauges are taken every 
30 seconds. The test is continued till the specimen fails. The failure is indicated when the proving ring dial 
gauge begins to recede after having reached the maximum. For the soils which do not give a peak point, the 
failure is assumed to have occurred when a shearing strain of 20% is reached. At the end of the test, the 
specimen is removed from the box and its water content found.

The test is repeated under the normal stress of 50, 100, 200 and 400 kN/m2. The range of the normal 

stress should cover the range of loading in the field problem for which the shear parameters are required. Tie 
shear stress at any stage during shear is equal to the shear force indicated by the proving ring divided by the 
area of the specimen. A plot can be made between the shear stress and the shear strain. The shear strain is 
equal to the shear displacement (ATT) divided by the length of the specimen (£). The shear stress is obtained 
from the shear load indicated by the proving ring and the cross-sectional area.

Direct shear tests can be conducted tor any one of the three drainage conditions. For U-U test, plain grids 
are used and the sample is sheared rapidly. For CU test, perforated grids are used. The sample is consolidated 
under the normal load and after the completion of consolidation, it is sheared rapidly in about 5—10 minutes. 
In a CD test, the sample is consolidated under the normal load and then sheared slowly so that excess pore 
water pressure is dissipated. A CD test may take a few hours for cohesionless soils. For cohesive soils, it may 
take 2 to 5 days.

The direct shear test is generally conducted on cohesionless soils as CD test. It is convenient to perform 
and it gives good results for the strength parameters. It is occasionally used to determine the strength 
parameters of silt and clay under unconsolidated—undrained T

and consolidated drained conditions, but it does not offer 
the flexibility of a triaxial compression test, as explained 
later.

13.12. PRESENTATION OF RESULTS OF DIRECT 
SHEAR TEST

(a) Stress-Strain Curve. A stress-strain curve is a plot 
between the shear stress t and the shear displacement 
(tsH/L) [Fig. 13.8 (a)]. In case of dense sand (and also 
over-consolidated clays), the shear stress attains a peak 
value at a small strain. With further increase in strain, the 
shear stress decreases slightly and becomes more or less 
constant, known as ultimate stress. In case of loose sands 
(and normally consolidated clays), the shear stress increases 
gradually and finally attains a constant value, known as the 
ultimate stress or residual strength. It has been observed that 
the ultimate shear stress attained by both dense and loose 
sands tested under similar conditions is approximately the 
same. The figure also shows the stress-strain curve of a 
medium dense sand.

Generally, the failure strain is 2 to 4% for dense sand 
and 12 to 16% for loose sand.

Fig. 13.8 (b) shows the volume changes with an 
increase in shear strain for CD tests. Since the 
cross-sectional area of the specimen remains unchanged, the 
volume change is proportional to the change in thickness 
measured by the dial gauge. In case of dense sands (and 
over-consolidated clays), the volume first decreases slightly, 
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but it increases with further increase in strain. In the case of loose sjmds (and normally consolidated clays), 
the volume decreases with an increase in', shear strain. The figure also shows the curve for medium dense 
sand.

It may be observed that the void ratio of an initial loose sand decreases with an increase in shear strain, 
whereas that for the initially dense sand increases with an increase in strain [Fig. 13.8 (c)j. The .void ratio £t 
which there is no change in it with an increase in strain is known as the critical void ratio. If the sand 
initially is at the critical void ratio, there would be practically no change in volume with an increase in shear 
strain.

(Z>) Failure Envelope. For obtaining a failure envelope, a number of identical specimens are tested 
under different normal stresses. The shear stress required to cause failure is determined for each normal 
stress. The failure envelope is obtained by plotting the points corresponding to shear strength at different 
normal stresses and joining them by a straight line [Fig. 13.9 (a)]. The inclination of the failure envelope to

Fig. 13.9. Failure Envelope.

the horizontal gives the angle of shearing resistance <|> and its intercept on the vertical axis is equal to the 
cohesion intercept c.

For dense sands, the failure envelope can be drawn either for peak stress or for ultimate stress. The 
values of the parameters <|> and c for the two envelopes will be different. For loose sands, the failure envelope 
is drawn for ultimate stress, which is usually taken as the shear stress at 20% shear strain.

(c) Mohr-Circle. In a direct shear test, the stresses on planes other than the horizontal plane are not 
known. It is, therefore, not possible to draw Mohr stress circle at different shear loads. However, the Mohr 
circle can be drawn at the failure condition assuming that the failure plane is horizontal.

In Fig. 13.9 (h), the point B represents the failure condition for a particular normal stress. The Mohr 
circle at failure is drawn such that it is tangential to the failure envelope at B. The horizontal line BP gives 
the direction of the failure plane. The point P is the pole. The lines PD and PA give the directions of the 
major and minor principal planes, respectively. The principal planes are also shown in Fig. 13.9 (c).

Merits and Demerits of Direct Shear Test
The direct shear test has the following merits and demerits as compared to the triaxial compression test 

(described in the following section).
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Merits.
(1) The sample preparation is easy. The test is simple and convenient.
(2) As the thickness of the sample is relatively small, the drainage is quick and the pore pressure 

dissipates very rapidly. Consequently, the consolidated-drained and the consolidated- undrained tests 
take relatively small period.

(3) It is ideally suited for conducting drained tests on cohesionless soils.
(4) The apparatus is relatively cheap.

Demerits.
(1) The stress conditions are known only at failure. The conditions prior to failure arc indeterminate and, 

therefore, the Mohr circle cannot be drawn.

(2) The stress distribution on the failure plane (horizontal plane) is not uniform. The stresses arc more 
at the edges and lead to the progressive failure, like tearing of a paper. Consequently, the full 
strength of the soil is not mobilised simultaneously on the entire failure plane.

(3) Hie area under shear gradually decreases as the test progresses. But the corrected area cannot be 
determined and, therefore, the original area is taken for the computation of stresses.

(4) The orientation of the failure plane is fixed. This plane may not be the weakest plane.
(5) Control on the drainage conditions is very difficult. Consequently, only drained tests can be 

conducted on highly permeable soils.
(6) The measurement of pore water pressure is not possible.

(7) The side walls of the shear box cause lateral restraint on the specimen and do not allow it to deform 
laterally.

13.13. DIFFERENT TYPES OF SOILS
On the basis of shear strength, soils can be divided into three types.

(1) Cohesionless soils. (2) Purely cohesive soils and
(3) Cohesive-frictional soils.

1. Cohesionless soils. These are the soils which do not have cohesion 
i.e., c' - 0. These soils derive the shear strength from the intergranular friction. 
These soils arc also called frictional soils. For example, sands and gravels.

2. Purely cohesive soils. These are the soils which exhibit cohesion but the 
angle of shearing resistance <J> = 0. For example, saturated clays and silts under 
undrained conditions. These soils are also called <$>„ » 0 soils.

3. Cohesive-frictional soils. These arc composite soils haring both c' and 
These are also called c—<|> soils. For example, clayey sand, silty sand, sandy 

clay, etc.
[Note. Sometimes, cohesive-frictional soils are also called cohesive soils. 

Thus any soil having a value of c' is called a cohesive soiL]

13.14. TRIAXIAL COMPRESSION TEST APPARATUS
The triaxial compression test, or simply triaxial test, is used for the 

determination of shear characteristics of all types of soils under different 
drainage conditions. In this test, a cylindrical specimen is stressed under 
conditions of axial symmetry, as shown in Fg. 13.10. In the first stage of the test, 
the specimen is subjected to an all round confining pressure (af) on the sides 
and at the top and the bottom. This stage is known as the consolidation stage.

In the second stage of the test, called the shearing stage, an additional 
axial stress, known as the deviator stress (oj, is applied on the top of the 
specimen through a ram. Thus, the total stress in the axial direction at the 

I i I

(b) PLAN

Fig. 13.10.
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lime of shearing is equal to (ar + ad). Il may be noted that when the axial stress is increased, the shear 
stresses develop on inclined planes due to compressive stresses on the top.

The vertical sides of the specimen are principal planes, as there are no shear stresses on the sides. The 
confining pressure ac is equal to the minor principal stress (a3). The top and bottom planes are the major 

principal planes. The total axial stress which is equal to the sum of the confining pressure and the deviator 
stress, is the major principal stress (a,). Because of axial symmetry, the intermediate principal stress (oj) is 

also equal to the confining pressure (©,.).

[Note. The above interpretation of the stress conditions in the triaxial test is not strictly correct 
according to the theory of elasticity. In the case of cylindrical specimens, the three principal'stresses are 
the axial, radial and the circumferential stresses. The state of stress is statically indeterminate throughout 
the specimen. For convenience, in the triaxial test, the circumferential stress is taken equal to the radial 
stress and the principal stresses 02 and °3 are assumed to be equal].

The main features of a triaxial test apparatus arc shown in Fig. 13.11. It consists of a circular base that 
has a central pedestal. The pedestal has one or two holes which are used for the drainage of the specimen in 
a drained test or for the pore pressure measurement in an undrained lest. A triaxial cell is fitted to the top of
Ihe base plate with the help of 3 wing 
nuts (not shown in the figure) after the 
specimen has been placed on the 
pedestal. The triaxial cell is a perspex 
cylinder which is permanently fixed to 
the top cap and the bottom brass collar. 
There are three tie rods which support 
the cell. The top cap is a bronze casting 
with its central boss forming a bush 
through which a stainless steel ram can 
slide. The ram is so designed that it has 
minimum of friction and at the same 
time does not permit any leakage’ 
There is an air-release valve in the top 
cap which is kept open when the cell is 
filled with water (or glycerine) for 
applying the confining pressure. An oil 
valve is also provided in the top cap to 
fill light machine oil in the cell to 
reduce the leakage of water past the 
ram in long duration tests. The 
apparatus is mounted on a loading 

Fig. 13.11. Triaxial Tes Apparatus.

the specimen from a strain-controlled loading machine. The loading system consists of cither a screw jack 
operated by an electric motor and gear box or a hydraulic ram operated by a pump.

The triaxial test apparatus has the following special attachments.
1. Mercury Control System. The cell pressure is a triaxial test in maintained constant with a 

self-compensating mercury control system, developed by Bishop and Henkel. It consists of two limbs of a 
water-mercury manometer (Fig. 13.12). Ihe pressure in the water of the triaxial cell develops due to the 
difference in levels of the mercury in the two pots. The water pressure at the. centre of the specimen in the 
triaxial cell, at a height of h} above the datum, can be calculated using the theory of manometers. As the 
mercury surface in the upper pot is open to atmosphere, the (gauge) pressure there is zero. From the 
manometer equation,

Y»A - Y/»*2  - (A3 - Aj) Y-
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TUBE

Fig. 13.12. Mercury Control System.

where g<. is the cell pressure at the centre of the specimen,
is the unit weight of water, and

Y„ is the unit weight of mercury.
The above equation can be simplified as

(Ai - Aa) + (h2 - h3)yw ...(13.14)

The upper pot is supported by a spring. When the volume of the specimen decreases due to consolidation 
or when the water leaks past the ram, water flows from the lower pot to the cell and the mercury level in the 
lower pot rises by a small amount A/i. The mercury level in the upper pot would also fall by the same amount 
if the two pots are of the same cross-sectional area. However, the difference of mercury levels in the two pots 
is maintained constant by the spring. The stillness (<fc) of the spring is selected such that it reduces in length 
and causes a rise of the upper pot as soon as its weight decreases due to flow of mercury. The stiffness of 
the spring is given by

where A = cross-sectional area of the mercury pot,
and W = weight of unit length of the tube filled with mercury which is also lifted above the floor.
2. Pore water Pressure Measurement Device. The pore water pressure in the triaxial specimen is 

measured by attaching it to the device shown in Fig. 13.13. It consists of a null indicator in which no- flow 
condition is maintained. For accurate measurement, no- flow condition is essential because the flow of water 
from the sample to the gauge would modify the actual magnitude of the pore water pressure. Further, the flow 
of water leads to a time lag in the attainment of a steady state in samples of cohesive soils because of low 
permeability.

The null indicator is essentially a U-lube partly filled with mercury. One limb of the null indicator is 
connected to the specimen in the triaxial cell and the other limb is connected to a pressure gauge. A control 
cylinder, which is filled with water, is attached to the system. The water can be displaced by a screw- 
controlled piston in the control cylinder. The whole system is filled with deaired water. The tubes connecting 
the specimen aii&The null-indicator should be such that these undergo negligible volume changes under 

pressure and are free from leakage.
Any change in the pore-water pressure in the specimen tends to cause a movement of the mercury level 

in the null-indicator. However, the no-flow condition is maintained by making a corresponding change in the
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Fig. 13.13. Pore Water Pressure Measurement Device.

oilier limbs by means of the control cylinder. Thus the mercury levels in the two limbs remain constant. The 
pressure applied by the control cylinder is recorded by pressure gauge or the manometer.

If the specimen is partially saturated, a special fine, porous ceramic disc is placed below the sample in 
the triaxial cell. The ceramic disc permits only pore water to flow, provided the difference between the pore 
air pressure and pore water pressure is below a certain value, known as the air-entry value of the ceramic 
disc. Under undrained conditions, the ceramic disc will remain fully saturated, provided the air-entry value is 
high. It may be mentioned that if the required ceramic disc is not used and instead the usual coarse, porous 
disc is used, the device would measure air pressure and not water pressure in a partially saturated soil.

In modem equipment, sometimes the pore water pressure is measured by means of a transducer and not 
by conventional null indicator.

3. Volume Changes Measurement. Volume changes 
in a drained test and during consolidation stage of a 
consolidated undrained test are measured by means of a 
burette connected to the specimen in the triaxial cell. For 
accurate measurements, the water level in the burette 
should be approximately at the level of the centre of the 
specimen (Fig. 13.14).

During consolidation stage, the volume of the 
specimen decreases and the water level in the burette
te. Tlie change in the volume of the specimen is equal R* 1314 v°"“4 ““S'

tb the volume of the water increased in the burette. During shearing of specimens of dense sand when the 
volume of the sample increases, the water flows from the burette to the specimen. The increase in volume of 
the specimen is equal to the volume of water decreased in the burette.

13.15. TRIAXIAL TESTS ON COHESIVE SOILS
The following procedure is used for conducting the triaxial tests an cohesive soils.
(a) Consolidated-undrained test. A deaired, coarse porous disc or stone is placed on the top of the 

pedestal in the triaxial test apparatus. A filter paper disc is kept over the porous stone. The specimen of the 
cohesive soil is then placed over the filter paper disc. The usual size of the specimen is about 37.5 mm 
diameter and 75.0 mm height. A porous stone is also placed on the top of the specimen. Deaired vertical filter 
strips are placed at regular spacing around the entire periphery such that these touch both the porous stones. 
Ihe sample in then enclosed in a rubber membrane, which is slid over the specimen with the help of a 
membrane stretcher. The membrane is sealed to the specimen with O-rings.
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The triaxial cell is placed over the base and fixed to it by tightening the nuts. The cell is then filled with 
water by connecting it to the pressure supply. Some space in the top portion of the cell is filled by injecting 
oil through the oil valve. When excess oil begins to spill out through the air-vent valve, both the valves (oil 
valve and air-vent valve) arc closed. Pressure is applied to the water filled in the cell by connecting it to the 
mercury-pot system. As soon as the pressure acts on the specimen, it starts consolidating. The specimen is 
connected to the burette through pressure connections for measurement of volume changes. The consolidation 
is complete when there is no more volume change.

When the consolidation is complete, the specimen is ready for being sheared. The drainage valve is 
closed. The pore water pressure measurement device is attached to the specimen through the pressure 
connections. The proving ring dial gauge is set to zero. Using the manual control provided in the loading 
frame, the ram is pushed into the cell but not allowed to touch the loading cap. The loading machine is then 
run al the selected speed. The proving ring records the force due to friction and the upward thrust acting on 
the ram. The machine is stopped, and with the manual control, the ram is pushed further into the cell bringing 
it in contact with the loading cap. The dial gauge for the measuring axial deformation of the specimen is set 

to zero.
The sample is sheared by applying the deviator stress by the loading machine. The proving ring readings 

are generally taken corresponding to axial strains of 1/3%, 2/3%, 1%, 2%, 3%, 4%, 5%, ...until failure or 

20% axial strain.
Upon completion of the test, the loading is shut off. Using the manual control, all additional axial stress 

is removed. The cell pressure is then reduced to zero, and the cell is emptied. The triaxial cell is unscrewed 
and removed from the base. O-rings are taken out, and the membrane is removed. The specimen is then 
recovered after removing the loading cap and the top porous stone. The filter paper strips are peeled off. Hie 
post- shear mass and length are determined. The water content of the specimen is also found.

(b) Unconsolidated Undrained test. The procedure is similar to that for a consolidatcd-undraincd test, 
will! one basic difference that the specimen is not allowed to consolidate in the first stage. The drainage valve 
during the test is kept closed. However, the specimen can be connected to the pore-water pressure 
measurement device if required.

Shearing of the specimen is started just after the application of the cell pressure. The second stage is 
exactly the same as in the consolidated-undrained test described above.

(c) Consolidated Drained test. The procedure is similar to that for a consolidated-undrained test, with 
one basic difference that the specimen is sheared slowly in the second stage. After the consolidation of the 
specimen in the first stage, the drainage valve is not closed. It remains connected to the burette throughout 
the test. The volume changes during the shearing stage are measured with the help of the burette. As the 
permeability of cohesive soils is very low, it takes 4-5 days for the consolidated drained test.

13.16. TRIAXIAL TESTS ON COHESIONLESS SOILS
Triaxial tests on specimens of cohesionless soils can be conducted using the procedure as described for 

cohesive soils. As the samples of cohesionless soils cannot stand of their own, a special procedure is used fa 
preparation of the sample as described below.

A metal former, which is a split mould of about 38.5 mm internal diameter, is used for the preparation 
of the sample (Fig. 13.15). A coarse porous stone is placed on the top of the pedestal of the triaxial base, and 
the pressure connection is attached to a burette (not shown). One end of a membrane is sealed to the pedestal 
by O-rings. The metal former is clamped to the base. The upper metal ring of the former is kept inside the 
top end of the rubber membrane and is held with the help of a clamp before placing the funnel and the rubber 
bung in position as shown in figure.

The membrane and the funnel are filled with deaired water. The cohesionless soil which is to be tested' 
is saturated by mixing it with enough water in a beaker. The mixture is boiled to remove the entrapped air. 
The saturated soil is deposited in the funnel, with a stopper in position, in the required quantity. The glass 
rod is then removed and the sample builds up by a continuous rapid flow of saturated soil in the former. The 
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funnel is then removed. The sample may be 
compacted if required. The surface of the 
sample is leveled and a porous stone is 
placed on its top. The loading cap is placed 
gently on the top porous stone. O-rings are 
fixed over the top of the rubber membrane.

A small negative pressure is applied to 
the sample by lowering the burette. The 
negative pressure gives rigidity to the sample 
and it can stand without any lateral support. 
For sample of 37.5 mm diameter, a negative 
pressure of 20 cm of water (or 2 kN/m2) is 

sufficient. As soon as the negative pressure is 
applied, the consolidation of the sample 
occurs and it slightly shortens. The diameter 
of the upper porous stone should be slightly 
smaller than that of the specimen so that it 
can go inside when the sample shortens; 
otherwise, a neck is formed.

The split mould is then removed, and the 
diameter and the height of the sample are 
measured. Hie thickness of the membrane is 
deducted from the total diameter to get the 
net diameter of the sample. The cell is then 
placed over the base and clamped to the base. 
It is then filled with water.

The rest of the procedure is the same as 
for cohesive soils.
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Fig. 13.15. Preparation of Sample of Cohesionless Soil.

13.17. MERITS AND DEMERITS OF TRIAXIAL TEST
The triaxial test has the following merits and demerits.

Merits.
(1) There is complete control, over the drainage conditions. Tests can be easily conducted for all three 

types of drainage conditions.
(2) Pore pressure changes and the volumetric changes can be measured directly.
(3) The stress distribution on the failure plane is uniform.

(4) The specimen is free to fail on the weakest plane.
(5) The state of stress at all intermediate stages upto failure is known. The Mohr circle can be drawn at 

any stage of shear.
(6) The test is suitable for accurate research work. The apparatus is adaptable to special requirements 

such as extension test and tests for different stress paths.

Demerits.
(1) The apparatus is elaborate, costly and bulky.
(2) The drained test takes a longer period as compared with that in a direct shear test.
(3) The strain condition in the specimen are not uniform due to frictional restraint produced by the 

loading cap and the pedestal disc. This leads to the formation of the dead zones at each end of the 
specimen.
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The non-uniform distribution of stresses can be largely eliminated by lubrication of end surfaces. 
However, non-uniform distribution of stresses has practically no effect on the measured strength if 
length/diameter ratio is equal to or more than 2.0.

(4) It is not possible to determine the cross-sectional area of the specimen accurately at large strains, as 
the assumption that the specimen remains cylindrical does not hold good.

(5) The test simulates only axis-symmetrical problems. In the field, the problem is generally 
3-dimensional. A general test in which all the three stresses are varied would be more useful.

(6) The consolidation of the specimen in the test is isotropic; whereas in the field, the consolidation is 
generally anisotropic.

Despite the above-mentioned demerits, the triaxial test is extremely useful. It is the only reliable test for 
accurate determination of the shear characteristics of all types of soils and under all the drainage conditions.

13.18. COMPUTATION OF VARIOUS PARAMETERS
(a) Post-Consolidation Dimensions. In consolidated-drained and consolidated-undrained tests, the 

consolidation of the specimen takes place during the first stage. As the volume of the specimen decreases, its 
post-consolidation dimensions are different from the initial dimensions. The post consolidation dimensions can 
be determined approximately assuming that the sample remains cylindrical and it behaves isotropically. Let 
Lh Di, and V) be the length, diameter and the volume of the specimen before consolidation. Let Lo, Do and 

Vo be the corresponding quantities after consolidation.

Therefore, volumetric change, A V,- = V,- — Vo

The volumetric change (AV}) is measured with the help of burette.

A Vi
Volumetric strain, £,, =

For isotropic consolidation, the volumetric strain is three times the linear strain (ez), Thus

£/ = £„/3

Thus Lq = Li - AL, = Li - L-, x ez

or Lo = L, (l - ez) = (1-e/3) ...(13.16)

Likewise, Do = D,-(l - e,/3)
The post consolidation diameter Do can also be computed after Lo has been determined from the relation,

(n/4 ■ Dq) x Lq = V()

n - v 0’ V («/4) x ...(13.17)

(Z>) Cross-sectional Area During Shear Stage. As the sample is sheared, its length decreases and the 
diameter increases. The cross-sectional area A al any stage during shear can be determined assuming that the 
sample remains cylindrical in shape. Let AL0 be the change in length and AV0 be the change in volume. 'Die 

volume of the specimen at any stage is given by Vo ± AV0.

Therefore, A (Lg - ALo) = Vo ± A Vo

...(13.18)

Eq. 13.18 is the general equation which gives the cross-sectional area of the specimen. 
The above equation can be written as
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(1 - *i)
...(13.19)

ie 
ts 
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where Si is the axial strain in the sample.

For an undrained test, as the volumetric change (AV0) is zero, Eq. 13.19 becomes

A = 1 ...(13.20)

The stresses in the specimen at various stages of shear should be calculated using the cross-sectional area A 
as found above.

The correction so applied is known as area correction.

(c) Stresses (z) Deviator stress. The deviator stress (ad) acting on the specimen when the axial load 
applied by the loading machine is P can be obtained as

- J ...(13.21)

The deviator stress (ad) is equal (cq - o3)

It may be noted that the load indicated by the proving ring is slightly more than P because of friction on 
the ram and the upward thrust on the ram due to pressure of the water in the cell. The correction can be 
determined separately.

A more convenient procedure is to lift the ram above the specimen when the cell pressure has been 
applied. The-machine is started keeping the strain rate the same as to be used in the actual test. 'Ihe proving 
ring records the load. To account for correction, the dial gauge on the proving ring is set to zero to indicate 
zero load. This automatically compensates the ram friction and the upward thrust on the ram due to cell 
pressure. Thus the load indicated by the proving ring during shear would be equal to the load P applied to 
the specimen.

(ii) Principal stresses. The minor principal stress (a3) is equal to the cell pressure (©<.). The major 

principal stress (pi) is equal to the sum of the cell pressure and the deviator stress.

on,

17)

the 
the 
The

Thus 

or

Oj = 03 + (0! - o3) 
©! = o3+ ad

(in) Compressive strength. The deviator stress at failure, 
(0! - o3)y, is known as the compressive strength of the soil.

13.19. PRESENTATION OF RESULTS OF TRIAXIAL
TESTS

(a) Stress—Strain Curves. Drained Test. Fig. 13.16 (a) 
shows the stress—strain curve for a drained test. 'Ihe y-axis 
shows the deviator stress (01-03) and the x-axis, the axial 

strain (ej. For dense sand (and over-consolidated clay), the 
deviator stress reaches a peak value and then it decreases and 
becomes almost constant, equal to the ultimate stress, at large 
strains. For loose sand (and normally consolidated clay), the 
deviator stress increases gradually till the ultimate stress is 
reached.

The volumetric strain is shown in Fig. 13.16 (b). In dense A2L

...(13.22)

sand (and over-consolidated clay), there is a decrease in the 
volume at low strains, but at large strains, there is an increase 
in the volume. In loose sand (and normally consolidated clay),

_ Loose sand
(b) Volumetric strain (N.C.C.)

Fig. 13.16. Stress-strain Curve for Drained Test.



326 SOIL MECHANICS AND FOUNDATION ENGINEERING

(b) PORE PRESSURE
Fig. 13.17. Stcrss-Strain Curve, CU Test.

the volume decreases at all strains. (For some loose sands, there is a slight tendency to increase in the volume 
at large strains).

Consolidated-undrained test. Fig. 13.17 (a) shows the stress-strain curve for a consolidated—undrained 
test. The shape of the curves is similar to that obtained in a consolidated-drained test. In a consolidated- 
undrained test, there is an increase in the pore water pressure throughout for loose sand (and normally 
consolidated clay), as shown in Fig. 13.17 (b). However, in the case of dense sands (and over- consolidated 
clay), the pore water pressure increases at low strains but at large strains it becomes negative (below 
atmospheric pressure).

(b) Mohr Envelopes. For drawing the failure envelopes, it is necessary to test at least three samples at 
three different cell pressures in the stress range of interest. For dense sands and over-consolidated clays, the 
failure envelope can be drawn either for the peak stress or for the ultimate stress. For loose sands and 
normally consolidated clays, the failure envelope is 
drawn for the ultimate stress, which is usually taken at 
20% strain. Further, the failure envelope can be drawn 
either in terms of effective stresses or in terms of total 
stress. Of course, the two envelopes will give different 
values of strength parameters (c and <p).

Britlleness IB is expressed as

. Peak strength - Ultimate strength 
Ultimate strength

(i) Effective Stresses. Fig. 13.18 (a) shows the 
failure envelope for a normally consolidated clay in 
terms of effective stresses obtained from a 
consolidated drained test. The failure envelope has an 
angle of shearing resistance of <j> and passes through 
origin. First the Mohr circles for the three tests are 
drawn in terms of effective stresses corresponding to 
failure conditions. Then the best common tangent is 
drawn to the three circles. The common tangent is the 

(a) Failure envelope for normally consolidated clav 
(effective stresses)

Fig. 13.18. Failure Envelopes (effective stress).
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failure envelope. As each circle represents a failure, there must be at least one point on it which gives the 
stresses satisfying the failure criterion. Obviously, the common tangent joins all such points of the three 
circles.

Thus for normally consolidated clays, shear strength is

s = o tan <p'.
Fig. 13.18 (b) shows the failure envelope for overconsolidated clay in terms of effective stresses. The 

failure envelope is slightly curved in the initial portion, but, for convenience, it is approximated as a straight 
line. The failure envelope has an intercept c' on the t- axis. The angle of shearing resistance is In the case 
of over-consolidated clays, shear strength is

s = c' + otan<p'
The failure envelopes in_ terms of effective stresses can also be drawn from the results of a 

Cpnsolidated-undrained test (CU test) when the pore water pressure measurements are also taken. The shear 
strength parameters c' and «p' obtained from the consolidated-undrained tests and that from consolidated 
drained tests are approximately equal. Drained tests on dense sands and over-consolidated clays give slightly 
higher values of due to extra work required during dilation (increase in volume), but the difference is 
small, and, therefore, usually neglected.

(it) Total stresses. The failure envelope in terms of total stresses can be drawn from the test results of a 
consolidated-undrained test.

[Note. In consolidated-drained tests, the total stresses are also equal to the effective stresses, as the pore 
water pressure throughout is zero].

The failure envelopes are similar in shape to that in terms of effective stresses but the values of the 
strength parameters are quite different. Fig. 13.19 shows the failure envelopes for effective stresses and also 
for total stresses for a normally consolidated clay. The 
angle of shearing resistance in terms of total stresses 
(4>c„) is much smaller than that for the effective stresses 
(*')■

In the case of normally consolidated clays, shear 
strength is

s = o tan <t>c„
Fig. 13.20 shows the failure envelope for an 

overconsolidated clay in terms of total stresses. The 
angle of shearing resistance ($cu) is much smaller than 
the angle <]>' obtained in terms of effective stresses. In the 
case of overconsolidated clays, shear strength is

s = c(U + a tan <}•„

The angle of shearing resistance obtained from the total stress envelopes is also known as apparent 

angle of shearing resistance.

Failure envelope tor over - consolidated clay 

(Total stresses)

Fig. 13.20. Strength Envelope.
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Fig. 13.21.

Fig. 13.21 shows the failure envelope in terms of total stress obtained from an unconsolidated-undrained 
test on a normally consolidated clay. The failure envelope is horizontal (<|> = 0), and has a cohesion intercept 
of cu. In this case, shear strength is s = c„. The failure envelope for an over-consolidated clay is also 
horizontal, but the value of c„ will be more, depending upon the degree of overconsolidation.

For an unconsolidated-undrained test, the failure envelope cannot be drawn in terms of effective stresses. 
In all the tests conducted at different confining pressures, the effective stress remains the same. This is due 
to the fact that an increase in confining pressure results in an equal increase in pore water pressure for a 
saturated soil under undrained conditions. Thus only one Mohr circle (shown dotted) in terms of effective 
stresses is obtained from all the three tests. It may be noted that the deviator stress at failure is the same for 
all specimens.

13.20 EFFECT OF CONSOLIDATION PRESSURE ON UNDRAINED STRENGTH
As discussed in the preceding section, the shear strength of a cohesive soil under undrained conditions 

depends upon the consolidation pressure. If a remoulded specimen of saturated clay is first consolidated under 
a confining pressure, say (oc)i, and then sheared under undrained conditions, with different confining 

pressures, the deviator stress is independent of the cell pressure. The failure envelope is horizontal and the 
cohesion intercept is cul [Fig. 13.22 (a)].

♦T r1 I *...o  I *u--0

' (a) I (b)

Fig. 13.22. Effect of Consolidation Pressure on Cu

The reader should carefully note the difference between the conventional consolidated-undrained test 
discussed earlier and the test described in this section. In the former, each specimen is consolidated under a 
certain pressure, equal to confining pressure, and then sheared under undrained conditions with the same cell 
pressure. Thus, only one Mohr circle at failure is obtained for one confining pressure. In the latter, a set of 
specimens are consolidated under the same confining pressure and then sheared with different cell pressures. 
Thus, a number of Mohr circles at failure are obtained in which the deviator stress at failure is the same for 
all specimens.

If another set of identical specimens is consolidated under another pressure, say (a^, and then sheared 

under different cell pressure, another horizontal failure envelope is obtained with the cohesion intercept cu2 
[Fig. 13.22 (&)]. Likewise, the test can be repeated after consolidating the set of specimens under another 
pressure, say (ac)3. It is observed that the greater the consolidation pressure, the greater the undrained shear 

strength represented by the cohesion intercept. Fig. 13.23 shows a plot between the consolidation pressure and 
the undrained strength. The plot is a straight line for normally consolidated clays.
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Fig. 13.23. Cu - a Plot for Normally consolidated Clay.

For over-consolidated clays, there is a discontinuity in the plot between cu and a at a pressure equal to 
the preconsolidation pressure (oc), as shown in Fig. 13.24.

Fig. 13.24. Cu -a Plot for Over-consolidated Clay

13.21. RELATIONSHIP BETWEEN UNDRAINED SHEAR STRENGTH AND EFFECTIVE 
OVERBURDEN PRESSURE

A relationship can be obtained between the undrained 
strength (c„) and the effective overburden pressure o3 for a 
normally consolidated natural deposit. Fig. 13.25 shows the 
Mohr circle in terms of total stresses obtained from a 
conventional CU test conducted at a confining pressure of 
o3 on a normally consolidated clay.

By geometry, 

or

o3 + cu
« sin 4>cu

sin <j>r

o3 1 t 1 - sin <[><.„
or ---- = - -------1 “ ------ :--- ;------

c„ <j>cu sin <t>cu

cu sin <!><.„
or — = -j------r—

a3 1-sin <)><.„

The ratio cu/a3 is a constant for a given clay. 
Skempton suggested that a similar constant ratio exists 
between the undrained shear strength of normally 
consolidated natural deposits and the effective 
overburden pressure. It has been established that the 
ratio (c„ / a) is constant provided the plasticity index

Fig. 13.25. Relationship between Cu, 03 and

0-6
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P I (W

Fig. 13.26. Plot Between Cu/03 and PI.
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(PI) of the soil remains constant (Fig. 13.26). An approximate value of the undrained shear strength of a 
normally consolidated deposit can be obtained from Fig. 13.26, if the plasticity index has been determined. 
The relationship is expressed as (Skempton, 1957).

= 0.11 + 0.0037 PI 
a

where cu = undrained cohesion intercept, 
o = effective over-burden pressure 

PI = plasticity index (%)

The value of the ratio (c„/o) determined in a consolidated-undrained test on undisturbed samples is 

generally greater than actual value because of anisotropic consolidation in the field. The actual value is best 
determined by in-situ shear vane test, as explained later.

13.22. UNCONFINED COMPRESSION TEST
The unconfined compression test is a special form of a triaxial test in which the confining pressure is 

zero. The test can be conducted only on clayey soils which can stand without confinement.-The test is 
generally performed on intact (non- fissured), saturated clay specimens. Although the test can be conducted 
in a triaxial test apparatus as a U—U test, it is more convenient to perform it in an unconfined compression 
testing machine. There are two types of machines, as described below.

(1) Machine with a spring. Fig. 13.27 shows the unconfined compression testing machine in which a 
loaded spring is used. It consists of two metal cones which are fixed on horizontal loading plates B and C 
supported on the vertical posts D. The upper loading 
plate B is fixed in position, whereas the lower plate C 
can slide on the vertical posts The soil specimen is 
placed between the two metal cones.

When the handle is turned, the plate A is lifted 
upward. As the plate A is attached to the plate C, the 
latter plate is also lifted. When the handle is turned 
slowly, at a speed of about half a turn per second, a 
compressive force acts on the specimen. Eventually, the 
specimen fails in shear. The compressive load is 
proportional to the extension of the spring.

The strain in the specimen is indicated on a chart 
fixed to the machine. As the lower plate C moves 
upward, the pen attached to this plate swings sideways. 
The lateral movement of the pen (in arc) is proportional 
to the strain in the specimen.

The chart plate is attached to the yoke Y. As the 
yoke moves upward when the handle is rotated, the chart 
plate moves upward. The pivot of the arm of the pen 
also moves upward with the lower plate. The vertical 
movement of the pen relative to the chart is equal to the 

Fig. 13.27. Unconfined Compression Testing 
Machine (Spring Type).

extension of the spring and hence the compressive force. Thus the chart gives a plot between the deformation 
and the compressive force. Springs of different stiffnesses can be used depending upon the expected 
compressive strength of the specimen.

(2) Machine with a Proving Ring. In this type of the unconfined compression testing machine, a 
proving ring is used to measure the compressive force (Fig. 13.28). There are two plates, having cone seatings 
for the specimen. The specimen is placed on the bottom plate so that it makes contact with the upper plate. 
The dial gauge and proving ring are set to zero.

The compressive load is applied to the specimen by turning the handle. As the handle is turned, the upper 
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plate moves downward and causes compression. (In some 
machines, the upper plate is fixed and the compressive load is 
applied by raising the lower plate). The handle is turned 
gradually so as to produce an axial strain of 1/2% to 2% per 
minute. The shearing is continued till the specimen fails or till 
20% of the axial strain- occurs, whichever is earlier.

The compressive force is determined from the proving ring 
reading, and the axial strain is found from the dial gauge 
reading.

Presentation of Results. In an unconfined compression test, 
the minor principal stress (o3) is zero. The major principal stress 
(<Ji) is equal to the deviator stress, and is found from Eq. 13.21.

Oj - P/A
where P = axial load,
and A = area of cross-section.

The axial stress at which the specimen fails is known as 
the unconfined compressive strength (qu). The stress- strain 

curve can be plotted between the axial stress and the axial 
strain at different stages before failure.

While calculating the axial stress, the area of cross-section 
of the specimen at that axial strain should be used. The 
corrected area can be obtained from Eq. 13.20 as

A - A0/(1-e)

Fig. 13.28. Unconfined Compression Testing 
Machine (Proving Ring Type).

The Mohr circle can be drawn for stress conditions at failure. As the minor principal stress is zero, the 
Mohr circle passes through the origin (Fig. 13.29). The failure envelope is horizontal ($„ = 0). The cohesion 

intercept is equal to the radius of the circle, i.e.

Fig. 13.29. Mohr Circle for Unconfined Compression Test.

...(13.25)

Merits and Demerits of the test
Merits

(1) The test is convenient, simple and quick.
(2) It is ideally suited for measuring the unconsolidated-undrained shear strength of intact, saturated clays.
(3) The sensitivity of the soil may be easily determined by conducting the test on an undisturbed sample 

and then on the remoulded sample.



332 SOIL MECHANICS AND FOUNDATION ENGINEERING

Demerits
(1) The test cannot be conducted on fissured clays.
(2) The test may be misleading for soils for which the angle of shearing resistance is not zero. For such 

soils, the shear strength is not equal to half the compressive strength.
(See Chapter 30, Sect. 30.17 for the laboratory experiment).

13.23. VANE SHEAR TEST
The undrained shear strength of soft clays can be determined in a laboratory by a vane shear test. The 

test can also be conducted in the field on the soil at the bottom of a bore hole. The field test can be
performed even without drilling a bore hole by direct penetration of the vane from the ground surface if it is 
provided with a strong shoe to protect it.

The apparatus consists of a vertical steel rod having four thin stainless 
steel blades (vanes) fixed at its bottom end. IS : 2720—XXX—1980 
recommends that the height H of the vane should be equal to twice the 
overall diameter D. The diameter and the length of the rod are 
recommended as 2.5 mm and 60 mm respectively. Fig. 13.30 (a) shows a 
vane shear test apparatus.

For conducting the test in the laboratory, a specimen of the size 38 
mm diameter and 75 mm height is taken in a container which is fixed 
securely to the base. The vane is gradually lowered into the specimen till 
the top of the vane is at a depth of 10 to 20 mm below the top of the 
specimen. The readings of the strain indicator and torque indicator are 
taken.

Torque is applied gradually to the upper end of the rod at the rate of 
about 6° per minute (i.e. 0.1° per second). The torque acting on the 
specimen is indicated by a pointer fixed to the spring. The torque is 
continued till the soil fails in shear. The shear strength of the soil is ELEWTON

60mm

determined using the formula derived below.
Derivation of Formula. In the deviation of the formula, it is assumed 

that the shear strength (s) of the soil is constant on the cylindrical sheared 
surface and at the top and bottom faces of the sheared cylinder. The torque 
applied (7) must be equal to the sum of the resisting torque at the sides 
(Tj) and that at the top and bottom (T^. Thus,

T - Tj + T2 ...(a)

The resisting torque on the sides is equal to the resisting force 
developed on the cylindrical surface multiplied by the radial distance. 
Thus, (b)

Fig. 13.30. Vane Shear Test.1\ = (snDFT) x D/2 •••(»)

The resisting torque T2 due to the resisting forces at the top and bottom of the sheared cylinder can be 
determined by the integration of the torque developed on a circular ring of radius r and width dr [Fig. 13.30 
(&)]. Thus.

D/2
T2 = 2 f [s (2rtr) dr] r - 4ra

D/2

or ...(c)

From Eqs. (a), (b) and (c), T = ns[D2H/2 + lf/6]
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or - -------------5-------- ------- 3-----  ...(13.27)
n(ITH/2 + ZT/6)

For example, if D = 1.2 cm, and H = 2.4 cm, s = 0.158 T
where T is in N-cm and s in N/cm2.

Eq. 13.27 is modified if the top of the vane is above the soil surface and the depth of the vane inside the 
sample is Hx. In such a case.

s - ------- =------- --------,------- ...(13.28)
n(D2H{/2 + ZT/12)

The shear strength of the soil under undrained conditions is equal to the apparent cohesion cu.

The vane shear test can be used to determine the sensitivity of the soil. After the initial test, the vane is 
rotated rapidly through several revolutions such that the soil becomes remoulded. The test is repeated on the 
remoulded soils and the shear strength in remoulded state is determined. Thus,

Sensitivity (S,) =
(s) undisturbed
(s) remoulded

Merits and Demerits of Shear Vane Test
Merits.

(1) The test is simple and quick.
(2) It is ideally suited for the determination of the in-situ undrained shear strength of non-fissured, fully 

saturated clay.
(3) The test can be conveniently used to determine the sensitivity of the soil.

Demerits.
(1) The test cannot be conducted on the fissured clay or the clay containing sand or silt laminations.
(2) The test does not give accurate results when the failure envelope is not horizontal.

13.24. PORE PRESSURE PARAMETERS
A knowledge of the pore water pressure is essential for the determination of effective stresses from the 

total stresses. The pore water pressure is usually measured in the field by installing piezometers. However, in 
some cases, it becomes difficult and impractical to install the piezometers and measure the pore water 
pressure directly in the field. For such cases, a theoretical method for the determination of the pore water 
pressure is useful. Skempton gave the pore pressure parameters which express the response of pore pressure 
due to changes in the total stresses under undrained conditions. These parameters are used to predict pore 
water pressure in the field under similar conditions. The expressions for pore pressure parameters are derived 
separately for isotropic consolidation, for deviatoric stress and for the combined effect.

PORE PRESSURE = uo PORE PRESSURE = 1^4. △ u3
PORE PRESSURE INCREASE = Au, 

(b)

Fig. 13.31. Pore Pressure Under Isotropic Consolidation.
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(1) Pore Pressure Under Isotropic Consolidations. I^et us consider a small element of a saturated soil 
mass which is in equilibrium under three principal stresses ab a2 and a3 [Fig. 13.3. (a)]. Ixt the initial pore 
pressure be u0. When the element is subjected to an equal increase Ao3 in all the three directions, let the 
increase in the pore pressure be Am3 [Fig. 1331 (b)]. Consequently, the increase in the effective stress in each 
direction would be equal to (Ao3 - Au3).

Let the initial volume be Vo and the porosity be n. .As the soil is saturated, the volume of water would 
be equal to nV0. If Cs is the coefficient of compressibility of the soil skeleton, the reduction in the volume of 
the soil mass due to an increase in the effective stress (Aa3 - Au3) is given by

A Vo = C, V0(A a3 - A m3) .. .(a)

If Cv is the coefficient of volume compressibility of pore fluid under isotropic conditions, the reduction 

in the volume of voids is given by

A V„ =. Cv (n Vo) A u3 ...(b)

Assuming that the solid particles are incompressible, the reduction in the volume of the soil mass is equal 
to the reduction in the volume of voids. Therefore, from Eqs. (a) and (b),

C,V0(ha} - Aa3) = C„(nV0) Au3

or A u3 [nC„ + CJVq = C, Vo A a3

or Am3 = BAo3 ...(13.30)

where B is known as the pore pressure parameter for the isotropic consolidation, and is given by

R - 1
1 + n(C„/C,)

In a fully saturated soil, the compressibility of the 
pore water (Cv) is negligible compared with the 
compressibility of the soil mass (Cs). Therefore, the ratio 

(Cv/Vs) tends to zero and the coefficient B becomes 

equal to unity. In other words, the change in pore water 
pressure is equal to the change in the total stress, i.e.

&u3 = Ao3
In a partially saturated soil, the compressibility of 

the air in the voids is high. The ratio (Cv/Vs) has a 
value greater than unity, and, therefore, the pore pressure 
coefficient B has a value of less than unity. The pore 
pressure coefficient B increases with the degree of 
saturation, but the variation is not linear (Fig. 13.32). 
There is a steep rise in the value of B at S = 80% or so.

...(13.31)

0 20 40 60 50 100

S (7.)-------►
(2) Pore Pressure Under Deviator Stress. Let us 

consider the element of a saturated soil which is in 
equilibrium under three principal stresses ab o2 and °3
(Fig. 13.33). When the element is subjected to a deviator Fig. 13.32. Variation of B with £
stress aa(= oi-a3), let the increase in pore water pressure be Aljd. The changes in the effective stresses in 
the three directions are given by

A Oj = A orf - A ud ••■(*)

Ao2 = -Aurf ■■■(»)
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Fig. 13.33. Pore Pressure Under Deviator Stress.

A 03 = -A ud

In an elastic material, the volumetric strain A Vq/V0 is equal to the sum of the linear strains in three 
directions, and is given by

A Vo
—7— = A Ej + A 82 + A £3

VQ

where fei = strain in the direction-1 = —— -v —— 
£ IE

A o2 ( A Ot
e2 = strain in the direction-2 = —— - v —— 

E I c

A a3 ( A Oi
and e3 = strain in the direction-3 =■ ——- - v —=~ 

E I E
A Vo 1 - 2v ,

Therefore, -77- = —-— (A o, + A o2Vq E

A 0; + A 02 + A 03 \

3 /
A Vq 3 (1 - 2v)

Vo E

Because the soil is not a purely elastic material, Eq. (d) for soils is modified as

A Vo / A Oj + A o2 + A o3 \v 4—5—j
where Cs is the coefficient of volume compressibility of the soil.

Substituting the values of Aoj, Ao2 and Ao3 from Eqs. (a), (b) and (c) in Eq. (e),

A Vq _ /Eud - Eud - Eud - Eud\V* 3 \ J
or ^-= y(Aorf - 3A«d) ...(f)

As in the case of isotropic consolidation, the reduction in the volume of fluid in voids is given by

A Vv - Cv(n V0)Eud ...(g)

As the change in the volume of the soil mass is equal to the reduction in the volume of voids.

y (A ad - 3 A ud) Vo = C„ (n Vo) A ud 

or A ud (n Cv + C,) Vo - C, Vo (A 0^/3)
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01

Because a soil is not perfectly elastic, the constant 1/3 is replaced by A in the above expression. Thus

x (AaJ

Using Eq. 13.31, the above expression is written as 

= AB A ad

Eq. 13.32 can also be written as

A ud «■ A A ad

where A = A x B

For a fully saturated soils, A is also equal to A, as B is unity.

...(13.32)

...(13.33)

...(13.34)

The value of the pore pressure parameter A can be determined experimentally in a triaxial test. A 
saturated soil specimen is set up under a certain confining pressure and the pore water pressure is measured. 
A deviator stress, Ao^, is then applied to the specimen and the change in pore water pressure Au^ is measured 
under undrained conditions. The value of the coefficient A, can be determined using Eq. 13.33. The
coefficient A is also equal to A, as Z? is equal to unity. 
Although the value of the parameter A can be determined 
at any stage of the loading, its value at failure (Ay) is of 
main interest. The parameter Af is required for the 
determination of the shear strength which depends upon 
the effective stress at failure. The value of Ay depends 
upon such factors as the degree of saturation and over- 
consolidation ratio.

For a heavily overconsolidated clay, there is a 
tendency for the soil to increase in volume (dilate) when 
the deviator stress is applied. As no water can be drawn 
into the soil to cause an increase in volume, a negative 
pore pressure develops. This gives a negative value of
Ay. Fig. 13.34 shows the variation of Ay with over-consolidation ratio for a particular soil. For 

overconsolidation ratio of greater than 4.0, Ay is negative.

For a highly sensitive clay, the deviator stress may cause collapse of the soil structure, and the value Ay 

may be even greater than unity.
Table 13.1 gives the values of Ay for different soils.

Table 13.1. Values of Af

S.No. Type of soil Af
1. Sensitive, clay 1.5—2.5
2. Normally consolidated clay 0.5—1.3
3. Lightly overconsolidateed clay 0..3—0.7
4. Highly overconsolidated clay -0.5—o.O
5. Very loose fine sand 2.0—3.0
6. Medium fine sand 0.0—1.00
7. Dense fine sand —0.3—0.0
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(3) Pore pressure due to both Isotropic Consolidation and Deviator stress.
In a conventional triaxial test, the specimen is first isotropically consolidated under a pressure of A03, 

and then it is sheared under a deviator stress of (Ao, - Ao3). The pore pressure developed can be obtained by 

combining Eqs. 13.30 and 13.32, as

Au = Aa3 +

or A u = B A a3 + AB (A aj - A a3)

or A u = B [A a3 + A (A cq - Aa3) ] ...(13.35)

or Au = Z?Aa3 + A (Acq-Ac^) ...(13.36)

where A = A x B

For a fully saturated soil, as B = 1.0,

Au = Ao3 + A (Adj-Adj) ...(13.37)

The above equations can be used for determination of the pore water pressure in the field when the 
values of the parameters A and B have been determined.

13.25. MOHR-COULOMB FAILURE CRITERION
The Mohr-Coulomb equation was discussed in Sect. 13.6. The Mohr- Coulomb failure criterion can be 

written in terms of principal stresses. Fig. 13.35 shows the failure envelope of a soil. It is tangent to the

Fig. 13.35. Mohr-Coulomb Failure Criterion.

Mohr-circle at failure. The stress on the failure plane at failure is indicated by the point B on the Mohr circle. 
The failure plane is indicated by the line BE. The failure plane makes an angle 6/ with the major principal 
plane. The failure envelope has an intercept c on the r-axis and it cuts the a-axis (when extended back) at 
point A.

BC
From the triangle ABC, sin <j> = —

AC

or (cq - o3) = 2ccos<p + (ar + <j3).sin<p

In terms of effective stresses, the above equation becomes
(5t - o3) - 2 c' cos tp' + ( o1 + 53) sin <p' 

where c’ and <j>' are shear strength parameters in terms of effective stresses. 
Eq. 13.39 may be written in a slightly modified form as

Oi - 5i sin <p - a3 sin <p + n3 + 2 c' cos <p'

...[13.38(a)]

...[13.38(b)]

...(13.39)
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— — (1 + sin tp) 2 c cos <p
or °i = 71------- '■— a + 7---------(1 - sin <p) 1 - sin $
or oi = o3 tan2 (45° + <|>72) + 2 c' tan (45° + <|>72) ...(13.40)

Tan2 (45° + <|>/2) is called flow ratio (N*).

Thus Oj » o3 N\ + 2 c'

For cohesionless soil, c' - 0.
Therefore, cq - o3 tan2(45° + <|»72) ...(13.41)

- — ( 1 + sin <t>' \
or -<I3-42>

When the stresses in a soil mass satisfy the above failure criterion, the failure is imminent. The soil mass 
is said to have reached a state of plastic equilibrium. The failure criterion is extensively used for the 
determination of earth pressure on retaining walls and in many other applications.

The angle 0Z can be determined from the angle of shearing resistance <£' - As the failure depends upon the 
effective stresses and not the total stresses, the angle of shearing resistance affecting the orientation of the 
failure plane is 4»' and not the apparent angle <J>. From the triangle ABC.

2 0Z = 90 + 4>'

or 0Z - (45° + $72) ...(13.43)

13.26 . MODIFIED FAILURE ENVELOPE
Mohr’s failure envelope is generally obtained by drawing a common tangent to Mohr circles at failure 

[Fig. 13.36 (a)]. This method of obtaining the failure envelope is not convenient, as it becomes difficult to 
draw the required tangent touching all the circles. A modified failure envelope as explained below is more 
convenient.

A modified failure envelope is a plot between p and q values at failure [Fig. 13.36 (h)], where

(to
Fig. 13.36. Conventional and Modified Failuree Envelopes.
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...[13.44 (a)]

q = -[13.44 (b)]

As discussed in Sect. 13.6, the coordinates of the top point of the Mohr circle corresponding to the 
maximum shear stress are (oi + g2)/2 and (oj - a3)/2 and are, therefore, equal to p and q.

In Fig. 13.36 (a), the points 1, 2 and 3 give the maximum shear stresses reached in the three tests at the 
time of failure. These points are transferred to p-q plot in Fig. 3.36 (b), and a line is drawn through these 
points. The line makes an angle a' with the p-axis and has an intercept a' on the tpaxis. This line is known 
as the modified failure envelope, and has the following equation in terms of effective stresses.

q - p tan a' + a'

or O12 j = [ 01 2 °3) taha' + ° ...(13.45)

or (3j - of) = (01 + 03) tana' + 2a' ...(13.46)

A relationship between the shear strength parameters c' and <j>' and the parameters of the modified 
envelope a’ and a' can be obtained by comparing Eqs. 13.39 and 13.46,

sin q>' = tana' ...(13.47)

and c'costp' - a' or c' - a' sec<|>' ...(13.48)

The values of parameters c' and 4/ are obtained from the intercept a' and the slope a', using above 
equations;—

It may be noted that points 1, 2, 3, etc. represent the maximum shear stresses which are greater than the 
shear stresses on the failure plane. The Mohr envelope gives the shear stresses on the failure planes, which 
are represented by the points of tangency; whereas the modified failure envelope joins the points of maximum 
shear stresses at the time of failure.

The main advantage of the modified failure envelope is that the stress conditions at failure are 
represented by one point instead of a Mohr circle. As the averaging of scattered points is easier than drawing 
a common tangent to a number of circle#, it is more 
convenient than the Mohr-Coulomb failure envelope. 
Despite this, Mohr-Coulomb failure envelope is used more 
commonly than the modified failure envelope. A Mohr 
envelope is more popular because it not only gives the 
shear strength parameters, but also' the principal stresses at 
the time of failure and directions of the failure plane. It 
gives a better insight into the whole phenomenon.

The modified failure envelope is also known as the Kf 

-line. It can be drawn either in terms of effective stresses or 
in terms of total stresses.

13.27 . STRESS PATH
A stress path is a curve which shows the changes in 

stresses as the load acting on the soil specimen changes. 
Lambc’s stress path is a commonly used stress path. It is a 
line drawn through the points representing the maximum 
shear stresses acting on the specimen as the load is 
changed. In other words, it is the locus of points of 
maximum shear stresses experienced by a specimen as the 
load changes take place.

Stress path

/Q

A (t>)
Fig. 13.37. Stress Path.
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Fig. 13.37 (a) shows the Mohr circle I, II, III which represent the stress conditions of a specimen as the 
load on the specimen is increased such that the minor principal stress remains constant. The line joining 
points 1, 2, 3 at the tops of the Mohr circles is the stress path. It is more convenient to draw the stress path 
on a p-q plot, as shown in Fig. 13.37 (b). There is no need to draw the complete stress circles. Only the stress 
points 1, 2, 3, etc. corresponding to maximum shear stresses are plotted. The direction of arrow on the stress 
path indicates the direction of the stress changes.

There are basically three types of stress paths.

(1) Effective Stress Path (ESP). It is plotted between effective stresses (a, + u3)/2 and (Oj -a3)/2

(2) Total Stress Path (TSP). It is plotted between total stresses (at + oj)/2 and (aj - a3)/2.

(3) Total Stress minus static pore pressure path (TSSP). It is a plot between [(a! +a3)/2 - u3] and 
(oj - a3)/2, where us is the static pore water pressure.

It may be noted that the vertical axis for all the stress paths is the same, as

Qi - as - o3 
2 2 “ g

If the principal planes are horizontal and vertical, the vertical stress (o„) and horizontal, stress (a/() are 

the principal stresses. In that case, the above three basic stress paths can be drawn between

... Oy + O/, Oy - O/, Oy + O/, Oy ~ °h
2’2’ ( > 2’2

( Ov + CT/, \ O,, — CT/,
(3) —-— - u, and —-— , respectively.

In the normal triaxial test, as the static pore water pressure (us) is zero, the stress paths (2) and (3) 
coincide. However, if a back pressure is used in testing, the two stress paths will be different. In field, the 
static pore water pressure depends upon the position of the water table with respect to the point.

Fig. 13.38. Different Stress Patlis.

Fig. 13.38 (a) shows the stress paths for a drained test. The point A corresponds to the stress condition 
when only the confining pressure acts on the specimen. ( As ot = o3,p = 0). The point F represents the 
failure. Fig. 13.38 (b) shows the stress paths for a consolidated undrained test on a normally consolidated clay 
and Fig. 13.38 (c), on an over-consolidated clay.

Fig. 13.39 shows the effective stress paths A - 1 for conventional triaxial compression test (oA = 
constant) i.e. Aav = positive and Ao/( = 0. The typical example is the case of a footing subjected to the 
vertical loads.

The stress path A - 2 is for the unloading case, when Ac/( = negative and Ao,, = 0. The typical example 
is the case pf active earth pressure on the retaining walls.

The stress path A - 4 is for the loading case in extension test when Aav = 0 and Ao*  = positive. It 

represents the passive earth pressure case.
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The stress path A - 3 is for the unloading case in the extension test, when Aah = 0 and Ao„ = negative. 
It represents the case of the foundation excavation.

The following points about the stress path are worth noting.
(1) A negative value of q indicates that the horizontal stress is greater than the vertical stress; and a 

positive value, that the vertical stress is greater than the horizontal.
(2) TSP to the right of ESP indicates a positive pore water pressure and TSP to the left of ESP, a 

negative pore water pressure.
(3) TSSP to the right of ESP indicates a positive excess pore pressure and TSSP to the left of ESP, a 

negative excess pressure. When both coincide, excess pore pressure is zero.
(4) Lines from any location on a stress path drawn at 45° to the axis cut the horizontal axis at a stress 

equal to the horizontal stress.

Note. The stress path can also be drawn using the space diagonal (Rendulic stress path), which is outside 
the scope of the text.

13.28 . SHEAR STRENGTH OF PARTIALLY SATURATED SOILS
The effective stress in a partially saturated soil is determined using Bishop’s equation (see chapter 10).

a - a - ua - x(uw - u„) ...(13.45)

The parameter x depends upon the degree of saturation. As it is difficult to determine accurately the 
effective stresses in partially saturated soils, it is common practice to draw the failure envelope in terms of 
total stresses.

Unconsolidated-undraincd triaxial tests are conducted on a number of samples with a given degree of 
initial saturation (S). The Mohr circles in terms 
of total stresses are drawn at failure and the 
failure envelope obtained (Fig. 13.40). As an 
increase in confining pressure causes an increase 
in the solubility of air in voids, the degree of 
saturation increases, and the failure envelope 
tends to the horizontal. For design purposes, the 
curved envelope is approximated as a straight
line. Fig. 13.40. Strength Envelope.
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s = + o tan
where s = shear strength, cM. = cohesion intercept, 

= angle of shearing resistance.
As it is difficult to draw the correct failure envelope, 

the values obtained are necessarily approximate.
As the initial degree of saturation is increased, the 

shear stress to cause failure is decreased (Fig. 13.41). For 
a fully saturated soil, the total stress failure envelope is 
horizontal, as already discussed for fully saturated soils.

The tests are conducted simulating the field 
conditions. However, an actual soil deposit in field may 
not remain unsaturated if it has an access to water. For 
such a case, the soil sample is saturated in the laboratory 
and the undrained shear strength in saturated conditions 
should be determined.

...(13.50)

FAILURE ENVELOPES 
(TOTAL STRESSES

S=70 ■/.

Fig. 13.41. Failure Envelopes for Different 
Degree of Saturation.

Partially saturated soils are encountered in the 
field in artificial fills or residual soils. A compacted 
soils is ordinarily placed at optimum water content 
and it is therefore partially saturated. Its behaviour 
depends upon the amount of air present in the pore 
space. If the volume of air is relatively small, the 
soil may get saturated under stresses. If the air 
content is very large, the soil remains unsaturated 
and undergoes large volume changes even in 
undrained conditions. The shear strength of partially 
saturated soils is not yet fully understood. It is still 
in the active research stage.

13.29 . HVORSLEV’S STRENGTH THEORY
According to Hvorslev’s hypothesis, the shear 

strength of remoulded, saturated clays is given by

s = ce+ a tan <j>e ...(13.51) 

where ce = true cohesion, <|>e true angle of internal 
friction, a = effective stress on the failure plane at 
failure.

The constants ce and <j>e are known as the 

Hvorslev shear strength parameters.
The true cohesion ce depends upon the water 

content (and hence void ratio) of the soil at failure, 
whereas the true angle of internal friction <|>e is 

approximately constant for a soiL It depends upon 
the plasticity index of the soil. The angle <|)e 
decreases with an increase of plasticity index of the 
soil.

At a given water content, the true cohesion ce is 
directly proportional to the equivalent consolidation 
pressure ae, and may be written as

ce = Ka, Fig. 13.42.
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where K is known as Hvorslev coefficient of cohesion. Accordingly, the shear st'ength can be expressed 
as

s ■ A?oe + atanq>e ...(13.52)
Bishop and Henkel (1962) suggested a method for determination of cc and <|>e from a series of 

consolidated-undrained triaxial tests on normally consolidated and over-consolidated specimens. The two 
failure envelopes are obtained as usual and are shown in Fig. 13.42 (b). The water content at failure for the 
two types of specimens is plotted against the maximum principal stress as shown in Fig. 13.42 (a).

For determination of the true failure envelope, any circle (say left circle I) for the over-consolidated clay 
in Fig. 13.42 (b) is chosen. The point corresponding to its maximum stress (is projected upward to the 
01 - wf curve in Fig. 13.42 (a) to get the point 1 on the curve for over-consolidated clay. The point 1 is 
projected horizontally across at constant water content to obtain point 2 on the curve for the normally 
consolidated clay. The point 2 is projected downward to obtain the point (a^n in Fig. 13.42 (c). Through this 

point, a Mohr circle II is drawn to touch the failure envelope for normally consolidated clay. In Fig. 13.42 
(c), the left circle I is the same as the circle I in Fig. 13.42 (b). The common tangent to the circle I and II in 
Fig. 13.42 (c) is the true failure envelope. The parameters ce and <p<. are obtained from this envelope.

The true failure envelope has been obtained using the concept that two samples can exist at the same 
water content, one as normally consolidated and one as over-consolidated. As the water contents at points 1 
and 2 are equal, the true cohesion is the same and the difference between the shear strength of the two 
samples is due to the internal friction only.

The fundamental properties of soils can be studied in terms of Hvorslev shear strength parameter. 
However, the theory is generally used only for research purposes. For practical use in engineering problems, 
the Mohr-Coulomb theory is commonly used.

1330. LIQUEFACTION OF SANDS
As discussed earlier, the shear strength of sandy soils is given by the Mohr-Coulomb equation (Eq. 

13.13), taking the cohesion intercept as zero.

Thus s-otan<j>' ....(13.53)
If the sand deposit is at a depth of z below the ground and the water table is at the ground surface, the 

effective stress is given by (see Chapter 10),

Therefore, s ■ y'ztan^'

If the sand deposit is shaken due to an earth-quake or any other oscillatory load, extra pore water 
pressure («') develops, and the strength equation becomes

s - (y' z - u') tan <t»'
It can also be expressed in the term of extra pore pressure head h, where u' = yM, h. Thus

s - (y'z-yMA)tan <}>' ...(13.54)

As indicated by Eq. 13.54, the shear strength of sand decreases as the pore water increases. Ultimately, 
a stage is reached when the soil loses all its strength. In which case,

y'z - Iwh - 0

or

The phenomenon

Expressing h/z as critical gradient,

t 1

Yw

...(13.55)

shear strength due to oscillatory motion is known as 

. (G-1)y„
“ 1 + e

G - 1
“ 1 + e 

the sand loses its
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liquefaction of sand. The structures resting on such soils sink. In the case of partial liquefaction, the structure 
may undergo excessive settlement and the complete failure may not Occur.

The soils most susceptible to liquefaction are the saturated, fine and medium sands of uniform particle 
size. When such deposits have a void ratio greater than the critical void ratio and are subjected to a sudden 
shearing stresses, these decrease in volume and the pore pressure u' increases. The soil momentarily liquefies^ 
and behaves as a dense fluid. Extreme care shall be taken while constructing structures on such soils. If the 
deposits are compacted to a void ratio smaller than the critical void ratio, the chances of liquefaction are 
reduced.

1331. SHEAR CHARACTERISTICS OF COHESIONLESS SOILS
The shear characteristics of cohesionless soils can be summarized as given below.
The shear strength of cohesionless soils, such as sands and non- plastic silts, is mainly due to friction 

between particles. In dense sands, interlocking between particles also contributes significantly to the strength.
The stress-strain curve for dense sands exhibits a relatively high initial tangent modulus. The stress 

reaches a maximum value at its peak at a comparatively low strain and then decreases rapidly with an 
increasing strain and eventually becomes more or less constant, as discussed earlier. 'Die stress-strain curve 
for loose sands exhibits a relatively low initial tangent modulus. At large strains, the stress becomes more or 
less constant.

The dense sand shows initially a volume decrease in a drained test, but as the strain increases, the volume 
starts increasing. The loose sand shows a volume decrease throughout.

In the case of loose sand, the specimen bulges 
and ultimately fails by sliding simultaneously on 
numerous planes. The failure is known as the plastic 
failure [Fig. 13.43 (a)]. In the case of dense sand, the 
specimen shows a clear failure plane and the failure 
is known as the brittle failure [Fig. 13.43 (&)].

The failure envelope for dense sand can be 
drawn either for the peak stresses or for the 
ultimate stresses. The value of the angle of 
shearing resistance ($') for the failure envelope for 
peak stresses is considerably greater than that for 
the ultimate stresses. In the case of loose sands, as 

(a) LOOSE SAND (b) DENSE SAND 
Fig. 13.43. Types of Failure.

the peak stress and the ultimate stress are identical, there is only one failure envelope. The angle of shearing 
resistance in very loose state is approximately equal to the angle of repcse. The angle of repose is the angle 
at which a heap of dry sand stands without any support. It has been established that air-dry sand gives 
approximately the same value of <|>' as the saturated sand. As it is easier to perform tests on dry sand, tests 
can be performed on dry sand instead of saturated sand.

If the failure envelope is slightly non-linear, a straight line may be drawn for the given pressure range 
and the angle of shearing resistance is taken as the slope of this line. The cohesion intercept, if any, is usually 
neglected.

The angle of shearing resistance of sands in the field can be determined indirectly by conducting in-situ 
tests, such as the standard penetration test (SPT) as explained in chapter 17.

The factors that affect the shear strength of cohesionless soils are summarized below:

(1) Shape of particles. The shearing strength of sands with angular particles having sharp edges is 
greater than that with rounded particles, other parameters being identical.

(2) Gradation. A well-graded sand exhibits greater shear strength than a uniform sand.
(3) Denseness. The degree of interlocking increases with an increase in density. Consequently, the greater 

the denseness, the greater the strength. The value of <{>' is related to the relative density (D,) as 
4>' = 26° + 0.2 Dr. However, the ultimate value of 4>' is not affected by denseness.
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(4) Confining pressure. The shear strength increases with an increase in confining pressure. However, 
for the range of pressures in the common field problems, the effect of confining pressure on the angle of 
shearing resistance is not significant.

(5) Deviator stress. The angle <j>' decreases under very high stresses. As the maximum deviator stress is 
increased from 500 to 5000 kN/m2, the value of 4>' decreases by about 10%. This is due to the crushing of 

particles.
(6) Intermediate principal stress. The intermediate principal stress affects the shear strength to a small 

extent. The friction angle for dense sands in the plane strain case is about 2° to 4° greater than that obtained 
from a standard triaxial test. However, for loose sand, there is practically no difference in the two values.

(7) Loading. The angle of shearing resistance of sand is independent of the rate of loading. The increase 
in the value of <|>' from the slowest to the fastest possible rate of loading is only about 1 to 2%.

The angle of shearing resistance in loading is approximately equal to that in unloading.
(8) Vibrations and Repeated loading. Repeated loading can cause significant changes. A stress much 

smaller than the static failure stress if repeated a large number of times can cause a very large strain and 
hence the failure.

(9) Type of minerals. If the sand contains mica, it will have a large void ratio and a lower value of <f>'. 
However, it makes no difference whether the sand is composed of quartz or feldspar minerals.

(10) Capillary moisture. The sand may have apparent cohesion due to capillary moisture. The apparent 
cohesion is destroyed as soon as the sand becomes saturated.

A person can easily walk on damp sand near the sea beach because it possesses strength due to capillary 
moisture. On the same sand in saturated conditions, it becomes difficult to walk as the capillary action is 
destroyed.

Table 13,2 gives the representative values of <j>' for different types of cohesionless soils.

Table 13.2. Representative Values of for Sands and Silts

5. No. Soil <!•'

1. Sand, round grains, uniform 27° to 34°

2j Sand, angular, well-graded 33° to 45°

3. Sandy gravels 35° to 50°

4. Silty sand 27° to 34°

5. Inorganic silt 27° to 35°

Note. Smaller values are for loose conditions and larger values are for dense conditions.

1332. SHEAR CHARACTERISTICS OF COHESIVE SOILS
The shear characteristics of cohesive soils are summarized below :
The shear characteristics of a cohesive soil depend upon whether a soil is normally consolidated or 

over-consolidated. The stress- strain curve of an over-consolidated clay is similar to that of a dense sand and 
that of a normally consolidated clay is identical to that of a loose sand. However, the strain required to reach 
peak stress are generally greater in clay than in sand. The high strength at the peak point in an 
over-consolidated clay is due to structural strength; whereas in the dense sand, it is mainly due to 
interlocking. In over-consolidated clay, strong structural bonds develop between the particles. Loose sands 
lend to increase in volume at large strains whereas normally consolidated clays show no tendency to expand 
after a decrease in volume.

The effective stress parameters (c', <j>') for an overconsolidated clay are determined from the failure 
envelope,

s = c' + a tan <j>'
However, for a normally consolidated clay, the failure envelope passes through the origin and hence c' = 0.
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For clay, when tested in unconsolidated-underained test, the failure envelope in terms of total stresses is 
horizontal = 0), and the shear strength is given by

s = cu
For heavily over-consolidated clays, negative pore pressure develops during shear, and the undrained 

strength is more than the drained strength. The 4>u = 0 concept, therefore, leads to the results on the unsafe 
side. Further, the continuity of heavily over-consolidated clays is commonly disrupted by a network of hair 
cracks and the average pressure is reduced. This results in a substantial decrease in its shear strength.

The general behaviour of compacted (partially saturated) clays is similar to a moderately 
over-consolidated clay. A total stress analysis is used for such soils.

The factors affecting the shear strength of cohesive soils may be summarised as under:
(1) Structure of clay. The clay exhibits a definite structure. Even a normally-consolidated clay exhibits 

a small peak due to structural strength. In case of over-consolidated clays, the structural strength is 
predominant.

(2) Clay content. Tire ultimate friction angle <fi' of the cohesive soil depends upon the clay content. As 
the clay content increases, the angle decreases. Further, the difference between the <j>' at peak and that at 
ultimate condition increases with an increase in clay content, because the clay particles do not reach a fully 
oriented face-to-face alignment at peak.

(3) Drainage conditions. As the cohesive soils have low permeability, the shear strength will depend 
whether it is in drained condition or in undrained conditions. The cohesive soils have very low strength just 
after the application of the load when undrained conditions exist.

(4) Rate of strain. In the case of normally consolidated clays, the effect of rate of strain upon the angle 
of shearing resistance is relatively small. The value of <[>' may decrease by about 10% if the strain rate is 
reduced by a factor of 10. However, in some cases, the angle <j>' is found to increase with a decrease in rate 
of strain. In the case of over-consolidated clays, some of the shear strength is always lost when the rate of 
strain is decreased.

(5) Intermediate principal stress. The values of c' and 4>' are affected very little by the magnitude of 
the intermediate principal stress.

(6) Repeated loading. For clays tested at constant water content, the shear strength is increased due to a 
large number of repetitions of the stress. However, if the stress intensities are too high, the cumulative 
deformations may result in failure.

(7) Confining pressure. The shear strength of clays increases with an increase in the confining pressure, 
provided there is enough time available for the pore water pressure to dissipate.

(8) Plasticity index. Tire value of 4>' decreases with an increase in plasticity index of the clay. The 
following relation is commonly used.

sin - 0.814 - 0.234 log10/P

(9) Stress history. The values of strength parameters depend upon the stress history.
(10) Disturbance. Hie shear strength of disturbed sample is less than that of the undisturbed samples.

Table 13.3. gives the representative values of cu for different types of cohesive soils for undrained 
conditions.

Table 133. Representative Values of cu for clay

5. No. Soil Cohesion cu (kN/m2)

1, Very soft clay < 12
2. Soft to medium clay 12 — 25
3. Stiff clay 50 — 100
4. Very stiff 100 — 200
5. Hard > 200
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1333. CHOICE OF TEST CONDITIONS AND SHEAR PARAMETERS
Test conditions and shear parameters should be chosen to represent the field conditions as closely as 
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In case of coarse grained soils, drainage takes place quickly during the application of the load. Tests on 

these soils are generally carried out under drained conditions, and therefore consolidated drained tests are 
more common. However, in some special cases when large masses of saturated, fine sands are subjected to 
quick loadings due to earthquakes or other causes, the undrained conditions are more relevant.

In case of fine-grained soils, drainage takes place very slowly. Immediately after the application of the 
load, undrained conditions are suitable. However, for final stability problems, drained tests are relevant, as the 
water content of such soils adjusts itself to the new conditions in due course of time. Consolidated-undraincd 
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tests are required for the cases when the soil gets 
consolidated under a certain loading and then additional 
load is applied; for example, in the case of earth dams, 
wherein the soil gets consolidated under self weight 
before the reservoir is filled and the water pressure 
causes additional stresses. Fig. 13.44 shows the shear 
strength envelopes obtained for a consolidated drained 
(CD), consolidated-undraincd (CU) and unconsolidated 
undrained (UU) tests for a particular soil.

The choice between the effective stress analysis 
(ESA ) using the effective stress parameters c' and 4>' and 
the total stress analysis (TSA) using the apparent 
parameters c and <j> depends upon the condition whether Fig. 13.44. Envelopes for Different Types of Tests.

the pore water pressure can be estimated or not. If the pore water pressure can be estimated (or measured), 
the effective stress analysis should be done, as it is more rational. It is based on well-established, unique 
functional relationship between the shear strength and the effective stress on the failure plane at failure.

In case the pore water pressure cannot be accurately estimated or measured, the total stress analysis is 
more convenient. However, it gives no indication of the real factor of safety. It is not known whether the 
analysis would give error on the side of safety or on the unsafe side. The laboratory tests are conducted such 
that the total stresses in the field are simulated. A tacit assumption is made that the pore water pressure that 
develops in the field would be the same as in the laboratory. The assumption may not be realised in practice. 
Further, it is not known whether the pore water pressure in the field is more than or less than in the 

ic
laboratory.

It may be emphasized that shear strength parameters do not have unique values for a given soil. These 
parameters are meaningless unless drainage conditions, type of strength envelope, the normal stress range, etc. 
are mentioned. Selection of these parameters will depend upon the field conditions and the type of analysis.

ILLUSTRATIVE EXAMPLES

Dlustrative Example 13.1. A series of direct shear tests was conducted on a soil, each test was carried 
out till the sample failed. The following results were obtained.

Determine the cohesion intercept and the angle of shearing resistance.

Sample Normal stress Shear stresses
No. (kN/m2) (kN/m2)

1 15 18

2 30 25

3 45 32
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Solution. Fig. Ex. 13.1 shows the plot between the shear stresses and normal stresses at failure.
From the plot, c = 11 kN/m2, <t> » 26°

Illustrative Example 13.2. The following results were obtained from a series of consolidated undrained 
tests on a soil, in which the pore water pressure was not determined. Determine the cohesion intercept and 
the angle of shearing resistance.

Sample 
No.

Confining 
preessure 
(kN/m2)

Deviator stress 
at failure 
(kN/m2)

2
600
750
870

Solution. The major principal stresses in the three test are 700, 950 and 1170 kN/m2, respectively. Fig.
Ex. 13.2 shows the Mohr circle at failure in terms of total stresses.

A common tangent is drawn to the Mohr circle.
From the plot, c = 150 kN/m2, = 24°.

Illustrative Example 133. A series of consolidated-undrained (CU) triaxial tests was conducted on an 
over-consolidated clay and the following results were obtained.
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Sample 
No.

Cell pressure 
(I* 1)

Deviator stress 
(kN/m2)

Pore-water pressure 
(kN/m')

1 125 510 - 70
2 250 620 - 10
3 500 850 + 120

Plot the strength envelopes in terms of total stresses and effective stresses, and hence determine the 
strength parameters.

ff the soil was preconsolidated to a pressure of 1000 kN/m2, plot the variation of the pore pressure 

parameter Af with the over-consolidation ratio.

Solution. The table below shows the required calculations.
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Fig. Ex. 13.3 (a) shows the strength envelope in terms of total stresses. From the plot,
<|> = 19.5°, c = 140 kN/m2

Fig. Ex. 13.3 (b) shows the strength envelope in terms of effective stresses. From the plot,

<|>' = 28.5°, c' = 50 kN/m2

Fig. Ex. 13.3 (c) shows the plot between Af and O.C.R.

Illustrative Example 13.4. The following results were obtained from a consolidated—undrained (CU) 
test on a normally consolidated clay. Plot the strength envelope in terms of total stresses and effective stresses 
and determine the strength parameters.

Solution. The table below shows the calculations for principal total stresses and effective stresses.

Sample 
No.

Cell pressure 
(kN/m2)

Deviator stress Pore water pressure 
(kN/m2)

1 250 152 120
2 500 300 250
3 750 455 350

Sample 
No. 03 or u 03 or

1 250 402 120 130 282
2 500 800 250 250 550
3 750 1205 350 400 855

Fig. Ex. 13.4 (a) and Fig. Ex. 13.4 (b) show the plot in terms of effective stresses and total stresses,

Fig. Ex. 13.4 (a) Fig. Ex. 13.4 (b)

From the plot in terms of total stresses, 4> = 14°

From the plot in terms of effective stresses, <j>' = 22°

Illustrative Example 133. A sample of a soil failed in a triaxial test under a deviator stress of 200 kN/ni 
when the confining pressure was 100 kN/m . If for the same sample, the confining pressure had been 200 kN In?, 
what would have been the deviator stress at failure? Assume the soil has (a) c = 0 and (b) <{> = (?.

Solution. The stress cq in the first test = 200 + 100 = 300.

(a) Fig. E 13.5 (a) shows the plot for c = 0. The envelope has been drawn tangential to the first circle. 
The second circle has been drawn such that it passes through o3 = 200 and is also tangential to the envelope. 
From the plot, - 30°.
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Alternative method
From Eq. 13.38 (a), sin ♦ - - 0.3

In the second test, <|> remains equal to 30°.

(oi - CTj)/2
Therefore, from Eq. 13.38 (a), sin <b =  ------------- 7-—-

' (cti + «3)/2

0> - 200 K 2or 0.50 - ---------7—— or Oj « 600 kN/m2
O| + zuo

Therefore, Oj - o3 - 600 - 200 - 400 kN/m2

(b) From the plot when <|>' = 0,

Oi-a3 - 200, as shown in Fig. Ex. 13.5 (b)

1400

(°i + o3)/2

a, - 100

0j + 100
or oj = 385.4

385.4 - 100 - 285.4 kN/m'

Fig. Ex. 13.5.

Illustrative Example 13.6. A sample of dry cohesionless soil was tested in a triaxial machine. If the 
angle of shearing resistance was 36° and the confining pressure, 100 kN/m2, determine the deviator stress at 

which the sample failed.
Solution. For dry cohesionless, the cohesion intercept is zero.

From Eq. 13.38 (a), sin <|>

or sin 36°

Deviator stress at failure, Oj

Illustrative Example 13.7. The stresses on a failure plane in a drained test on a cohesionless soil are as 
under :

Normal stress (0) = 100 kN/m2.
Shear stress (t) = 40 kN/m2.

(a) Determine the angle of shearing resistance and the angle which the failure plane makes with the 
major principal plane.

(b) Find the major and minor principal stresses.

Solution. Fig. Ex. 13.7 shows the Coulomb failure line passing through the origin and the point A with 
coordinates (100, 40).

40 
tan - 0.4 or <j> - 21.80°

From Eq. 13.43, the angle which the failure plane makes with the major principal plane, 
0 - 45 + $72 = 45 + 10.9 - 55.9°
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Fig. Ex. 13.7.

(b) The centre C of the Mohr circle is located by drawing a normal AC to line OA at A. Mohr’s circle is 
drawn through point A, with its centre at C. The circle cuts the o-axis at points B and D.

From the figure, u3 = 73 kN/m2, ■ 159 kN/m2

The stresses o3 and can also be obtained analytically as follows.

Length OA = V1002 + 404 = 107.7

AC - OA tan <]>'. - 107.7 x tan 21.8° - 43 kN/m2

OC - OA sec I' = 107.7 x sec 21.8° - 116 kN/m2 

OD = OC + AC = 116 + 43 = 159 kN/m2 = d.

OB = OC - AC - 116 - 43 - 73 kN/m2 = a3.

Illustrative Example 13.8. An undrained triaxial compression test was conducted on a sample of 
compacted clay. Pore-water pressure was measured after the application of the cell pressure and also at 
failure, as given below. Find the pore pressure coefficients A and B.

(a) Consolidation stage. Change in cell pressure 
Change in pore water pressure

(b) Shearing stage. Deviator stress at failure 
Pore pressure at failure

= 0 to 100 kN/m2
= -60 to + 10 kN/m2

= 500 kN/m2
= -70 kN/m2.

Solution. From Eq. 13.30, A u3 = B A o3

or [10-(-60)] - B [100-0] or B - 0.70
From Eq. 13.32, A ud - AB A
or (-7$-10) - A x 0.7(500) or A - -0.23.

Illustrative Example 13.9. A shear vane of 7.5 an diameter and 11.0 an length was used to measure the 
shear strength of a soft clay. If a torque of 600 N-m was required to shear the soil, calculate the shear 
strength.

The vane was then rotated rapidly to cause remoulding of the soil. The torque required in the ranoulded 
state was 200 N-m. Determine the sensitivity of the soil.

Solution. From Eq. 13.27,

T 600 x 10~3 ___________
5 " + lf/6) ~ rt[(7.5)2 x 11.0/2 + (7.5)3/6] x 10-6

or s - 503 kN/m‘
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In the remoulded state,

_______________ 200 x 103 ___________
S"” ’ at [(7.S)1 x 11.0/2 t (7.5)’/6] x IO* 4

503
From Eq. 13.29, sensitivity - —— - 3.0

Illustrative Example 13.10. A series of triaxial tests was conducted on samples of a cohesionless soil 
and the following readings were taken for the deviator stress (kN/m2) at different strains. Draw the stress­

strain curves and hence obtain the values of the secant moduli at one-half the ultimate stress.

Solution. Fig. Ex. 13.10 shows the stress-strain curves for the soil at three different confining pressures. 
From the plot, the values of secant moduli are obtained.

Sample 
No.

(%)

(kN/m2)''"^
1 2 3 4 5 6 7 8 9 10

1 50 15 27 36 43 49 54 57 61 63 64
2 1(M) 22 37 49 58 65 72 76 •79 81 82
3 150 32 52 65 75 89 88 96 96 98 99

fig. E-13.10.

(Et)i for o, - 50 kN/m2 is 1250 kN/m2 

(Ef)2 for of - 100 kN/m2 is 1750 kN/m2

(EJ3 for ae - 150 kN/m2 is 2700 kN/m2

PROBLEMS

A. Numerical
13 .1. The principal stresses at a point in a material are 80 kN/m2 and 40 kN/m2. Determine the normal, shear and 

resultant stress on a plane inclined at 30° to the major principal plane.
Find also, for this plane, the maximum value of obliquity. [Ans. 70; 17.3; 72.1 kN/m2; 19.47“]

132. On a^failure plane in a cohesionless soil sample, the normal and shear stresses are found as 10 kN/m2 and 4 
kN/m2. Determine the resultant stress on the plane of failure, the angle of shearing resistance and the inclination 
of failure plane to the major principal plane. [Ans. 10.8 kN/m2 ; 21.8°; 55.9“]

133. A consolidated-undrained triaxial test was conducted on a saturated clay. When the confining pressure was 200 
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kN/m2, the sample failed at a deviator stress of 500 kN/m2. Hie pore water pressure was 150 kN/m2. The failure 

plane occurred at an angle of 60° to the horizontal. Determine the normal and shear stresses on the failure plane1 
at failure. Also calculate the the maximum shear stress.
(ii) If the same specimen were tested in a drained test with a confining pressure of 200 kN/m2, what would have 

been the deviator stress at failure? c = 44 kN/m2. [Ans. 226.5; 108; 125; 552.4 kN/m2]'
11.4. A cylindrical soil sample failed at an axial load of 140 kN/m2 in an unconfined compression test. The failure 

plane makes an angle of 54’ with horizontal. Determine the soil properties. [Ans. <p = 18’|
13.5. The following results were obtained from an undrained shear box test on a soil.

Normal Load (N) 250 500 750
Failure load (N) 320 460 610

Determine the strength parameters in terms of total stresses. The cross-sectional area of the shear box was;
36 cm2. _ [Ans. 4> = 29°, c = 55 kN/m2]

13.6. The results of a CU test on a compacted soil are given below:

„ . 03 ' (01-03) u
Sample No. (kN/m2) (kN/m2) (kNZ/m2)

1 70 230 - iQ
2 350 550 + 90

Determine the cohesion intercept and the angle of shearing resistance in terms of (a) total stresses (h) effective: 
stresses. [Ans. 21°, 55 kN/m2 ; 29°, 20 kN/m2]

13.7. Ashear vane, 7.5 cm dia and 11.25 cm long, was pressed into soft clay at the bottom of a bore hole. Find the: 
shear strength of the clay if the torque required for failure was 40 N-m. [Ans. 33 kN/m2]

13.8. In an unconfined compression test, the following results were obtained. Diameter of sample = 3.75 cm. Length 
of sample = 75 cm. Spring extension = 3.00 cm. Spring constant = 100 N/cm. Deformation of sample = 12 mm. 
Determine the unconfined compressive strength of the soil. [Ans. 228.1 kN/m2]

13.9. A sample of dry sand was subjected to a triaxial test, with a confining pressure of 250 kN/m2. The angle of;
shearing resistance was found to be 36°. At what value of the major principal stress, the sample is likely to fail!

[Ans. 963 kN/m2]' 

13.10. A direct shear test was performed on a 6 cm x 6 cm sample of dry sand. The normal load was 360 N. The 
failure occurred at a shear load of 180 N. Plot the Mohr strength envelope, and determine 4». Assume c = 0. 
Also determine the principal stresses at failure. [Ans. 26.57°; 69.1 kN/m2; 181.1 kN/m2]

13.11. An embankment is constructed of soil, with c' = 50 kN/m2, 4>' = 20° and y = 16 kN/m2. Determine the pore 
water pressure, effective stress, shear strength of the soil at the base of.embankmcnt just after the fill has been 
raised from 3 m to 6 m. Hike pore pressure coefficients A and B as 0.50 and 0.80, respectively, and the lateral 
pressure as one-half of the vertical pressure. [Ans. 28.8; 67.2; 74.5 kN/m2]

13.12. A series of shear tests was performed on a soil. Each test was carried out until the soil sample sheared and (he । 
principal stresses for each test are as follows.

Test

1
2
3

03 (kN/m2)
300
400
500

01 (kN/m2)
875
1160
1460

Plot the Mohr circle of stress and determine the strength envelope and angle of internal friction of the soil. , 

[Ans. 29']

B. Descriptive and Objective Type
13.13. What is Mohr’s strength theory for soils? Sketch typical strength envelopes for a clean sand.
13.14. Describe direct shear test. What are its merits and demerits?
13.15. Describe the triaxial shear test. What are the advantages of triaxial shear test over the direct shear test?
13.16. What is unconfined compression test? Sketch the apparatus used. What is its advantage over a triaxial test?



SHEAR STRENGTH 355

13.17. Define slow, quick and consolidated quick triaxial shear test, illustrating their u e by at least one field example.
13.18. What is Mohr’s circle? Discuss its important characteristics.
13.19. Write revised Mohr-Coulomb equation. How does it differ from the original equation?
13.20. Differentiate between the stress-controlled and the strain-controlled tests. Why the latter tests are more 

commonly conducted?
13.21. Discuss the. shear characteristics of cohesionless soils and cohesive soils.
13.22. Explain the working of the following accessories of a triaxial test apparatus.

(a) Pore pressure measurement device.
(h) Mercury control system.

13.23. Derive a relationship between the principal stresses at failure using Mohr-Coulomb failure criterion.
13.24. Discuss modified failure envelope. What are its advantages and disadvantages over the standard failure 

envelope?
13.25. What is stress path? Sketch different types of stress paths that can be obtained in a triaxial test.
13.26. Discuss the shear characteristics of partially saturated soils.
13.27. What is Hvorslev' strength theory ? How does it differ from the the Mohr-Coulomb theory ?
13.28. What is liquefaction of sands ? How can it be prevented ?
13.29. Discuss how the shear test conditions are decided. Where would you use the effective stress analysis and where, 

the total stress analysis ?
13.30. Write whether the following statements are true or false.

(a) The origin and die pole are the same point in a Mohr circle.
(A) On the failure plane, the shear stress is maximum.
(c) Tile Mohr circle can be drawn for all intermediate loadings in a shear box test.
(d) According to Mohr’s theory, the failure envelope is a strength line.
(e) The shear strength of a soil depends upon the total stresses.
(f) The Mohr circle for unconfined compression test passes through the origin.
(g) In a stress-controlled test, the stress-strain curve after the peak can easily be obtained.
(ft) Consolidated drained test is also known as slow test.
(f) Consolidated undrained test on sand can be conducted easily in a direct shear machine.
(j) The dense sand increases in volume during shear.
(k) At critical void ratio, the volume change during shear is maximum.
(/) The pore pressure during a shear test on a normally consolidated clay is negative.
(m) The effective stress failure envelope of a normally consolidated clay passes through origin.
(n) The failure envelope for a normally consolidated clay in terms of total stresses obtained from an 

unconsolidated undrained test is horizontal.
(o) The dense sand has a brittle fracture.
(p) Vane shear test can be conducted on all types of soil.
(q) The unconfined compression lest can be conducted on a cohesionless soil.
(r) The pore pressure parameter B is equal to unity for saturated soils.
(s) The failure plane makes an angle of (45° + <|>/2) with the major principal plane, where 0 is the angle of 

shearing resistance in terms of total stresses.
(r) It is easier to draw the modified failure envelope than the Mohr-Coulomb envelope.
(«) Dense sands are liable to liquefaction.

[Ans. True, (/), (A), (/). (m), (n), (o). (r), (()]

C. Multiple Choice Questions
1. The shear strength of plastic undrained clay depends upon

(a) Internal friction (A) Cohesion
(c) Both (a) and (b) (d) Neither (a) and (A)

2. When drainage is permitted throughout the triaxial test, the test is known as
(a) Quick test (A) Drained test
(c) Consolidated undrained test (d) None of (a), (A) and (c)



356 SOIL MECHANICS AND FOUNDATION ENGINEERING

3. The shear strength of a cohesionless soil is
(a) proportional to the angle of shearing resistance.
(b) inversely proportional to the angle of shearing resistance.
(e) proportional to the tangent of the angle of shearing resistance.
(d) None of above.

4. The angle of the failure plane with the major principal plane is given by
(fl) 45° + 0' (/>) 45° + 072
(c) 45° - 072 (</) 45 - 0'

where 0' is the angle of shearing resistance.

5. For a heavily over-consolidated clay, the pore pressure coefficient A/ is in the range of
(fl) 0.7 to 1.3 (M 0.3 to 0.7
(c) - 0.5 to 0.0 (</) -1.0 to -0.50

6. It the angle ot the modified failure envelope is a', the angle of sheanng'resistanbb0' is given by
(fl) cos <p'' = tan a' (b) sin <p' = tan a'
(c) tan 0' = sin a’ (<•/) None of above

7. Coulomb’s equation for shear strength can be represented as
(a) c = s + ct tan 0 (b) c = s - o tan 0
(c) s = o + c tan 0 (</) s = c - o tan 0

8. For saturated, normally consolidated soils, Skempton’s pore pressure coefficients can be represented as
(a) A < 1, B = 1 (/>) A > 1, B > 1
(c) A > 1, B < 1 (J) A < 1, B > 1

9. In an undrained triaxial compression test, the sample failed at a deviator stress of 200 kN/m2 when the cell 
pressure was 100 kN/m". The cohesion intercept is 
(0^200 kN/m2 (7>) 100 kN/m2
(c) 300 kN/m2 (</) '50 kN/m2

10. A dry sand specimen was tested in a triaxial machine-with the cell pressure of 50 kPa. If the deviator stress at 
failure was 100 kPa, the angle of shearing resistance is
(a) 30° (i) 15°
(c) 45° (</) 60°

[Ans. I. (b). 2. (Z>). 3. (c), 4. (b), 5. (c), 6. (b). 7. (/>). 8. (fl). 9. (/>). 10. (a)]



14
Compaction of Soils

14.1. INTRODUCTION
Compaction means pressing the soil particles close to each other by mechanical methods. Air during 

compaction is expelled from the void space in the soil mass and, therefore, the mass density is increased. 
Compaction of a soil mass is done to improve its engineering properties. Compaction generally increases the 
shear strength of the soil, and hence the stability and bearing capacity. It is also useful in reducing the 
compressibility and permeability of the soil.

Compaction is an entirely different process than consolidation discussed in chapter 12. It is important to 
note the following basic differences between the two processes, even though both the processes cause a 
reduction in the volume.

(1) Consolidation is a gradual process of reduction of volume under sustained, static loading; whereas 
compaction is a rapid process of reduction of volume by mechanical means such as rolling, tamping and 

vibration.
(2) Consolidation causes a reduction in volume of a saturated soil due to squeezing out of water from the 

soil; whereas in compaction, the volume of a partially saturated soil decreases because of expulsion of air 
from the voids at the unaltered water content (Fig. 14.1).

(a) COMPACTION (b) CONSOLIDATION

Fig. 14.1.

(3) Consolidation is a process which occurs in nature when the saturated soil deposits are subjected to 
static loads caused by the weight of the buildings and other structures. In contrast, compaction is an artificial 
process which is done to increase the density (unit weight) of the soil to improve its properties before it is 

put to any use.
Compaction of soil is required for the construction of earth dams, canal embankments, highways, 

runways and in many other engineering applications. This chapter deals with various methods of compaction 
and their effects on the engineering properties of the soil. Various other methods of site improvement are also 

discussed.

(Stabilisation of soils is discussed in chapter 15).
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14.2. STANDARD PROCTOR TEST
To assess the amount of compaction and the water content required in the field, compaction tests are 

done on the same soil in the laboratory. The tests provide a relationship between the water content and the 
dry density. The water content al which the maximum dry density is attained is obtained from the 
relationships provided by the tests.

Proctor (1933) used a standard mould of 4 inches internal diameter and an effective height of 4.6 inches, 
with a capacity of 1/30 cubic foot. The mould had a detachable base plate, and a removable collar of 2 inches 
height at its top. The soil was compacted in the mould in 3 equal layers, each layer was given 25 blows of 
5.5 pounds rammer falling through a height of 12 inches. A curve was obtained between the dry density and 
the water content.

IS : 2720 (Part VII) recommends essentially the same specifications as in Standard Proctor test, with 
some minor modifications and mctrification. The mould recommended is of 100 mm diameter, 127.3 mm

• Rammer •
Fig. 14.2. Standard Proctor Test. O’) 

height and 1000 ml capacity [Fig. 14.2 (a)]. The rammer recommended is of 2.6 kg mass with a free drop of 
310 mm and a face diameter of 50 mm. The soil is compacted in three layers. The mould is fixed to a 
detachable base plate. The collar is of 60 mm height.

If the percentage of soil retained on 4.75 mm sieve is more than 20%, a larger mould of internal diameter 
150 mm, effective height of 127.3 mm and capacity 2250 ml is recommended.

Procedure. About 3 kg of air-dried, pulverised soil passing 4.75 mm sieve is taken. Water is added to 
the soil to bring its water content to about 4% if the soil is coarse-grained and to about 8% if it is 
fine-grained. The water content should be much less than the expected optimum water content (Table 14.1). 
The soil is mixed thoroughly and covered with a wet cloth and left for maturing for about 15 to 30 minutes.

Table 14.1. Range of Optimum Water Content
Sand Sandy silt or silty sand Silt Clay

6 to 10% 8 to 12% 12 to 16% 14 to 20%

The mould is cleaned, dried and greased lightly. The mass of the empty mould with the base plate, but 
without collar, is taken. The collar is then fitted to the mould. The mould is placed on a solid base and filled 
with fully matured soil to about one-third its height. The soil is compacted by 25 blows of the rammer, with 
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a free fall of 310 mm. (The number of blows required for the bigger mould of 2250 ml capacity is 56 instead 
of 25). The blows are evenly distributed over the surface. The soil surface is scratched with a spatula before 
the second layer is placed. The mould is filled to about two-thirds height with the soil and compacted again 
by 25 blows. Likewise, the third layer is placed and compacted. The third layer should project above the top 
of the mould into the collar by not more than 6 mm.

The collar is rotated to break the bond between the soil in the mould and that in collar. The collar is then 
removed, and the soil is trimmed off flush with the top of the mould. The mass of the mould, base plate and 
the compacted soil is taken, and thus the mass of the compacted soil is determined. The bulk density of the 
soil is computed from the mass of the compacted soil and the volume of the mould.

Representative soil samples are taken from the bottom, middle and top of the mould for determining the 
water content. The dry density is computed from the bulk density and the water content.

M
Bulk mass density, p - — gm/ml ...(14.1)

where M = mass of compacted soil (gm), V = volume of the mould (ml).

Dry density, pd ...(14.2)

where w is the water content.

The soil removed from the mould is broken with hand. More water is added to the soil so as to increase 
the water content by 2 to 3%. It is thoroughly mixed and allowed to mature. The test is repeated and the dry 
density and the water content are determined.

Compaction Curve. A compaction curve is plotted between the water content as abscissa and the 
corresponding dry density as ordinate (Fig. 14.3). It is observed that the dry density initially increases with 
an increase in water content till the maximum density 
(Pd)mM is attained. With further increase in water content, 

the dry density decreases. The water content 
corresponding to the maximum dry density is known as 
the optimum water content (O.W.C.) or the optimum 
moisture content (O.M.C.).

At a water content lower than the optimum, the soil 
is rather stiff and has lot of void spaces and, therefore, 
the dry density is low. As the water content is increased, 
the soil particles get lubricated and slip over each other, 
and move into densely packed positions and the dry 
density is increased. However, at a water content more 
than the optimum, the additional water reduces the dry 
density, as it occupies the space that might have been 
occupied by solid particles, as further explained in Sect. 
14.8.

For a given water content, theoretical maximum 
density, (pd)tiu:omm > is obtained corresponding to the 

Water content
Fig. 143. Compaction Curve.

condition when there are no air voids (he. degree of saturation is equal to 100%). The theoretical maximum 
dry density is also known as saturated dry density (prf)J<a. ln this condition, the soil becomes saturated by 

reduction in air voids to zero but with no change in water content. The soil could also become saturated by 
increasing the water content such that all air voids are filled. As we are interested in the dry density al a 
given water content, the latter case is not relevant here. An expression for the theoretical maximum density is 

developed below.
From the equations developed in chapter 2, the dry density (pd) is expressed as
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p--rr;

G Oo,
A3e.wG/S, P- ■ , » (Jc/S) -(»-»
It may be mentioned that compaction methods cannot remove all the air voids, and, therefore, the soil 

never becomes fully saturated. Thus, the theoretical maximum density is only hypothetical. It can be 
calculated from Eq. 14.4 for any value of w if the value of G is known. The line indicating the theoretical 
maximum density can be plotted along with the compaction curve, as shown in Fig. 14.3. It is also known as 
zero air void line or 100% saturation line.

Likewise, the lines for other degrees of saturation, say 80%, 90% etc. can be drawn. For example, for S 
= 90%, Eq. 14.3 becomes

" 1 ♦ (wG/0.90) ...(14J)

Instead of drawing lines corresponding to different degrees of saturation, it is sometimes more convenient 
to draw lines corresponding to different percentage air voids (nJ. From equations developed in chapter 2,

For theoretical maximum density, na = 0. Therefore,

, °PJC (same as Eq- 144)

Thus, the zero-air void line and 100% saturation line are identical.
The lines for other percentages of air voids, such as 10%, 20% etc. can be drawn. For example, for 10% 

air voids, Eq. 14.6 gives

It may be noted that 10% air-void line and 90% saturation line are not identical.

The water content at which the soil is compacted in the field is controlled by the value of the optimum 
water content determined by the laboratory compaction test. The amount of compaction in the field should be 
approximately equal to that in the laboratory. The standard Proctor test described above is adequate to 
represent the compaction of fills behind retaining walls and in highways and earth dams where light rollers 
are used. In such cases, the optimum water content obtained from the standard Proctor test can be used as a 
control criterion. However, in situations where heavier compaction is required, for example in modem 
highways and runways, the standard Proctor test does not represent the equivalent compaction in the 
laboratory. For such conditions, the modified Proctor test, as described in the following section, is used to 
represent the compaction in the field.

(See Chapter 30, Sect. 30.18 for the laboratory experiment).

143. MODIFIED PROCTOR TEST
The modified Proctor test was developed to represent heavier compaction than that in the standard 

Proctor test. The test is used to simulate the field conditions where heavy rollers are used. The test was 
standardised by the American Association of State Highway Officials and is, therefore, also known as 
modified AASHO-test. The Indian Standard Code IS : 2720 (Part VIII) gives the specifications for heavy 
compaction based on this test.

In the modified Proctor test, the mould used is the same as in the standard Proctor test. However, the 
rammer used is much heavier and has a greater drop than that is the standard Proctor test. Its mass is 4.89 kg 
and the free drop is 450 mm. The face diameter is 50 mm as in the standard Proctor test. The soil is 
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compacted in five equal layers, each layer is given 25 blows. The compactive effort in the modified Proctor 
test, measured in kJ/m3 of soil, is about 4.56 times that in the standard Proctor test. Thus, a much heavier 

compaction is attained.
(Compactive effort in modified Factor test = 2700 kJ/m3; in standard Proctor test = 592 kJ/m3).

If the percentage of soil retained on a 4.75 mm sieve is more than 20%, the larger mould of 150 mm 
internal diameter, effective height of 127.3 mm and capacity 2250 ml is used. In this case, 56 blows are 
required for each layer. The rest of the procedure is similar to that in the standard Proctor test.

The dry densities are obtained for different water contents and the compaction curve is drawn. Fig. 14.4 
shows the compaction curve for the modified Proctor test (curve No. 2). The curve is higher than and to the 
left of that obtained from a standard Proctor test (curve no. 1). The heavier compaction increases the 
maximum dry density but decreases the optimum water content. The percentage increase of the dry density is 
between 3 to 18% for most soils; the percentage increase is more for clayey soils than for the sandy soils.

Fig. 14.4. Compaction Crves of Standard Proctor Test and Modified Proctor Test.

Fig. 14.4 also shows the zero air-void line. It may be noted that the maximum dry density attained even 
in the modified Proctor lest is lower than the theoretical maximum dry density indicated by the zero air-void 
line. The line of optimums shown in the figure joins the points indicating the maximum dry density. It is 
roughly parallel to the zero air-void line.

14.4. COMPACTION OF SANDS
The compaction curves shown in Fig. 14.3 

and 14.4 are obtained for soils which contain at 
least some percentage of cohesive soils, In case of 
pure sandy soils, the effect of water content on 
the dry density is not well defined when the water 
content is below the optimum value. There is a 
large scattering of the points on the compaction 
curve. Generally, the dry density decreases with 
an increase in the water content in this range (Fig. 
14.5). The dry density decreases due to capillary 
tension in pore water. The capillary tension resists 
the tendency of soil particles to take a dense state 
and hence the volume increases. The phenomenon 
is known as the bulking of sand. The maximum 
bulking occurs at a water content of about 4 to 
5%. With further increase in the water content, Fig. 145. Campaction Curvee for Cohesionless Soil.
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the dry density increases as the meniscus is destroyed and the particles are able to shift and take a closer 
packing. The maximum dry density occurs when the soil is fully saturated. If the water content is increased 
beyond this point, the dry density again decreases. The coarse- grained soils do not adsorb water and arc not 
amenable to lubrication. These do not display a distinct optimum water content.

For sandy soils, the compaction curve is of little practical use. For such soils, the relative density, as 
discussed in chapter 3, is used as a criterion for measurement of compactness (or denseness). The dry density 
of the sand is measured in the embankment and its relative density is determined if the dry densities in the 
loosest and densest states are known.

14.5. JODHPUR MINI COMPACTOR TEST
'Ilie Jodhpur Mini Compactor test was developed by Prof. Alam Singh (1965). A small mould of internal 

diameter 79.8 mm (cross- sectional area = 5000 mm2), effective height 60 mm and a capacity of 300ml is 

used. The rammer used is of 25 kg mass and is known as the dynamic ramming tool (DRT). 'Die mass slides 
down a stem through a height of 250 mm and falls over a foot of 40 mm diameter and 75 mm height and 
compacts the soil. The test is suitable for both fine-grained soils and coarse-grained soils (minus 4.75 mm 
sieve).

The procedure for conducting the test is similar to that in the standard Proctor test, but the soil is 
compacted only in 2 layers. Each layer is compacted by 15 blows of the dynamic ramming tool uniformly 
distributed over the soil surface. The compactive effort is approximately equal to that obtained in the standard 
Proctor test. It is claimed that the optimum water content and the dry density obtained in the test are almost 
equal to that in the standard Proctor test. It is recommended that, for fine- grained soils, a fresh soil sample 
shall be taken for each test after allowing a suitable maturing time.

14.6. HARVARD MINIATURE COMPACTION TEST
In Harvard miniature compaction test, compaction is done by the kneading action of a cylindrical 

tamping foot of 0.5 inch (12.7 mm) diameter. The tamping foot operates through a pre-set compression spring 

to give the tamping force to a predetermined value. The mould used is of inch (33.34 mm) diameter and 

of effective height of 2.816 inch (71.53 mm). The capacity of the mould is 1/456 cubic foot ( = 62.4 ml).
The number of layers, the tamping force and the number of tamps per layer are selected depending upon 

the type of the soil and the amount of compaction required.

14.7. ABBOT COMPACTION TEST
In the Abbot compaction test, a metal cylinder (mould) of 5.2 cm internal diameter and 40 cm effective 

height is used. The cylinder is clamped to the base. The soil is taken in the cylinder and compacted by a 2.5 
kg rammer having a circular face of 5 cm diameter. The rammer is lifted up and dropped inside the cylinder 
through a height of 35 cm above the base.

14.8. FACTORS AFFECTING COMPACTION
The dry density of the soil is increased by compaction. 'The increase in the dry density depends upon the 

following factors :

(1) Water Content At low water content, the soil is stiff and offers more resistance to compaction. As 
the water content is increased, the soil particles get lubricated. Ute soil mass becomes more workable and the 
particles have closer packing. The dry density of the soil increases with an increase in the water content till 
the optimum water content is reached. At that stage, the air voids attain approximately a constant volume. 
With further increase in water content, the air voids do not decrease, but the total voids (air plus water) 
increase and the dry density decreases. Thus the higher dry density is achieved upto the optimum water 
content due to forcing air out from the soil voids. After the optimum water content is reached, it becomes 
more difficult to force air out and to further reduce the air voids.

The effect of water content on the dry density of the soil can also be explained with the help of electrical 
double layer theory (chapter 6). At low water content, the forces of attraction in the adsorbed water layer are 
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large, and there is more resistance to movements of the particles. As the water content is increased, the 
electrical double layer expands and the interparticle repulsive forces increase. The particles easily slide over 
one another and are closely packed. This results in higher dry density.

(2) Amount of Compaction. As discussed earlier, the effect of increasing the amount of compactive 
effort is to increase the maximum dry density and to decrease the optimum water content (Fig. 14.4). At a 
water content less than the optimum, the effect of increased compaction is more predominant. At a water 
content more than the optimum, the volume of air voids becomes almost constant and the effect of increased 
compaction is not significant.

It may be mentioned that the maximum dry density does not go on increasing with an increase in the 
compactive effort. For a certain increase in the compactive effort, the increase in the dry density becomes 
smaller and smaller. Finally, a stage is reached beyond which there is no further increase in the dry density 
with an increase in the compactive effort.

The line of optimums which joins the peaks of the compaction curves of different compactive efforts 
follows the general trend of the zero-air void line. This line corresponds to air voids of about 5%.

(3) Type of Soil. The dry density achieved depends upon the type of soil The maximum dry density and 
the optimum water content for different soils are shown in Fig. 14.6. In general, coarse-grained soils can be 
compacted to higher dry density than fine- grained soils. With the addition of even a small quantity of fines 
to a coarse-grained soil, the soil attains a much higher dry density for the same compactive effort. However, 
if the quantity of fines is increased to a value more than that required to fill the voids of the coarse-grained 
soils, the maximum dry density decreases. A well graded sand attains a much higher dry density than a 
poortly graded soil.

Cohesive soils have high air voids. These soils attain a relatively lower maximum dry density as 
compared with the cohesionless soils. Such soils require more water than cohesionless soils and, therefore, the 
optimum water content is high. Heavy clays of very high plasticity have very low dry density and a very high 
optimum water content.

(4) Method of Compaction. The dry density achieved depends not only upon the amount of compactivc 
effort but also on the method of compaction. For the same amount of compactive effort, the dry density will 
depend upon whether the method of compaction utilizes kneading action, dynamic action or static action. For

Water content ( •/.)-------
Fig. 14.6. Compaction Curves for Different Soils.
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compaction curve obtained is different from that obtained from the other conventional tests in which an equal 
compactive effort is applied.

Different methods of compaction give their own compaction curves. Consequently, the lines of optimums 
are also different.

(5) Admixture. The compaction characteristics of the soils are improved by adding other materials, 
known as admixtures. The most commonly used admixtures are lime, cement and bitumen, as discussed in 
chapter 15. The dry density achieved depends upon the type and amount of admixtures.

14.9. EFFECT OF COMPACTION ON PROPERTIES OF SOILS
The engineering properties of soils are improved by compaction. The desirable properties are achieved by 

proper selection of the soil type, the mode of placement and the method of compaction. The effect of 
compaction on various soil properties is discussed 
below. In the following discussions, the dry of 
optimum means when the water content is less than 
the optimum, and the wet of optimum means when 
the water content is more than the optimum.

(1) Soil structure. The water content at which 
the soil is compacted plays an important role in the 
engineering properties of the soil. Soils compacted 
at a water content less than the optimum water 
content generally have a flocculated structure, 
regardless of the method of compaction. Soils 
compacted at a water content more than the 
optimum water content usually have a dispersed 
structure if the compaction induces large shear 
strains and a flocculated structure if the shear 
strains are relatively small.

In Fig. 14.7, at point A on the dry side of the optimum, the water content is so low that the attractive 
forces are more predominant than the repulsive forces. This results in a flocculated structure. As the water 
content is increased beyond the optimum, the repulsive forces increase and the particles get oriented into a 
dispersed structure. If the compactive effort is increased, there is a corresponding increase in the orientation 
of the particles and higher dry densities are obtained, as shown by the upper curve.

(2) Permeability. The permeability of a soil depends upon the size of voids, as discussed in chapter 8. 
'Die permeability of a soil decreases with an increase in water content on the dry side of the optimum water 
content. There is an improved orientation of the particles and a corresponding reduction in the size of voids 
which cause a decrease in permeability. The minimum permeability occurs at or slightly above the optimum 
water content. After that stage, the permeability slightly increases, but it always remains much less than that 
on the dry side of the optimum. The slight increase in the dry density is more pronounced than the effect of 
improved orientation.

If the compactive effort is increased, the permeability of the soil decreases due to increased dry density 
and better orientation of particles.

(3) Swelling. A soil compacted dry of the optimum water content has high water deficiency and more 
random orientation of particles. Consequently, it imbibes more water than the sample compacted wet of the 
optimum, and has, therefore, more swelling.

(4) Pore water pressure. A sample compacted dry of the optimum has low water content. The pore water 
pressure developed for the soil compacted dry of the optimum is therefore less than that for the same soil 
compacted wet of the optimum.

(5) Shrinkage. Soils compacted dry of the optimum shrink less on drying compared with those 
compacted wet of the optimum. The soils compacted wet of the optimum shrink more because the soil 
particles in the dispersed structure have nearly parallel orientation of particles and can pack more efficiently.
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(6) Compressibility. The flocculated structure developed on the dry side of the optimum offers greater 
resistance to compression than the dispersed structure on the wet side. Consequently, the soils on the dry side 
are less compressible.

However, the compressibility of the soil depends upon a number of other factors. It increases with an 
increase in the degree of saturation. The compressibility of a soil compacted on the wet side of the optimum 
is also influenced by the method of compaction. If the compaction is of kneading or impact type, it creates a
more dispersed structure with a corresponding 
increase in the compressibility. If the 
compaction causes very large stresses, the 
compressibility increases due to breakdown Of 
the structure and greater orientation of the 
particles.

(7) Stress-Strain relationship. The soils 
compacted dry of the optimum have a steeper 
stress-strain curve than those on the wet side 
(Fig. 14.8). The modulus of elasticity for the 
soils compacted dry of the optimum is 
therefore high. Such soils have brittle failure 
like dense sands or over-consolidated clays. 
The soils compacted wet of the optimum have 
relatively flatter stress-strain curve and a 

AXIAL STRAIN -------►

Fig. 14.8. Stress-Strain Curves.

corresponding lower value of the modulus of elasticity. The failure in this case occurs at a large strain and is 
of plastic type.

(8) Shear Strength. In general, at a given water content, the shear strength of the soil increases with an 
increase in the compactive effort till a critical degree of saturation is reached. With further increase in the 
compactive effort, the shear strength decreases. The shear strength of the compacted soils depends upon the 
soil type, the moulded water content, drainage conditions, the method of compaction, etc. The shear strength 
of the compacted silts and clays at the moulded water content and at a water content when fully saturated are 
quite different, as discussed below.

(a) Shear strength at moulded water content. Two samples are compacted to the same dry density, one 
dry of the optimum and the other wet of the optimum, and tested for shear strength. Fig. 14.9 shows the 
Mohr-Coulomb failure envelopes. The soils compacted dry of the optimum have a higher shear strength at
low strains. However, at large strains the 
flocculated structure for the soil on the dry 
side is broken and the ultimate strength is 
approximately equal for both the samples.

On the wet wide, the shear strength is 
further reduced if the compaction is. by 
kneading action. It causes a greater orientation 
towards a dispersed structure than that by 
static compaction methods.

(b) Shear strength after saturation. Two 
samples are compacted to the same dry 
density, one dry of the optimum and the other 
wet of the optimum, and then soaked in water, 
without any volume change, to have full 
saturation. The samples are then tested for Fig. 14.9. Failure Envelopes.

shear strength. The samples compacted dry of the optimum show greater strength. However, the difference in 
the strength of the two samples is much smaller than that prior to saturation. The difference in the water 
deficiency of the two samples and the consequent pore water tension is greatly reduced after saturation.
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If swelling is permitted during saturation, the difference in strength of the two samples is further reduced. 
In some cases, the sample compacted on the wet side may exhibit even more strength.

The drained shear strength of the two samples is almost equal.

14.10. METHODS OF COMPACTION USED IN FIELD
Several methods are used for compaction of soil in field. The choice of the method will depend upon the 

soil type, the maximum dry density required, and economic consideration. Some of the more commonly used 
conventional methods are discussed below. Other methods of compaction, such as vibroflotation, poundings 
are discussed later.

(1) Tampers. A hand-operated tamper (or rammer) consists of a block of iron (or stone), about 3 to 5 kg 
in mass, attached to a wooden rod. The tamper is lifted for about 0.30 m and dropped on the soil to be 
compacted. A mechanical rammer is operated by compressed air or gasoline power. It is much heavier, about 
30 to 150 kg. Mechanical rammers have been used upto a mass of 1000 kg in some special cases.

Tampers are used to compact soils adjacent to existing structures or confined areas, such as trenches and 
behind the bridge abutments, where other methods of compaction cannot be used. Owing to very low output, 
tampers are not economical where large quantities of soils are involved. Tampers can be used for all types of 
soils.

(2) Rollers. Rollers of different types are used for compaction of soils. The compaction depends upon the 
following factors.

(i) Contact Pressure. In general, the compaction increases with an increase in the contact pressure. For 
a smooth-wheel roller, the contact pressure depends upon the load per unit width and the diameter of 
the roller.

(n) Number of passes. The compaction of a soil increases with an increase in the number of passes 
made. However, beyond a certain limit, the increase in the density with an increase in the number of 
passes in not appreciable. From economy consideration, the number of passes is generally restricted 
to a reasonable limit between 5 to 15.

(iii) Layer thickness. The compaction of a soil increases with a decrease in the thickness of the layer. 
However, for economy consideration, the thickness is rarely kept less than 15 cm.

(iv) Speed of roller. The compaction depends upon the speed of the roller. The speed should be so 
adjusted that the maximum effect is achieved.

Types of Rollers
(a) Smooth—Wheel Rollers. A smooth—wheel roller generally consists of three wheels; two large 

wheels in the rear and one small wheel in the front. A tandem type smooth—wheel roller consists of only two 
drums; one in the rear and one in the front. The mass of a smooth—wheel roller generally varies between 2 
to 15 Mg. These rollers are operated by internal combustion engines.

[Note. Some authors express 1000 kg mass as one tonne (It). As tonne is not a standard SI unit, it is 
better to express 1000 kg as 1 Mg].

Smooth-wheel rollers are useful for finishing operations after compaction of fills anc(.for compacting 
granular base courses of highways. These are not effective for compaction of deep layers of soils, as the 
resulting compaction pressures induced are low. Further, these rollers also cause stratification in deep layers 
due to non-uniform compaction. These rollers are generally used to “seal” the surface ol the fill at the end 
of day’s work to provide a smooth surface to quickly drain off any rain water.

(b) Pneumatic-tyred rollers. Pneumatic-tyred rollers use compressed air to develop the required inflation 
pressure. The contact pressure depends upon the area of contact and the inflation pressure. The roller 
generally consists of 9 to 11 wheels fixed on two axles, with the pneumatic tyres so spaced that a complete 
coverage is obtained with each pass of the roller. The rollers are available in a wide range of load sizes. The 
gross mass of the roller varies between 5 to 200 Mg. However, the rollers with mass more than 50 Mg arc 
rarely used. The inflation pressure varies between 200 to 1000 kN/m2. The rollers are available as a 

self-propelled unit as well as a towed unit.



COMPACTION OF SOILS 367

The roller compacts the soil primarily by kneading action. These rollers are effective for compacting 
cohesive as well as cohesionless soils. These rollers are the best type of equipment for general use. Light 
rollers (mass upto 20 Mg) are effective for compacting soil layers of small thickness upto 15 cm, whereas 
heavy rollers are useful for layers of thickness upto 30 cm.

Sometimes, the rollers are designed to produce a wobble effect, due to which a slightly weaving path is 
tracked. This improves the compaction of the soil. Pneumatic-tyred rollers are generally provided with a 
weight box or ballast box. The box can be filled with ballast to increase the weight of the roller.

(c) Sheep-foot rollers. In ancient time before the advent of the rollers, it was usual practice to pass a 
flock of sheep on the newly formed soil fill to cause its compaction. The same principle is used in the design 
of sheep-foot rollers.

The sheep-foot roller consists of a hollow drum with a large number of small projections (known as feet) 
on its surface. These projections penetrate the soil layers during the rolling operations and cause compaction. 
The drums are mounted on a steel frame. The drum can be filled with water or ballast to increase the mass. 
Sheep-foot rollers are available both as a self- propelled unit and a towed unit. As rolling is done, most of 
the weight of the roller is imposed through the projections on the soil. The contact pressure is generally 
between 700 to 4200 kN/m2. The roller may sink into the soil if the contact pressure is more than the bearing 

capacity of the soiL
The sheep-foot rollers are ideally suited for compaction of cohesive soils. The rollers compact the soil by 

a combination of tamping and kneading action. When the roller is passed for the first time, the projections 
penetrate the soil layer and the lower portion of the layer is compacted. In successive passes, compaction is 
obtained in the middle and the top portion of the layer. This continually rising effect of the compaction is 
called walking-out of the roller.

The depth of layer that can be compacted depends upon the length of the projections and the weight of 
the roller. Small rollers can compact layers of 15 cm thickness, whereas heavy rollers can compact layers of 
30 cm thickness. In general, the thickness of the layer compacted is kept not more than 5 cm greater than the 
length of the projection.

(3) Vibratory compactors. In vibratory compactors, vibrations are induced in the soil during compaction. 
The compactors are available in a variety of forms. When the vibrator is mounted on a drum, it is called a 
vibratory roller. These rollers are available both as pneumatic type and the smooth-wheel type. In a 
smooth-wheel type, a separate motor drives an arrangement of eccentric weights to create high frequency, low 
amplitude, up- and-down oscillations of the drum. These rollers are suitable for compacting granular soils, 
with no fines, in layers upto 1 m thickness. However, if there is appreciable percentage of fines, the thickness 
has to be reduced. In a pneumatic-tyred vibratory compactor, a separate vibrating unit is attached to the wheel 
axle. The ballast box is suspended separately from the axle so that it does not vibrate. These compactors are 
suitable for compacting granular soils with thickness of layer of about 30 cm.

Another form of a vibratory compactor is a vibrating-plate compactor. In this system, there are a number 
of small plates, each plate is operated by a separate, vibrating unit. Hand- operated vibrating plates are also 
available. The effect of the vibrating plates is limited to small depths. Their main use is to compact granular 
base courses for highways and runways where the thickness of layers is small.

Vibratory compactors can compact the granular soils to a very high maximum dry density.

14.11. PLACEMENT WATER CONTENT
As the methods used for compaction in the field are different from that for compaction in the laboratory, 

the optimum water content in the field may not be necessarily be the same as in the laboratory. The 
laboratory value may be taken as a rough guide for placement water content in the field. The ideal placement 
water content when the pneumatic-tyred rollers are used is approximately equal to the optimum water content 
as obtained from a standard Proctor test. The placement water content when the sheep-foot rollers, smooth­
wheel rollers and vibratory rollers are used, is of the order of the optimum water content obtained in the 
modified Proctor test.

For important works, a full-scale test is conducted in the field to determine the placement water content, 
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the thickness of layer, mass and speed of roller and the number of passes. Sometimes, in case of small, 
unimportant works, the placement water content is taken equal to the optimum water content of the standard 
Proctor test for light compaction and equal to that of the modified Proctor test for heavy compaction. 
However, the field water content is sometimes kept intentionally different from the optimum water content in 
order to achieve or to improve a specific engineering property of the soil.

To avoid large expansions and swelling pressure under pavements and the floors, cohesive soils in such 
cases are generally compacted at a water content more than the optimum water content with the resulting dry 
density less than the maximum dry density. The clayey soil in the impervious core of an earth dam ia also 
compacted on the wet side of the optimum to reduce swelling pressure. On the other hand, ihe highway 
embankments of cohesive soils are generally compacted at a water content somewhat lower than ihe optimum 
water content in order to achieve high shear strength and low compressibility. Likewise, the soil in the outer 
shells of earth dams is compacted dry of the optimum to obtain high shear strength, high permeability and 
low pore pressure.

As discussed earlier, cohesionless soils do not exhibit a well- defined optimum water content. For such 
soils, the maximum dry density is achieved either in completely dry condition or in completely saturated 
condition. In the field, completely saturated condition is preferred for practical reasons to achieve the 
maximum compaction.

If the water content of the soil in the borrow area is less than the required placement water content, water 
is sprinkled over the area. On the other hand, if it is more than the desired value, the soil is excavated from 
the borrow pit, spread and allowed to dry. However, in wet weather, it becomes rather difficult to decrease 
the water content and the work has to be stopped.

14.12. RELATIVE COMPACTION
The dry density achieved in the field is compared with the maximum dry density obtained in the standard 

Proctor test or that in the modified Proctor test. The ratio of the dry density in the field to the maximum dry 
density is known as the relative compaction or percent compaction. Thus

pjin the field
Relative compaction = 7—----- :—;——--------------x 100 ...(14.8)

r (pJma: (in the laboratory

For cohesive soils, the dry density of the order of 95% of the maximum dry density of the standard 
Proctor test (i.e. 95% relative compaction of the standard Proctor test) can be achieved using a sheep-foot 
roller or a pneumatic-tyred roller. However, if the soil is very heavy clay, only sheep-foot rollers are effective. 
For moderately, cohesive soils, the dry density of the order of 95% of that in the modified Proctor test can be 
achieved using pneumatic tyred roller with an inflation pressure of 600 kN/m2 or more.

For cohesionless soils, the dry density of the order of 100% or even more of that in the modified Proctor 
test can be obtained using pneumatic-tyred rollers, vibratory rollers and other vibratory equipment.

14.13. COMPACTION CONTROL
The laboratory compaction tests give the optimum water content and the maximum dry density. In the 

field, during the compaction of the soils, it is essential to check the dry density and the water content in order 
to effect proper quality control. The geotechnical engineer has to ensure that the specified amount of 
compaction and the desired dry densities arc achieved.

Compaction control is done by measuring the dry density and the water content of the compacted soil in 
the field.

(1) Dry Density. The dry density is measured using the methods discussed in chapter 2. The core-cutter 
method and the sand replacement method are commonly used. The nuclear methods are occasionally used as 
these are non-destructive and require no physical or chemical processing of the soil and are very convenient.

(2) Water Content. The oven-drying method of the determination of the water content takes 24 hours. 
This method, though very accurate, cannot be used for controlling construction, as the soil layer from which 
the sample was taken would be buried by the time the water content is known. Therefore, the basic 
requirement is that the method used be such that it gives quick results. In the field, the water content is 



COMPACTION OF SOILS 369

generally determined using the sand-bath method, alcohol method or the calcium 
carbide method, as discussed in chapter 2. The nuclear methods are also being 
used increasingly.

The water content can also be determined indirectly using a Proctor needle 
(also known as plasticity needle). The Proctor needle consists of a rod attached 
to a spring-loaded plunger (Fig. 14.10). The stem of the plunger is marked to 
read the resistance in newton. A sliding ring on tine stem indicates the maximum 
resistance recorded during the test. The needle-shank has graduations to indicate 
the depth of penetration. The equipment is provided with a series of needle 
points of different cross-sectional areas (0.25, 0.50, 1.0 and 2.5 cm2) to obtain a 

wide range of the penetration resistance. For cohesive soils, the needle points of 
larger cross-sectional areas are required and for cohesionless soil, those of 
smaller cross- sectional areas are used. The needle point used should be such 
that it is neither too small for accurate measurement nor too large.

A suitable needle point is selected and screwed to the needle shank. After 
the soil has been compacted at a given water content in the compaction test in 
the laboratory, the Proctor needle is forced 7.5 cm into it at the rate of about 
1.25 cm/sec. The maximum force used is found from the compression of the 
spring. From the known area of the needle point, the penetration resistance per 
unit area is computed. A number of such measurements are made in the 
laboratory during the compaction test, and a calibration curve is obtained 
between the penetration resistance (R) and the water content, as shown in Fig. 
14.11. It is found that for a given degree of compaction, the penetration 
resistance decreases with an increase in water content.

■STEM

-SLIDING
RING

NEEDLE 
SHANK 
NEEDLE 
POINT

Fig. 14.10. Proctor Needle.

WATER CONTENT (•/.) ----- *■
Fig. 14.11. Calibration Curve for Penetration resistance R.

To determine the water content of the compacted soil in the field, the soil is compacted in the standard 
compaction mould in the field in the same manner as was used during the calibration of the needle. The 
penetration resistance of the compacted soil is measured. The moisture content is then obtained form the 
calibration curve.

This method of the determination of the water content is quite rapid and reliable for fine-grained soils. 
However, it does not give accurate results for cohesionless soils and for soils having a large percentage of 
gravels and stone pieces.

14.14. VIBROFLOTATION METHOD
Vibroflotation is used for compacting thick deposits of loose, sandy soils upto 30 m depth. A vibroflot 

consists of a cylindrical tube, about 2 m diameter, fitted with water jets at the top and the bottom. It contains
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a rotating eccentric mass which 
develops a horizontal vibratory motion.

The vibroflot is sunk into the loose 
soil upto the desired depth using the 
lower water jet [Fig. 14.12 (a)]. As 
water comes out of the jet, it creates a 
momentary quick condition ahead of 
the vibroflot due to which the shear 
strength of the soil is reduced. The 
vibroflot settles due to its own mass. 
When the desired depth has been 
reached, the vibrator is activated. The 
vibroflot then vibrates laterally and 
causes the compaction of the soil in the 
horizontal direction to a radius of about 
1.5. m. Fig. 14.12. Vibroflotation.

The water from the lower jet is transferred to the top jet and the pressure is reduced so that it is just 
enough to carry the sand poured at the top to the bottom of the hole [Fig. 14.12 (&)]. Vibration continues as 
the vibroflot is slowly raised to the surface. Additional sand is continually dropped into the space (crator) 
around the vibroflot. By raising the vibroflot in stages and simultaneously backfilling, the entire depth of the 
soil is compacted [Fig. 14.12 (c)].

The spacing of the holes is usually kept between 2 to 3 m on a grid pattern. The relative density (density 
index) achieved for the sandy soils is 70% or more. In soft, cohesive soils, vibroflotation is not effective. For 
cohesive soils, it can be used to form a sand pile to reinforce the deposit and to accelerate consolidation and 
thus improve its engineering properties.

14.15. TERRA PROBE METHOD
Terra probe method in many respects is similar to the vibroflotation method. The terra probe consists of 

an open-ended pipe, about 75 cm diameter. It is provided with a vibratory pile drive. The vibratory pile driver 
when activated gives vertical vibrations to the terra probe and it goes down. After reaching the desired depth, 
the terra probe is gradually raised upward while the vibrodriver continues to operate. Thus, the soil within and 
around the terra probe is densified.

The terra probe method has been successfully used upto depth of 20 m. The spacing of the holes is 
usually kept about 1.5 m. Saturated soil conditions are ideal for the success of the method. For the sites where 
the water table is deep, water jets are fitted to the terra probe to assist the penetration and densification of the 
soil.

The terra probe method is considerably faster than the vibroflotation method. As it does not require 
backfilling of sand, it can even be used at offshore locations. However, the method is less effective than 
vibroflotation method. In the terra probe, the zone of influence is considerably smaller and the relative density 
achieved is also lower.

14.16. COMPACTION BY POUNDING
To densify large deposits of loose, sandy soils, the pounding method has also been recently used. The 

method is also known as heavy tamping, dynamic compaction or high-energy compaction. Pounding is done 
by dropping a heavy mass (2 to 50 Mg) from a large height (7 to 35 m) on the ground surface. The actual 
mass and the height are selected depending upon the crane available and the depth of the soil deposit. A 
closely spaced grid pattern is selected for the pounding locations. At each location, 5 to 10 poundings are 
given.

The pounding method is used to compact the soil deposits to a great depth. It is very effective for 
densifying loose sandy deposits. Recently, the method has been successfully used to compact fine-grained soil
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deposits as well. The depth (D) in metres upto which the method is effective cm be determined from the 
following relation:

D = C VMH ...(14.9)

where C - coefficient (0.5 to 0.75), M = mass (Mg), H - height of drop (m).
While using the pounding method, care shall be taken that harmful vibrations are not transferred to the 

adjacent buildings. The radius of influence (R) in metres beyond which no harmful vibrations are transmitted 
can be determined from the relation.

R = 130 VMH ...(14.10)

where M = mass (Mg), and H = height of drop (m).

14.17. COMPACTION BY EXPLOSIVES
Buried explosives are sometimes used to density cohesionless soils. Hie shock wave and vibrations 

produced by explosives are somewhat similar to that produced by vibratory, compaction equipment. The 
method is quite effective when the cohesionless soil is fully saturated. The shock waves cause liquefaction of 
sand, which is followed by densification. In partially saturated cohesionless soils, compressive stresses 
develop due to capillary action and prevent the soil particles from taking closer positions. The method is not 
effective for partially saturated soils.

The depth upto which the blast is effective is limited to about 25 m. The uppermost zone of the soil upto 
a depth of about 1 m gets displaced in a random manner and is, therefore, not properly densified. This zone 
should be compacted using the conventional methods by rollers.

Explosive charges usually consist of about 60% dynamite and 30% special gelatin dynamite and 
ammonite. The charges are placed at two-thirds the thickness of the stratum to be densified. The spacing of 
the explosive points is kept between 3 to 8 m. Three to five blasts are generally required at each location.

The radius of influence (R) of compaction can be determined using the relation
R - (M/C)" ...(14.11)

where R = radius of influence (m), M = mass of charge (kg), C constant ( = 0.04 for 60% dynamite)

14.18. PRECOMPRESSION
As discussed in chapter 12, precompression improves the properties of the cohesive soils. In this method, 

the soil is preloaded before the application of the design loads. Preloading causes settlement before actual 
construction begins. The preload is generally is the form of an earth fill which is left in place for a long time 
so as to induce the required settlement. After the required compression has been achieved, the preload is 
removed prior to the construction. A monitoring system consisting of settlement plates and piezometers may 
be used to check the progress of settlement.

The precompression method is effective for compaction of silts, clays, organic soils and sanitary land 
fills. The preload must be carefully selected so as not to cause shear failures in the soil. The stability of the 
soil deposit under preload should be checked. Sufficient soil data should be collected to predict the rate and 
magnitude of the settlement. Sometimes, vertical sand drains are used to decrease the time of settlement.

14.19. COMPACTION PILES
Cohesionless soils can be densified by constructing compaction piles. A capped, pipe pile is driven into 

the soil. The soil surrounding the pile is compacted due to vibrations caused during driving. The pile is then 
extracted and the hole formed is backfilled with sand. Thus the compaction pile is formed. (For more details, 
see chapter 25.)

14.20. SUITABILITY OF VARIOUS METHODS OF COMPACTION
The suitability criteria of various methods of compaction can be summarised as under:
(1) Cohesionless Soils only. Smooth-wheel rollers are suitable for compacting layers of small thickness 
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in base courses. Vibratory rollers, vibroflotation, terra probe, blasting, compaction piles and 
explosives are effective for compacting deposits of large thickness.

(2) Cohesive Soils only. Sheep-foot rollers are suitable for compaction of cohesive soils. Precompression 
is also quite effective.

(3) Both cohesionless and cohesive soils. The following methods are universal. These can be used for 
both cohesionless soils and cohesive soils.

(i) Tampers are effective for compacting soils in a confined space of all types.
(ti) Pneumatic-tyred rollers are extremely useful for compacting all types of soils.

(Hi) Pounding method has a great promise for compacting all types of soils.

ILLUSTRATIVE EXAMPLES

Illustrative Example 14.1. A sample of soil was prepared by mixing a quantity of dry soil with 10% by 
mass of water. Find the mass of this wet mixture required to produce a cylindrical, compacted specimen of 15 
cm diameter and 12.5 cm deep and having 6% air content. Find also the void ratio and the dry density of 
the specimen if G = 2.68.

Solution. Air content, ac => Va/Vv = 0.06

or Va - 0.06 Vv . Hence Vw - 0.94 Vv

Thus V, . 0.06 - 0.0638 V„

Volume of specimen (V) = Jt/4 x (15)2 x (12.5) = 2208.9 ml

Now, with usual notations, V - V, + Vw + Va

or 2208.9 - V, + Vw + 0.0638 Vw - Vs + 1.0638 Vw

Writing volumes in terms of mass, 

I M w \ 2208'9 ' (2.68 x 1.0) * 1'°638 [iij

Substituting Mw - 0.10 Ms,

M.
2208.9 = —+ 1.0638 x 0.1 M,

or Ms - 4606.54 gm. M„ - 460.65 gm

Mass of wet soil, M - Ms + Mw • 4606.54 + 460.65 = 5067.19

„ „ . .. A/ 5067.19 ,
Bulk density. p- ~ - 2.294 gm/ml

Dry density. t - 2.085 gm/ml

Therefore, e - - 1 - 26? 8 10 - 1 - 0/285
2.U85

Illustrative Example 14.2. The following results were obtained from a standard compaction test on a 
sample of soil.

The volume of the mould used was 950 ml. Make necessary calculations and plot the compaction curve

Water content (%) 0.12 0.14 0.16 0.18 0.20 0.22
Mass of wet soil (kg) 1.68 1.85 1.91 1.87 1.87 1.85
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and obtain the maximum dry density and the optimum water content. Also calculate the void ratio, the degree 
of saturation and the theoretical maximum dry density (G = 2.70).

Solution. Calculations are shown in tabular form.

Fig. Ex. 14.2 shows the compaction curve.

Water content (h») 0.12 0.14 0.16 0.18 0.20 0.22

Mass of wet soil (Af) (kg) 1.68 1.85 1.91 1.87 1.87 1.85

Bulk density 

p-M/r-iiSo 1.77 1.95 2.01 1.97 1.97 1.95

Dry density 
Pd-e.ffl+w) 1.58 1.71 1.73 1.67 1.64 1.60

Void ratio

pj
0.71 0.58 0.56 0.62 0.65 0.69

Degree of saturation
0.46 0.65 0.77 0.78 0.83 0.86

Theoretical mmaximum dry 
density

(pd)theomax =
2.04 1.96 1.89 1.82 1.75 1.69

Fig. E-14.2.

From the plot. (pd)mix = 1.74 gm/ml, O.W.C. = 15.2%,

Illustrative Example 14.3. The maximum dry density of a sample by the light compaction test is 1.78 
g/ml at an optimum water content of 15%. Find the air voids and the degree of saturation. G = 2.67.

What would be the corresponding value of dry density on the zero air void line at O.W.C. ?

Solution. G Ph. <7 Ph-
1 + e " 1 + (wG/S)
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. __ 2.67 x 1,0
1,78 “ 1 + (0.15 x 2.67/S)

0 713
1.78 + —-- ------- 2.67 or S - 0.801 or 80.1%

(l-nfl)Gp„ (l-na) x 2.67 x 1.0
N0" --------------1 ♦ 0.15 x 2.67 ‘ 1

or na = 0.066 or 6.6%
, \ gPw 2.67 x 1,0
{ld)uKOmac “i + w<;=i+o.15x 2.67 = 191 «/ml

PROBLEMS

A. Numerical
14.1 . A cylindrical specimen of a cohesive soil of 10 cm diameter and 20 cm length was prepared by compaction in 

a mould. If the wet mass of the specimen was 3.25 kg and its water content was 15%, determine the dry density 
and the void ratio.
If the specific gravity of the particles was 2.70, find the degree of saturation. [Ans. 1.80 gm/ml; 0.50; 81%]

14.2 . The following are the results of a standard compaction test performed on a sample of soil.

Water Content (%) 7.7 11.5 14.6 175 19.7 21.2

Mass of wet soil (kg) 1.7 1.89 2.03 1.99 1.96 1.92

If the volume of the mould used was 950 c.c. and the specific gravity of soil grains was 2.65, make necessary 
calculations and plot the water content-dry density curve and obtain the optimum water content and the 
maximum dry density. [Ans. 15%; 1.83 gm/ml]

143. An earthen embankment of 106 m3 volume is to be constructed with a soil having a void ratio of 0.80 after 

compaction. There are three borrow pits marked A, B and C, having soils with void ratios of 0.90, 1.50 and 
1.80, respectively. The cost of excavation and transporting the soil is Rs. 0.25, Rs. 0.23 and Rs. 0.18 per m3, 
respectively. Calculate the volume of soil to be excavated from each pit. Which borrow bit is the most 
economical ? (G = 2.65). [Ans. 1.055 x 106; 1.389 x 106; 1.555 x 106 m3; 4]

B. Descriptive and Objective Type
14.4. Differentiate between consolidation and compaction. Give examples.
145. Describe Standard Proctor test and the modified Proctor test. How would you decide the type of the test to be 

conducted in the laboratory ?
14.6. What is a compaction curve ? Give its salient features. What is a zero-air void line ?
14.7. What are the factors that affect compaction ? Discuss in brief.
14.8. What is the effect of compaction on the engineering properties of the soil ? How would you decide whether the 

soil should lee compacted the dry of optimum or the wet of optimum ?
14.9. What are the different methods of compaction adopted in the field? How would you select the type of roller lo 

be used?
14.10.

14.11.

Write short notes on
(a) Placement water content
(c) Compaction control
(e) Vibroflotation
(g) Precompression
Write whether the following

(b) Relative compaction
(d) Terra probe
(/) Compaction by pounding
(Ii) Compaction by explosives 

are correct or not.
(a) Compaction occurs under a sustained, static load on a saturated soil.
(b) The theoretical maximum dry density can be attained in the laboratory.
(c) The zero-air void line and 100% saturation line are identical.
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(d) As the compaction is increased, the optimum water content increases.
(e) The modern highways and runways liave compaction equal to that attained in a standard Proctor test.
If) Vibroflotation is effective for highly cohesive soil.
(g) The Proctor needle can be used to determine the dry density achieved in the field.
(A) The i clan ve compaction is the same as the relative density,
(i) The pneumatic-tyred rollers can be used for both cohesionless and cohesive soils.
(j) The water content of the soil in the field is always kept equal to the optimum water content.
(Xr) The soils compacted dry of the optimum have higher modulus of elasticity (han those on the wet side.
(/) The core in an earth dam is generally compacted wet side of the optimum.
(m) The permeability of the s<jjli,decreases by compaction.
(n) The Jodhpur mini-compactor test gives lower dry density than the standard Proctor test.
(o) In the Jodhpur mini-compactor test, kneading action takes place.
(]>') The number of passes made by a roller is generally more than ten.
(</) The shear strength of a soil always increases with an increase in compaction.
(r) In pneumatic tyres, the contact pressure depends upon the inflation pressure.
(S) The thickness of the layer during compaction is kept about 10 cm.
(r) The smooth-wheel rollers can be used for compaction of deep fills.

[Ans. True. (c). (i), (i), (/), (m), (r)]

C. Multiple Choice Questions
1. Pneumatic-tyred rollers are useful for compacting

(«) Cohesive soils (/>) Cohesionless soils
(c) Both (a) and (h) (dj For soils in confined space

2. Vibroflotation technique is best suited for compacting
(a) Coarse sand-and gravels (/>) Silts
(c) Clays (J) organic soils

3. Precompression method is useful for compacting
(a) Silts (/>) Clays
(0 Organic soils (rf) All the above

4. The line of optimums generally corresponds to percentage air voids of about
(a) zero percent (A) 5 percent
(c) 10 percent (//) 20 percent

5. The range of optimum water contents for the standard proctor test for clayey soils is
(fl) 6 to 1'0% (40 8/10 12%
(c) 12 to 15% (d) 14 to 20%

6. Soil compacted dry of the optimum as compared to that wet of the optimum
(a) has less permeability (h) swells less
(c) shrinks less (d) has less resistance to compression

7. For a Standard Compaction test, the mass of hammer and the drop of hammer are as follows :
(ri) 2.6 kg and 450 mm ,(/>) 2.60 kg and 310 mm
(c) 4.8 kg and 310 mm (r/) 4.89 kg and 450 mm

8. Select the correct statement
(a) Relative compaction is the same as relative density
(/>) Vibrollolalio.n is effective in the case of highly cohesive soils
(c) ‘Zero air void line' and 100% saturation line are identical

[Ans. I. (c), 2. (a), 3. (d), 4. (b), 5. (d), 6. (c), 7. (b), 8. (c)]
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Soil Stabilisation

15.1. INTRODUCTION
Soil stabilisation is the process of improving the engineering properties of the soil and thus making it 

more stable. It is required when the soil available for construction is not suitable for the intended purpose. In 
its broadest senses, stabilisation includes compaction, preconsolidation, drainage and many other such 
processes. However, the term stabilisation is generally restricted to the processes which alter the soil material 
itself for improvement of its properties. A cementing material or a chemical is added to a natural soil for the 
purpose of stabilisation.

Soil stabilisation is used to reduce the permeability and compressibility of the soil mass in earth 
structures and to increase its shear strength. Soil stabilisation is required to increase the bearing capacity of 
foundation soils. However, the main use of stabilisation is to improve the natural soils for the construction of 
highways and airfields. The principles of soil stabilisation are used for controlling the grading of soils and 
aggregates in the construction of bases and sub-bases of the highways and airfields.

Soil stabilisation is also used to make an area trafficable within a short period of time for military and 
other emergency purposes. Sometimes, soil stabilisation is used for city and suburban streets to make them 
more noise-absorbing.

This chapter deals with the various methods of soil stabilisation and their effects on the enginewing 
properties of the soils.

15.2. MECHANICAL STABILISATION
Mechanical stabilisation is the process of improving the properties of the soil by changing its gradation. 

Two or more types of natural soils are mixed to obtain a composite material which is superior to any of its 
components. To achieve the desired grading, sometimes the soils with coarse particles are added or the soils 
with fine particles are removed.

Mechanical stabilisation is also known as granular stabilisation.
For the purpose of mechanical stabilisation, the soils are subdivided into two categories:
(1) Aggregates : These are the soils which have a granular bearing skeleton and have particles of the 

size larger than 75p.
(2) Binders : These are the soils which have particles smaller than 75p size. They do not possess a 

bearing skeleton.
The aggregates consist of strong, well-graded, angular particles of sand and gravel which provide internal 

friction and incompressibility to a soil. The binders provide cohesion and imperviousness to a soil. These are 
composed of silt and clay. The quantity of binder should be sufficient to provide plasticity to the soil, but it 
should not cause swelling.

Proper blending of aggregates and binders is done in order to achieve required gradation of the mixed 
soil. The blended soil should possess both internal friction and cohesion. The material should be workable 
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during placement. When properly placed and compacted, the blended material becomes mechanically stable. 
Hie load-carrying capacity is increased. The resistance against the temperature and moisture changes is also 
improved.

The mechanical stability of the mixed soil depends upon the following factors.
(1) Mechanical strength of the aggregate. The mixed soil is stable if the aggregates used have high 

strength. However, if the mixture is properly designed and compacted, even the aggregates of relatively low 
strength can provide good mechanical stability.

(2) Mineral composition. The mechanical stability of the mixed soil depends upon the composition of 
the minerals in it. The minerals should be weather-resistant.

Sodium sulphates and sodium carbonates cause large volume changes due to their hydration and 
dehydration. These are detrimental to the stability.

(3) Gradation. The gradation of the mixed soil should be such that the voids of the coarser particles are 
filled with finer particles so that a high density is obtained. According to Fuller (1907), the maximum density 
is achieved if the particle size distribution of the mixture satisfies the following criterion:

p - U/Of*  x 100 ...(15.1)

where p = percentage of the soil mixture passing sieve of size d, 
D = maximum particle size.

The U.S. Bureau of Public Roads recommends that the value of the exponent in Eq. 15.1 should be taken 
as 0.45 instead of 0.50.

It is found by experience that to obtain sufficient cohesion in the mixture, it is necessary to have a greater 
proportion of the material passing 75p sieve than that given by Eq. 15.1. Generally, an ideal mixture would 
include about 25% binder. The basic requirement is that the mixture shall contain a fair proportion of different 
size particles. It should contain sufficient quantity of fines to provide cohesion, especially in the wearing 
surface.

(4) Plasticity characteristics. Soils with high liquid limit and plasticity index are suitable as binders for 
soils used for surfacing. Such soils possess greater cohesion and belter moisture retention capacity. They 
provide a better seal against the downward movement of surface water.

For soils used in base courses, the requirement of plasticity characteristics are quite different from those 
for surfacing. The soil in base course should have low plasticity to avoid excessive accumulation of water and 
the resulting loss of strength.

As the soil available at site may seldom meet both the gradation and the plasticity characteristics, it 
usually becomes necessary to mix soils from different sources to obtain the desired mixture. This is normally 
done by trial mixes. As far as possible, the maximum use of locally available soils should be made for 
economy.

(5) Compaction. Hie mechanical stability of the stabilised soil mass depends upon the degree of 
compaction attained in the field. Normally, the compaction is done at or near the optimum water content.

Uses of Mechanical Stabilisation. It is the simplest method of soil stabilisation. It is generally used to 
improve the subgrades of low bearing capacity. It is extensively used in the construction of bases, sub-bases 
and surfacing of roads.

153. CEMENT STABILISATION
Cement Stabilisation is done by mixing pulverised soil and portland cement with water and compacting 

the mix to attain a strong material. The material obtained by mixing soil and cement is known as soil-cement. 
Ilie soil-cement becomes a hard and durable structural material as the cement hydrates and develops strength.

Types of Soil-cement
Mitchell and Freitag (1959) have divided the soil-cement into 3 categories.

(1) Normal Soil-Cement. It consists of 5 to 14% of cement by volume. The quantity of cement mixed 
with soil is sufficient to produce a hard and durable construction material. The quantity of water used should 
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be just sufficient to satisfy hydration requirements of the cement and to make the mixture workable.
The normal soil-cement is quite weather-resistant and strong. It is commonly used for stabilising sandy 

and other low plasticity soils.
(2) Plastic Soil-Cement. This type of soil-cement also contains cement 5 to 14% by volume, but it has 

more quantity of water to have wet consistency similar to that of plastering mortar at the time of placement.
The plastic soil-cement can be placed on steep or irregular slopes where it is difficult to use normal 

road-making equipment. It has also been successfully used for water-proof lining of canals and reservoirs. The 
plastic soil-cement can be used for protection of steep slopes against erosive action of water.

(3) Cement-Modified soil. It is a type of soil-cement that contains less than 5% of cement by volume. 
It is a semi-hardened product of soil and cement. It is quite inferior to the other two types.

As the quantity of cement used is small, it is not able to bind all the soil particles into a coherent mass. 
However, it interacts with the silt and clay fractions and reduces their affinity for water. It reduces the 
swelling characteristics of tine soil. The use of cement-modified soils is limited.

The following discussion is confined to the first two types of soil-cement.

Factors affecting cement stabilisation
The factors affecting cement stabilisation can be summarised as under:
(1) Type of soil. Granular soils with sufficient fines ate ideally suited for cement stabilisation. Such soils 

can be easily pulverized and mixed. They require the least amount of cement.
Granular soils with deficient fines, such as beach sands and wind-blown sands, can also be stabilised but 

these soils require more cement. As it is difficult to move road-making equipment over such soils when dry, 
it is desirable to keep them wet for better traction.

Silty and' clayey soils can produce satisfactory soil-cement but those with a high clay-content are difficult 
to pulverise. Moreover, the quantity of cement increases with an increase in clay content. The quality of 
soil-cement in this case is not good, as it may have high shrinkage properties.

Organic matter, if present in colloidal form, interferes with the hydration of cement and causes a 
reduction in the strength of soil-cement. The trouble is more common in sandy soils than in clayey soils. The 
soil should be treated with calcium chloride to remedy the situation. Sodium hydroxide is also effective in 
correcting the ill effects due to organic matter. Sometimes, addition of a small quantity of silt or clay to a 
sandy soil may aid in the cement reaction.

(2) Quantity of cement A well-graded soil requires about 5% cement, whereas a poorly graded, uniform 
sand may require about 9% cement. Non-plastic sills require about 10% cement, whereas plastic clays may 
need about 13% cement.

The actual quantity of cement required for a particular soil is ascertained by laboratory tests. For base 
courses, samples are subjected to durability tests for determination of the quantity of the cement required. It 
consists of 12 cycles of freezing and thawing or 12 cycles of wetting and drying. The maximum volume 
change (swelling plus shrinkage) of 2% is generally permitted.

Sometimes, the quantity of cement is detennined according to the minimum unconfincd compressive 
strength. Generally, a minimum strength of about 1500 kN/m2 for clayey soils and of about 5500 kN/m2 for 

sandy soils is specified. High strength is obtained by decreasing the water-cement ratio. This is done by 
increasing the cement content for the same water content.

As a rough guide, the cement content can be taken as 6% for sandy soils and 15% for clayey soils.

(3) Quantity of Water. The quantity of water used must be sufficient for hydration of cement and 
silt-clay cement and for making the mix workable. Generally, the amount of water ascertained from 
compaction consideration is adequate for hydration as welL

Water used should be clean and free from harmful salts, alkalics, acids or organic matter. In general, the 
water which is potable is also satisfactory for soil-cement.

(4) Mixing, Compaction and Curing. The mixture of the soil, cement and water should be thoroughly 
mixed, as the success of cement stabilisation depends mainly on thorough mixing. If it is not properly mixed, 
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it may result in a non-homogeneous, weak product. However, the mixing should not be continued after the 
cement has started hydrating, as it would result in a loss of strength.

Soil-cement should be properly compacted. Compaction is generally done as for soil alone (Chapter 14). 
For good results, fine- grained soils should be compacted wet of optimum, and coarse- grained soils, dry of 
optimum. After compaction, the surface is finished by a rubber-tyred roller.

Soil-cement should be protected against loss of moisture by providing a thin bituminous coating. 
Sometimes, other materials, such as water-proof paper, moist straw or dirt, are also used.

(5) Admixture. To increase the effectiveness of cement as stabiliser, admixtures are sometimes added to 
soil cement. Admixtures may permit a reduction in the amount of cement required. These may also help 
stabilisation of soils which are not responsive to cement alone.

Lime and calcium chloride have been used as admixtures for clays and soils containing harmful organic 
matter to make them more responsive to cement. Fly ash acts as a pozzolans and is effective for stabilisation 
of dune sand. Sodium carbonate and sodium sulphates have also been used as admixture.

Construction Methods
The construction of soil-cement bases and sub-bases is done using the following methods.

(1) Mix-in-place method. In this method of construction, mixing of soil-cement is done at the place 
where it would be finally placed. It consists of the following steps:

(i) The subgrade is cleared of all undesirable materials such as boulders, debris, stumps. It is then 
levelled to the required formation level.

(ii) The levelled subgrade is scarified to a depth equal to the proposed thickness of the soil cement.
(Hi) The scarified soil is then pulverised till at least 80% of the soil passes 4.75 mm IS sieve. Il can be 

done either manually or with the help of a machine.
Pulverisation of highly plastic soil can be done easily if about 4% lime is added to it.

(iv) The pulverised soil is properly shaped to the required grade and the required quantity of cement is 
spread uniformly over the surface. It is then intimately mixed dry with rotary tillers or special soil 
mixers.

(v) The required quantity of water is sprinkled over the surface and wet mixing is done till the mixture 
has a uniform colour. The operation should not last longer than 3 hours.
The surface is then properly graded using towed graders.

(yi) Compaction is done using suitable methods. The thickness of the layer should not be more than 15 

cm. Compaction should not take more than 2 hours.
After compaction, the surface is properly finished.

(vii) The compacted soil-cement is moist cured for at least 7 days by providing a bituminous primary 
coat. Alternatively, it is kept damp by frequent application of a light spray of water.

The mix-in-place method of construction is quite simple, cheap and easily adaptable to different field 
conditions. The main disadvantage is that the mixing is not uniform and high strength cannot be achieved.

(2) Plant-mix method
There are two types of plants used in the plant-mix method of construction.

(a) Stationary plant. In this method, the excavated soil is transported to a stationary plant located at a 
suitable place. The required quantity of cement is added to the soil in the plant. Mixing is done after adding 
water. The time required to obtain a uniform mixture depends upon the type of soft. The mixed material is 
then discharged into dumper trucks and transported back to the subgrade. It is spread and properly compacted.

The stationary plant is useful for obtaining a uniform mix. In this method, the depth of treatment can be 
better controlled. However, the method is quite expensive as compared with mix-in- place method. 'Ute 
material has to be compacted as delivered and not as a complete section of the road. A further disadvantage 
is that the work may have to be stopped even after a minor breakdown in the plant.

(b) TYavelling Plant. A travelling plant can move along the road under construction. The soil, after 
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placement of cement over it, is lifted up by an elevator and discharged into the hopper of the mixer of the 
travelling plant. Water is added and proper mixing is done. The mix is then discharged on the subgrade and 
spread by a grader. It is then properly compacted.

The travelling plant method, like stationary plant, is useful for accurate proportioning and uniform 
mixing. The depth of treatment is also properly controlled and a uniform subgrade surface is attained. 
However, the initial cost is very high.

15.4. LIME STABILISATION
Lime stabilisation is deme by adding lime to a soil. It is useful for stabilisation of clayey soils. When lime 

reacts with soil, there is exchange of cations in the adsorbed water layer and a decrease in plasticity of the 
soil occurs. The resulting material is more friable than the original clay, and is, therefore, more suitable as 
subgrade.

Lime is produced by burning of lime stone in kilns. The quality of lime obtained depends upon the parent 
material and the production process. There are basically 5 types of limes.

(z) High calcium, quick lime (CaO)
(it) Hydrated, high calcium lime [Ca (OH)z]

(izi) Dolomitic lime (CaO + MgO)

(iv) Normal, hydrated dolomitic lime [Ca (0H)z + MgO]
(v) Pressure, hydrated dolomitic lime [Ca (OH)z + MgQz]-
The quick lime is more effective as stabiliser than the hydrated lime; but the latter is more safe and 

convenient to handle. Generally, the hydrated lime is used. It is also known as slaked lime. The higher the 
magnesium content of the lime, the less is the affinity for water and the less is the heat generated during 
mixing.

The amount of lime required for stabilisation varies between 2 to 10% of the soil. However, if the lime 
is used only to modify some of the physico—chemical characteristics of the soil, the amount of lime is about 
1 to 3%. The following amount may be used as a rough guide.

(z) 2 to 5% for clay gravel material having less than 50% of silt- clay fraction.
(it) 5 to 10% for soils with more than 50% of silt-clay fraction.

(Hi) For soils having particle size intermediate between (z) and r(ii) above, the quantity of lime required is 
between 3 to 7%.

(iv) About 10% for heavy clays used as bases and sub-bases.
Lime stabilisation is not effective for sandy soils. However, these soils can be stabilised in combination 

with clay, fly ash or other pozzolanic materials, which serve as hydraulically reactive ingredients. The ratio 
of fly ash to lime generally varies between 3 to 5. Ute fly ash used is about 10 to 20% of the soil weight.

Chemical and Physical Changes in lime stabilisation
When lime reacts with wet soil, it alters the nature of the adsorbed layer by base exchange. Calcium ions 

replace the sodium or hydrogen ions. The double layer is usually depressed due to an increase in the cation 
concentration. However, sometimes the double layer may expand due to high PH value of lime.

lime reacts chemically with available silica and alumina in soils. A natural cement composed of calcium 
alumino silicate7 complexes is formed, which causes a cementing action. The reaction depends upon the 

effective concentration of the reactants and temperature.
In lime stabilisation, the liquid limit of the soil generally decreases but the plastic limit increases. Thus, 

the plasticity index of the soil decreases. The soil becomes more friable and workable. The strength of the 
lime-stabilised soil is generally improved. It is partly due to a decrease in the plastic properties of the soil and 
partly due to formation of cementing material Increase in the unconfined compressive strength is sometimes 
as high as 60 times. The modulus of elasticity of the I soil also increases substantially.

Addition of lime causes a high concentration of calcium ions in the double layer. It causes a decrease in 
the tendency of attraction of water. Consequently, the resistance of the soil to water adsorption, capillary rise 
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and volume changes on wetting or drying is substantially increased. The lime-stabilised bases or sub-bases 
form a water resistant barrier which stops penetration of rain water. There is an increase in the optimum water 
content and a reduction in the maximum dry density. In swampy areas where the water content is above the 
optimum, application of lime to soil helps in drying of the soil.

Cyclic freezing and thawing can cause a temporary loss of strength, but because of subsequent healing 
action, there is no loss of strength in long run.

Construction Methods
Construction methods used in lime stabilisation are similar to those used in cement stabilisation. 

However, the following differences should be carefully noted.
(i) As the reaction in the case of lime is slow, there is no maximum time limit between the addition of 

lime to the soil and the completion of compaction. However, care should be taken to avoid 
carbonation of lime in the process.

(it) Lime may be added in the form of slurry instead of dry powder.
(Hi) A rest period of 1 to 4 days is generally required after spreading lime over a heavy clay before final 

mixing is done. This facilitates proper mixing of lime and soil.
(iv) The soil-lime is compacted to the required maximum dry density.
After compaction, the surface is kept moist for 7 days and then covered with a suitable wearing coat. 

Sometimes, the wearing coat is applied soon after compaction to help hold the moisture.

153. BITUMINOUS STABILISATION
Bitumens are non-aqueous systems of hydrocarbons that are soluble in carbon di-sulphide. Tars are 

obtained by the destructive distillation of organic materials such as coal. Asphalts arc materials in which the 
primary components are natural or refined petroleum bitumens.

Bituminous stabilisation is generally done with asphalt as binder. As asphalts are normally too viscous to 
be used directly, these are used as cut-back with some solvent, such as gasoline. These arc also used as 
emulsions, but in this form they require a longer drying period.

Any inorganic soil which can be mixed with asphalt is suitable for bituminous stabilisation. In 
cohesionless soils, asphalt binds the soil particles together and thus serves as a bonding or cementing agent. 
In cohesive soils, asphalt protects the soil by plugging its voids and water proofing it. It helps the cohesive 
soil to maintain low moisture content and to increase the bearing capacity.

The amount of bitumen required generally varies between 4 to 7% by weight. The actual amount is 
determined by trial

Types of soil-bitumen
According to the Highway Research Board of USA there are four types of soil-bitumen.
(1) Soil-bitumen (proper). This is a water-proof, cohesive soil system. The best results are obtained if 

the soil satisfies the following criteria.
(a) Passing No. 4 (4.76 mm) Sieve 50%.
(b) Passing No. 40 (0.425 mm) Sieve 35 to 100%.
(c) Passing No. 200 (0.074 mm) Sieve 10 to 50%.
(d) Plastic limit less than 18%.
(e) Liquid limit less than 40%.
(/) The maximum size of the particle should not be greater than one- third the compacted thickness of 

the soil-bitumen.
The quantity of bitumen varies from 4 to 7% of the dry weight.
(2) Sand-bitumen. This is a bitumen stabilised cohesionless soil system. The sand should be free from 

vegetal matter or lumps of clay. The sand may require filler for its mechanical stability. However, it should 
not contain more than 25% minus No. 200 sieve material (Le. the material finer than No. 200 Sieve) for dune 
sands and not more than 12% in case in other types of sand.
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The amount of bilumen required varies from 4 to 10%.
(3) Water-Proofed Clay Concrete. A soil possessing a good gradation is water proofed by a uniform 

distribution of 1 to 3% of bitumen in this system. Soils of three different gradations have been recommended. 
For the three gradations, the percentage passing No. 200 sieve varies between (i) 8 to 12; (iz) 10 to 16 and 
(zzz) 13 to 30.

(4) Oiled earth. In this system, a soil surface consisting of silt-clay material is made water proof by 
spraying bitumen in two or three applications. Slow or medium curing bitumen or emulsions are used. The 
bitumen penetrates only a short depth into the soil. The amount of bitumen required is about 5 litres per 
square metre of the soil surface.

Factors affecting bituminous stabilisation
(1) Type of soil. Bituminous stabilisation is very effective in stabilising sandy soils having little or no 

fines. If a cohesive soil has the plastic limit less than about 20% and the liquid limit less than 40%, it can be 
effectively stabilised. However, plastic clays cannot be properly treated because of the mixing problems and 
large quantity of asphalt required. Fine-grained soils of the arid regions which have high pH value and contain 
dissolved salts do not respond well.

(2) Amount of asphalt The quality of the bitumen-stabilised soil improves with the amount of asphalt 
upto a certain limit. However, if the amount of the asphalt is excessive, it results in a highly fluid mixture 
that cannot be properly Compacted.

(3) Mixing. The quality of the product improves with more thorough mixing.
(4) Compaction. The dry density of the bitumen-soil depends on the amount and type of compaction. It 

also depends upon the volatile content. In modified AASHO test, the maximum dry density occurs at a 
volatile content of about 8%. For samples cured and then immersed in water, the maximum strength occurs 
at a moulding volatile content corresponding to the maximum compacted density.

Construction Methods
Construction methods for bituminous stabilisation are similar to those used for soil-cement stabilisation. 

However, the following points should be noted.
(1) The optimum volatile content for compaction is generally much greater than that for stability. The 

volatile content required for thorough mixing may be even greater, especially for clayey soils. It is, therefore, 
necessary to aerate the mix between mixing and compaction and between compaction and application.

(2) To obtain a high stability, the layer method of construction is preferred. Each layer is kept about 5 
cm thick. When the lower layer has dried up,, the subsequent layer is laid. The total thickness for bases is kept 
between 10 to 20 cm.

(3) In the mix-in-place method, the bitumen is sprayed in several passes. Each layer is partially mixed 
before Ute next pass. This method prevents the saturation of the surface of the subgrade.

(4) Climatic conditions influence the amount of bitumen that can be applied, as the amount of fluid 
(moisture) already present is the soil depends upon the climatic conditions.

15.6. CHEMICAL STABILISATION
In chemical stabilisation, soils are stabilised by adding different chemicals. The main advantage of 

chemical stabilisation is that setting time and curing time can be controlled. Chemical stabilisation is however 
generally more expensive than other types of stabilisation.

The following chemicals have been successfully used.

(1) Calcium Chloride. When calcium chloride is added to soil, it causes colloidal reaction and alters the 
characteristics of soil water. As calcium chloride is deliquescent and hygroscopic, it reduces the loss of 
moisture from the soil. It also reduces the chances of frost heave, as the freezing point of water is lowered. 
Calcium chloride is very effective as dust palliative. As the soils treated with calcium chloride do not easily 
pick up water, the method is effective for stabilisation of silty and clayey soils which lose strength with an 
increase in water content.
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Calcium chloride causes a slight increase in the maximum dry density. However, the optimum water 
content is slightly lower than that for the untreated soil. It causes a small decrease in the strength of the soil. 
However, if the compacted soil is put to water imbibition, water pick up is reduced and the strength of the 
treated soil is greater than that of the untreated soil.

It may be noted that most of the benefits of stabilisation require the presence of the chemical in the pore 
fluid. As soon as the chemical is leached out, the benefits are lost. The performance of treated soils depends 
to a large extent on the ground-water movement.

The construction methods are similar to those used for lime stabilisation. The quantity of calcium 
chloride required is about |% of the weight of the soil.

(2) Sodium Chloride. The action of sodium chloride is similar to that of calcium chloride in many 
respects. However, the tendency for attraction of moisture is somewhat lesser than that of calcium chloride. 
When sodium chloride is added to the soil, crystallisation occurs in the pores of the soil and it forms a dense 
hard mat with the stabilised surface. The pores in the soil get filled up and retard further evaporation of water. 
Sodium chloride also checks the tendency for the formation of shrinkage cracks.

Sodium chloride is mixed with the soil either by the mix-in-place method or by the plant-mix method. It 
should not be applied directly to the surface.

The quantity of sodium chloride required is about 1% of the soil weight.
(3) Sodium Silicate. Sodium silicates, as well as other alkali silicates, have been successfully used for 

soil stabilisation. The chemical is used as solution in water, known as water glass. The chemical is injected 
into the soil. Sodium silicate gives strength to soil when it reacts with it. It also makes the soil impervious. 
It also acts as a dispersing agent. The maximum compacted density is increased. The quantity of the chemical 
required varies between 0.1 to 0.2% of the weight of the soil.

This method of stabilisation is relatively inexpensive, but its long-term stability is doubtful. The treated 
soil may lose strength when exposed to air or to ground water.

(4) Polymers. Polymers are long-chained molecules formed by polymerising of certain organic chemicals 
called monomers. Polymers may be natural or synthetic. Resins arc natural polymers. Calcium acrylate is a 
commonly used synthetic polymer. When a polymer is added to a soil, reaction takes place. Sometimes, the 
monomers are added with a catalyst to the soil. In that case, polymerisation occurs along with the reaction.

(5) Chrome Lignin. The chemical lignin is obtained as a by- product during the manufacture of paper 
from wood. Chrome lignin is formed from black liquor obtained during sulphite paper manufacture. Sodium 
bicarbonate or potassium bicarbonate is added to sulphite liquor to form chrome lignin. It slowly polymerises 
into a brown gel. When the chemical is added to the soil, it slowly reacts to cause bonding of particles. The 
quantity of lignin required varies from 5 to 20% by weight.

As lignin is soluble in water, its stabilising effect is not permanent.
(6) Other Chemicals, (i) Some water proofers such as alkyl chloro silanes, siliconates amines and 

quaternary ammonium salts, have been used for water proofing of soils.
(zz) Coagulating chemicals, such as calcium chloride and ferric chloride, have been used to increase the 

electrical attraction and to form flocculated structure in order to improve the permeability of the soil.
(iii) Dispersant, such as sodium hexa-metaphosphate, are used to increase electrical repulsion and to 

cause dispersed structure. The compacted density of the soil is increased.
(z'v) Phosphoric acid combined with a wetting agent can be used for stabilisation of cohesive soils. It 

reacts with clay minerals and forms an insoluble aluminum phosphate.

15.7. THERMAL STABILISATION
Thermal change causes a marked improvement in the properties of the soil. Thermal stabilisation is done 

cither by heating the soil or by cooling it.

(a) Heating. As the soil is heated, its water content decreases. Electric repulsion between clay particles 
is decreased and the strength of the soil is increased. When the temperature is increased to more than 100°C, 
the adsorbed water is driven off and the strength is further increased.
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When the soil is heated to temperature of 400°C to 600°C, some irreversible changes occur which make 
the soil non-plastic and non-expansive. The clay clods are converted into aggregates.

With further increase in temperature, there is some fusion and vitrification, and a brick-like material is 
obtained which can be used as an artificial aggregate for mechanical stabilisation.

This method of stabilisation is quite expensive because of large heat input. Il is rarely used in practice.
(b) Freezing. Cooling causes a small loss of strength of clayey soils due to an increase in interparticle 

repulsion. However, if the temperature is reduced to the freezing point, the pore water freezes and the soil is 
stabilised. Ice so formed acts as a cementing agent.

Water in cohesionless soils freezes at about 0°C. However, in cohesive soils, water may freeze at a much 
lower temperature. The strength of the soil increases as more and more water freezes. This method of 
stabilisation is very costly. This method is used only in some special cases. It has been successfully used to 
solidify soils beneath foundations. The method is commonly used when advancing tunnels or shafts through 
loose silt or fine sand.

Freezing may cause serious trouble to adjacent structures if the freezing front penetrates these areas. It 
may cause excessive heaving. The method should be used after considering the above aspects.

15.8. ELECTRICAL STABILISATION
Electrical stabilisation of clayey soils is done by a process known as electro-osmosis. As a direct current 

(D.C.) is passed through a clayey soil, pore water migrates to the negative electrode (cathode). It occurs 
because of the attraction of positive ions (cations) that are present in water towards cathode. The strength of 
the soil is considerably increased due to removal of water. (For further details of electro-osmosis see chapter 
16).

Electro-osmosis is an expensive method, and is mainly used for drainage of cohesive soils. Incidentally, 
the properties of the soil are also improved.

15.9. STABILISATION BY GROUTING
In this method of stabilisation, stabilisers are introduced by injection into the soil. As the grouting is 

always done under pressure, the stabilisers with high viscosity are suitable only for soils with high 
permeability. This method is not suitable for stabilising clays because of their very low permeability.

The grouting method is costlier as compared with direct blending methods. The method is suitable fa- 
stabilising buried zones of relatively limited extent, such as a pervious stratum below a dam. The method is 
used to improve the soil that cannot be disturbed. An area close to an existing building can be stabilised by 
this method.

Types of Grouting
Depending upon the stabiliser used, grouting techniques can be classified as under:
(1) Cement Grouting. A cement grout consists of a mixture of cement and water. If the hole drilled in 

the soil is smooth, the water-cement ratio is kept low. Sometimes, chemicals are added to grout to increase il 
fluidity so that it can be injected into the soil.

Cement grouting is quite effective for stabilising rocks with fissures, gravel and coarse sand.

(2) Clay Grouting. In this method, the grout used is composed of a very fine-grained soil (bentonite 
clay) and water. The bentonite clay readily adsorbs water on its surface. The viscosity, strength and flow 
characteristics of the grout can be adjusted according to the site conditions. Clay grouting is suitable for 
stabilising sandy soils.

Sometimes, other chemicals are added to clay grout. Clay cement grout is a mixture of clay, bentonite 
and cement. Clay-cement grout is a mixture of clay, bentonite and cement. Clay-chemical grout is a 
mixture of clay and sodium silicate. It is effective for medium and fine sands.

(3) Chemical Grouting. The grout used consists of a solution of sodium silicate in water, kpown as 
water glass. The solution contains both free sodium hydroxide and colloidal silicic acid. An insoluble silica 
gel is formed. As the reaction is slow, calcium chloride is generally added to accelerate the reaction.
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The method is suitable for medium and fine sands. However, the effect of chemical grouting is not 
permanent

(4) Chrome-lignin grouting. The grout used is made of lignosulphates and a hexavaiant chromium 
compound. When it is combined with an acid, the chromium ion changes valence and thereby oxidises the 
lignosulphates into a gel.

The method can be used to stabilise fine sand and coarse silt.
(5) Polymer grouting. Various polymers have been successfully used in grouting of fine sands and silts.
(6) Bituminous grouting. Sandy and silty soils have been grouted successfully using emulsified asphalt. 

Slow-setting emulsions are generally preferred, as these can travel a large distance into the stratum.

15.10. STABILISATION BY GEOTEXTILE AND FABRICS
The soil can be stabilised by introducing geotextiles and fabrics which are made of synthetic materials, 

such as polythelene, polyester, nylon. The geotextile sheets are manufactured in different thicknesses ranging 
from 10 to 300 mils (1 mil = 0.0254 mm = 25.4 p.). The width of the sheet can be up to 10 m. These are 
available in rolls of length upto about 600 m. Geotextiles are manufactured in different patterns, such as 
woven, non-woven, grid, and hybrid. The woven geotextiles are made from continuous mono-filament or slit­
film fiber*.  The non-woven geotextiles are made by the use of thermal or chemical bonding of continuous 
fibres and then pressed through rollers into relatively thin sheets. The grids of geotextiles are made from a 
sheet of polymer by punching it and then elongating it in at least one direction. The hybrid geotextile are 
nothing but combinations of woven, non-woven and grid.

The geotextiles are quite permeable. Their permeability is comparable to that of fine sand to coarse sand. 
These ar quite strong and durable. These are not affected by even hostile soil environment. The use of 
geotextiles in geotechnical and construction engineering has increased considerably in the last 2 decades. 
Geotextiles are being increasingly used for the site improvement, soil stabilisation and various other related 
works. While selecting geotextiles for a particular job, due importance should be given to the major function 
that the geotextile has to perform, as explained below.

1. Geotextiles as separators. Geotextiles are commonly used as separators between two layers of soils 
having a large difference in particle sizes to prevent migration of small-size particles into the voids of 
large-size particles. The main use as separators is in the construction of highways on clayey soils. As the 
particle size of granular base course of the highway is 
much larger than that of the subgrade (clayey soil in this / BA

case), it is the usual practice to provide an intervening
soil layer of a soil containing grain-sizes intermediate XJOorXxXxxxxxxxxxxxxxxKxxxxxx^xx 
between that of the subgrade and the base course to SUBGRADE' GEOTEXTILE

prevent migration of clay particles into the base course.
Instead of the intervening soil layer, geotextile can be 15,1 •

provided to serve the same purpose. The size of perforations should be according io the requirement. Thus a 
geotextile sheet is used between the subgrade and the base course (Fig. 15.1).

2. Geotextile as Filter. It is the usual practice to provide a properly graded filter to prevent the 
movement of soil particles due to seepage forces The filter is so designed that the particle size of the filter is 
small enough to hold the protected material in place, as discussed in chapter 10. If the filter material is not 
properly selected, the particles of the soil move into the pores of the filler and may prevent proper functioning 
of the drainage. It may also lead to piping.

Geotextiles, can be used as filters 
instead of conventional filter. When the 
silt-laden turbid water passes through 
the geotextile, the silt particles are 
prevented from movement by the 
geotextile. The modification in the soil 
and void of the geotextile occurs, and 15.2.
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after some time an equilibrium stage is attached. For relatively thin geotextile sheet, most of the filtration 
occurs within the soil just upstream of the geotextile .fabric. Fig. 15.2 shows the use of geotextile as filter on 
the upstream and downstream of the core of a zoned earth dam. It prevents the migration of the particles of 
the core into the shells.

GEOTEXTILE3. Geotextile as Drain. A drain is used to convey 
water safely from one place to the other. As the 
geotextiles are pervious, they themselves function as a 
drain. They have a relatively higher water-carrying 
capacity as compared to that of the surrounding soil.

Drainage occurs either perpendicular to the plane 
of the sheet or in-plane of the sheet. In the first case, it 
functions primarily as a filter. In the latter case, it acts 
as a water carrier, and a relatively bulky geotextile or a 
composite system of geotextile is required. Fig. 15.3 
shows a typical application where geotextile is used for 
drainage behind a retaining wall. Fig. 15.3.

In all the above applications of the geotextile, the following advantages are generally achieved.
(1) The installation is generally easier and faster.
(2) The system has greater stability.
(3) The quantity of soil to be excavated and disposed of is less.
(4) The load on the structure is less.
4. Geotextile as Reinforcement for strengthening soil. Geotextiles have a high tensile strength. These 

can be used to increase the load-carrying capacity of the soil. Geotextiles are used as reinforcement in the 
soil, which is poor in tension but good in compression. The action is somewhat similar to that of steel bars 
in a reinforced concrete slab.

Geotextiles when used as reinforce- ............./ GEOTEXTILE

ment for soils have solved many EMBANKMENT
construction problems on soft and 
compressible soils. Fig. 15.4 shows the ■■■ "■»' ■ ■ ■ ■ ■ ■ ‘ ■1t. .». .mm.n
reinforcement of an embankment with 
geotextiles. The geotextiles have been F'S-15-4-

used in the construction of unpaved roads over soft soils. These are laid over the soil and the base course of 
the road is placed directly over it. When the vehicles pass over the road, the geotextile deforms and its 
strength is mobilised.

5. Geotextiles used as reinforcement in retaining walls. Geotextile can be used as reinforcement in the 
construction of earth-retaining structures. Geotextiles are used to form the facing of the retaining wall as well 
as reinforcement. Such retaining walls are also called fabric reinforced retaining walls (Fig. 15.5).

Fig. 15.5. Fig. 15.6.
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The following procedure is used for the construction of the fabric-reinforced wall.
(i) First the ground surface is levelled and the first geotextile sheet of the required width is laid over the 

surface such that about 1.5 m to 2 m of the sheet at the wall surface is draped over temporary 
wooden form (Fig. 15.6 a).

(ii) Granular material is placed over the geotextile sheet and compacted with a roller of suitable weight. 
(Ui) After compaction, the sheet is folded as shown in Fig. 15.6 (b).
(iv) The second geotextile sheet is placed over the compacted layer over the granular material and draped 

over the wooden form as shown in Fig. 15.6 (c), and the process is repeated.
(v) The front face of the wall is protected by the use of shotcrete or gunite. Shotcrete is the cement 

concrete with a low water content. It is sprayed over the soil surface at a high pressure. Fig. 15.6 (d) 
shows the completed wall.

The design of fabric reinforced retaining walls is similar in principle to that of reinforced earth discussed 
in the following section.

15.11. REINFORCED EARTH
The soil can be stabilised by introducing thin strips in it. In reinforced earth, thin metal strips or strips of 

wire or geosynthetics are used as reinforcement to reinforce the soil. The essential feature of the reinforced

of 
.ts

ae 
ill

earth is that friction develops between the reinforcement and 
the soil. By means of friction, the soil transfers the forces 
built up in the earth mass to the reinforcement. Thus tension 
develops in the reinforcement when the soil mass is subjected 
to shear stresses under loads.

The main application of the reinforced earth is in the 
reinforced earth wall. The wall consists of a facing element, 
reinforcement and the back fill (Fig. 15.7). At the exposed 
vertical surface of the earth mass, facing elements are used to 
provide a sort of barrier so that the soil is contained. The 
facing units are generally prefabricated from units which are 
small and light so that they can be easily transported and 
placed in position. These are usually made of steel, 
aluminum, reinforced concrete or plastic. These should be 
strong enough to hold back the back fill Moreover, these 
should be such that the reinforcement can be easily fastened Fig. 15.7.

to them. The facing units generally- require a small plain concrete footing at the bottom so that they can be 
easily built.

The reinforcement is connected to the facing element and extended back into the backfill zone. The 
friction developed in the reinforcement restrains the facing element. First a layer of reinforcement strips is 
placed at the level ground surface and the backfilling is done with a granular soil. The soil with less than 15 
percent passing No. 200 sieve is used. The entire process of laying strips and backfilling is continued till the 
required height of the reinforced earth wall is attained.

Galvanised steel strips are commonly used as reinforcement. Each strip is about 50-100 mm wide and 
several metres in length. The thickness is upto 9 mm. Sometimes metal rods, wires and geotextiles are used 
as reinforcement.

Design of reinforced earth wall
The following assumptions are made :

1. The backfill is horizontal, without any surcharge.

2. The earth pressure acting on the facing element is the same as that acts on a rigid vertical face 
retaining concrete wall.
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3. Rankine’s earth pressure theory for active pressure (discussed in chapter 19) holds good.
4. The failure plane makes an angle of (45° + 0/2) with the horizontal, where 0 is the angle of shearing

resistance of the backfill material.
Let us consider the design of a retaining wall AB of 

height H (Fig. 15.8). When the wall rotates about the point 
A away from the backfill, a failure plane AC forms which 
makes an angle of (45° + 0/2) with the horizontal. The 
active pressure acting on the wall at any depth Z below the 
soil surface is given by

Pz - yZKA ...(15.1)

The pressure variation is linear. The total pressure per 
unit length of the wall is given by

P.-^iH2Ka ...(15.2)

where KA is Rankine’s active earth pressure coefficient, 
equal to tan2 (45° + 0/2), as discussed in chapter 19.

Fig. 15.8.Let us divide the height H of the wall into small equal 
heights h as shown in Fig. 15.8. Let Z( be the depth of any reinforcing strip i. The total earth pressure acting 

on the strip is represented by the area abed of the pressure diagram. The average pressure p,- on the strip is 
given by

Pi = yZiKA ...(15.3)

Let us assume that the reinforcing strips are placed at intervals of h in the vertical direction. Let the 
spacing of the strips in the direction perpendicular to the plane of paper be s. Thus one reinforcing strip is 
subjected to the earth pressure on the area of (h x $). Therefore, the tension in the strip i is given by

T. -p, A - (yZiKA)(h x s) ...(15.4)

Using the same procedure, the tension in other reinforcing strips can be determined. Of course, the 
tension increases as the depth increases. The sum of the tension in all the reinforcing strips is equal to the 
total earth pressure on a length of s. Thus

£ T, - .F, ...(15.5)

Length of reinforcing strip. The reinforcing strips should extend well beyond the active zone into the 
backfill to have proper grip length. The length of the strip lying between the wall AB and the failure plane 
AC is not effective for computing the grip length. The effective grip length lying on the right-hand side of the 
failure plane AC should be able to provide a suitable factor of safety against failure.

Let us again consider the reinforcing strip at depth Z,. If F, is the frictional resistance on the reinforcing 
strip of length £.«, then

Fi = FsTi ...(15.6)
where F, is the factor of safety (usually taken as 2) and 7} is the tension in the strip.
If 6 is the angle of surface friction, then

F, - (y Z/) tan 6 x (surface area of strip)
The surface area of the strip of width b is taken equal to (2 bLe) as the resistance develops on both faces 

of the strip.
'I1,us Ff - (y Z,-) tan 6 (2 b Le) ...(15.7)

Substituting the value of F,- in Eq. 15.6 and simplifying

l'e " 2yZ,6tan6 -.(15.8)
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Eqs. 15.7 and 15.8 are applicable to rectangular strips. If round bars are used,

. FsT;
L' “ a 7 .—x ...[15.8 (a)]3t a y Zj tan o t \ /j

where d is the diameter of the bar. 
If continuous reinforcing sheets are used,

The angle of surface friction 8 depends upon the density and type of the backfill material. It also depends 
upon the roughness of the reinforcing strip. The value of 6 usually varies between 0.5 $ and <j>, where <j> is 
the angle of shearing resistance of the backfill material.

Cross-sectional area of the reinforcing strip
The cross-sectional area of the reinforcing strip is determined if the allowable tensile stress (/j.) is known. 

The cross-sectional area is obviously equal to the tensile force divided by the allowable tensile stress. Thus

Fs(yZiKA)hsor At = A>— ...(15.9)

Eqs. 15.8 and 15.9 give different lengths Le and the cross-sectional areas As for different reinforcing 
strips. For convenience, it is the usual practice to adopt the same length and the cross-section for all the 
reinforcing strips. Thus the value corresponding to the maximum tension at the base of wall is used for all 
strips. Hence Z, - H for all strips.

PROBLEMS

A. Descriptive and Objective type Questions
15.1 . What is soil stabilisation ? What are its uses ?
15.2 . What is mechanical stabilisation ? What are the factors that affect the mechanical stability of a mixed soil?
153. Describe in brief cement stabilisation. What are the factors that affect the stability of soil cement? Discuss 

construction methods.
15.4 . Discuss the use of lime in stabilisation of soils. What are the chemical and physical changes which take place 

in lime stabilisation ?
15.5 . Write a short note on bituminous stabilisation. What are different types of soil bitumen? Describe the factors 

affecting bituminous stabilisation.
15.6 . What are different types of chemicals used in stabilisation of soils?
15.7 . Write short notes on:

(i) Thermal stabilisation (m) Electrical stabilisation.
(iii) Grouting (iv) Geotextile.

15.8 . Write whether the following statements are true or false:
(a) Mechanical stabilisation requires addition of chemicals to soils.
(6) Cement stabilisation is more suitable for fine grained soils than coarse-grained soils.
(c) Lime stabilisation is suitable for coarse-grained soils.
(d) Bituminous stabilisation can be used for both coarse- grained and fine-grained soils.
(e) The effect of lignin as a stabilisation agent is permanent.
(/) Thermal stabilisation is quite inexpensive.
(g) Electro-osmosis is used for stabilising highly cohesive soils.
(A) A geotextile is embedded in the soil to give it stability.
(0 Cement grouting can be used for clayey soils. [Ans. True, (d), (g), (/i)}
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B. Multiple Choice Questions
1. Cement stabilisation is generally used for stabilising

(a) Sands (ft) Silts
(c) Clays (r/) All the above

2. Lime stabilisation is generally used f'or stabilising
(a) Gravels (ft) Sands
(c) Clays (<"/) All the above

3. Bituminons stabilisation is generally used fofustabilising
(a) Sands (ft) Silts
(c) Clays («/) All the above

4. The following methods of mixing cement in the stabilisation of the soil is generally the best:
(«) Mix-in-place method (ft) Stationary plant method
(c) Travelling plant method (</) None of above.

5. For stabilisation of heavy clays, the following method is generally most 'effective
(a) Mechanical stabilisation (b) Thermal stabilisation.
(c) Chemical stabilisation (d) Electrical stabilisation.

6. Chemical grouting is generally used for
(a) fine sands and coarse sits (b) medium and fine sands
(c), Coarse sands (k/), clays.

7. Line stabilisation oftejayey soils generally leads to
(fl) Decrease in shrinkage limit (ft) Decrease in plastic limit
(c) Increase in liquid limit (d) Flocculation of particles

8. For the maximum dry density, the percentage of particles passing 75p size is about
(a) 40% ’ (ft) 60%

(c) 20% (dj 80%
9. The material used for manufacture of geotextile is

(a) Polythene (ft) Nylon
(C) Pplysler (r/) All the above

10. For the design of the reinforced earth wall, the following assumption is not made:
(ci) The earth pressure distribution is the same as in a rigid retaining wall
(ft) The Rankine theory is applicable
(<?) The failure plane makes an angle of (45° - <|>/2) with the horizontal
(</) There is no surcharge on the backfill

[Ans. I. (a), 2. (c). 3. (d). 4. (c), 5. W), 6. (ft), 7. W), 8. (c). 9. (</), 10. (c)]



16
Drainage, Dewatering and Wells

16.1. INTRODUCTION
Drainage is the process of removal of gravity water (free water) from a soil mass in order to keep it in 

a stable condition. Drainage may be classified into two categories : (i) Surface Drainage, (it) Sub-surface 
Drainage. Surface drainage is the method of collection and diversion of the surface run off. Subsurface 
drainage consists of collection and disposal of the ground water. Subsurface drainage is also known as 
dewatering. It is process of removal of water from a foundation pit when it is situated below the ground water 
table or when it is surrounded by a coffer dam.

Die purpose of dewatering is to keep the excavation dry so that concreting can be done. Dewatering is 
temporary if it is done at the time of construction. It is followed by restoration to its original water table after 
the structure has been completed. Permanent dewatering is required for removing subsurface gravitational 
water throughout the life of structure. It may be necessary to keep the water away from the structure to check 
dampness or other ill effects.

Subsurface drainage not only facilitates construction, but it also helps in improving the properties of the 
soil. This helps in the stabilisation of soils. In case of fine-grained soils, although the quantity of water 
removed is not much, improvement in the properties of the soil is significant. Subsurface drainage also helps 
in reducing the hydrostatic pressure acting on the base of the structure.

Die method of sub-surface drainage to be adopted at a particular site would depend upon the 
characteristics of the soil, the position of the water table and the time period the system has to operate. 
Various methods of sub-surface drainage are discussed in this chapter. Dieory of wells is also dealt with. The 
methods of surface drainage are outside the scope of this text.

16.2. INTERCEPTOR DITCHES
Interceptor ditches are used for excavation of limited depth made in a coarse soil. These ditches are 

constructed around the area to be dewatered. The ditches must penetrate deeper than the level of the work 
area (Fig. 16.1). At suitable locations, sump pits are constructed along the ditch for installation of the pump 
to remove the water collected.

Fig. 16.1. Interceptor Ditch.
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If the soil is fine sand of low permeability, boiling may occur in sumps and ditches. This may be 
prevented by placing filter layers on the sides and at the bottom of the ditches and sumps.

Interceptor ditches are most economical for carrying away the water which emerges on the slopes 
near the bottom of the foundation pit. The method can be effectively used for rock formation, gravel 
coarse sand. In fine sands and silts, there may be sloughing, erosion or quick conditions. For such soils, 
method is confined to a depth of 1 to 2 m.

| | £

163. SINGLE-STAGE WELL POINTS
A well point is a perforated pipe about 1 m long and 5 cm in diameter. The perforations are covered with 

a screen to prevent clogging. A jetting nozzle is provided at its lower end. A conical steel drive point is fixed 
to the lower end of the well point to facilitate installation (Fig. 16.2). A ball valve is also provided, near the 
lower end which permits flow of water only in the downward ' ' 
direction during installation. The well point is connected to 
the bottom of the riser pipe of the same diameter. Risers of 
different well points are connected to a horizontal pipe of 15 
to 30 cm diameter, known as header. The header is connected 
to a specially designed pumping unit. The spacing of the well 
points depends upon the type of soil and the depth of water. 
Generally, it varies between 1 to 3 m.

Well points can be installed in a drilled hole, but 
generally these are installed by jetting. Water is pumped 
through the riser pipe in the downward direction. As it 
discharges through the nozzle, it displaces the soil below the 
tip. Jetting is continued till the required penetration of the tip 
is achieved. The advantage of installation by jetting is that 
the water under pressure washes away soil fines near the. tip 
and leaves a relatively coarse materiaL It forms a natural 
filter around the tip. The hole formed near the tip is filled 
with coarse sand.

After the well points have been installed around the area <al 
to be dewatered, pumping is started. Each well point lowers 
the water table around it and forms a small cone of depression (Fig. 16.3). Various cones of depression join, 
and a common drawdown curve is obtained. The water table is thus lowered (Fig. 16.4.)

Well points are suitable for lowering the water table by 5 to 6 m in soils with a coefficient of 
permeability between 1 x ICT4 to 1 x IO-6 m/sec. The screen normally provided with the well points can 

prevent medium sand and coarse sand from entering the well point. If the stratum to be dewatered consists of

Fig. 16.3. Well-point Installation.
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finer soils, a sand filter has to be provided around the 
well point.

It is essential to continue pumping once it has 
been started until the excavation is complete. If it is 
stopped in between, it may prove to be disastrous.

16.4. MULTI-STAGE WELL POINTS
When the water table is to be lowered for a depth 

greater than 6 m, multi-stage well points are required. 
In this method, two or more rows of well points are 
installed at different elevations. Fig. 16.5 shows a two-

''-----Wellpoint ----- S
Fig. 16.4. Effect of Well Points, 

well point system.

Fig. 163. Multi-stage Well Points.

The installation of well points is done in stages. The first stage well points (marked I) are located near 
the perimeter of the area, as in a single-stage well point system. These are put into operation and the water 
table is lowered by about 5 m and the area is excavated. The well points of the second stage (marked II) are 
then installed within the area already excavated. Water table is further lowered by about 5 m and the 
excavation of further 5 m depth is done. Thus the total depth of excavation becomes about 10 . If required, 
the third stage of well points can also be installed to further lower the water table.

The method is useful for excavations upto 15 m depth. Excavations exceeding 15 m depth are generally 
dewatered by a deep well system (Sect. 16.7).

16.5. VACUUM WELL POINTS
Well points cannot be used successfully for draining silty sands and other fine sands with an effective 

size less than about 0.05 mm. The coefficient of permeability of such soils is generally between 1 x 10"5 to 

1 x IO-7 m/sec. These soils can be effectively drained by using vacuum well points.

For installation of a vacuum well points, a hole of about 25 
cm diameter is formed around the well point and the riser pipe by ■ 
jetting water under pressure. When water is still flowing, medium 
to coarse sand is filled into the hole upto about 1 m from the top. 
The top 1 m portion of the hole is then filled by tamping clay into 
it. It forms a sort of seal (Fig. 16.6). Any other impervious 
material can also be used instead of clay to form a seal. Well point 
spacing is generally closer than that in a conventional system.

When the header is connected to a vacuum pump, it creates a 
vacuum in the sand filter around the well point. As the pressure on 
the water table is equal to the atmospheric pressure, the head 
causing flow is increased by an amount equal to the vacuum 
pressure. The hydraulic gradient Increases and it overcomes the 
flow resistance in the soil pores. The ground water flows to the 
region of vacuum in the well points and drainage occurs.

As the effective pressure on the soil is increased, 

Atmospheric pressure

~ Original W.T.

— Sand filter
(Voids under vacuum)

Water level in filter

Fig. 16.6. Vaccum Well Point.
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consolidation takes place. It makes the soil stiff. However, the process is slow and it may take several weeks 
for the soil to become stiff enough for carrying out the excavation work.

16.6. SHALLOW WELL SYSTEM
In a shallow well system, a hole of about 30 cm diameter is first bored into the ground, using a casing. 

A filter tube of about 15 cm diameter, covered with a special wire mesh, is then lowered into the casing. The 
casing is gradually withdrawn and suitable filter material is added in to the annular space between the casing 
and the filter tube. This forms a filter well. A suction pipe is lowered into the filter well A number of such 
wells may be installed. The suction pipes of all these wells are connected to a common header A pumping 
unit is attached to the header. As the pumping is started, the drainage occurs. The suction lift of the well 
should not be more than 10 m for its proper working.

Shallow well system is rarely used in practice. Well-point systems, as discussed earlier, are more 
economical upto a depth of 10 m than a shallow well system.

16.7. DEEP WELL SYSTEM
A deep well is about 30 to 60 cm in diameter, bored to a depth of 15 to 30 m . It is provided with a 

casing which is perforated one in the pervious zones penetrated. Coarse filter material is placed in the annular 
space between the casing and the walls of the hole. The spacing of deep wells varies between 10 to 30 m, 
depending upon thee area to be dewatered and the location of the water table.

A submersible pump is placed inside the casing near the bottom. The pump is driven by a motor mounted 
on the top of the casing through a vertical-shaft (Fig. 16.7). However, if the motor is submersible, it can be
directly attached to the pump. As the 
pump is placed at the bottom, there is 
no restriction on the height to which the 
water can be lifted, unlike a shallow 
well system.

Deep wells are located on the outer 
periphery of the area to be excavated. A 
row of well point is also installed at the 
toe of side slopes of the deep excava­
tion to intercept seepage between the 
deep wells and to prevent sloughing of
the slopes near the toe. Rg-167- Deep WeI1 System.

As in the case of well point systems, pumping once started must be continued until the entire excavation 
work is completed. If the pumping is stopped in between, there would be a rapid development of hydrostatic 
and seepage pressure in the excavation, which may prove to be disastrous.

16.8. HORIZONTAL WELLS
Horizontal wells of about 5 cm to 8 cm diameter have been used for drainage of hill sides. These wells 

are drilled into the hill at a slightly upward slope. A perforated casing is installed in the well to collect and 
discharge water. Horizontal wells have been successfully installed for horizontal length of 60 tn.

Large horizontal tunnels have also been successfully used to tap deep aquifers beneath hill sides.
A combined system of vertical wells and horizontal wells can be used to drain stratified soil deposits. In 

this system, the vertical wells intercept the aquifer and discharge the water into the horizontal well. The water 
collected by the horizontal well is discharged at a suitable point.

16.9. ELECTRO-OSMOSIS
Electro-osmosis is a method of drainage of cohesive soils in which a direct current (D.C.) is used. When 

a direct current is passed through a saturated soil between a positive electrode (anode) and a negative 
electrode (cathode), pore water migrates to the cathode. The cathode is a well point which collects the water 
drained from the soil. The water collected is discharged, as in a conventional well-point system.
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The phenomenon of electro-osmosis can be explained with the help of the electrical double layer. Cations 
(positive ions) are formed in pore water when the dissolved minerals go into solution. These cations move 
towards the negatively charged surface of clay minerals to satisfy the electrical charge. As the water 
molecules act as dipoles, the cations also attract the negative end of dipoles. When the cations move to the 
cathode, they take with them the attached water molecules. In fact, the entire outer part of the diffuse double 
layer which is loosely adsorbed to the 
soil particles gets sheared along a 
plane. Only the inner most part of the 
layer about 10 A° thick remains 
attached to the particle.

Fig. 16.8 shows an installation in 
which electro-osmosis is used. Anodes 
are in the form of steel rods located 
near the toe of the slope of the 
excavation. Cathodes are in the form of 
perforated pipes, resembling well 
points, installed in the soil mass about 
4 to 5 m away from the slope of the 
cut. The electrodes are so arranged that the natural direction of flow of water is reversed and is directed away 
from the excavation. This arrangement is required to prevent sloughing of the slopes. In many cases, mere 
reversing of the direction of flow helps in increasing the stability of the slope even if there is no significant 
decrease in the water content of the soil.

The system requires about 20 to 30 amperes of electricity per well at a voltage of 40 to 180. The 
consumption of energy is between 05 to 10 kWh/m3 of soil drained. Because of specialised equipment and 

high electricity consumption, drainage by electro-osmosis is expensive compared with other methods. The 
method should be used only in exceptional cases when other methods cannot be used. It is normally used to 
drain water in a cohesive soil of low permeability (k » 1 x 1(T5 to 1 x 10-8 m/sec).

Electro-osmosis also helps in increasing the shear strength of the cohesive soil.

16.10. PERMANENT DRAINAGE AFTER CONSTRUCTION
When a usable part of a structure lies below the ground water table, it should be made water proof. 

Suitable construction techniques should be used. As far as possible, basement walls and floor should be cast 
monolithically. If the joints are provided, these should be as few as possible. All joints shall be provided with 
water stops.

Permanent drainage is done by providing foundation drains and blanket drains, as explained below.
(a) Foundation Drains. When ground water

flows towards the structure, provisions are made to 
carry the water away from the foundation. Fig. 16.9 
shows an arrangement of foundation drain in which 
perforated drains are used. The drains are 
surrounded by a filter. The drains should be placed 
at an elevation higher than the bottom of the 
footing to avoid the possibility of carrying away 
fine soil particles.

The water collected in the drain is disposed of 
by gravity to a nearby storm drain, nullah or any 
other drainage facility located at a lower level. If 
no such drain is available, the water is collected in 
a specially constructed sump well and pumped out. 
periodical cleaning arrangement.

Fig. 16.9. Foundation Drain.

The drainage system should be provided with some
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Foundation drains are effective when the depth below the water table is not too much. When the water 
table is very high, suitable interceptor drains are installed at some distance away from the structure to lower 
the water table in stages.

(b) Blanket Drains. The blanket --------
drains are provided beneath the floor ---— 
slab (Fig. 16.10) A blanket drain X 
consists of coarse sand, gravel and 
crushed stones. It provides a highly \ 
pervious drainage path. The water 
coming out of the blanket drain is 
collected and drained away by gravity. 
Alternatively, it can be collected in a 
sump pit and then pumped out.

Blanket drains are quite effective
in reducing the uplitr pressure on rhe 161°- “a D”'»-

floor. The possibility of upward seepage flow through the basement floor is also considerably reduced.

16.11. DESIGN OF DEWATERING SYSTEMS
The design of a dewatering system consists of the determination of the number, size, spacing and 

penetration of the well points or wells. These parameters depend upon the expected rate of discharge, the type 
of the soil and the drawdown in the wells. Collectors and pumps should have sufficient capacity to serve the 
intended purpose.

It is extremely important to establish a fundamental relationship between the discharge and the 
corresponding drawdown. The rate of discharge is computed using Darcy’s law. It is assumed that the stratum 
is homogeneous and isotropic. In case the stratum is anisotropic, it is assumed to have been transformed into 
an equivalent isotropic stratum using the method discussed in Chapter 9. It is further assumed that tire flow 
is continuous and steady. Equations for the rate of discharge and corresponding drawdown for different types 
of wells are developed in the following sections.

Tire well may be either gravity well or artesian well. A gravity well penetrates a homogeneous, pervious 
stratum aquifer in which the water table is located. An artesian well penetrates a homogeneous, pervious 
stratum which is bounded by impervious strata above and below and in which the piezometric surface is 
above the top of the pervious stratum. A combined artesian- gravity type of flow occurs when the water table 
is an artesian well falls below the top of the pervious stratum.

The equations developed may also be used for the determination of discharge from wells for irrigation 
and other purposes. However such wells are constructed for supplying water and not drainage. In this text, 
the use of wells for drainage is of main concern.

y----Slot
16.12. DISCHARGE FROM A FULLY PENETRATING

SLOT
When the drainage wells are closely spaced in a straight 

line, an approximate equation for the discharge can be obtained 
by considering the line of wells equivalent to a long slot. The 
flow in the slot may be gravity, artesian or combined.

. (a) Gravity Flow. Fig. 16.11 shows a slot in which gravity 
flow occurs. The slot penetrates the pervious stratum in which 
the water table is located. The stratum is bounded by an 
impervious stratum at its base. The gravity flow is also known 
as unconfined flow.

The equation for the discharge is derived based on Dupuit- 
Forchheimer assumptions (see chapter 8). According to one of 
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these assumptions, the hydraulic gradient at any point is taken equal to the tangent of the angle with the 
horizontal which the drawdown curve makes at that point. It is further assumed that the stratum is isotropic, 
homogeneous and Darcy’s low is applicable.

Let us consider the flow through a vertical section of height z located at a distance x from the slot. From 
Darcy’s law,

q =kiA

or q-k ’ •••(“)

where y is the length of the slot perpendicular to the plane of paper.

Transposing Eq. (a), z dz =■ dx
ky

Integrating and substituting the boundary conditions, x = 0, z = and x = L, z = H,

or , . t , ...(16.1)

The drawdown level at a vertical section at a distance x can be obtained from Eq. (b).

or H2 ? - ^ (/. x) ...(16.2)

Substituting the value of q from Eq. (16.1),

H2 _ J _ 2(6-x) . tW2-* 2) . „ 
ky 2L y

or H2 - ? - ...(16,3)

As the flow at the face of the slot is almost vertical, Dupuit Forchheimer assumption is not strictly valid. 
The actual drawdown level is given by the following equation

...(16.4)

The value of the height hs depends upon the ratios 

hIH and L/H.
(b) Artesian Flow. Fig. 16.12 shows artesian flow in 

the slot. The artesian flow is also known as confined 
flow. In field, such a condition occurs when closely 
spaced wells are installed near and parallel to the bank of 
a river such that the pervious stratum is exposed.

The equation for discharge can be derived as in the 
case of gravity flow. However, in this case, the area of flow is 
equal to (t x y) and not (z x y), where: is the thickness of 
the pervious stratum. Therefore, Eq. (a) becomes Fi.g 16.12. Artesian Flow in a Slot.

T
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9 - * ■ (1) •
or dz = ■ dx

kty

Integrating and substituting the boundary conditions, 

rf - jf- rf ...(e)

or (t-0)

or q - (u - *)  ...(16.5)

The drawdown level at a distance x from the slot can be obtained from Eq. (c), as 

rf - rf 

or (l-x)

Substituting the value of q from Eq. 16.5,

(c) Artesian-Gravity Flow. Fig. 16.13 shows an artesian gravity type of flow. The flow near the slot is 
gravity flow, whereas that away from the slot is artesian flow. Let Lc be the distance of the point at which

Fig. 16.13. Artesian-Gravity Flow in a Slot
the flow changes from artesian flow to gravity flow. The distance La can be determined by equating the 
discharge in the gravity flow portion to that in the artesian flow portion.

From Eqs. 16.1 and 16.5,

ktf- h2) kly(H — l) 
2La y ' L -Lq

or (/. - A2) . 21.,, '(ll - I)

W Lq [2l(H - » + (r2 - A2)] - I. (f - (?)
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c c in k(? - h2)
From Eq. 16.1, q = —x—------ L • y

2LG

Substituting the value of LG from Eq. 16.7,

_ y . (2,„ _ f _ J2)
IL (? - A2)

, - ...(16.0)

Eq. 16.8 can be used for the determination of the discharge.
The drawdown levels can be obtained as under.

(i) Gravity flow portion (x s LG)

From Eq. 16.3, ? - 2 ~ (f _ *2)
k-G

or £c(r2 -z2) = (£G - x) (t2 - ft2)

or LGJ - x(? - ft2) + Lg h2

or z ° (? - ft2) + ft2 ...(16.9)
lg

(ii) Artesian flow portion (x a LG)

| ,,, „ , (H - <)[L - Lo - (x - Lq)}
rrom Eq. 16.6, li — z ■= ---------------- —----- -— ------------------

(L - Lg)

or z - + " ...(16.10)
{L — Lg)

16.13. DISCHARGE FROM A PARTIALLY PENETRATING SLOT
When the thickness of the stratum is too large for full penetration of the slot, a partially penetrating slot 

is used. The flow in a partially penetrating slot can be gravity flow or artesian flow.

(a) Gravity flow. (Fig. 16.14). The discharge qp can be computed using the results of model studies 
conducted by Chapman (1956).

Fig. 16.14. Partially Penetrating Slot (Gravity Flow).

qp - [ 0.73 + 0.27 45^1 | (H2 - A2) ...(16.11)

The symbols are given in Fig. 16.14. As before, y is the length of the slot perpendicular to the plane of 
paper.
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The maximum residual head (Ao) downstream of the slot is given by

I’D + 1] ...(16.12)

Eqs. (16.11) and (16.12) are valid for the ratio L/H equal to or greater than 3. It may be noted that kD is 

greater than h.
(b) Artesian flow. Fig. 16.15 shows artesian flow in a partially penetrating slot of depth W. The

Fig. 16.15. Partially Penetrating Slot (Atresian Flow.)

...(16.13)

where EA is the extra-length factor, which depends upon the ratio Wit and L/t (Fig. 16.16).

The maximum residual head hD on the downstream of the slot is given by

■L + EA
As in the case of gravity flow,the head hD is greater than that at the slot.

16.14. DISCHARGE IN A SLOT FROM BOTH SIDES
In most of the practical cases, the flow towards a slot is from both sides and not only from one side. The 

equations for discharge from a slot from both sides are given below.
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(a) Fully Penetrating Slot. The discharge from a fully penetrating slot from loth sides is twice the 
discharge from one side. Equations developed in Sect. 16.12 can be used.

For gravity flow, Eq. 16.1 gives the discharge from one side. Therefore, the discharge from both sides is 
given by

/ w2 _ -2 \
~ £ * ...(16.15)

For artesian flow, Eq. 16.5 can be used to give the discharge from both sides as

(b) Partially Penetrating Slot Chapman (1956) gave the following equations for the discharge of a 
partially penetrating slot from both sides.

For gravity flow,
qr - [ 0.73 + 0.27 1 (S*  - h2)

In case of artesian flow, the discharge is given by the equation,

_ 2kty(H- h)

where k is a factor, which depends upon the ratio (W/r), as given in Fig. 16.17, 
W = depth of slot in the aquifer, and t = thickness of aquifer.

All other notations are the same as in Sect.
16.12.

16.15. WELL HYDRAULICS
Wells and commonly used for the dewatering 

of ground water. A well is a circular hole of a 
suitable diameter made in an aquifer. As the 
pumping is done from the well, a cone of 
depression is created all around the well. The 
equations for discharge can be developed using 
Darcy’s law. However, the main use of wells is to 
supply water for drinking, irrigation and other 
purposes. Ground water is an important source of 
water. It is exploited through open wells, tube 
wells, springs and horizontal galleries.

Ground water is the water that falls as 
precipitation and then infiltrates the soil below the 
water table. The ground water reservoir is formed 
in the voids of the water-bearing strata, known as Fig. 16.17. Variation of X.

aquifers. These aquifers act as conduits for transmission of ground water. As the discharge from wells 
depends mainly on the permeability of the soil, pumping out tests as discussed below are frequently used to 
determine the coefficient of permeability of the soil, as explained in chapter 8.

As already explained, aquifers are mainly of two types. (<) Unconfined aquifers, (h) Confined aquifers. 
As in the case of slots, the flow in a well may be gravity, or artesian or artesian-gravity. The equations for 
discharge are developed in the following sections.

As aquiclude is a soil formation such as clay which contains water, but which is not capable of 
transmitting or supplying adequate quantity of water. An aquifuge is a mass of rock or an impervious 
formation which neither transmits nor stores any water.
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16.16. TERMS USED IN WELL HYDRAULICS
Various technical terms used in well hydraulics are defined below.
(1) Specific Yield. The specific yield (Sy) of an aquifer is defined as the ratio of the volume of water 

drained by gravity to the total volume of the aquifer. It is usually expressed as a percentage. Thus

Volume of water drained by gravity * 
r Total volume of the aquifer

or .9, . ~ x 100 ...(16.19)

The total volume of water in an aquifer depends upon porosity. However, a high value of porosity does 
not necessarily indicate that the aquifer will yield large volume of water. The quantity of water which can be 
obtained from the aquifer is that which flows under gravity. Therefore, it depends upon the permeability and 
hence specific yield. The specific yield is always less than porosity. It is sometimes called effective porosity. 
Specific yield of most of the aquifers, such as sand and gravel, varies between 15 to 30%.

(2) Specific Retention. The specific retention (SR) of an aquifer is the ratio of the water retained in the 
soil after drainage to the total volume of aquifer. It is also expressed as a percentage. Thus

_ Volume of water retained , nn
jp = 77 7 ' 77 X t U\J

Total volume of the aquifer

or S„ - x 100 ...(16.20)

When a saturated mass of soil is subjected to drainage, some water is not drained as it is retained in the 
pores of the soil due to molecular and capillary forces. The amount of water retained depends on grain size, 
grain shape and distribution of pores. The specific retention is high for soils with small pores, such as clayey 
soils.

For a saturated soil, the total volume of water Vw is equal to porosity (n) times the total volume of the 

aquifer (V). Thus VM, = n V

But VK, = VwY +

f Vu.y +
Therefore n = — = -------- —-------

or n - Sy + SR ...(16.21)

Thus, the porosity of the stratum is equal to the sum of the specific yield and the specific retention.

(3) Storage Coefficient. The storage coefficient is defined as the volume of water released (or stored) by 
an aquifer per unit surface area per unit change in the component of the head normal to the surface.

In an unconfined aquifer, the storage coefficient corresponds to its specific yield. The storage coefficient for 
a unit thickness of the aquifer is equal to the specific yield, provided gravity drainage is complete. In a confined 
aquifer, the storage coefficient also depends upon the compression of the aquifer and the expansion of the 
contained water when the pressure is decreased during pumping. Typical values of storage coefficient for 
unconfined aquifers range from 0.02 to 0.03 and that for confined aquifers range from 0.00005 to 0.005. The 
actual values can be obtained from the pumping out tests.

(4) Transmissibility Coefficient. The coefficient of transmissibility (T) is defined as the rate of flow of 
water through a vertical strip of aquifer of unit width and extending to the fully saturation height under unit 
hydraulic gradient. Obviously, the coefficient of transmissibility in a confined aquifer is equal to the product 
of the coefficient of permeability and the thickness t of aquifer.

Thus T - k x t ...(16.22)
Its units are m2/sec or cm2/sec.

The coefficient of transmissibility of a well in an unconfined aquifer is equal to the product of the 
coefficient of permeability and the average saturated thickness ia. Thus
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T - k x ta ...(16.23)

when t„ - (JI + A)/2 where H is the height of the original water table above the impervious stratum 

and h is the height of water in the well after drawdown.

16.17. DISCHARGE FROM A FULLY PENETRATING WELL
The water table is initially horizontal. When the pumping is started, the water table is lowered near the 

well and a cone of depression is formed. The drawdown at any point is equal to the vertical intercept between 
the original water level and the depressed water level The flow may be gravity, or artesian, or artesian- 
gravity. The equations for discharge for all these types of flows are given below.

(1) Gravity Flow. Gravity flow occurs in an unconfined aquifer (see Fig. 8.8). This type of flow has 
already been discussed in chapter 8 when describing the methods for the determination of the coefficient of 
permeability in the field. However, for completeness of the treatment, the equations are repeated here.

Eq. 8.23 can be written as q - \ ... .(16.24)
* log^fl/rj k ’

where H = depth of aquifer measured below the water table, h = depth of water in the well, 
R = radius of influence, rw = radius of well, k = coefficient of permeability.

The elevation z of the drawdown curve at a radial distance r from the well can be computed from the 
equation

? . . *2  ...(16.25)
nk

The drawdown at a radial distance r can be computed from the equation

if - ? - log. (R/r) ...(16.26)

If there are two observation wells at radial distances rj and r2 , and if the depths of water in these wells 
are /ij and h2, respectively, Eq. 16.24 can be written as

_ xk(hl-h*)  
q “ logeta/n) ...(16.27)

Eq. 16.24 can be written in terms of the effective length of the strainer (L). Let d be the drawdown at 
the well, Le., H - h = d

Thus

Therefore,

H + h - d + 2h

ak(H + h)(H - h) 
loge(R/rw)

_ xkd(d + 2A) 
q ~ log^fl/rj

As the effective length L of the strainer in the well is equal to h,

nkd(d + 2Z.) 
q “ \o^(R/rw) ...(16.28)

(2) Artesian Flow. The artesian flow occurs in a confined aquifer (see Fig. 8.9). Eq. 8.26 developed in 
chapter 8 can be written as

_ 2nkl(H - h) 
q ” loge (R/rw) 

where, k = coefficient of permeability, t = thickness of aquifer, 
H = depth of the base of the aquifer below the piezometric surface, 
h = depth of water in the well, R = radius of influence, rw = radius of well.

...(16.29)

The elevation z of the drawdown curve at a radial distance r from the well is given by



404 SOIL MECHANICS AND FOUNDATION ENGINEERING

The drawdown at that distance is given by

2 “ Tnkt 1O&(r/r*) + h ...(16.30)

H~Z= 2nkt lo&(7?/r) -(1631)

Sometimes, Eq. 16.29 is written in terms of the coefficient of transmissibility (7) and the drawdown (d). 
Using Eq. 16.22 and taking (H - h) equal to d,

If h} and are the depths of water in two observation wells situated at distances rj and r2 , Eq. 16.29 

becomes
231*7(^2-61)

...(16.33)

(3) Artesian-Gravity Flow. Fig. 16.18 shows a well in which artesian-gravity flow occurs. As already 
explained, the flow is gravity type near the well and artesian type away from the well.

...(16.34)

...(16.35)

Fig, 16.18. Artesian-Gravity Flow.

The discharge can be obtained from the following equation developed by Muskat (1937), 
= nk(2tH- ? - A2) 

q log, (R/r J

The elevation z at a radial distance r can be determined from the following equation.

2 " 1»L («/r.) tos’^/r~> * r * log, (R/rJ

The radial distance RG of the point at which the flow changes from artesian type to gravity type is given by 

(z2 - A2) log, («) + 2, (77 - <) log. 0^)
lofcl/w-------------------------- I2 - h1----------------------------- -.(16.36)

Eqs. 16.34 and 16.35 have been based on the assumption that the head at the well is at the same 
elevation as the water surface in the well. This is not true if the drawdown is relatively large. For such cases, 
the head at and in the close vicinity of the well is greater than the water depth in the well.

16.18. DISCHARGE FROM A PARTIALLY PENETRATING WELL
The discharge from a partially penetrating well depends upon the depth of penetration in the aquifer. Like 

a fully penetrating well, the flow can be gravity flow or artesian flow.
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(a) Gravity Flow. Fig. 16.19 shows a partially penetrating well with gravity flow. The discharge is given 
by the following equation.

Fig. 16.19. Partially Penetrating Well (Gravity Flow).

- h)
qp ’ r i oil

— log, (it W/2rw) + —
...(16.37)

where Hjjf is the height of the drawdown curve at a distance of 2H from the well and W = depth of 

penetration of the well in the aquifer. The other notations are the same as in the preceding sections.

(b) Artesian Flow. Fig. 16.20 shows a partially penetrating well with artesian flow. The discharge is 
given by the following equation.

G.S.

Fig. 16.20. Partially Penetrating Well (Artesian Flow).
= - h)C

qp log, (R/rw)

where C is the correction factor for partial penetration. It is equal to the ratio of the discharge from the 
partially penetrating well to that for a fully penetrating well for the same drawdown.

The value of C can be obtained from the following equation given by Kozeny (1933).

...16.39)

where W = depth of penetrations in the confined aquifer.

The other notations are the same as in the preceding sections.

16.19. INTERFERENCE AMONG WELLS
When two or more wells are located close to one another, their drawdown curves intersect within their 

zones of influence. Consequently, the discharge in the individual well is decreased. The phenomenon is 
known as interference among wells. The discharge from an individual well depends upon the spacing of the 
wells and their orientation.
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(a) Artesian Wells.
(i) Two wells. Fig. 16.21 shows two artesian wells having a spacing of B. The dotted lines [curves (1) 

and (2)] show their individual cones of influences. The combined cone of influence is shown by the 
curve-3. The discharge through each well is given by

(1) Drawdown for well no. 1 (3)Composite drawdown
(2) Drawdown tor well no. 2 ।

Fig. 16.21. Interference among Wells.

2nkl(H - h)

where R is the radius of influence (R > > B). 
All other notations are the same as before.

...(16.40)

(ii) Three wells in the same line. If there are three identical wells in the same line having a spacing of 
B, the discharge through the two end wells is given by

a ____________ ?Jikt(H - h) log, (B/r„)____________
9 " 2 log, (R/B) log, (B/rw)+ log, (B/2rw) log, (R/rw) ' ’ '

The discharge through the middle well is given by

2 it kt (H - h) log, (B/2rw)
q ' 21og, (R/B) log, (B/rw) + log, (B/2rw) log, (R/rJ -(16-42)

(Hi) Three wells forming a triangle. If there are three identical wells located at the apexes of an 
equilateral triangle, with side B, the discharge from each well is given by

= 2ti kt(H - h) 
log,(R3/B2rw)

...(16.43)

(b) Gravity Wells. The discharge from gravity wells can be obtained by using the equations given above 
for the artesian wells and making the following substitution :

(Z72/2i) for H and (* 2Z2»> for h.

For example, the discharge from each well when the two wells are spaced B apart is obtained from Eq. 
16.40 as

2nkt(H2/2t - h2/2i) 

log, (R2/Brw)

or
nt(ff2 -62) 

log. (R2/r.B)
...(16.44)
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16.20. SPHERICAL FLOW IN A WELL
The equations developed in the preceding sections are for radial flow. Fig. 16.22 shows a well which 

penetrates upto the top surface of the confined aquifer. The flow in the well is spherical. In this case, the

equations given in the preceding sections do not apply as the flow is not radial and the Dupuit assumption is 
not valid.

The discharge in the case of spherical flow is given by

q = 2Hkrw(H - h) ...(16.45)

where rw is the radius of the well.

The discharge in case of spherical flow is much less as compared to that in a fully penetrating well. As 
the wells with spherical flow arc not very effective, these are rarely used in practice.

16.21. DISCHARGE FROM AN OPEN WELL
An open well is a.vertical hole of a large diameter 2 to 10 m. It is of shallow depth, and it draws water 

only from one pervious stratum. The well penetrates to such a depth below water table that there is at least 
a water depth of 3 to 4 m even in a dry season. Generally, the depth of an open well is limited to 30 m. The 
sides of the well may be lined with bricks or stones. In case of an unlined well, the discharge is from the 
bottom and sides. However, in the case of a lined well, it is mainly from the bottom of the well. The 
discharge capacity of an open well is generally limited to 0.004 cumecs, because the well can be excavated 
to a limited depth. Moreover, the water can be withdrawn only at a small velocity. If the velocity is greater 
than the critical velocity, the soil grains may be dislodged and subsidence may occur.

Open wells may be dug, bored, drilled or driven. Large diameter open wells are generally dug manually 
or mechanically.

Safe yield of an open well is the rate of flow at which the water percolates into the well under safe 
maximum working head. As the water is pumped out, the water level in the well falls. The difference between 
the water level in the well and the original water table is the depression head. The critical depression head 
occurs when the velocity is so high as to dislodge the 
soil particles. The safe maximum working head is usually 
taken as one- third of the critical depression head.

The yield from an open well is determined by the 
following two methods : (1) Pumping test at constant 
level, (2) Recuperation test.

1. Constant level Pumping test. In this method, the 
water level in the well is depressed by pumping, out 
water till the maximum safe depression head is reached. 
The rate of pumping is so adjusted that the water level in ’. 16,23. Pumping Test.
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the well remains constant (Fig 16.23). At that stage, the rate of withdrawal is equal to the percolation rate. 
The rate of pumping per hour gives the yield per hour of the well at a particular drawdown.

The discharge is generally expressed as

q - K x H

q - (K/A) x A x H ...(16.46)
where q = discharge (m3/hr), K = Constant, depending upon the soil, A = Cross-sectional area of the cavity 
of flow at the well bottom (m2). It is generally taken as 4/3 limes the actual cross-sectional area of the well 

bottom, H depression head.
The ratio KIA is the specific yield of the open well (m3/hr) per m2 of the area through which water 

percolates under 1 m of depression head. [The value of K/A given by Marriot is equal to 0.25 for clay, 0.5 
for fine sand and 1.0 for coarse sand.]

[Note. The specific yield of tube well is not the same as that of an open well.]

2. Recuperation Test. In a recuperation 
test, the water level is depressed to a level 
below the normal level by pumping. As the 
pumping is stopped, water level in the well 
starts rising. The time required for the water 
level to recuperate is noted. The equation for 
the discharge is derived below.

Let A-A be the water level before the 
pumping and B-B be the water level when the 
pumping is stopped (Fig. 16.24). Let be the 
depression head when the pumping is stopped, 
and H be the depression head at a time t after 
the pumping is stopped. Let H2 be the 
depression head at a time T after the pumping is stopped.

Volume of water entering the well when the head recuperates by dll is given by

dV - A • dll

where A = Cross-sectional area of the well bottom.
The volume of water entering the well in time dt during which head recuperates by dll is also .given by 

dV - qdt ...(b)

where q = rate of discharge in the well
As the rale of discharge depends upon the depression head, it can also be written as 

q = K • H
Thus dV = KH dt ...(c)
From Eqs. (a) and (c),

KHdt--AdH ...(d)
The minus sign indicates that the head decreases as time t increases.

Integrating Eq. (d) between the limits (t = 0, II = //, and t = T, H = II, 

K { dll

or ( ■ T - [log.7^ - log. (H/HJ

O' ,1*7 1<’8" ...(16.47)
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Knowing the values of /Zh II2 and 7', the value of the specific yield (K/A) can be computed. Once the 
value of K/A has been determined, the discharge can be obtained from Eq. 16.46 for any other depression 
head II as

q - (K/A) x A x H
Although recuperation test is not as reliable as the constant level pumping method, it is used when it is 

difficult to regulate the rate of pumping to attain a constant water level in the well required in the constant 
level pumping test.

16.22. ADVERSE EFFECTS OF DRAINAGE
As the water is drained out from the soil, the neutral stress decreases and the effective stress is increased. 

The increased effective stress may cause consolidation settlement. Therefore, the structures already existing in 
the zone of influence may experience undesirable settlement. This undesirable effect can be minimized by 
artificial recharge Le. by pumping water into the ground near the existing structures through a system of well 
points. Thus a constant ground water level is maintained near the structures.

Another adverse effect of the drainage is that cavities are formed in the soil. These cavities may collapse 
after some time and may cause undulation in the ground. This adverse effect is minimised by providing 
suitably designed filters to check flow of soil along with water.

ILLUSTRATIVE EXAMPLES

Illustrative Example 16.1. A slot is made in an unconfined aquifer to drain water. The flow to the slot 
occurs from both sides. If the water table is at a height of 12 m above the base and the drawdown is 4 m, 
find the discharge per metre length, assuming that the distance of the slot from both sides is 100 m. Take 
k - 5 x lO^m/sec.

f jf- _ if \
Solution. From Eq. 16.15, q = k I -—— • y

- 5 X 10 ' x 1 . 4 x 10"4ma/sec

Illustrative Example 16.2. A well fully penetrates an unconfined aquifer having a saturated thickness of 
10 in. If the radius of the well is 10 cm, and the drawdown is 3 tn, determine the discharge. Take the radius 
of influence as 300 m and the coefficient of permeability as 8 x 10-4 m/sec.

Solution. From Eq. 16.24, q =
log, (R/rw)

or
a: x 8 x KT4 (102 - 72) 

log, (300/0.10)
0.016 m3/sec

Illustrative Example 163. Calculate the discharge from a fully- penetrating tube well, having the
following particular :

(z) Thickness of confined aquifer = 25 in
(it) Tube well diameter = 30 cm
(Hi) Drawdown = 3 in
(iv) Radius of influence = 150 m
(y) Coefficient of permeability = 30 m/day

Solution. From Eq. 16.29,
2 it kt (H - h) 

log, (R/rw)

2n x 30 x 25 x (3) 
log, (150/0.15)
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- 2046.5 m3/day - 0.0237 m3/sec.
Illustrative Example 16.4. A tube well is driven in a confined aquifer of 25 m thickness located 20 m 

below the ground surface. The water table is 15 m below the ground surface. If the discharge of the well is 
0.05 m3/sec when the depression head is 10 m, find the diameter of the tube well. Take the radius of influence 

as 300 m and k • 3 x 10-4 m/sec.

„ , i- r- iron 2JIkt(H- /i)Solution. From Eq. 16.29, q » —------ 'loge (R/rw)

. ... . 2nkt/H - h)log, (R/rw) - --------- ----------- L

. . 2it x 3 x IO’4 x 25 x 10 _log,(/?/rw)---------------- —---------------- 9.42

R/rw - 12332.58
or rw - 300/12332.58 = 0.0243 m
Illustrative Example 16.5. A fully penetrating well draws water from a confined aquifer of thickness 12 m 

and of permeability 1.5 x ICT3 m/sec. If the discharge is 0.03 m3/sec, compute the drawdown at 30 m from 
the centre of the well. Take R/rw = 2000.

Solution. Eq. 16.31, H - z - log,. (R/rw)

- -------- °:03 ------- log® (2000) - 2.017 m
231 x 15 x 10'3 X 12

Illustrative Example 16.6. Fig. E-16.6 shows an artesian-gravity well with a radius of influence of 
300 m. If the diameter of the well is 30 cm, compute the discharge. Take k = 5 x 10^ m/sec.

Fig. E-16.6.

Solution. From Eq. 16.34, q ~ ~ ~4 loge^/rj

or it x 5 x 104 (2 x 12 x 15 - 122 - 92) 
log, (300/0.15) - 0.0279 m3/sec.

Illustrative Example 16.7. A well 25 cm diameter partially penetrates a confined aquifer by 9 m. If the 
total thickness of the aquifer is 20 m and the discharge is 0.04 m3/sec, compute drawdown at the well. Take 
R = 200 m, and k = 4 x 10~3 m/sec.

Solution. From Eq. 16.38, n„ - ~ *) c

where C is given by Eq. 16.39 as



DRAINAGE, DEWATERING AND WELLS 411

Therefore,

it x 9 x 180 
2 x 20 x it

x 20 (H - ft) x 0.649 
log. (200/0.125)

- 0.649.

„ , 0.04 x 7.378 ftOA.
or 0326---------- 0905"

Illustrative Example 16.8. Two tube wells fully penetrate 12 m thick confined aquifer and are 150 m 
apart. The wells have following particulars :—

(i) Diameter = 30 cm
(ii) Depression head = 4.5 m

(Hi) Radius of influence = 300 m
(iv) Coefficient of permeability = 1.5 x 10~3 m/sec.

Determine the discharge from each well and compare it with for no interference.

Solution. From Eq. 16.40, q = 2 31 ** ——
loge^2/^)

2 jc x 1.5 x 10~3 x 12 x 4.50 

log. (3002/150 x 0.15)

For no interference, Eq. 16.29 gives
2n kt(H - ft) 

q ' log. (SA.)

2 at x 1.5 x 10~3 x 12 x 4.50 

log. (300/0.15)

0.0613 m3/sec

0.0669 m3/sec

Percentage reduction is discharge

Illustrative Example 16.9. Determine the discharge from a well with spherical flow and having the 
following particulars :

(i) Thickness of confined aquifer = 10 m
(ii) Radius of influence = 100 m
(Hi) Radius of well = 0.1 m
(iv) Coefficient of permeability = 1 x 10^ m/sec

(v) Drawdown = 3 m
What would have been the discharge if the well had penetrated the confined aquifer fully ?

Solution. From Eq. 16.45, q - 2 at k rw (H - ft)
or q - 2 it x 10“* x (0.1 x 3) - 1.88 x 10“*m 3/sec

If the well had penetrated fully, the discharge would have been given by Eq. 16.29 as, 

2itfa (H - h)
q ■ log. (100/0.1)

' ■ 21 ioM^/oV 3 * 27'29 x

The ratio of the discharge in spherical flow to that in a fully penetrating well is given by
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' - S27 ’ M3 ‘ 7%
Le. the discharge in spherical flow is about 7% of that in radial flow.
Illustrative Example 16.10. Design an open well in coarse sand (specific yield = 1.0 in3lhrhn2 under 

unit drawdown) for a yield of 0.003 >n/s, when operated under a depression head of 3 m.

Solution. From Eq. 16.46, q ~ (K/A) x A x H

or 0.003 x60 x 60«1.0xAx3 or A = 3.6 m

If dw is Ure diameter of the well.

(n/4) x (dj2 - 3.60 or = 2.14 m

Illustrative Example 16.11. During a recuperation test, the water level in an open well was depressed 
by 2.4 m which recuperated by an amount of 1.5 m in 60 minutes. Determine the yield from the well of 3 m 
diameter under a depression head of 3.0 m.

Solution. From Eq. 16.47, j = j; log,, (Hp'Hf)

or

From Eq. 16.46,

J = f log. (2.40/0.90) = 0.981

q = (K/A) x A x H
= 0.981 x jt/4 x (3)2 x 3.0 = 20.80 m3/hour

PROBLEMS

A Numerical
16.1. A slot is made in a confined aquifer 2 m thick to drain water. Hie flow to the slot occurs from both sides. If 

the water table is at a height of 10 m above the base and the drawdown is 3 m, find the discharge per metre 
length. The distance of the slot from both sides is 120 m. Take k = 4 x 10-4 m/sec. [Ans. 0.04 lit/sec]

162. A 30 cm diameter well penetrates 20 m below the water table. Hie draw down at 100 m is 0.50 m and that at 
30 m is 1.10 m. If the discharge is 100 lit/sec, determine the transmissibility of the aquifer.

[Ans. 0.032 m2/sec.]

163. A well penetrates an unconfined aquifer having a saturated depth of 90 m. When the drawdown is 10 m, the 
discharge is 4 lit/sec. Determine the discharge when the drawdown is 15 m. Take the radius of influence the 
same in both the cases. [Ans. 5.82 lit/sec]

16.4. A well is sunk through a layer of sand of thickness 12 m lying over an impervious stratum. When the water was 
pumped at a constant rate of 5 m3/minute, the water levels in the observation wells situated at a distance of 15 

m and 30 m from the pump well were 2.9 m and 2.7 m below the ground water table, respectively. Find the 
permeability of the sand. [Ans. 5 mm/scc]

163. Find the coefficient of permeability of an unconfined aquifer of thickness 18 m when a well of diameter 20 cm 
discharges 50 lit/sec under a depression head of 4.5 m. Take the radius of influence as 300 m.

[Ans. 9 x 10-4 m/sec]

16.6. Calculate the discharge through a fully penetrating tube well of the following particulars :

(i) Thickness of confined aquifer
(ii) Diameter of the well
(iii) Drawdown
(iv) Coefficient of permeability
(v) Radius of influence

= 25m
= 25 cm
= 3 m
= 0.29 x IO-3 m/sec.

= 200 m

[Ans. 18.51 lit/sec.]
16.7. A fully penetrating well of diameter 30 cm draws water from a confined aquifer of permeability 2 x 10’3 m/sec 

and thickness 12 m. If the steady discharge is 0.03 cumecs, compute the drawdown at 10 m from the centre of 
the well. Take radius of influence as 500 m. [Ans. 0.778 m]
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16.8. A fully penetrating well of diameter 30 cm draws water from a 2.5 m thick confined aquifer. The steady state 
drawdown at 10 m and 50 m were observed to 2.5 m and 0.50 respectively. Determine the steady-stage 
discharge. Take k = 1.5 x 10'3 m/sec. [Ans. 29.26 lit/sec]

16.9. Design an open well in a fine sandy soil (specific yield = 0.5 m3/hour/m2 under unit depression head) to yield 
0.004 cumecs under a depression head of 3 m. [Ans. 3.5 m dia]

16.10. Calculate the average yield of an open well of 3 m diameter from the recuperation test wherein the water level 
is depressed to the extent of 2.0 m and recuperation rate is 1.0 m per hour. The allowable depression head in 
the well in 3 m. [Ans. 14.69 m3/hr]

B. Descriptive and Objective T^pe
16.11. What do you know about drainage of soils? What are its uses ? What are its ill effects?
16.12. Explain the working of a single-stage well point system. What are its limitation?

12.13. Write short notes on:
(a) Multi-stage well point system.
(6) Vacuum well points.
(c) Deep well system.

16.14. What is electro-osmosis? What are its advantages and disadvantages as compared with the conventional drainage 
systems?

16.15. What is the function of permanent drainage systems installed after construction? Describe in brief the foundation 
drains and blanket drains.

16.16. Differentiate between
(a) A slot and a well
(b) Gravity flow and artesian flow
(c) Fully penetrating and partially penetrating slots.
(d) Coefficient of permeability and transmissibility coefficient.
(e) An open well and a tube well
(/) Specific yield and specific retention.

16.17. Derive the expression for discharge from a fully- penetrating slot when the flow is
(a) gravity flow (b) artesian flow (c) artesian-gravity flow.

16.18. Derive the expression for discharge from a fully-penetrating well in
(a) a confined aquifer (6) an unconfined aquifer.

16.19. What do you understand by spherical flow? Why this type of flow is not used in practice?

16.20. What is mutual interference of wells? How can this be avoided?
16.21. How would you determine the yield of an open well?
1622. Which of the following statements are true?

(a) Electro-osmosis is generally used for coarse-grained soils.
(6) The discharge from a slot is doubled if the flow can occur from both sides.
(c) In a confined aquifer, when the well fully penetrates the aquifer, the flow is artesian.
(d) A double-stage well point can be for lowering the water table by 10 m.
(e) Foundation drains are more effective than blanket drains if the depth below the water table is not much.
(f) An open well gives more discharge than a tube well.

[Ans. Due, (h), (c), (d), (e)]

C. Multiple Choice Questions
1. For lowering the water table by about 10 m, the following method is generally the most suitable.

(a) Well-point method (6) Shallow well system
(c) Deep well points (d) Elector-osmosis

2. Vacuum well points are generally used for draining
(a) Coarse sands (b) Fine sands and silty sands
(c) Silts (d) Clays

3. In a shallow-well system, the suction lift is usually limited to
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(a) 5 m (/>) 10 m
(C) 15 m (d) 20 m

4. The units of transmissibility coefficient are
(«) cm/sec (b) cm2/sec
(c) cnr'/sec (d) None of above

5. The radius of influence of the gravity wells is generally assumed as
(a) 100 m (b) 300 m
(c) 1000 m (</) 50 m

6. The specific yield of an open well in coarse sand is about
(a) 1.00/i?1 (Z>) 0.5 fi?1

(c) 0.25 /i?1 (d) 5.0 /»?'

7. Select the incorrect statement
(a) The confined aquifer is bounded at top and bottom by impervious strata.
(b) The pressure of water in the confined aquifer is greater than atmospheric pressure
(c) The aquifer is a fully saturated stratum
(d) A tube well starts flowing by itself in a confined aquifer

8. In a tube well driven in a confined aquifer if the drawdown in doubled, the discharge increases
(a) 4 times (/>) 2 times

8 times (d) 16 times
9. The formation which contains water but is not able to transmit it is called

(a) an aquifer (b) An aquiclude
(<?) an aquifuge (d) none of above

10. Electro-osmosis for a clayey soil generally leads to
(a) Decrease in shear strength (/>) Increase in shear strength
(c) Increase in water content (d) Increase in plasticity

[Ans. I. (a), 2. (/?), 3. (6), 4. (b). 5. (6), 6. (a), 7. (d). 8. (h), 9. (/>), 10. (/>)]
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EARTH-RETAINING STRUCTURES
AND

FOUNDATION ENGINEERING

17
Site Investigations

17.1. INTRODUCTION
Site investigations or subsurface explorations are done for obtaining the information about subsurface 

conditions at the site of proposed construction. Site investigations in one form or the other is generally 
required for every big engineering project. Information about the surface and sub-surface features is essential 
for the design of structures and for planning construction techniques.

Site investigations consist of determining the profile of the natural soil deposits at the site, taking the soil 
samples and determining the engineering properties of the soils. It also includes in-situ testing of the soils.

Site investigations are generally done to obtain the information that is useful for one or more of the 
following purposes.

(1) To select the type and depth of foundation for a given structure.

(2) To determine the bearing capacity of the soil.
(3) To estimate the probable maximum and differential settlements.
(4) To establish the ground water level and to determine the properties of water.
(5) To predict the lateral earth pressure against retaining walls and abutments.

(6) To select suitable construction techniques.
(7) To predict and to solve potential foundation problems.
(8) To ascertain the suitability of the soil as a construction material.
(9) To investigate the safety of the existing structures and to suggest the remedial measures.

The relevant information is obtained by drilling holes, taking the soil samples and determining the index 
and engineering properties of the soil. In-situ tests are also conducted to determine the properties of the soils 
in natural conditions. This chapter discusses various methods of sub-surface explorations and in-situ testing.
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17.2. PLANNING A SUBSURFACE EXPLORATION PROGRAMME
A sub-surface exploration programme depends upon the type of the structure to be built and upon the 

variability of the strata at the proposed site. The extent of sub-surface exploration is closely related to the 
relative cost of the investigations and that of the entire project for which it is undertaken. In general, the more 
detailed the investigations arc done, the more is known about the sub-surface conditions. As a result, the 
greater economy can be achieved in the construction of the project because the element of uncertainty is 
considerably reduced. However, a limit is reached when the cost of investigations outweighs any saving in the 
cost of the project, and it increases the overall cost. It would not be economical to have investigations beyond 
that limit.

The extent of investigations would also depend upon the location of the project. A small house in an 
already built-up area would not require much exploration. On the other hand, if the liouse is to be built in a 
newly developed area, a detailed investigation would be required to ascertain the location of different soil 
strata and their physical characteristics. If a multi-storeyed building is to be constructed, extensive sub-surface 
explorations would be necessary. These buildings impose very heavy loads and the zone of influence is also 
very deep. Il would, therefore, be more desirable to invest some amount on sub-surface exploration than to 
overdesign the building and make it costlier.

Planning of a sub-surface exploration programme is a difficult task. Besides a thorough knowledge of soil 
engineering, it requires experience and engineering judgment. Sometimes, the exploration programme has to 
be changed as the investigations progress. As the variability of the soil strata is found to increase, the extent 
of investigations is also increased. On the other hand, if the site is found to be underlain by uniform deposits, 
the extent of investigations is decreased.

In general, the aim of the investigations should be to gel the maximum information that is useful in the 
design and construction of the project at a minimum cost. The cost of site investigations generally varies 
between 0.05 to 0.2% of the total cost of the entire structure. In some unusual conditions, the cost may be 
even upto 1%.

173. STAGES IN SUB-SURFACE EXPLORATIONS
Sub-surface explorations are generally carried out in three stages:

(1) Reconnaissance. Site reconnaissance is the first step in a sub-surface exploration programme. It 
includes a visit to the site and to study the maps and other relevant records. It helps in deciding future 
programme of site investigations, scope of work, methods of exploration to be adopted, types of samples to 
be taken and the laboratory testing and in-situ testing.

(2) Preliminary Explorations. The aim of a preliminary exploration is to determine the depth, thickness, 
extent and composition of each soil stratum al the site. The depth of the bed rock and the ground water lable 
is also determined.

The preliminary explorations are generally in the form of a few borings or test pits. Tests are conducted 
with cone penetrometers and sounding rods lo obtain information about the strength and compressibility of 
soils.

Geophysical methods are also used in preliminary explorations for locating the boundaries of different 
strata.

(3) Detailed Explorations. The purpose of the detailed explorations is to determine the .mgineering 
properties of the soils in different strata. Il includes an extensive boring programme, sampling and testing of 
the samples in a laboratory.

Field tests, such as vane shear tests, plate load tests and permeability tests, are conducted to determine 
the properties of the soils in natural state. The tests for the determination of dynamic properties are also 
carried out, if required.

For complex projects involving heavy structures, such as bridges, dams, multi-storey buildings, it is 
essential to have detailed explorations. However, for small projects, especially at sites where the strata are 
uniform, detailed investigations may not be require. The design of such projects is generally based on the data 
collected during reconnaissance and preliminary explorations.
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17.4. RECONNAISSANCE
The geotechnical engineer makes a visit to the site for a careful visual inspection in reconnaissance. The 

information about the following features is obtained in reconnaissance.
(1) The general topography of the the site, the existence of drainage ditches and dumps of debris and 

sanitary fills.
(2) Existence of settlement cracks in the structure already built near the site.
(3) The evidence of land slides, creep of slopes and the shrinkage cracks.
(4) The stratification of soils as observed from deep cuts near the site.
(5) The location of high flood marks on the nearby building and bridges.

(6) The depth of ground water table as observed in the wells.
(7) Existence of springs, swamps, etc. at the site.
(8) 'fhe drainage pattern existing at the site.
(9) Type of vegetation existing at the site. The type of vegetation gives a clue to the nature of the soil.

(10) Existence of underground water mains, power conduit, etc. at the site.
In addition to making site visits, the geotechnical engineer should study geological maps, aerial 

photographs, toposheet, soil maps and the blue prints of the existing buildings. Maps and publications of 
various agencies give a lot of information about the geologic character of the area.

The geotechnical engineer should also get information about the type of structure to be built and its 
proposed use. In the case of a multi-storeyed building, the information about the column loads and their 
approximate locations should be obtained. In the case of bridges, the span length and the load carried by the 
piers and abutments should be ascertained. In the case of a dam, the geotechnical engineer should get 
information about the type of the dam, its height, base width and other salient characteristics.

The information obtained during reconnaissance is helpful in evolving a suitable sub-surface investigation 
programme.

17.5. DEPTH OF EXPLORATION
The depth of exploration required at a particular site depends upon the degree of variation of the 

subsurface data in the horizontal and vertical directions. It is not possible to fix the number, disposition and 
depth of borings without making a few preliminary borings or soundings at the site. The geotechnical 
engineer having a long experience and good engineering judgment may give some guidelines.

The depth of exploration is governed by the depth of the influence zone. The depth of the influence zone 
depends upon the type of the structure, intensity of loading, shape and disposition of the loaded area, the soil 
profile, and the physical characteristics of the soil. The depth upto which the stress increment due to

Fig. 17.1. Depth of Exploration.
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superimposed loads can produce significant settlement and shear stresses is known as the significant depth. 
The depth of exploration should be at least equal to the significant depth.

The significant depth can be determined using the method discussed in chapter 11. The significant depth is 
generally taken as the depth at which the vertical stress is 20% of the load intensity. According to the above 
criterion, the depth of exploration should be about 1.5 times the width of the square footing (Fig. 17.1) and about

Fig. 17.2. Depth of Exploration for Closely-spaced Footings.

3.0 times the with of the strip footing. However, if the footings are closely spaced, the whole of the loaded area 
acts as a raft foundation. In that case, the depth of boring should be at least 1.5 times the width of the entire 

, the depth of exploration below the tip of bearing piles isloaded area (Fig. 17.2). In the case of pile foundation 
kept at least 1.5 times the width of the pile group. 
However, in the case of friction piles, the depth of 
exploration is taken 1.5 times the width of the pile 
group measured from the lower third point (Fig. 
17.3).

It is more logical to relate the increase in stress 
to the in-situ stress. The depth of exploration is 
usually taken upto the level at which the increase 
in stress is l/20th of the in-situ stress before the 
application of the load.

When the foundations are taken up to rock, it 
should be ensured that large boulders are not 
mistaken as bed rock. The minimum depth of core 
boring into the bed rock should be 3m to establish 
it as a rock.

In case of multi-storeyed buildings, the depth 
of exploration can be taken from the following 
formula (Sowers and Sowers, 1970),

D = C(S)0-7 .,.(17.1)

where D = depth of exploration (ni), C = constant, F1S-17-3- DePth of ExPloration for Pnction Piles, 

equal to 3 for light steel buildings and narrow concrete buildings. It is equal to 6 for heavy Steel buildings 
and wide concrete buildings. S = number of storeys.

If loose soil or recently deposited soil or a weak stratum is encountered, it should be explored thoroughly. 
Explorations should be carried to a depth at which the net increase in the vertical stress is less than the 
allowable bearing pressure of the soil.

For two adjacent footings, each of size B x L, spaced at a clear spacing A, IS: 1892—1972 suggests that 
the minimum depth of boring should be 1.5 B when A 2 4B; and it should be 1.5 L when A < 2B. For 
adjacent rows of such footings, the minimum recommended depth of exploration is 4.5B when A < 2B\ it is 
3.5 B when A > 2B and it is 1.5 B when A 2 4B.
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For explorations of deep excavations, the depth of exploration below the proposed excavation level 
should be at least 1.5 times the depth of excavation. In case of road cuts, it is taken at least equal to the width 
of the cut.

In case of road fills, the minimum depth of boring is 2m below the ground surface or equal to the height 
of the fill, whichever is greater.

In case of gravity dams, the minimum depth of boring is twice the height of the dam.

, 17.6. LATERAL EXTENT OF EXPLORATIONS
The lateral extent of exploration and the spacing of bore holes depend mainly on the variation of ihe 

strata in the horizontal direction. The exploration should be extensive so as to reveal major changes in the 
properties of the sub-surface strata.

For small and less important buildings, even one bore hole or a trial pit in the centre may suffice. But 
for compact buildings, covering an area of about 0.4 hectares, there should be at least 5 bore holes, one at 
the centre and four near the comers (Fig. 17.4).

For large, multi-storeyed buildings, the bore holes should be drilled at all the comers and also at 
important locations. The spacing between the bore holes is generally kept between 10 to 30 m, depending 
upon the variation in the subsurface conditions and loading (Fig. 17.5.).

For highways, subsurface explorations are usually carried out along the proposed centre line or along the 
propose ditch line. The spacing of bore holes usually varies between 150 and 300 m. If the sub-strata is 
erratic, the spacing may be reduced to even 30m.

In case of concrete dams, the spacing of bore holes generally varies between 40 and 80 m.

17.7. OPEN EXCAVATION METHODS OF EXPLORATION
In this method of exploration, an open excavation is made to inspect the sub-strata. The methods can be 

divided into two categories: (1) Pits and Trenches, (2) Drifts and Shafis.
(1) Pits and Trenches. Pits and trenches are excavated at the site to inspect the strata. The size of the 

pit should be sufficient to provide necessary working space. IS : 4453—1967 recommends a clear working 
space of 1.2 m x 1.2 m at the bottom of the pit. The depth of the pit depends upon the requirement of the 
investigation as already discussed.

Shallow pits up to a depth of 3 m can be made without providing any lateral support. For deeper pits, 
especially below the ground water table, the lateral support in the form of sheeting and bracing system (Fig. 
17.6) is required. As the depth of the pit increases, its cost increases rapidly. For depths greater than 6 m, 
bore holes are more economical than open pits.
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Deep pits should be properly ventilated to prevent 
accumulation of dead air. If water is encountered in a pit, 
it should be suitably dewatered.

Trenches are long shallow pits. As a trench is 
continuous over a considerable length, it provides 
exposure along a line. The trenches are more suitable 
than pits for exploration on slopes.

Test pits and trenches can be excavated manually or 
mechanically. Adequate precautions should be taken 
against possible accidents due to caving of the ground.

(2) Drifts and Shafis. Drifts are horizontal tunnels 
made in the hill-side to determine the nature and 
structure of the geological formation. IS: 4453—1980 
recommends that a drift should have the minimum clear 
dimensions of 1.5 m width and 2.0 m height in hard 
rock. In soft rock, an arch roof is more advantageous 
than a flat roof. If the ground is unable to stand of its 
own, supports have to be provided to carry the load of 
the roof and the sides of the drift.

Drifts are useful for establishing the minimum 
excavation limits to reach sound rock and for locating 
faults and shear zones and buried channels in the river 
section. However, drifts are generally expensive. These 
are used only when other methods do not provide the 
required information. Drifts are also known as adits.

Shafts are large size vertical holes made in the 
geological formation. These may be rectangular or 
circular in section. The minimum width of a rectangular 
shaft is 2.4 m and for a circular shaft, the minimum 
diameter is 2.4 m. In weak ground, the sides of the shaft

SECTION A-A

Fig. 17.6.

should be properly supported. Deep shafts should be properly ventilated. Shafts are used to reach a particular 
strata at a depth of 4 m or more. Shafts are also used to extend the exploration below the river bed already 
done by means of tunnels.

17.8. BORINGS FOR EXPLORATION
When the depth of exploration is large, borings are used for exploration. A vertical bore hole is drilled in 

the ground to get the information about the sub-soil strata. Samples are taken from the bore hole and tested 
in a laboratory. The bore hole may be used for conducting in-situ tests and for locating the water table, 
Extensometers or pressure meter may also be installed in the bore hole for the measurement of deformation 
in the sub-strata.

Depending upon the type of soil and the purpose of boring, the following methods are used for drilling 
the holes.

(1) Auger Boring (2) Wash Boring (3) Rotary Drilling
(4) Percussion Drilling (5) Core Boring.

A few holes are drilled during the preliminary investigation. In the detailed investigations, a large number 
of holes are drilled to thoroughly investigate the sub-soil strata.

The results of boring are presented in the form of boring-log and sub-surface profiles (Sect. 17.22).

17.9. AUGER BORING
An auger is a boring tool similar to one used by a carpenter for boring holes in wood. It consists of a 
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shank with a cross-wise handle for turning and having central 
tapered feed screw [Fig. 17.7 (a)]. The augers can be operated 
manually or mechanically.

The hand augers used in boring are about 15 to 20 cm in 
diameter. These are suitable for advancing holes upto a depth of 3 
to 6 m in soft soils. The hand auger is attached to the lower end 
of a pipe of about 18 mm diameter. The pipe is provided with a 
cross-arm at its top. The hole is advanced by turning the cross- 
arm manually and at the same time applying thrust in the 
downward direction. When the auger is filled with soil, it is taken 
out. If the hole is already driven, another type of auger, known as 
post-hole auger [Fig. 17.7 (b)] is used for taking soil samples.

Mechanical augers are driven by power. These are used for 
making holes in hard strata to a great depth. However, for depths 
greater than 12 m, even mechanical augers become inconventient 
and other methods of boring are used.

Continuous flight augers are special type of mechanical 
augers which are provided with a central hollow tube. When the 
hole is advanced, the central tube is kept plugged. As the auger is 
turned into the ground, the cuttings rise to the surface through the 

101 (W

Fig. 17.7. Augers.

spiral. During sampling, the plug is removed and a sampler is inserted for taking the samples. The main 
disadvantage of using a continuous flight auger is that it becomes difficult to ascertain the depth from which 
the cuttings coming on the ground have been removed.

Auger boring is generally used in soils which can stay open without casing or drilling mud. Clays, silts 
and partially saturated sands can stand unsupported. For soils which cannot stand unsupported, especially for 
sandy soils below water table, a casing is normally required. For such soils, the method of auger boring 
becomes slow and expensive. Auger boring cannot be used when there are large cobbles, boulders or other 
obstructions which prevent drilling of the hole.

Auger borings are particularly useful for subsurface 
investigations of highways, railways and air fields, where the 
depth of exploration is small. The investigations are done quite 
rapidly and economically by auger boring.

The main disadvantage of the auger boring is that the soil 
samples are highly disturbed. Further, it becomes difficult to 
locate the exact changes in the soil strata.

17.10. WASH BORING
In wash boring, the hole is drilled by first driving a casing, 

about 2 to 3 m long, and then inserting into it a hollow drill rod 
with a chisel-shaped chopping bit at its lower end. Water is 
pumped down the hollow drill rod, which is known as wash pipe. 
Water emerges as a strong jet through a small opening of the 
chopping bit. The hole is advanced by a combination of chopping 
action and the jetting action, as the drilling bit and the 
accompanying waterjet disintegrate the soil. The water and the 
chopped soil particles rise upward through the annular space 
between the drill rod and the casing. The return water, also 
known as wash water, is laden with the soil cuttings. It is 
collected in a tub through a T-shaped pipe fixed at the top of 
the casing (Fig. 17.8). Fig. 17.8. Wash Boring.
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The hole is further advanced by alternately raising and dropping the chopping bit by a winch (not 
shown). The swivel joint provided at the top of the drill rod facilitates the turning and twisting of the rod. 
The process is continued even below the casing till the hole begins to cave in. At that stage, the bottom of 
the casing can be extended by providing additional pieces at the top. However, in stable, cohesive soils, the 
casing is required only in the top portion. Sometimes, instead of a casing, special drilling fluids made of 
suspension or emulsions of fat clays or bentonite combined with some chemical additives are used for 
supporting the walls of the hole

The wash samples collected in the tub do not represent the soil in its true condition. There is complete 
break down of particles by chopping action. There is also mixing of the particles and the loss of fine particles 
in transportation. The samples arc of little practical use. However, some indication about the changes in strata 
is provided by the reaction of the chopping bit as the hole is advanced. It is also indicated by a change in 
colour of the wash water.

The wash boring is mainly used for advancing a hole in the ground. Once the hole has been drilled, a 
sampler is inserted to obtain soil samples for testing in a laboratory.

The equipment used in wash borings is relatively light and inexpensive. Tire main disadvantage of the 
method is that it is slow in stiff soils and coarse-grained soils. It cannot be used efficiently in hard soils, rocks 
and the soils containing boulders. Tire method is not suitable for taking good quality undisturbed samples 
above ground water table, as the wash waler enters the strata below the bottom of the hole and causes an 
increase in its water content.

17.11. ROTARY DRILLING
In the rotary drilling method, the bore hole is advanced by rotating a hollow drill rod which has a cutting 

bit at its lower end. A drill head is provided at the top of the drill rod. It consists of a rotary mechanism and 
an arrangement for applying downward pressure.

As the drilling rod is rotated, the cutting bit shears off chips of the material penetrated. A drilling fluid 
under pressure is introduced through the drilling rod to the bottom of the hole. The fluid carries the cuttings 
of the material penetrated from the bottom of the hole to the ground surface through the annular space 
between the drilling rod and the walls of the hole. The drilling fluid also cools the drilling bit. In case of an 
uncased hole, the drilling fluid also supports the walls of the hole.

When the soil sample is required to be taken, Hie drilling rod is raised and the drilling bit is replaced by 
a sampler.

Rotary drilling can be used in clay, sand and rocks. Bore holes of diameter 50 mm to 200 mm can be 
easily made by this method. The method is not well adapted for use in materials containing a large percentage 
of particles of gravel size and larger. The particles of this size start rotating beneath the drill rod and it 
becomes difficult to advance the hole.

17.12. PERCUSSION DRILLING
The percussion drilling method is used for making holes in rocks, boulders and other hard strata. In this 

methods, a heavy chisel is alternately lifted and dropped in a vertical hole. The material gets pulverised. If 
the point where the chisel strikes is above the water table, water is added to the hole. The water forms a 
slurry with the pulverised material, which is removed by a sand pump or a bailer at intervals. Percussion 
drilling may require a casing. Percussion drilling is also used for drilling of tube wells.

The main advantage of percussion drilling method is that it can be used for all types of materials. It is 
particularly useful for drilling holes in glacial tills containing boulders. One of the major disadvantages is that 
the material at the bottom of the hole is disturbed by heavy blows of the chisel. It is not possible to get good 
quality undisturbed samples. Further, the method is generally more expensive than other methods. Moreover, 
it becomes difficult to detect minor changes in the properties of the strata penetrated.

17.13. CORE DRILLING
The core drilling method is used for drilling holes and for obtaining rock cores. In this method, a core 

barrel fitted with a drilling bit is fixed to a hollow drilling rod. As the drilling rod is rotated, the bit advances 
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and cuts an annular hole around an intact core The core is then removed from its bottom and is retained by 
a core lifter and brought to the ground surface. Water is pumped continuously into the drilling rod to keep 
the drilling bit cool and to carry the disintegrated material to the ground surface.

The core drilling may be done using either a diamond studded bit or a cutting edge consisting of chilled 
shot. The diamond drilling is superior to the other type of drilling, but is costlier. The core barrel may consist 
of a single tube or a double tube. A double-tube barrel gives a good quality sample of the rock.

17.14. TYPES OF SOIL SAMPLES
Soil samples are obtained during sub-surface exploration to determine the engineering properties of the 

soils and rocks. Soil samples are generally classified into two categories :
(1) Disturbed samples. These are the samples in which the natural structure of the soil gets disturbed 

during sampling. However, these samples represent the composition and the mineral content of the 
soil. Disturbed samples can be used to determine the index properties of the soil, such as grain size, 
plasticity characteristics, specific gravity.

(2) Undisturbed samples. These arc the samples in which the natural structure of the soil and the water 
content arc retained. However, it may be mentioned that it is impossible to get truly undisturbed 
sample. Some disturbance is inevitable during sampling, even when the utmost care is taken. Even 
the removal of the sample from the ground produces a change in the stresses and causes 
disturbances.

Undisturbed samples arc used for determining the engineering properties of the soil, such as 
compressibility, shear strength, and permeability. Some index properties such as shrinkage limit can also be 
determined. The smaller the disturbance, the greater would be the reliability of the results.

17.15. DESIGN FEATURES AFFECTING THE SAMPLE DISTURBANCE
The disturbance of the soil depends mainly upon the following design features :
(1) Area ratio. Tire area ratio is defined as

Maximum cross-sectional area of the cutting edge „
A, = ---------------------------—----- ------- r--------- — x lUU

Area of the son sample
Fig. 17.9 shows the lower portion of a sampler. The area ratio can be expressed as

Ar = ? 1 x 100 ...(17.2)

where D[ = inner diameter of the cutting edge, 
D2 = outer diameter of the cutting edge.

For obtaining good quality undisturbed samples, the 
area ratio should be 10 percent or less (Hvorslcv, 1949).

(2) Inside clearance. The inside clearance is defined 
as

Dx - D, 
C-, = —g x 100 ...(17.3)

where D3 = inner diameter of the sampling lube.

The inside clearance allows elastic expansion of the 
sample when it enters the tube. It helps is reducing the 
frictional drag on the sample. For an undisturbed sample, 
the inside clearance should be between 0.5 and 3 
percent.

(3) Outside clearance. The outside clearance is 
defined as Fig. 17.9. Soil Simpler.
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d2 - d4
Co - — - - - X 100 ...(17.4)

£>4

where Z>4 = outer diameter of the sampling tube.

For reducing the driving force, the outside clearance should be as small as possible. Normally, it lies 
between zero and 2 percent.

(4) Inside wall friction. The friction on the inside wall causes disturbance of the sample. The inside 
surface of the sampler should be smooth. It is usually smeared with oil before use to reduce friction.

(5) Design of non-return valve. The non-relum valve provided on the sampler should be of proper 
design. It should have an orifice of large area to allow air, water or slurry to escape quickly when the sampler 
is driven. It should immediately close when the sampler is withdrawn.

(6) Method of applying force. The degree of disturbance depends upon the method of applying force 
during sampling and upon the rate of penetration of the sampler. For obtaining undisturbed samples, the 
sampler should be pushed and not driven.

17.16. SPLIT-SPOON SAMPLERS
The most commonly used sampler for obtaining a disturbed sample of the soil is the standard split-spoon 

sampler (Fig. 17.10). If consists mainly of three parts (i) Driving shoe, made of tool-steel, about 75 mm long,

Fig. 17.10. Standard Split Spoon Sampler. Fig.17.il. Spring; Core Catcher.

(it) steel tube about 450 mm long, split longitudinally in two halves, and (lit) coupling at the top of the tube 
about 150 mm long. The inside diameter of the split tube is 38 mm and the outside diameter is 50.0 mm. The 
coupling head may be provided with a check valve and 4 venting ports of 10 mm dia to improve sample 
recovery. This sampler is also used in conducting standard penetration test (Sect. 17.22).

After the bore hole has been made, the sampler is attached to the drilling rod and lowered into the hole.

Fig.17.il
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Fig. 17.12. Scraper Bucket Sampler.

The sample is collected by jacking or forcing the sampler into the soil by 
repeated blows of a drop hammer The sampler is then withdrawn. Ilie 
split tube is separated after removing the shoe and the coupling and the 
sample is taken out. It is then placed in a container, sealed, and 
transported to the laboratory.

If the soil encountered in the bore hole is fine sand and it lies below the 
water table, the sample recovery becomes difficult. For such soils, a 
spring-core catcher device is used to aid recovery. As the sampler is lifted, 
the springs close and form a dome and retain the sample (Fig. 17.11).

While taking samples, care shall be taken to ensure that the water 
level in the hole is maintained slightly higher than the piezometric level 
at the bottom of the hole. It is necessary to prevent quick sand conditions.

The split tube may be provided with a thin metal or plastic tube liner 
to protect the sample and to hold it together. After the sample has been 
collected, the liner and the sample it contains arc removed from the tube 
and the ends are sealed.

17.17. SCRAPER BUCKET SAMPLER
If a sandy deposit contains pebbles, it is not possible to obtain samples 

by standard split-spoon sampler or split-spoon sampler fitted with a spring 
core catcher. The pebbles come in-between the springs and prevent their 
closure. For such deposits, a scraper bucket sampler can be used.

A scraper bucket sampler consists of a driving point which is
attached to its bottom end (Fig. 17.12). There 
upper portion of the hol,
sampler. As the | \ | iQmm diet 

sampler is rotated, the ?5r 
scrapings of the soil

is a vertical slit in the

enter the sampler through the slit. When the sampler is 
filled with the scrapings, it is lifted. Although the sample 
is quite disturbed, it is still representative.

A scraper bucket sampler can also be used for 
obtaining the samples of cohesionless soils below the 
waler table.

17.18. SHELBY TUBES AND THIN-WALLED 
SAMPLERS

Shelby tubes are thin wall tube samplers made of 
seamless steel. The outside diameter of the tube may be 
between 40 to 125 mm. The commonly used samplers 
have the outside diameter of cither'50.8 mm or 76.2 mm. 
The bottom of the tube is sharpened and bevelled, which 
acts as a cutting edge [Fig. 17.13 (a)]. The area ratio is 
less than 15% and the inside clearance is between 0.5 to 
3%.

Fig. 17.13 (b) shows a thin-walled sampler (IS : 
2132-1972). The length of the tube is 5 to 10 times the 
diameter for sandy soils and 10 to 15 times the diameter for 
clayey soils. The diameter generally varies between 40 and 
125 mm, and the thickness varies from 1.25 to 3.15 mm. Fig. 17.13. (a) Shelby Tube, (b) Thin-walled Sampler.
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The sampler tube is attached to the drilling rod and 
lowered to the bottom of the bore hole. It is then pushed into 
the soil. Care shall be taken to push the tube into the soil by a 
continuous rapid motion without impact or twisting. The tube 
should be pushed to the length provided for the sample. At 
least 5 minutes after pushing the tube into its final position, the 
tube is turned 2 revolutions to shear the sample off at the 
bottom before it is withdrawn. The tube is taken out and its 
ends are sealed before transportation.

Shelby tubes are used for obtaining undisturbed samples of 
clay.

17.19. PISTON SAMPLER
A piston sampler consists of a thin-walled tube with a 

piston inside. The piston keeps the lower end of the sampling 
tube closed when the sampler is lowered to the bottom of the 
hole [Fig. 17.14 (<?)]. After the sampler has been lowered to the 
desired depth, the piston is prevented from moving downward 
by a suitable arrangement, which differs in different types of 
piston samplers. The thin tube sampler is pushed past the 
piston to obtain the sample [Fig. 17.14 (fe)]. The piston remains 
in close contact with the top of'the sample.

The presence of the piston prevents rapid squeezing of the 
soft soils into the tube and reduces the disturbance of the 
sample. A vacuum is created on the top of the sample, which 
helps in retaining the sample. During the withdrawal of the 
sampler, the piston provides protection against the water 
pressure which otherwise would have occurred on the top of 
the sample.

Piston samplers are used for getting undisturbed soil samples from soft and sensitive clays.

17.20. DENISON SAMPLER
The Denison sampler is a double-walled sampler. The outer barrel rotates and cuts into the soil. The 

sample is obtained in the inner barrel. The inner barrel is provided with a liner. It may also be provided with 
a basket-type core retainer.

The sampler is lowered to the bottom of the drilled hole. A downward force is applied on the top of the 
sampler. A fluid under pressure is introduced through the inner barrel to cool the coring bit when the outer 
barrel rotates The fluid returns through the annular space between the two barrels. The rotation of the outer 
barrel is continued till the required length of the sample is obtained.

The Denison sampler is mainly used for obtaining samples of stiff to hard cohesive soils and slightly 
cohesive sands. However, it cannot be used for gravelly soils, loose cohesionless sands and silts below ground 
water table and very soft cohesive soils.

The Denison sampler gives a sample 5 p (140 mm) in diameter and 20 inches (508 mm) long. Care is 

needed in adjusting the speed of rotation, the pressure on drilling bit and the velocity of wash water when 
drilling in soils and very friable rocks.

17.21. HAND-CARVED SAMPLES
Hand-carved samples can be obtained if the soil is exposed, as in a test pit, shaft or tunnel. Hand-carved 

samples are also known as chunk samples.
The soil should have at least a trace of cohesion so that it can stand unsupported for some time, lb
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Fig. 17.15. Hand-Carved Sample.
obtain a sample, a column of soil is isolated in the pit. The soil is carefully removed from around the soil 
column and it is properly trimmed. An open-ended box is then placed over the soil column. The space 
between the box and the soil column is filled with paraffin. A spade or a plate with sharp edges is inserted 
below the box and the sample is cut at its base (Fig. 17.15). The box filled with the soil sample is removed. 
It is turned over and the soil surface in the box is trimmed and any depression is filled with paraffin.

A chunk sample may be obtained without using the box if the soil is cohesive. A column of soil is 
isolated. The block of soil is carefully removed from the soil column with a sharp knife. The chunk sample 
is then coated with paraffin wax to prevent loss of moisture.

Samples from open pits can also be obtained by pressing a sampling tube provided with a cutting edge. 
The soil surrounding the outside of the tube is carefully removed while the tube is being pushed into the soil.

Hand-carved samples are undisturbed.

17.22. STANDARD PENETRATION TEST
The standard penetration test is the most commonly used in-situ test, especially for cohesionless soils 

which cannot be easily sampled. The test is extremely useful for determining the relative density and the 
angle of shearing resistance of cohesionless soils. It can also be used to determine the unconfincd 
compressive strength of cohesive soils.

Hie standard penetration lest is conducted in a bore hole using a standard split-spoon sampler, described 
in Sect. 17.16. When the bore hole has been drilled to the desired depth, the drilling tools are removed and 
the sampler is lowered to the bottom of the hole. The sampler is driven into the soil by a drop hammer of 
63.5 kg mass falling through a height of 750 mm at the rate of 30 blows per minute (IS : 2131—1963). The 
number of hammer blows required to drive 150 mm of the sample is counted. The sampler is further driven 
by 150 mm and the number of blows recorded. Likewise, the sampler is once again further driven by 150 
mm and the number of blows recorded. The number of blows recorded for the first 150 mm is disregarded. 
The number of blows recorded for the last two 150 mm intervals are added to give the standard penetration 
number (N). In other words, the standard penetration number is equal to the number of blows required for 300 
mm of penetration beyond a seating drive of 150 mm.

If the number of blows for 150 mm drive exceeds 50, it is taken as refusal and the test is discontinued.
The standard penetration number is corrected for dilatancy correction and overburden correction as 

explained below.
(a) Dilatancy Correction. Silty fine sands and fine sands below the water table develop pore pressure 

which is not easily dissipated. The pore pressure increases the resistance of the soil and hence the penetration 
number (N).

Terzaghi and Peck (1967) recommend the following correction in the case of silty fine sands when the 
observed value of N exceeds 15.

The corrected penetration number, Nc = 15 + — (Nr - 15) ...(17.5)

where Nr is the recorded value, and Nc is the corrected value.

If £ 15, Nc = Nr
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(b) Overburden Pressure Correction. In granular soils, the overburden pressure affects the penetration 
resistance. If the two soils having same relative density but different confining pressures are tested, the one 
with a higher confining pressure gives a higher penetration number. As the confining pressure in cohesionless 
soils increases with the depth, the penetration number for soils at shallow depths is underestimated and that 
at greater depths is overestimated. For uniformity, the A'-values obtained from field tests under different 
effective overburden pressures are corrected to a standard effective overburden pressure.

Gibbs and Holtz (1957) recommend the use of the following equation for dry or moist clean sand.

350

where Nr = observed N-value, Ne = corrected N-value, Oq = effective overburden pressure (kN/m2)

Eq. 17.6 is applicable for o0 s 280 kN/m2.

The ratio (Nc/Nr) should lie between 0.45 and 2.0. If (Nc/Nr) ratio is greater than 2.0, Nc should be 
divided by 2.0 to obtain the design value used in finding the bearing capacity of the soil.

The correction may be extended to saturated silty sand and 
fine sand after modifying the Nr according to Eq. 17.6, i.e. Nc 
obtained from Eq. 17.6 would be taken as Nr in Eq. 17.5.

Thus the overburden correction is applied first and then 
the dilatancy correction is applied.

Peck, Hansen and Thombum (1974) give the chart for 
correction of 77-valucs to an effective overburden pressure of 
96 kN/m2, According to them.

N - 0.77 .V, log for S„ a 24 kN/m2..(17.7)

Fig. 17.16 shows the correction diagram. At o0 = 0.0, the 
value of N/Nr is 2.0.

The correction given by Bazaraa (1967), and also by 
Peck and Bazaraa (1969), is one of the commonly used 
corrections. According to them,

N ■ 1 roJlSao “ * 718 kN/“

and

and

4 Nr 
3.25 + 0.0104 o0

if 0O > 71.8 kN/m2

N - Nr if o0 ■= 71.8 kN/m2

...(17.9)

...(17.10)

Correlation of N with Engineering Properties
The value of the standard penetration number N depends upon the relative density of the cohesionless soil 

and the unconfined compressive strength of the cohesive soil. If the soil is compact or stiff, the penetration 
number is high.

The angle of shearing resistance (<j>) of the cohesionless soil depends upon the number N. In general, the 
greater the JV-value, the greater is the angle of shearing resistance (Fig. 17.17). Table 17.1 gives the average 
values of <j> for different ranges of N.

The consistency and the unconfined shear strength of the cohesive soils can be approximately determined 
from the SPT number N. As the correlation is not dependable, it is advisable to determine the shear strength 
of the cohesive soils by conducting shear tests on the undisturbed samples or by conducting in-situ vane shear 
test (Sect. 17.24). Thble 17.2 gives the approximate value of the unconfined shear strength for different ranges 
of N. The unconfined compressive strength can also be determined from the following relation.
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Fig. 17.17. Variation of with N.
qu - 125 N ...(17.11)

where qu is unconfined compressive strength (kN/m2).

Table 17.1. Correlation between N and

N Denseness ♦
q__ 4 Very Loose 25’—32°

4—10 Loose 27’—35°

10—30 Medium 30°—40°

30—50 Dense 35’—45°

____________ > 50________________ Very Dense > 45°

Table 17.2. Correlation between N and qu

N Consistency qu {kN/m2}____________

0—2 Very Sofi < 25

Soft 25—50

Medium 50—100

8—15 Stiff 100—200

15—30 Very Stiff 200—400

> 30 Hard > 400________________

17.23. CONE PENETRATION TESTS
Sounding methods are frequently used to determine the penetration resistance and the engineering properties 

of the soil. The sounding methods mainly consist of the cone test and the standard penetration test (Sect. 17.22).
The cone test was developed by the Dutch Government, Soil Mechanics Laboratory at Delft and is,
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-USTtuty’]

Fig. 17.18. Dutch Cone.

therefore, also known as Dutch cone Test. The test is conducted either by the static method or by dynamic 
method, as discussed below.

(a) Static Cone penetration test. The Dutch cone has an apex angle of 60° and an overall diameter of 
35.7 mm, giving an end area of 10 cm2 (Fig. 17.18).

For obtaining the cone resistance, the cone is pushed downward at a steady rate of 10 mm/sec through a 
depth of 35 mm each time. The cone is pushed by applying thrust and not 
by driving.

After the cone resistance has been determined, the cone is withdrawn. 
The sleeve is pushed on to the cone and both are driven together into the 
soil and the combined resistance is also determined. The resistance of the 
sleeve alone is obtained by subtracting the cone resistance from the 
combined resistance.

A modification of the Dutch cone penetrometers is the Refined Dutch 
cone. It has got a friction sleeve of limited length above the cone point. It 
is used for obtaining the point resistance of the cone and the frictional 
resistance of the soil above the cone point.

For effective use of the cone penetration test, some reliable calibration 
is required. This consists of comparing the results with those obtained from 
conventional tests conducted on undisturbed samples in a laboratory. It is, 
also convenient to compare the cone test results with the standard 
penetration test results. As the standard penetration tests have been more 
commonly conducted in the past, good correlation studies are available between the SPT number (N) and the 
engineering properties of the soil (Sect. 17.22). If the cone penetration results are related to the SPT number 
N, indirect correlations are obtained between the cone test results and the engineering properties of soil.

The following relations hold approximately good between the point resistance of the cone (qc) and the 
standard penetration number (N).

(i) Gravels qc = 800 N to 1000 N ...[17.12(a)]
(ii) Sands qc = 500 N to 600 N ...[17.12(a)]

(Hi) Silty sands qc = 300 N to 400 N ...[17.12(a)]
(iv) Silts and clayey silts qc = 200 N ...[17.12(a)]
where qc is in kN/m2

(Z>) Dynamic cone Test. The lest is conducted by driving the cone by 
blows of a hammer. The number of blows for driving the cone through a 
specified distance is a measure of the dynamic cone resistance.

Dynamic cone tests are performed either by using a 50 mm cone 
without bentonite slurry or by using a 65 mm cone with bentonite slurry 
(IS : 4968-part I and 11-1976). The driving energy is given by a 65 
kg-hammer falling through a height of 75 cm. The number of blows for 
every 10 cm penetration is recorded. The number of blows required for 
30 cm of penetration is taken as the dynamic cone resistance (Nebr). If the 
skin friction is to be eliminated, the test is conducted in a cased bore 
hole.

When a 65 mm cone with bentonite slurry is used, the set-up should 
have arrangements for circulating slurry so that the friction on the driving 
rod is eliminated (Fig. 17.19).

'Phe dynamic cone resistance (Ncbr) is correlated with the SPT 
number N. The following approximate relations may be used when a 50 
mm diameter cone is used. Fig. 17.19. Dynamic Cone Test.
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Nebr -1.5N

Ncbr - 1.75 N

Nebr - 2.02V

for depths upto 3 m

for depths between 3 to 6 m

for depths greater than 6 m

• ■•[17.13(a)] 

...[17.13(b)] 

. .[17.13(c)]

The Central Building Research Institute, Roorkee, has developed the following correlation between the 
dynamic cone resistance of 65 mm diameter cone without using bentonite slurry and the SPT number 

(TV)

Ncbr = 1.5 N

Nebr = 1.15 N

N(br -2N

for depths upto 4 m

for depths between 4 to 9 m

for depths greater than 9 m

...[17.14(c)]

...[17.14(b)]

...[17.14(c)]

The above relations are applicable for medium to fine sand.

17.24. IN-SITU VANE SHEAR TEST
In-situ vane-shear test is conducted to determine the shear 

strength of a cohesive soil in its natural condition. The apparatus 
used is similar to one used in a laboratory (Chapter 13). It consists 
of four blades, 100 mm (or 150 mm or 200 mm long), attached at 
right angles to a steel rod. The steel rod has a torque-measuring 
device at its top. The height-diameter ratio (H/D) of the apparatus is 
generally equal to 2 (Fig. 17.20).

For conducting the lest, the shear-vane is pushed into the ground 
al the bottom of lire bore hole. When a torque is applied through the 
handle at the top of the rod, the soil is sheared along a cylindrical 
surface. The torque required lo shear the cylinder of the soil is 
measured by means of a spring balance. The undrained shear 
strength su of the soil is determined from Ilie equation developed in 

chapter 13.

su - -------=------------- 5— ...(17.15)
n(T)2///2 + ix’/d)

where T = torque applied, II = height of the vane, 
D = diameter of the soil cylinder sheared. Fig. 17.20. In-situ Vane Shear Test.

The vane-shear test is extremely useful for determining the in-situ shear strength of very soft and 
sensitive clays, for which it is difficult to obtain undisturbed samples. The test can also be used even for 
determining the shear strength of stiff, fissured clays. However, the method cannot be used for sandy soils.

17.25. IN-SITU TESTS USING A PRESSURE METER
Menard developed a pressure meter, or sub-soil deformeter, which can be used for determining the 

stress-deformation characteristics of the soils in the natural conditions. The pressure meter consists of an 
inflatable cylindrical probe which is connected to a water reservoir (Fig. 17.21). 'lire probe is inserted into the 
bore hole and it is inflated by applying water pressure. The probe presses against the unlined walls of the 
bore hole. As the pressure is increased, the soil deforms. 'Hie volumetric deformation of the bore hole is 
obtained by noting the fall in water level in the water reservoir.

Fig. 17.22 shows a typical pressure-volumetric strain curve. The soil is initially in clastic phase but it 
enters the plastic phase at high pressure. After the plastic stage, there is no change in the volume with further 
increase in pressure. The pressure-deformation data obtained from the test may be used to determine modulus 
of deformation, undrained shear strength, angle of shearing resistance and other engineering properties of the 
soil. IS : 1892-1979 describes the use of pressure meter.
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PRESSURE(p)------

Fig. 17.22.

SAND

17.26. OBSERVATION OF GROUND WATER TABLE
The ground water level affects the pore water pressure and hence the shear strength of the soil. As the 

ground water level changes seasonally, it becomes necessary to establish the highest and the lowest water 
level for the proper design of structures. The depth of the ground water table is usually determined in an 
exploratory investigation.

In soils of high permeability, the level of ground water in a bore hole stabilises in about 24 hours. The 
depth of the water table is measured by lowering a chalk-coated tape in the bore hole. The depth can also be 
measured by lowering the leads of an electrical circuit. As soon as the open ends of the leads touch the water 
in the bore hole, the circuit is completed. It is indicated by glow of the indicator lamp.

In soils of very low permeability, the ground water level does not 
stabilise even after several weeks. Fig. 17.23 shows the Casagrande 
piezometer commonly used for the determination of the water level in such 
soils. It consists of a Norton porous tube attached to a plastic tube. The 
porous tube is carefully placed on a cushion of sand in the bottom of a cased 
bore hole such that it extends below the casing. 'Die lower end of the porous 
tube is plugged with a rubber stopper At the top, the porous tube is 
surrounded by sand. There is an impermeable seal of bentonite clay above 
the sand. The sand surrounding the porous tube should be kept saturated 
during and after the installation of the piezometer. The ground water table is 
determined from the level of the water in the plastic tube. The top of the 
plastic tube is kept above the ground surface for this purpose.

For determination of the water level in silty soils, Hvorslev (1949) gave 
the following method. The water is bailed out from the bore hole to a level 
below the expected ground water table. The rise of water level in the bore 
hole is noted at different time intervals (Fig. 17.24). The figure shows the 
rise in water level at the time t = tltt = t2 and t = r3. Let h2 and h3 be 

the height of the water level above the level 0—0 at time At, 2Az and 3Az. 
The time interval Az is selected depending upon the type of the soil. The 
height of the water table above the levels 0—0, 2—2 and 3—3 is calculated 
from the following equations. Pig, 17.23 Casagrande Piezometer.

•CASING

PLASTIC 
TUBE

POROUS 
TUBE

SAND

IMPERMEABLE 
CLAY SEAL
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Ho = height above level 0-0

H2 = height above level 2-2

and W3 = height above level 3 - 3

Fig. 17.24.

...(17.16)

The depth of the water table is taken as the average of three levels given by heights Hq, H2 and H3 ie. 
level of the water table is given by

= | [(level0- 0 + Hq) + (level 2- 2 + H£ + (level3- 3 + ff3)] ...(17.17)

17.27. GEOPHYSICAL METHODS
A number of geophysical methods are used in preliminary investigations of sub-soil strata. The methods 

can be used for the location of different strata and for a rapid evaluation of the subsoil characteristics. 
However, the methods are very approximate. For detailed and reliable investigations, the conventional 
methods of driving a hole, taking a sample and testing it in a laboratory, as already described, must be 
resorted to. The geophysical methods can be broadly divided into the two categories : Seismic methods and 
Electrical resistivity methods, described in the following sections.

1718. SEISMIC METHODS
The seismic methods are based on the principle that the elastic shock waves have different velocities in 

different materials. At the interface of two different materials, the waves get partly reflected and partly 
refracted. Seismic methods of subsurface explorations generally utilise the refracted waves.

The shock wave is created by a hammer blow or by a small explosive charge at a point P (Fig. 17.25). 
The shock wave travels through the top layer of the soil (or rock) with a velocity Vlt depending upon the type 

of material in layer-I. The observation of the first arrival of the waves is recorded by geophones located at 
various points, such as A, B, C. The geophones convert the ground vibration into electrical impulses and 
transmit them to a recording apparatus (not shown).

The basic equations of the refraction survey are derived based on the assumption that the subsurface 
strata are such that the velocity of the shock waves increases as the depth increases. In other words, it is 
assumed that V3 > V2 > V\ in Fig. 17.25. At geophones located close to the point of impact, such as point 
A, the direct waves with velocity reach first.
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Fig. 17.25. Seismic method.

At points which are located away from the point of impact, such as point B, the refracted waves reach 
earlier than the direct waves. These waves start from point P, travel with velocity Vj in the upper layer, get 

refracted at the interface, move with much higher velocity V2 in the second layer, emerge again at the 
interface and travel back to the ground surface at a lower velocity Vl in the upper layer.

At points further away from the point of impact, such as point C, the waves which are refracted twice, 
once at the interface of the layers I and II, and once at the interface of the layers II and HI, reach earlier.

For the determination of the thickness of different layers, a distance-time graph is plotted (Fig. 17.26). 
The time (r) of arrival of the first impulse at various geophones is taken as ordinate and the distance (X) of 
the geophones from the point of impact P is taken as abscissa. Obviously, the velocity in any layer is equal 
to the reciprocal of the slope of the corresponding line. The slopes of the various lines are determined and 
the corresponding velocities computed.

DISTANCE FROM SOURCE (X)

Fig. 17.26.
Upto a certain distance Xb the direct waves in the layer I reach first. At this point, the first two lines in 

Fig. 17.26 intersect, which indicates that the direct wave traveling a distance XY with a velocity Vj and the 
refracted wave traveling with a velocity in distance 2Hi and with a velocity of V2 in distance Xt reach 

simultaneously, where is the thickness of the layer I. Thus

Xi _ 2 Hj Xi
Vi " ~VT + V2
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Eq. 17.18 gives reliable results when the waves are produced by a sinusoidal force and not by impact, 
'flie following empirical equation gives more reliable results for impact shock.

Likewise, the thickness of the second layer is obtained from the distance X2 corresponding to the 
point of intersection of the second and the third line in Fig. 17.26. It is given by the relation

H2-0.8SH1 + ^ Vy—£ ...(17.20)

* r3 + ’2
The procedure is continued if there are more than three layers.
The type of material in various layers can be determined by comparing the velocities obtained with the 

standard velocities given in Table 17.3.

Table 173. Velocities in Different Types of Strata

jypeo/ 
RocklSml Granite Sand 

Stone Shale Hard 
Clay

Loose 
gravel 
(Wet)

Loose 
sand 
(Wet)

Loose 
sand 
(dry)

Velocity 
(m/sec)

4000 
to

6000

1500 
to 

3000

1300 
to 

3000

600 
to

1500

500 
to

1000

500 
to

1500

250 
to

600

Limitation of the seismic methods
(1) The methods cannot be used if a hard layer with a greater seismic velocity overlies a softer layer 

with a smaller seismic velocity.
(2) The methods cannot be used for the areas covered by concrete, asphalt pavements or any other 

artificial hard crust, having a high seismic velocity.
(3) If the area contains some underground features, such as buried conduits, irregularly dipping strata, 

and irregular water table, the inteipretation of the results becomes very difficult.
(4) If the surface layer is frozen, the method cannot be successfully used, as it corresponds to a case of 

harder layer overlying a softer layer.
(5) The methods require sophisticated and costly equipment.

(6) For proper interpretations of the seismic survey results, the services of an expert are required.

Despite above limitations, the method is extremely useful for the determination of the thickness of 
various strata and their characteristics. These surveys are useful for obtaining preliminary information about 
the types and depths of various strata at a given site.

17.29. ELECTRICAL RESISTIVITY METHODS
The electrical resistivity (p) of a conductor is expressed as

p = RA/L ...(17.21)
where R = electrical resistance (ohms), A = area of cross-section of the conductor (an2),

L = length of conductor (cm), p = electrical resistivity (ohm-centimeter).
(It may be noted that the electrical resistivity is the reciprocal of conductance.)
The resistivity of a material depends upon the type of material, its water content and the concentration of 

dissolved ions and many other factors. Rocks and dry soils have a greater resistivity than saturated clays. 
Table 17.4 gives approximate values of resistivity of different rocks and soils.
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Table 17.4. Resistivity of Different Rocks and Soils

Type of 
rock!soil

Sound 
rock

Weathered
Rock Gravel Sand Clayey 

sand

Saturated 
clay 

and silt

1500 1500 500 200 2
Resistivity

> 5000 ro to to to to
(Ohm-m) 2500 4500 1500 500 100

The electrical resistivity methods are of the following two types:
(a) Electrical Profiling Method. The method is also known as the resistivity mapping method. Four 

electrodes are used at a constant spacing a (Fig. 17.27). To conduct the test, four electrodes, which are usually
in the form of metal spikes, are driven into 
the ground. The two outer electrodes are 
known as current electrodes. The. two 
inner electrodes are called potential 
electrodes. The mean resistivity of the 
strata is determined by applying a D.C. 
current to the outer electrodes and by 
measuring the voltage drop between the 
inner electrodes. A current of 50 to 100 
milliamp is usually supplied.

'Ihe mean resistivity (p) is given by 
the formula

ELECTRODE

Fig. 17.27. Electrical Profiling Method.

...(17.22)

where I = current supplied, a = spacing of electrodes, and V = voltage drop.

Eq. 17.22 gives the mean resistivity upto a depth of a below the ground surface, as the depth of current 
penetration below the ground surface is approximately equal to the spacing of electrodes. The electrodes are 
moved as a group, and different profile lines are run across the area. The test is repeated after changing the 
spacing and again determining the mean resistivity upto the depth equal to the new spacing. The electrods are 
moved as a group along different lines, as before.

The method is useful for establishing boundaries between different strata. The method is generally used 
for locating sand and gravel deposits within a fine-grained soil deposit.

(/>) Electrical Sounding Method. In this 
method, the electrode system, consisting of four 
electrodes, is expanded about a fixed location, say 
P, in Fig. 17.28. The spacing in the first setting is 
«i, which is increased to a2 in the second setting 
and to a3 in the third setting. The spacing is thus 
gradually increased to a distance equal to the 
depth of exploration. As the depth of the current 
penetration is equal to the electrode spacing, the 
changes in the mean resistivity is correlated to the 
changes in strata at that location.

The method is useful in studying the changes
in the strata with increasing depth at a point. The Fig'17-28' Elcctrical Sounding method.

method can indicate sub-surface variation when a hard layer overlies a soft layer or vice-versa. It can also be 
used to locate the water table.
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Limitation of the electrical resistivity methods.
(1) The methods are capable of detecting only the strata having different electrical resistivity.
(2) The results are considerably influenced by surface irregularities, wetness of the strata and electrolyte 

concentration of the ground water.
(3) As the resistivity of different strata at the interface changes gradually and not abruptly as assumed, 

the interpretation becomes difficult.
(4) The services of an expert in the field are needed.
Notwithstanding above limitations, the method is extremely useful for the determination of the average 

conditions in different strata upto a depth of 30 m or so. The method is very rapid and economical for 
preliminary investigations.

17-30. SUB-SOIL INVESTIGATION REPORT
A sub-soil investigation report should contain the data obtained from bore holes, site observations and 

laboratory results. It should also give the recommendations about the suitable type of foundation, allowable
soil pressure and expected settlements.

It is essential to give a complete and 
accurate record of data collected. Each bore hole 
should be identified by a code number. The 
location of each bore hole should be fixed by 
measurement of its distance or angles from 
some permanent feature. All relevant data for 
the bore hole is recorded in a boring log (Fig. 
17.29). A boring log gives the description or 
classification of various strata encountered at 
different depths. Any additional information that 
is obtained in the field, such as soil consistency, 
unconfined compression strength, standard 
penetration test, cone penetration test, is also 
indicated on the boring log. It should also show 
the water table. If the laboratory tests have been 
conducted, the information about index properties, compressibility, shear strength, permeability, etc. should 
also be provided.

The data obtained from a series of bore holes is presented in the form of a sub-surface profile (Fig. 
1730). A subsurface profile is a vertical section through the ground along the line of exploration. It indicates 
the boundaries of different strata, along with their classification. It is important to remember that conditions 
between bore holes are estimated by interpolation, which may not be correct. Obviously, the larger the 
number of holes, the more accurate is the sub-surface profile.

The site investigation report should contain the discussion of the results. The discussion should be clear 
and concise The recommendations about the type and depth of foundation, allowable soil pressure and 
expected settlements should be specific. The main findings of the report are given in conclusions.

A soil exploration report generally consists of the following.
(1) Introduction, which gives the scope of the investigation.
(2) Description of the proposed structure, the location and the geological conditions at the site.
(3) Details of the field exploration programme, indicating the number of borings, their location and 

depths.
(4) Details of the methods of exploration.
(5) General description of the sub-soil conditions as obtained from in-situ tests, such as standard 

penetration test, cone test.
(6) Details of the laboratory lest conducted on the soil samples obtained and the results obtained.
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DEPTH(m)
LOOSE SAND

GRAVEL

Fig. 1730. Subsurface Profile.

(7) Depth of the ground water table and the changes in water levels.
(8) Discussion of the results.
(9) Recommendation about the allowable bearing pressure, the type of foundation or structure.

(10) Conclusions. The main findings of investigations should be clearly stated. It should be brief but 
should mention the salient points.

Limitations of the investigations should also be briefly stated.

SANDY SILT

DENSE SAND

PROBLEMS

A. Descriptive and Objective Type
17.1. What do you understand by site investigation 1 What are the different purposes for which site investigations are 

done?
17.2. What is reconnaissance ? What type of information is obtained in reconnaissance? What is its use?
173. How would you decided the depth of exploration and the lateral extent of the investigations?
17.4. Describe open excavation methods of exploration. What are their advantages and disadvantages ?
173. Describe various methods of drilling holes for subsurface investigations.
17.6. What do you understand about disturbed and undisturbed samples? How would you obtain undisturbed samples?
17.7. What are the factors that affect the sample disturbance? How are these effects minimised?
173. Describe the split-spoon sampler. What is its use?
17.9. Discuss various types of soil samplers for obtaining undisturbed samples.

17.10. How would you obtain a hand-carved sample?
17.11. Discuss standard penetration test. What are the various corrections? What is the importance of the test in 

geotechnical engineering?
17.12. Describe cone penetration tests. How these tests differ from standard penetration test ?
17.13. How would you conduct an in-situ vane shear test? What is its use ?
17.14. Discuss the various methods for determining the level of the ground water table.
17.15. Describe, in brief, various geophysical methods. Discuss their [imitations and uses.
17.16. Describe the salient features of a good sub-soil investigation report.
17.17. Write whether the following statements are true or false.

(a) A disturbed sample is not a truly representative sample.
(Z>) An undisturbed sample is absolutely undisturbed.
(c) The samples obtained from wash water of wash borings are disturbed samples.
(d) The sample obtained by a split spoon sampler is an undisturbed sample.
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(<?) The standard penetration test is more useful for cohesionless soil than cohesive soils.
(/) The static cone test is more useful tor cohesive soils than cohesionless soils.
(g) Dilatancy correction of SPT number is done for clayey soils.
(It) In-situ vane shear test is extremely useful for obtaining the shear strength of very soft cohesive soils.
(i) The Casagrande piezometer is used for determining the water level in cohesionless soils.
(j) Seismic methods can be used if the seismic velocity of different strata increases as the depth is increased.
(k) Geophysical methods are useful for preliminary investigations.
(Z) A soil profile gives an accurate profile of different strata.
(m) A boring log indicates different strata along the depth of a bore hole.

[Ans. True, (a), (c), (e), (/). ft), (/). ft). (<")|

B. Multiple Choice Questions
1. The standard penetration test is useful to measure

(a) shear strength of soft clays
(b) shear strength of sands
(c) consistency of clays 
ft) None of above.

2. For an undisturbed sample; the area ratio; of the samples should be
(a.) zero (b) 10% or less
(<?) 10% to 20% (</) more than 20%

3. In-situ vane shear test is used to measure shear strength of
(a) very soft and sensitive clays
(b) stiff and fissured clays
(c) sandy soils
(</) All the above

4. The seismic refraction methods cannot be used if the wave velocity in the lower layer is ... . that in the upper 
layer.
(a) greater than (b) less than
(c) more than four times (</) more than thicc

5. Select the incorrect statement:
For a good quality soil sample,
(a) The area ratio should be low
ft) The cutting edge should be thick
(c) The inside clearance should be small
(cl) The outside clearance should be small

6. If the actual value of the standard penetration number (N) is greater than 15 for fine sands below water table, 
the corrected value of N is

7. The height-diameter ratio for the in-situ vane is 
(a) 1.0 (b) 1.50

(c) 2.00 (d) 3.0
|Ans. I. J[b), 2. (b), 3. (a), 4. (b). 5. (b). 6. (c), 7. (c)J
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Stability of Slopes

18.1. INTRODUCTION
An earth slope is an unsupported, inclined surface of a soil mass. Earth slopes are formed for railway 

formations, highway embankments, earth dams, canal banks, levees, and at many other locations. Fig 18.1 
shows some of the examples of earth slopes.

Fig. 18.1. Earth Slopes.

The cost of earth work would be minimum if the slopes are made steepest. However, very steep slopes 
may not be stable. A compromise has to be made between economy and safety, and the slopes provided are 
neither too steep nor too flat. In other words, the steepest slopes which arc stable and safe should be 
provided.

The failure of a slope may lead to loss of life and property. It is, therefore, essential to check the stability 
of proposed slopes. With the development of modem methods of testing of soils and stability analysis, a safe 
and economical design of a slope is possible. The geotechnical engineer should have a thorough knowledge 
of the various methods for checking the stability of slopes and their limitations.

The failure of a soil mass occurs along a plane or a curved surface when a large mass of soil slides with 
respect to the remaining mass. In general, there is a downward and outward movement of the soil mass. A 
slope failure occurs when the forces causing failure are greater than the shearing resistance (shear strength), 
developed along a critical surface of failure. The factors leading to the failure of slopes may be classified into 
two categories.
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(1) The factors which cause an increase in the shear stresses. The stresses may increase due to weight 
of water causing saturation of soils, surcharge loads, seepage pressure or any other cause. The stresses are 
also increased due to steepening of slopes either by excavation or by natural erosion.

(2) The factors which cause a decrease in the shear strength of the soil. The loss of shear strength may 
occur due to an increase in water content, increase in pore water pressure, shock or cyclic loads, weathering 
or any other cause.

Most of the natural slope failures occur during rainy seasons, as the presence of water causes both 
increased stresses and the loss of strength.

18.2. BASIS OF ANALYSIS
The soil mass must be safe against slope failure on any conceivable surface across the slope. Although 

the methods using the theory of elasticity or plasticity are also being increasingly used, the most common 
methods are based on limiting equilibrium in which it is assumed that the soil is at the verge of failure. The 
methods of limiting equilibrium arc statically indeterminate. As the stress-strain relationships along the 
assumed surface are not known, it is necessary to make assumptions so that the system becomes statically 
determinate and it can be analysed easily using the equations of equilibrium. The following assumptions are 
generally made.

(1) The stress system is assumed to be two-dimensional. The stresses in the third direction 
(perpendicular to the section of the soil mass) are taken as zero.

(2) It is assumed that the Coulomb equation for shear strength is applicable and the strength parameters 
c and 4> are known.

(3) It is further assumed that the seepage conditions and water levels are known, and the corresponding 
pore water pressure can be estimated.

(4) The conditions of plastic failure are assumed to be satisfied along the critical surface. In other words, 
the shearing strains at all points of the critical surface are large enough to mobilise all the available 
shear strength.

(5) Depending upon the method of analysis, some additional assumptions are made regarding the 
magnitude and distribution of forces along various planes.

In the analysis, the resultant of all the actuating forces trying to cause the failure is determined. An 
estimate is also made of the available shear strength. The factor of safety of the slope is determined from the 
available resisting forces and the actuating forces.

183. DIFFERENT DEFINITIONS OF FACTORS OF SAFET Y
Three different definitions of the factor of safety are used.

(a) Factor of safety with respect to shear strength
In common usage, the factor of safety is defined as the ratio of the shear strength to the shear stress 

along the surface of failure. The factor of safety as defined above is known as the factor of safety with 
respect to shear strength.

Thus = F ...(18.1)

where Fs = factor of safety with respect to shear strength, s = shear strength, 

rm = mobilised shear strength (equal to applied shear stress).

Eq. 18.1 can be written in terms of the cohesion intercept and the angle of shear resistance as

_ .c^atan*  ...(18.2)
cm + o tan <|>m

where c„, = mobilised cohesion, <(>m = mobilised angle of shear resistance, a = effective pressure.

Rearranging Eq. 18.2,
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c a tan <|> —.
■p + c» + otan4m

Therefore, cm = c/F, ...(18.3)

and fan 4m = tan<j>/Ff ...(18.4)

Eqs. 18.3 and 18.4 indicate that the factor of safety with respect to the cohesion intercept and that with 
respect to the angle of shearing resistance are equal to the factor of safety with respect to the shear strength.

(b) Factor of safety with respect to cohesion
The factor of safety with respect to cohesion (Fe) is the ratio of the available cohesion intercept (c) and 

the mobilised cohesion intercept.

Thus Fc - — ...(18.5)
cm

where c = cohesion intercept, cm = mobilised cohesion intercept, 
Fc = factor of safety with respect to cohesion.

(c) Factor of safety with respect to friction
The factor of safety with respect to friction is the ratio of the available frictional strength to the mobilised 

frictional strength. Thus

P _ o tan <j>
* " a tan <|>m

where F^ = factor of safety with respect to friction, <|> = angle of shearing resistance,
4m = angle of mobilised shearing resistance.

For small angles, Eq. 18.6 can be expressed as

f, . A ...ai8.<>(«)]

In the analysis of stability of slopes, generally the three factors of safety are taken equal, Le. 
Fs = Fc = However, sometimes when greater reliance is placed on the parameter than the parameter c, 
the factor of safety with respect to cohesion is taken greater than that with respect to friction. In such a case, 
the factor of safety with respect to friction is usually taken as unity i.e. <j>m = <j>.

18.4. TYPES OF SLOPE FAILURES
A slope may have any one of the following types of failures.
(1) Rotational failure. This type of failure occurs by rotation along a slip surface by downward and 

outward movement of the soil mass (Fig. 18.2). The slip surface is generally circular for homogeneous soil 
conditions and non-circular in case of non- homogeneous conditions. Rotational slips are further divided into 
3 types.

(a) Toe failure, in which the failure occurs along the surface that passes through the toe [Fig. 18.2 (a)].
(ft) Slope failure, in which the failure occurs along a surface that intersects the slope above the toe [Fig. 

18.2 (b)].
(c) Base failure, in which the failure surface passes below the toe [Fig. 18.2 (c)].

The slope failure occurs when a weak plane exists above the toe. The base failure occurs when a weak 
stratum lies beneath the toe. If a strong stratum exists below the toe, the slip surface of the base failure is 
tangential to that stratum. In all other cases, the failures are generally toe failures. Toe failures are most 
common.

(2) Translational Failure. A constant slope of unlimited extent and having uniform soil properties at the
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(c) Base failure

Fig. 18.2. Rotational Failure.

same depth below the free surface is known as an infinite slope. In practice, the slopes which arc of 
considerable extent and in which the conditions on all verticals are adequately represented by average 
conditions are designated as infinite slopes.

Fig. 18.3. Translational Failure.

Translational failure occurs in an infinite slope along a long failure surface parallel to the slope (Fig. 
18.3). The shape of the failure surface is influenced by the presence of any hard stratum at a shallow depth 
below the slope surface. Translational failures may also occur along slopes of layered materials.

(3) Compound Failure. A compound failure is a combination of the rotational slips and the translational 
slip (Fig. 18.4). A compound failure surface is curved at the two ends and plane in the middle portion. A 
compound failure generally occurs when a hard stratum exists at considerable depth below the toe.

Fig. 18.4. Compound Failure.

(4) Wedge Failure. A failure along an inclined plane is known as plane failure or wedge failure or block 
failure (Fig. 18.5). It occurs when distinct blocks and wedges of the soil mass become separated.

A plane failure is similar to translational failure is many respects. However, unlike translational failure 
which occurs in an infinite slope, a plane failure may occur even in a finite slope consisting of two different 
materials or in a homogeneous slope having cracks, fissures, joints or any other specific plane of weakness.

(5) Miscellaneous Failures. In addition to above four types of failures, some complex types of failures
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PLANE OF WEAKNESS 
OR INTERFACE —x

Fig. 18.5. Wedge Failure.

in the form of spreads and flows may also occurs.

18.5. STABILITY OF AN INFINITE SLOPE OF COHESIONLESS SOILS
The stability criteria of an infinite slope of cohesionless soils will depend whether the soil is dry, or 

submerged or has steady seepage, as explained below.
(1) Dry Soil. Fig. 18.6 (a) shows a section of an infinite slope having a slope angle of i. Let us consider 

the prism ABCD of the soil, with the inclined length AB equal to b. The horizontal length of the prism is b 
cos L The height of the prism is H [Fig. 18.6 (&)].

Fig. 18.6. Infinite Slope in Dry Sand.

Volume of prism per unit length = III) cos i
Weight of prism per unit length, W = y (Hb cos i)
The weight of the prism can be resolved into the normal component N and tangential components T to 

plane CD.
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Thus N - Wcosi - y Hb cos2 i

T = W sin i = y Hb cos i sin i

The normal and shear stresses are given by

N yHb cos2 i „__ 2< ziot\
a = — = -1------ - -------  - yHcos i ...(18.7)

b b

T y Hb cos isin i ... ,,oo.
t - — = 1------- ----------- ---  y Heos i sin i ...(18.8)

b b
The shear stresses t tend to cause the shear failure along CD. This tendency is opposed by the shearing 

resistance developed along the plane CD. As the soil is dry, there is no pore water pressure.

Therefore, s - o tan <J>' - a tan <|>'

or s = (7 H cos2 i) tan <J>'

The factor of safety against shear failure is given by

F _ s _ (y#cos2 z) tan <|>'

1 t Y H cos i sin i

or F, - 7^ ...(18.9)
tan i '

Eq. 18.9 indicates that the slope is just stable when <j>' = i. The factor of safety is greater than unity when z 
is less than <j>'. For the slope angle z greater than <j>', the slope is not stable.

It is worth noting that the factor of safety of an infinite slope of a cohesionless soil is independent of the 
height H of the assumed failure prism.

The angle <|>' in Eq. 18.9 should correspond to the actual relative density of the soil. As the soil in the 
surface layers is in a relatively loose state, the angle <|>' corresponding to the loose state is generally taken.

Eq. 18.9 can be represented graphically [Fig. 18.6 (c)]. The ordinate PQ is equal to a tan <[>' and 
represents the shear strength. The ordinate Pj Q represents the shear stress r equal to a tan z. Obviously, the 

factor of safety is given by
P _ £ _ PQ _ tan <p' 

J ” r = PiQ ~ tanz

(2) Submerged Slope. If the slope is submerged under water, the normal effective stress and the shear 
stress are calculated using the submerged unit weight and not the bulk unit weight as was used for dry soil. 
Thus, from Eqs. 18.7 and 18.8.

G = y'Hcos2i ...(18.10)

and x = y' Hsin i cos i .. .(18.11)

where y' is the submerged unit weight.
Therefore, the factor of safety is given by

P s (Y' Heos2 z) tan <t>'

s r y 'Hsin i cos i

or F, - ...(18.12)
tan z

Comparing Eqs. 18.9 and 18.12, it is observed that the factor of safety of a submerged slope is the same 
as that in dry condition.

(3) Steady Seepage along the slope. Fig. 18.7 (a) shows an infinite slope with steady seepage parallel 
to the surface. Fig. 18.7 (b) shows a free-body diagram of the prism ABCD of the soil. The forces acting on 
the vertical sides of the prism due to water and soil are equal and opposite and, therefore, cancel. The weight 
of the prism W is taken corresponding to the saturated conditions.
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Therefore, W = ysa H b cos i

N = W cos i =*  y,# H b cos2 i

T = Wsini = ysatHb sin i cos i

At the base of the prism, there is an upward force due 
to water pressure (u), given by

u = ywHcos2i

Uplift force, U = (y  ̂27 cos2 i) b

Thus, the net normal force N is given by

N -N - U - cos2i - (ywHcos2 i) b 

or N = y' bH cos2 i, where y' is submerged unit weight. 

The effective stress is given by

a = = y'//cos2i

Shear strength, s - a tan <|>' » y' H cos2 i tan <j>' 

The shear stress is given by

x = y~ = ysaHsinicosi 
b

Therefore, the factor of safety is given by

F = - = Y'#cos2itan<l>'

ysalH sin i cos i

_ Y'tantK
•' “ tan i

Fig. 18.7. Steady Seepage along the Slope.

...(18.13)

As the submerged unit weight y' is about one-half of the saturated unit weight, the factor of safety of the 
slope is reduced to about one-half of that corresponding to the condition when there is no seepage. The angle 
4>' in the wet condition of a cohesionless soil is approximately the same as in dry condition.

18.6. STABILITY ANALYSIS OF AN INFINITE SLOPE OF COHESIVE SOILS
The stabiEty analysis of an infinite slope of cohesive soils is similar to that in the case of cohesionless 

soils, with one basic difference that the shear strength of a cohesive (c - <j) soil) is given by

s = c' + otan<|>'

(a) Dry Soil. Taking values of a and x from Eqs. 18.7 and 18.8, we have 

s - c' + (y H cos21) tan <j>' 

x = y27 cosisin i

Therefore, the factor of safety Fs is given by

F _ c' + (yHcos2i)tan<|>' 

s y II cos i cos i ...(18.14)

Thus, the factor of safety of an infinite slope in cohesive soils depends not only on <{>' and i but also on 
y, H and c'.

Fig. 18.8 represents a graphical method for the determination of the factor of safety. The line RP2 

represents the failure envelope. When the slope angle i is less than </, the slope is always safe as shown by 
line'OP,. When the slope angle i2 is greater than <(>', the slope line cuts the failure envelope. At point P, the 

slope is just stable. For normal stress greater than that indicated by point P, the shear stress is greater than 
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the shear strength and the slope is not stable.

As the normal stress o depends upon the 
height H of the slope, an expression for the height 
can be found when the slope is just stable. 
Therefore, equating the shear stress and the shear 
strength corresponding to point P,

y/fepsfsini = c' + y //cos2 i tan tp' 

rr 2 • / sin i■ , . \ .
or y//cos i ^-7 - tanep = c

or H = ---------------- ----------------z-
y (tan i - tan tp') cos i

The height at which the slope is just stable is 
known as the critical height (Hc). Thus

Hc-------------------- --------------- 5-
y (tan i - tan <p') cos i

Fig. 18.8. Infinite Slope in Cohesive Soils.
...(18.15)

For heights less than the critical height, the factor of safety is given by Eq. 18.14.

(b) Submerged Slope
As in the case of cohesionless soils, the normal and tangential components of the weight are taken for 

submerged unit weights and not for bulk unit weights. Thus, from Eq. 18.14,

Fs =
c' + y '//cos2/tan <p' 

Y' // cos / sin i
...(18.16)

The value of in Eq. 18.16 should be taken corresponding to the submerged conditions, which may be 
quite different from that in dry condition in case of cohesive soils.

(c) Steady Seepage along the Slope
The case is similar to that for a cohesionless soil. In this case, the factor of safety is given by

c' + y ' // cos2 / tan <p' 

yra, // cos / sin i

The critical height is obtained corresponding to a factor of safety of unity. Thus 

c' + y' Hccos2/tan<p' = ysaHccosisin/

or Hc cos2 i (ysa! tan / - y ' tan <p') » c'

or H, - -------------------- -- -----------------r
(ysat tan i - y' tan <p') cos /

Sometimes, Eq. 18.18 is written as

...(18.17)

...(18.18)

...(18.19)

Eq. 18.19 indicates that the effect of the angle of shearing resistance is reduced as compared with Eq. 
18.15 of the dry soil.

18.7. WEDGE FAILURE
A wedge failure occurs when a soil deposit has a specific plane of weakness. The stratified deposits 

generally fail along the interface. Fig. 18.9 shows a soil mass resting on an inclined layer of impermeable 
soil. There is a tendency of the upper mass to slide downward along the plane of contact AB.
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Fig. 18.9.

The force trying to cause sliding is the tangential component T of the weight (IV) along the plane of 
contact.

T = lVsina ...(a)
where a is the angle which the plane AB makes with horizontal, W is the weight of wedge per unit length 

perpendicular to the plane of paper.
The force tending to resist the sliding depends upon the cohesion c and the frictional force and is given 

by
S = cL + (IPcos a) tan <|> ...(b)

where L is the length of the failure surface AB.

The factor of safety against sliding is obtained from (a) and (b) as

_ e/. .
W sin a \ /

18& CULMANN’S METHOD
Culmann’s method is used for the approximate stability analysis of homogeneous slopes. A plane failure 

surface passing through the toe is assumed. A plane failure surface is not a correct assumption for a 
homogeneous soil. However, it is a simple failure mechanism and is described for purpose of illustration and 
for determination of the approximate value of the factor of safety.

Let us consider the equilibrium of the triangular wedge ABD formed by the assumed failure surface AB 
(Fig. 18.10) The wedge is in equilibrium under the three forces:

Fig. 18.10.

(1) Weight of the wedge (IV).
(2) Cohesive force (C) along the surface AB.
(3) Reaction R. The reaction R is inclined at angle to the normal.

The triangle of forces is also shown in figure. The magnitude and direction of W and C are known. The 
direction of R is also known. The weight of the wedge is given by
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H'-bI(d^)sin (i~a)
C - cmL

where H = height of slope, cm = mobilised cohesion, = angle of mobilised friction,
and L = length of failure surface AB.
[Note. Area of a triangle ABD = |dbsinA where d and b are the length of sides BA and AD, 

respectively.]

From the law of sines,
C _ sin (a - $,„) ~ sin (a - $„,) 
VF “ sin + 90°) “ cos <|>m ...(c)

Substituting the values of W and C from Eqs. (a) and (b) in Eq. (c), 

_________________ _________________ sin (a - «j>M) 
l/2y£ (///sin i) sin (i - q) cosc^ ” ■

or cosect sin(z - a) sin (q-<(>„,) sec <|>m ...(18.21)

The left-hand side of Eq. 18.21 is known as the stability number (S„). The most dangerous plane is that 
for which the angle q is such that the stability number becomes a maximum, i.e.,

or

or 

or 

or

[sin (i - a) sin (a - <pj] - 0

sin (z - q) cos (q - <j>m) - sin (q - <j>m) cos (t - a) = 0 

tan (z - q) = tan (q - <|>m)

i - q - q - <L

(»• +

where qe is the critical slope angle.

From Eqs. 18.21, taking the value of qc from Eq. (e), 

■ * “sec,'s“*" [*{' - ■ *-} I

or » - cosec z sec 4>ms

or - | cosec z sec 4>,„ |

or ( _ 1 ~ <h»)

<4sin;cosK)

iin(4^)Sin(

1 i - cos (z - 4>m)

2 ;
2

...(18.22)

where H is the safe height of slope.
The Culmann method gives reasonably accurate results for homogeneous slopes which are vertical or 
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nearly vertical. The critical surface for general slopes is not a plane and, therefore, the critical slope ac has 
little practical use for such slopes.

18.9. = 0 ANALYSIS
In case of fully saturated clay under undrained conditions, the stability of the slope can be checked in 

terms of total stresses. Such a condition occurs in slopes immediately after construction. In this case, <t>„ = 0 
and c = cu.

The failure surface is assumed to be a circular arc AB (Fig. 18.11). The figure shows a failure surface 
with centre O and radius r (i.e. OB = OA = r).

Fig.

The total weight W above the failure surface causes instability. For equilibrium, the shear strength to be 
mobilised along the failure surface can be expressed as

where F is the factor of safety.

Taking moments about O,
W x d - (c„/F)Lar ...(18.23)

where Lo is the length of arc AB and d is the lever arm of W about O.

Ita F - ...118.23(a)]

If a tension crack develops and water enters the crack, the hydrostatic pressure force Pw acts on the 
portion BC of the arc at a height of h/3 from C, where h is the depth of tension crack, equal to 2 c,/y (see 
chapter 19). The arc length in that case should be taken equal to AC. Eq. 18.23 may be modified accordingly.

18.10. FRICTION CIRCLE METHOD
The friction circle method is useful for the stability analysis of slopes made of homogeneous soils. In this 

method, the slip surface is assumed to be an arc of a circle.

(a) Dry Soil
Fig. 18.11 shows a circular failure surface ABC of radius r with its centre at O. The three forces acting 

on the sliding wedge AEBD are given below:
(1) Weight (W) of the sliding wedge.
(2) Cohesive force C developed along the slip surface AEB.
(3) Reaction R on the slip surface.
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The reaction R is inclined at angle 4>,„ to the normal to the slip surface. As the direction of the normal 
changes, the direction of R also changes. With the centre as O, a small circle, known as friction circle, is 
drawn with a radius r sin <|>„,. All lines which are tangent to the friction circle make an angle <|>„, with the 
normal of the slip surface. These lines represent the direction of the combined normal and mobilised frictional 
forces on the slip surface. The value of <[>,„ is obtained from Eq. 18.6, after choosing a value of F&. Thus the 
reaction R is tangential to the friction circle.

[Note. Actually, the reaction R is tangential to the friction circle of a slightly larger radius of K r sin 
0„„ where K is a factor with a value greater than unity, as it is evident that the two reactions dK [Fig. 18.12 

(a)] intersect slightly outside the friction circle of radius rsinq>,„. However, this discrepancy is generally 
disregarded].

The cohesive force C„, is equal to c„,La where c„ is the mobilised cohesion and La is the length of the 
circular surface arc. It is convenient to replace this force acting along the arc by an equivalent force C acting 
along a line. The force along arc AEB is also equal in magnitude to the force c„, x Lc where Lc is the length 
of the chord AB. The line of action of this force can be determined by taking moments of the actual force 
and the equivalent force about O.

(Lc x cm) x a = (c,B x La) x r

La
or a “ r 77 ...(18.24)

Obviously, the distance a is greater than r, as La > Le,

The intersection of the weight IF and the cohesive force Cm establishes a point P through which the

Fig. 18.12. Friction Circle Method.
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reaction R must act. The direction of R is obtained by drawing a line tangential to the 4>-circle. The forces 
C,„ and R can be determined from the force triangle.

Fig. 18.12 (d) shows the force triangle. The weight vector W is drawn first. The triangle is completed by 
drawing the vectors R and Cnl along the directions already established. From the force triangle, the value of 

the cohesive force Cm is determined. The mobilised cohesion is equal to the cohesive force Cm divided by the 
length of the chord Lc. Thus

c. - ...(18.25)

The factor of safety with respect to cohesion is given by Eq. 18.5.

If the value of Fc obtained from Eq. 18.5 is not equal to the assumed value of F$, the analysis is 
repeated. The procedure is repeated after taking another trial surface. The slip circle which gives the 
minimum factor of safety (Ff) is the most critical circle. Generally, the analysis is repeated 3-4 times to 
obtain a curve between the assumed value of F^ and the computed value of F„ as shown in fig. 18.12 (c). 
The factor of safety with respect to shear strength F, is obtained by drawing a line at 45°, which gives 
Fe - - Fs.

For a purely cohesive soil, <|> = 0 and the friction circle reduces to a point The factor of safety is 
determined from the resisting moment due to C and actuating moment due to W (See Sect. 18.9).

Sometimes, the factor of safety with respect to friction (F^) is assumed to be unity and the factor of 

safety with respect to only cohesion is obtained.

(fe) Submerged slope
The above discussion refers to intergranular (effective) forces only. If the soil is dry and there is no 

submergence, the dry unit weights are considered. If the soil is submerged, the submerged unit weight is used 
when calculating the weight of the wedge (VV). The neutral forces acting on the wedge are given below:

(1) Neutral part of the weight, Wu = Vyu, where V is the volume of the wedge.
(2) Water pressure (U) acting on the slope AD.

(3) Resultant water pressure (Ug) acting on the curved surface AEB.

The three neutral forces are in equilibrium among themselves and do not draw upon the shear strength of 
the soil.

(c) Sudden drawdown conditions
When the water standing on the slope AD is suddenly and quickly removed, the water pressure force (U) 

disappears. However, if there is no time for drainage to occur from the soil in the slope, the soil remains 
submerged as before and the neutral part of the weight (Wu) is still acting. Thus, the equilibrium of the neutral 
forces is disturbed, although the equilibrium of the intergranular forces remains unaffected.

The equilibrium of the neutral forces can be maintained only if the soil can mobilise additional cohesion 
(ca) such that the additional cohesive force caLa, the neutral part of the weight (Wu) and the new resultant 
water pressure (UB) are in equilibrium. The additional cohesion can be determined by drawing another force 

triangle.
The total cohesion mobilised (cm') in this case is equal to the cohesion mobilised for intergranular forces 

and that for neutral forces.

Cm = cm + ca ...(18.26)

The factor of safety with respect to cohesion is given by

F, . - —S— ...(18.27)

Thus the factor of safety of the slope is considerably reduced during sudden drawdown conditions.



STABILITY OF SLOPES 453

18.11. STABILITY CHARTS
The stability number ($„), as defined in Sect. 18.8, is given by

= c” c 
yH " F^H ...(18.28)

The reciprocal of the stability number is known as stability factor. The stability number is a 
dimensionless quantity.

Taylor determined the values of Sn for finite slopes using the friction circle method. Slopes that are of 
simple sections and of homogeneous soils may be analysed using the slope stability charts given by Taylor. 
The charts are prepared indicating the stability number, and slope angle i for various values of <pm (Fig.

SLOPE ANGLE i
Fig. 18.13.

parameter Df becomes also important (Fig. 18.14). The parameter Df depends upon the depth of the hard 
stratum below the top of the slope, and is given by

jy _ Depth of hard stratum below the top of the slope 
f Height of slope

When the slope is steep, the failure surface passes through the toe, whereas for the flatter slope, the 
failure extends below the toe. The chart in Fig. 18.13 is based on the most critical circle passing through the 
toe of the slope.

For slope angle i greater then 53°, the toe failure occurs. For i s 53°, and small values of <pm , a more 
critical surface may pass below the toe.

The chart in Fig. 18.14 is applicable for <p,„ = 0. In soils with <p„, = 0 and the slope angle less than 53°. 
the failure surface extends below the toe as deep as possible. The stability number also depends upon the 
parameter Dt.

Uses
(1) The stability number can be used to determine the factor of safety of a given slope. For the known 

values of i and q>m, the value of stability number (S„) is determined from the chart in Fig. 18.13 (or Table 
18.1) and the factor of safety is determined as



454 SOIL MECHANICS AND FOUNDATION ENGINEERING

Use dashed lines
chain dotted lines tor n for $n

Fig. 18.14. Stability Chart (<|>m - 0).

(2) The stability charts can also be used to determine the steepest slope for a given factor of safety. In 
this case, the stability number is computed from the relation

n FyH
For the computed value of S„ , the value of i is read from the stability chart for the given value of <|>m. 

Tables 18.1 and 18.2 give the values of stability numbers.

Table 18.1. Stability Numbers (see Fig. 18.13)

[Note. Figures in brackets are for the most dangerous circles through the toe when a more dangerous circle exists 
below the toe].

0’ 5’ 10’ 15’ 20° 25’

90° 0.261 0.239 0.218 0.199 0.182 0.166
75’ 0.219 0.195 0.173 0.152 0.134 0.117
60° 0.191 0.162 0.138 0.116 0.097 0.079
45° (0.170) 0.136 0.108 0.083 0.062 0.044
30’ (0.156) (0.110) 0.075 0046 0.025 0.009
15’ (0.145) (0.068) 0.070 (0.023) — —
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Table 182. Stability Numbers for Cohesive soils (4>m = 0) 
and i s S30 (see Fig. 18.14)

»
1.0 1.50 2.0 3.0

53° 0.181 0.181 0.181 0.181 0.181
45° 0.164 0.174 0.177 0.180 0.181
30° 0.133 0.164 0.172 0.178 0.181

22.5° 0.113 0.153 0.166 0.175 0.181
15° 0.083 0.128 0.150 0.167 0.181
7.5° 0.054 0.080 0.107 0.140 0.181

The following points should be carefully noted.
(1) If the factor of safety with respect to friction F^ is unity, <|>m - $.

(2) If the factor of safety with respect to shear strength is required, a trial and error procedure is adopted. 
A value of F  is assumed, and the value of <|>m is used to determine Fe from the stability chart. If Fc is not 

equal to assumed value of F^ another value of Fv is assumed and the procedure is repeated. At least 3-4 trials 

are required to obtain a curve between Fc and F^, and to get the correct value of Fc from the curve, as shown 
in Fig. 18.12 (c).

*

(3) For a submerged slope, the stability number is computed using the submerged unit weight (y'). The 
angle of shearing resistance should also be for the submerged conditions.

(4) For a sudden drawdown case, the stability number is computed using the saturated unit weight (yia).

The weighted angle of internal friction as obtained below is used for finding out the stability number.

tan ( Ji- tan <p' j ...(18.30)

or = y^ " y^ (...[18.30(a)]

where is the effective angle of internal friction.
(5) For purely frictional soils, the cohesion intercept (c) is zero. As the stability number reduces to zero, 

the stability charts cannot be used for such soils.
(6) The values of shear strength parameter (c and <$>) should be obtained from the tests conducted in the 

laboratory simulating the drainage conditions in the field. For example, for checking the stability of a slope 
of cohesive soils just after the constructions, the relevant drainage conditions are unconsolidated undrained 
conditions For long term stability, consolidated drained conditions are relevant.

18.12. SWEDISH CIRCLE METHOD
The actual shape of a slip surface in the case of finite slopes is curvilinear. For convenience, it is 

approximated as circular. The assumption of a circular slip surface and its application for stability analysis of 
slopes was developed in Sweden. The method is known as the Swedish circle method or the method of slices.

Fig. 18.15 (a) shows a slope. Let AS be a circular surface with radius r and centre O. The trial failure 
wedge above the slip surface is divided into vertical slices by drawing vertical lines, as shown. The slices are 
usually of equal width, but not necessarily so. In case of non-homogeneous slopes where the slip surface 
passes through more than one type of material, a vertical line is always located at the point where the slip 
surface passes from one material to the other.

Let us consider the equilibrium of one slice (say, No. 4). The slice is in equilibrium under the following 
forces.
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Fig. 18.15. Swedish Circle Methods.

(1) Weight (W) acting vertically through its centre of gravity.
(2) Cohesive force (C) acting along the curved surface in the direction opposite to the direction of 

probable movement of the wedge.
(3) Reaction (R) at the base inclined at angle to the normal, assuming the slippage is imminent.
(4) Reactions on the two vertical sides of the slice due to adjacent slices. However, in the Swedish circle 

method, it is assumed that the reactions on the two sides are equal and opposite and are, therefore, 
in equilibrium and do not affect the stability of the slice. Accordingly, only the first three forces are 
considered for the analysis.

The weight W is resolved into its normal component (N) and tangential component (7). Let us take the 
moments about the centre of rotation O of all the 3 forces.

Actuating or overturning moment, Mq = T x r ...(a)

The moment due to A—components is zero, as those components always pass through O.

Resisting moment, Mr = (C AL) x r + R(rsin<}>) ...(b)

where AZ, is the length of the curved surface of the slice.

Resolving the forces is radial direction,

N = R cos <j> or R = N/ cos <j> .. .(c)

or R sin <j> = N tan <$> ...(d)

From Eqs. (h) and (d), MR = (CAL) r + Artan<}> ...(e)

The factor of safety for the slice is equal to the ratio of the resisting moment (Mr) and the overturning 
moment (Mq). Thus

p r [c A Z, + A tan cAZ, + Atan<|>
1 " Tr ' T

The factor of safety of the entire wedge is given by

F, - ...(1831)
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cLa + tan <b£JV
If c and 4> are constant, Ft - -----------—----------- ...18.32)

where La = length of the entire slip surface - S AZ

The components N and T are determined by drawing force triangles as shown in Fig. 18.15 (b). If the 
angle a which the normal makes with the vertical is measured, the components can be computed as under.

N - W cos a, and T - W sin a

The length AZ of the arc is given by b sec a, where b is the width of the slice.
Therefore, Eq. 18.31 can be written as

F Zcbscca + Z(JVcosa) tan <|> . „
XWsina }

It may be noted that the tangential component T may be negative Le. in the direction opposite to that of 
movement for some of the slices near the toe.

The procedure can be summarised as under:
(1) Take a trial wedge and divide it into 6 to 12 vertical slices.
(2) Determine the weight of each slice and its line of action.
For convenience, the weight is generally taken proportional to the middle ordinate of the slice and it is 

assumed to have line of its action through the middle of the slice.
(3) The weight is resolved (analytically or graphically) into normal and tangential components.
(4) The curved length AZ of each slice is measured or computed.
(5) The factor of safety is determined from Eq. 18.33 or Eq. 18.31.
The calculations are generally done in a tabular form. The stability analysis is repeated for a number of 

trial surfaces. The circle which gives the minimum factor of safety is the most critical circle.

Location of Most Critical Circle
In order to reduce the number of trials to locate the most critical circle, the Fellenius line AB can be 

drawn (Fig. 18.16). Fellenius has shown that the centre of the most critical circle lies on this line. For 
drawing the Fellenius line AB, the point B is located at a depth H and at a distance 4.5 H from point P at 
the toe of the slope, where II is the height of the slope. The point A is located by drawing two lines PA and 
QA, where PA makes angle a with the slope line PQ and QA makes angle 0 with the horizontal at Q. The 
angles a and 0 are obtained from the table given in Fig. 18.16. The angles depend upon the slope.

The centre of the most critical circle may lie anywhere on the line AB or its extension. The centres of

Fig. 18.16. Fellenius Line.
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trial circles are taken on this line shown as O", O and O'. The factors of safety obtained when these were the 
trial centres are generally plotted as normals to the line AB to obtain a curve of Fs. The centre corresponding 

to the minimum factor of safety indicates the most critical circle.
For a purely cohesive soil (<f> = 0), the point A itself represents the centre of most critical circle.
The Swedish circle method is a general method of slope stability analysis. It can be used for non- 

homogeneous soil masses, stratified deposits, fully submerged or partly submerged conditions. The method is 
also applicable when seepage occurs and pore pressure develops in the soil masses, as explained later.

However, the method is necessarily an approximate one, as it neglects the effect of forces aCing on the 
sides of the vertical strips. Forunately, the method errs on the safe side, i.e. the factor of safety obtained is 
generally less than that obtained from the more accurate methods, such as Bishop’s method, which also 
consider the forces on the sides of the vertical strips.

Use of N-Curve and T-Curve
The values of IN and XT in Eq. 18.31 can also be determined by drawing N and T curves. The sector 

ABD (Fig. 18.17) has been divided into 6 slices having equal width. The weight W of each slice is 
proportional to its central ordinate (i.e. height at mid-width), shown dotted. The weight of each slice is

Fig. 18.17. N and T curves.

resolved graphically into normal and tangential components by drawing a normal to the slip circk through the 
point where the central ordinate of the slice intersects the circle, and drawing the force triangles (shown 
dotted).

A horizontal base line is selected and N components of the various slices are plotted directly below the 
vertical lines of the sector. The extremities are joined by a smooth curve, and thus A-curve is obtained. 
Likewise, T-curve is obtained. It may be noted that Trcomponent in this case is negative and plotted below 
the base.

Now IN - An x y ...(18.34)
where AN = area of the ^/-diagram (m2), Y = unit weight of soil.
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Likewise, XT - AT x y ...(18.35)
[Note. If A# and A? are measured in cm2, they are multiplied by x2 where x is the scale (1 cm = x 

metres)].
The areas AN and AT can be measured by means of a planimeter or by using a graph paper.

Use of Rectangular Plot
Prof. Alam Singh (1962) devised a simple method for determination of SV and ST without using a 

planimeter. Let Zlt Zj,... Z5 be the end ordinates of the 6 slices shown in Fig. 18.17 (a). Let b the width of 

each slice. The total weight YW of the sliding wedge may be written as

— V [(^) ♦ + +
or 5 W = by[Zi + Z2 + Z3 + Z4 + Z5] ...(18.36)

If the last slice is of smaller width equal to m x b, the above expression is modified as

sw-[z, , z2 +z, +z4 + Zs] ...(18.37)

The value of YW can be determined by drawing a rectangular plot of width b and having boundary 
ordinates Zj, Z2... etc. as abscissae. In the case of last slice being of width mb, the last ordinate is multiplied 
by (1 + m)/2 before plotting. The area of the diagram is proportional to I'W.

If the vertical ordinates are resolved along the normal and tangential directions, the ^-components and 
T-components are obtained. The rectangular plot of N-components is then drawn, taking the width of the plot 
equal to the width b of the slice [Fig. 18.18 (i>)]. The normal components Nit etc. are plotted as abscissae.

Likewise, the rectangular plot of T-components is drawn. In T-plot, as 7\ component is negative, it is 
plotted in the opposite direction. The net area of T- plot is shown hatched [Fig. 18.18 (c)]. The values of

Fig. 18.18. Rectangular Plots.



460 SOIL MECHANICS AND FOUNDATION ENGINEERING

LV and ST are obtained using Eqs. 18.34 and 18.35, where y is the unit weight and AN and Ar are the areas 
of the IV-plot and T- plot, respectively.

The rectangular plot method greatly simplifies the calculations for determinations of the areas of N and 
T- diagrams. It may be noted that the weights in the rectangular plot are proportional to end ordinates, and 
not the mid-ordinates.

18.13. STABILITY OF SLOPE UNDER STEADY SEEPAGE CONDITIONS
The stability of slopes of an earth dam is investigated for the steady seepage conditions, sudden 

drawdown conditions and during construction conditions. The steady seepage condition is considered in this 
section. When the reservoir on the upstream of the dam is filled, water starts seeping through the dam. After 
sometime, the steady seepage conditions are established and a well-defined phreatic line is formed. The soil 
below the phreatic line is saturated and subjected to pore water pressure.

On the upstream slope, the seepage forces are directed inwards and hence tend to increase the stability. 
However, on the down-stream slope, the direction of the seepage forces is such that they decrease the 
stability. The steady seepage condition is, therefore, critical for the downstream slope of an earth dam. Fig. 
18.19 (a) shows the downstream slope of an earth dam provided with a horizontal filter at its toe. The flow 
net is drawn using the methods discussed in Chapter 9.

The boundary pore pressures acting on the slip surface arc obtained from the flow net. Fig. 18.19 (i>) 
shows the enlarged view. The pore pressure at point-1 where the first equipotential line (A/9) cuts the slip 
surface is equal to the vertical distance between the point-1 and the point P where the equipotential line 
intersects the phreatic line As the pore pressure acts normal to the surface, a line equal to iq is drawn normal 
to the slip surface at point-1. Likewise, the pore pressure u2 at point-2 is found. The pore pressure diagram 
is then drawn joining the extremities of all these lines. The pore pressure diagram is shown hatched in Fig. 
18.19 (b). Eq. 18.32 can be used to determine the factor of safety. However, in this case the total weight of 
the slice is due to bulk^unit weight above the phreatic line and the saturated unit weight below the phreatic 
line. The N-component of the weight is reduced due to pore pressure below the phreatic line. Therefore,

FILTER

Fig. 18.19. Steady Seepage Conditions.
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„ cLa + tan4> S(N - U)
F " ---------- ST----------- -<19-38)

where SU is obtained from the area of the pore pressure diagram using a plaimcter or by rectangular plot 
method. It represents the total force due to pore pressure.

Alternatively, Eq. 18.38 can be written as

f. - W- “» ...(1839)
where u is the average pore pressure on the slice and I is the curved length of the base of the slice. 

(Note. I - AL - b sec a).

18.14. STABILITY OF SLOPE UNDER SUDDEN DRAWDOWN CONDITIONS
The critical condition for the stability of the upstream slope of an earth dam is when there is a sudden 

drawdown in the reservoir upstream. If the soil is of low permeability, no appreciable change in the saturation 
level inside the slope takes place when the reservoir level goes down. The weight of water which is still 
present in the soil tends to cause sliding of the wedge, as the water pressure which was acting on the 
upstream slope to balance this weight has been suddenly removed. According to another interpretation, the 
shearing resistance of the soil is considerably reduced due to pore pressure existing in the soil, whereas the 
disturbing force due to saturated weight of the soil remains the same.

The flow net for the sudden drawdown condition can be drawn using the electrical analogy method 
(Chap. 9), and the pore pressure acting on the base of the various slices determined. The stability of the slope 
is investigated using Eq. 18.38 or Eq. 18.39. However, the method is not convenient.

Fig. 18.20.

The pore water pressure (u) can also be estimated using Skempton pore pressure coefficients (Chapter 
13). Fig. 18.20 shows the upstream slope of a dam. The pore-water pressure at any point P before drawdown 
is given by

“o - yw(A + hw - h') ...(18.40)

where h = height of soil above P, hw = height of water column above P, 
and h' = loss of head due to seepage, indicated by the equipotential line passing through P. 

It is assumed that the total major principal stress (aj at P is due to the weight above.

When there in a drawdown, the major principal stress decreases by

Ao! - -Yh,Aw

and the change in pore water pressure is given by

Au - BAoj - -B'foh*

where B is the overall pore pressure coefficient, related to coefficients A and B, as



462 SOIL MECHANICS AND FOUNDATION ENGINEERING

Therefore, the pore water pressure at P immediately after drawdown is given by

u - «o + A u - yw(h_+ hw - A') - BywAw

or _ u = yw [A + A*(l  - B) - A'] _ ...(18.42)

The value of B is slightly greater than unity. A conservative value of B equal to unity is generally taken.

Thus u = Yh, [A - A'] ...(18.43)

Thus the pore water pressure u at various points on the slip surface is determined.
The factor of safety is then obtained from Eq. 18.39.

Approximate method
An approximate alternative method for investigating the stability of the upstream slope under sudden 

drawdown conditions is to consider the saturated unit weight of soil for calculating the driving forces 
(i.e. 2 7) and the submerged unit weight for calculating the resisting forces {i.e. XN') in Eq. 18.32.

Thus
cLa + tan i}> S AT 

fr ...(18.44)

In other words, it is assumed that the full pore pressure acts even after the drawdown and the soil is fully 
saturated.

Below the drawdown level, as the water pressure on the slope is still acting, the submerged unit weight 
is used for both the driving forces and the resisting forces. This is similar to the case of a submerged slope 
as discussed in Sect, 18.5.

If the slope material has high coefficient of permeability, it drains as fast as the reservoir level goes 
down, then both the driving and resisting forces are calculated using the bulk unit weight.

If the slope material is of medium permeability, the saturation line moves downward at a rate depending 
on the permeability of the soil. A series of flow nets can be drawn for different positions of saturation line 
and the corresponding pore pressures determined and the factor of safety is estimated.

18.15. STABILITY OF SLOPES DURING CONSTRUCTION
When an earth dam is built of the soil of low permeability, excess pore pressures develop in the air and 

water voids due to compaction carried out during construction or due to its own weight. The pore pressure 
developed depends upon the placement water content, method of compaction, weight of the overlying layers 
and the rate of dissipation of pore pressure during construction.

When the placement water content is more than the optimum and there is no proper drainage, initial pore 
pressure at any point may be as high as 100 percent of the weights of the overlying layers. An estimation of 
initial pore pressure may be made using Bishop’s method of predicting pore pressure. According to which, the 
pore pressure (u) at any point can be written as

u = uq + Au ...(a)

where Uq = initial pore water pressure, and A u = change in pore water pressure.
In terms of the change in total major principal stress A Oj, Eq. (a) can be written as

U = Uq +B Acq

where B is the overall pore pressure coefficient.
The increase in total major principal stress A cq is approximately equal to the fill pressure (yA). Thus

u - Uq + B (yA) ...(18.45)

As the soil is partially saturated _when compacted, the initial pore water pressure (u0) is generally 
negative. The actual values of u0 and B depend upon the placement water content. For high water content, 

Uq may be zero. Thus

u = B(yA) ...(18.46)
The value of B in Eq. 18.46 must be that corresponding to the stress condition in the dam. It can be 

determined from undrained triaxial tests on compacted specimens with pore pressure measurements.
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Alternative method
The pore pressure during construction can be determined from Hilf’s equation : 

u = Pa V“
...(18.47)

where pa = air pressure in the voids of a soil mass after initial compaction (absolute pressure).

Va = volume of air after initial compaction, in percent,
V„ = volume of water after initial compaction, in percent,
hc = Henry’s constant of solubility of air in water by volume ( = 0.02 at 20°C) 

and u = pore water pressure when the soil mass has been consolidated to complete saturation. 

When the soil is not consolidated to complete saturation, the pore pressure can be determined using the 
following equation:

...(18.48)

where A = embankment compression, in percent, of the original total embankment volume.
A graph is generally plotted between the effective stress a and the percent consolidation A, from the 

results of consolidation tests conducted on the samples. The values of u are obtained from Eq. 18.48 for 
different values of A. The total stress is given by

o = a + u
A plot is then made between the total stress a and the pore pressure u. This plot is used for the 

determination of pore pressures at various points in the dam during construction from the values of the total 
stress a. Obviously, the total stress at any point in the dam is equal to the bulk unit weight multiplied by the 

depth of the soil above.

18.16. BISHOP’S SIMPLIFIED METHOD
The conventional Swedish circle method (Sect. 18.11) satisfies only the overall moment equation of 

equilibrium. It neglects the moment equilibrium of the individual slices. It also disregards the effect of the 
forces acting on the sides of the individual slices and, therefore, only approximates the force equilibrium of 
each slice. Methods of analysis which satisfy all the equilibrium equations are complicated and not convenient 

to use.
Bishop (1955) gave a simplified method of analysis which considers the forces on the sides of each slice. 

The requirement of equilibrium are applied to the slices. The factor of safety is defined as the ratio of the 
maximum shear strength (s) possessed by soil on the trial surface to the shearing resistance mobilised (rm).

Thus F, - s/r„ ...(18.49)

The forces acting on Lie slices are given below [Fig. 18.21(a)).
(1) Weight of slice, W - y h b, where h is the average height.
(2) Normal force on the base, N1 - N - ul, where u is the pore pressure, and / is the length of the base 

( = b sec a).
(3) Shear force on the base, T - rm I.

(4) Normal forces on the sides Ei and E2-
(5) Shear forces on the sides Xi and X2.

(6) Any external force acting on the slice.

The problem is statically indeterminate. To solve the problem, a number of simplifying assumptions are 
made regarding the interslice forces Xl,X2,El and E2.

Fig. 18.21 (b) shows a slope. Taking moments about O.

XT r - Z W r sin a
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Fig. 18.21.

But T - Tm I - J- x I

Therefore, E -77 x I x r = x r x sin a
Fs

„ Isxl S(c' + 0 tan <j>') I
Or “ X IF sin a “ 2 W sin a

„ 2 c'/ + tan d>' 2 AT , ,,, ,io
or Fs - ---------T--------------------- where N ■= ol ...(18.50)

ElFsina v 1
Eq. 18.50 is exact. However, approximations are introduced in the determination of the normal 

component N'. In the conventional Swedish circle method, the resultant of inter-slice forces is taken as zero.

Therefore, N' ■ W cos a - ul

c' La + tan <|>' 2 (IF cos a - «/)

c' La + tan 2 (AT - U) 

XT
(same as Eq. 18.38)

In Bishop’s simplified method, it is assumed that the resultant forces on the sides of the slice are 
horizontal, i.e. Xj - X2 - 0.

Resolving the forces in the vertical direction,

W = N' cos a + ul cos a + T sin a + Xt - X2

Substituting T - Jr x I and Xv - X2 - 0, we have

, (c' I + N' tan <i>')
W = N cos a + ul cos a + sin a

Fs

c' I N'
or W - N1 cos a + ul cos a + — sin a + — tan <j>' sin a

I's Fs

... ( . tan <b' . \ , c' I sin a
or N cos a + ■■— T- sin a | - W - ul cos a---------—------
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... , C l SIU u
W - ul cos a - —--------

Substituting the above value of N' in Eq. 18.50,

...(18.51)

ZIV sin ci

___i___ y
SIT sina

( ... . c' I tan a \
IM'

tan <j>' tan a

-------- -------2
2 W sin a tan 4>r tan a

tan <j>' (W sec q - ul) 
+ tan 4>' tan a

c' b sec a (1 + tan a tan $'/Fs) - c' b sec a tan a I ’

- ------ * 2
2 IVsina tan ([>' tan a

tan <j>' (IVsec a - ub sec a) 
j tan <|>' tan a

« -----------2
2 IV sin a

' b sec a tan 4>' (IFsec a - u b sec a) 
tan <{>' tan a tan <|>' tan a

F, + !■,

X [c' b + (W - ub) tan *']

« /I sec a(IV - u b) tan m -------------- ----------
Y1 tan <|> tan a

2 W sin a ...{18.52)

where ma = (1 + tan <(>' tan a/Fs) cos a ...(1833)

Sometimes, the pore pressure u is expressed in terms of pore pressure ratio ru. In that case,

“ - ruyh - r„(W/b)

Eq. 18.52 gives the factor of safety of the assumed failure surface. As the factor of safety (Fs) appears 
on both the sides, a process of successive approximation is required. A value of Ft is assumed and the 
analysis is done. The value computed from Eq. 18.52 is compared with the assumed value. If the two values 
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differ, the process is repeated till convergence. As the convergence is rapid, only 3-4 trials are required. A 
Computer may also be used.

The effective stress analysis is generally done, but the total stress analysis is also possible. The factor of 
safety determined by Bishop’s simplified method is an underestimate and, therefore, it errs on the safe side. 
The error is generally less than 2% and not more than 7% even in an extreme case.

18.17. OTHER METHODS OF ANALYSIS
A number of investigators have developed different methods for the analysis of slopes. The methods are 

similar in nature to the Bishop methods but differ in handling of interslice forces.
(1) Spencer (1967) assumed that the forces on the sides of the slices are parallel [Fig. 18.22 (a)]. The 

method satisfies the requirement of equilibrium of forces and moments.
(2) Morgenstern and Price (1965) developed a method in which all boundary and equilibrium conditions 

are satisfied. The analysis imposes normal and shear forces on the sides and also includes water pressure 
effects [Fig. 18.22 (b)]. The method satisfies the requirement of equilibrium of forces and moments which act 
on a slice. The failure surface may be of any shape.

to) (b)

Fig. 18.22
The soil mass above the failure surface is divided into sections by a number of vertical planes. The 

problem is made statically determinate by assuming a relationship between the forces E and X on the vertical 
sides, as

X - A.f(x)E
where /(x) is an arbitrary function describing the pattern in which the ratio X/E varies across the soil. The 
value of the scale factor A. is obtained as a part of the solution along with the factor of safety.

The values of the forces E and X and the point of application of E can be determined at each vertical 
boundary. For any assumed value of /(x), it is necessary to check that the solution is physically reasonable 
and no shear failure or tension develop within the soil mass above the failure surface. As the choice of f (x) 
does not influence the computed values of the factor of safety by more than 5%, for convenience f (x) is taken 
as unity. The analysis involves a complex process of iteration for the values of A and Ff. The use of a 
computer is essential. However, slope stability charts which simplify the solution have been developed for the 
design office use.

(3) Bell (1968) developed a method in which all the conditions of equilibrium are satisfied. The soil mass 
is divided into vertical slices. The failure surface may be of any shape. The statical determinacy is obtained 
by means of an assumed distribution of normal stresses along the failure surface. The soil mass is considered 
as a free body, as in the case of the friction circle method.

(4) Cousins (1978) developed charts which have application to a wide range of field problems. The charts 
are quite convenient, as these deal in easily calculated parameters. Cousins charts are based upon the friction
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circle method of analysis discussed earlier. However, the charts are for a general case. These can be used for 
the evaluation of long-term stability analysis in terms of effective stresses. The charts can be used even in 
case of tension cracks.

(5) Stability charts for the analysis of earth dams under sudden drawdown conditions have been 
developed by Morgenstern (1963). The charts are based upon an effective stress analysis using the method of 
slices.

18.18. IMPROVING STABILITY OF SLOPES
The slopes which are susceptible to failure by sliding can be improved and made usable and safe. Various 

methods are used to stabilise the slopes. The methods generally involve one or more of the following 
measures, which either reduce the mass which may cause sliding or improve the shear strength of the soil in 
the failure zone.

(1) Slope flattening reduces the weight of the mass tending to slide. It can be used wherever possible.
(2) Providing a berm below the toe of the slope increases the resistance to movement. It is specially 

useful when there is a possibility of a base failure.
(3) Drainage helps in reducing the seepage forces and hence increases the stability. The zone of 

subsurface water is Iqwered and infiltration of the surface water is prevented.

(4) Densification by use of explosives, vibroflotation, or terra probe helps in increasing the shear 
strength of cohesionless soils and thus increasing the stability.

(5) Consolidation by surcharging, electro-osmosis or other methods helps in increasing the stability of 
slopes in cohesive soils.

(6) Grouting and injection of cement or other compounds into specific zones help in increasing the 
stability of slopes.

(7) Sheet piles and retaining walls can be installed to provide lateral support and to increase the stability. 
However, the method is quite expensive.

(8) Stabilisation of the soil helps in increasing the stability of slopes.
In the interest of economy, relatively inexpensive methods, such as slope flattening and drainage control, 

are generally preferred.

ILLUSTRATIVE EXAMPLES

Illustrative Example 18.1. A long natural slope in an overconsolidated clay (c' - 10kN/m2, <j>' « 25°, 
yfor - 20 kN Im2) is inclined at 10° to the horizontal. The water table is at the surface and the seepage is 

parallel to the slope. If a plane slip had developed at a depth of 5 m below the surface, determine the factor 
of safety. Take yw - 10 kN/m3.

o r. i- r- c' + v' Hcos2itan d>'
Solution. From Eq. 18.17, F. - ---------*-7- ------ ——

cos i sin 1 

10 + (20 - 10) x 5 x cos2 10° tan 25°
20 x 5 x cos 10° sin 10° " ‘

, Illustrative Example 18.2. A vertical cut is made in a clay deposit'(c = 30 kN/m2, <j> = 0, y = 16 kN/m3). 
Fin the maximum height of the cut which can be temporarily supported

Solution. From Eq. 18.28, Sn “ Fc

Taking Fe - 1.0, V _ ____ ______
" 1.0 x 16 x 77

From stability chart (Fig. 18.13 or Table 18.1), S„ - 0.261. 

Substituting the value of S„ in Eq. (a),
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Illustrative Example 18.3. A cut of depth 10 m is made in a cohesive soil deposit (c = 30 kN/m2, <p = 
0 and y = 19 kN/m3). There is a hard stratum under the cohesive soil at a depth of 12 m below the original 

ground surface. If the required factor of safety is 1.50, determine the safe slope.

Solution. In this case, DfH = 12 m and H = 10 m. Therefore, Dt - 1.20.

From Eq. 18.23, 8. ■ - ,s „ “ „ 10 - 0.105

From Fig. 18.14, for S„ = 0.105 and Df = 1.20, we have i - 15°.

Illustrative Example 18.4. Determine the factor of safety with respect to cohesion for a submerged 
embankment 25 m high and having a slope of 40°. (c = 40 kN/m2, 4> - 10’owJ ysa = 18 kN/m3).

Solution. From Eq. 18.28, using submerged unit weight,

40 0195 M
Fc x (18 - 9.81) x 25 Fe

For <p = 10° and i = 40°, Table 18.1 gives S„ = 0.097 by interpolation.

Therefore, 0.097 = or Fc = 2.01.

Illustrative Example 183. Determine the factor of safety with respect to cohesion if an embankment 25 
m high and having a slope of 40° is subjected to sudden drawdown, (c = 40 kN/m2, <|> = 10°, y3OI = 18 
kN/m3).

Solution. From Eq. 18.30, tan » ■* — [ p- tan <p' |
Isat )

Taking F*  = 1.0, tan (tan 10°) or <t>w - 439°

From Table 18.1 (or Fig. 18.13), S„ = 0.13 for = 4.59° and’i = 40°.

From Eq. 18.28, using saturated unit weight,

40
Fc x 18 x 25

or

0.130

Fe - 0.684 < 1.00

The slope is not safe.
Illustrative Example 18.6. Determine the factor of 

safety with respect to shear strength of a slope 10 in high and 
having an inclination of 40° of a soil with c = 30 kN/n^, <p = 
10° and y = 19 kN/m3.

Solution. The factor of safety is obtained by trial and 
error. Let us assume Fv = 1.30 for the first trial.

From Eq. 18.4, Ian fc, -
Ftp 130

or - 7.72’

From Table 18.1, for 4>m ■ 7.72° and i - 40°,

Fig. E-18..

Sn ~ 0.115

From Eq. 18.28, 0.115
FcyW
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Likewise, for = 1.40, the value of Fc is. found to be 1.32 and for F^ = 1.20, the value of Fc is 
computed as 1.44. Fig. E-18.6 shows the plot between Fc and F+. The line drawn at 45° cuts the plot at the 
required point.

From the plot, Fe » Fv - Ft - 134.
Illustrative Example 18.7. A soil mass is resting on an inclined impermeable clay layer, as shown in fig. 

E-18.7. Determine the factor of safety against wedge failure along the interface. The soil has c = 6 kN/m, $ 
= 20° and17 kN/m3.

Solution. Weight of triangular wedge ABD,
W - | x 2.86 x 2.5 x 17 - 60.8 kN

Sliding force T = component of W parallel to the plane AB
- W sin 25° - 25.7 kN

Length of plane AB, L - 2.5/sin 25° * 5.91 m

Resistance to sliding, S - cL + (Wcos 25°) tan «j>

- 6.0 x 5.91 + 60.8 x 0.906 x 0.364 = 55.51 kN

Factor of Safety, F, . | . yy . 2.16

Illustrative Example 18.8. A vertical cut is made through a homogeneous soil mass (c = 20 kN/n?, <j> = 20°, 
y = 16.5 kN/m3). Using Culmann’s method, determine the safe depth of the cut, taking a factor of safety of 2.0.

(b) Also determine the safe depth using stability charts.

Solution. From Eq. 18.22 (a),

Now

4cw sincos <j%
" “ y [1 -cos(i- K)]

cm » c/Fe - 20/2 - 10 kN/m2

tan - tan <J>/2 - tan20°/2 - 0.364/5 - 0.182 or $>„, - 10.31°

Therefore,

(b) For i = 90°,

4 x 10 sin 90° cos 10.31°
" 16.S [1 - cos (90 - 10.31")] “ 2’S1 “

<i> = 1031°, we have S„ = 0.217 (See Table 18.1)

Therefore, 20/2
16.5 x 0.217

- 2.79 m
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Illustrative Example 18.9. An unsupported slope is 
shown in Fig. E-18.9. Determine the factor of safety 
against sliding for the trial slip surface. Take c = 50 
kN/m2, and <|> = 0. The weight of the wedge ABD is 2518 

kN and acts at a horizontal distance of 11 m from the 
vertical AO.

Solution. Length of arc AB, La - x &

- 27.21 m
Actuating moment, Mo - 2518 x 11

- 27698 kN-m
Resisting moment, Mr - cLa r - 50 x 27.21 x 24 

- 32652 kN-m
Therefore, factor of safety Fc (= Fs)

. 32652
27698 1-18

Alternative method
Fig. E-18.9

The factor of safety can be determined from the mobilised cohesion (c,„). According to this method, 

cmLar. 27698

Therefore, Fc = c/cm - 50/42.41 = 1.18
Illustrative Example 18.16. Fig. E-18.10 shows a slip surface with a radius of 22 m in a slope with a 

height of 14 m and an angle of inclination of 45°. If <j>„ = 15°, y = 18 kN/m3 and c = 40 kN/n?, determine 

the factor of safety with respect to cohesion using the friction circle method.

Fig. E-18.10.
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The weight of the soil wedge is 1500 kN and it acts at a horizontal distance of 10.3 m from A.

Solution. rsin <|> = 22 x sin 15 0 » 5.7 m.
The friction circle is drawn with a radius of 5.7 m.

From Eq. 18.24,
(2jc x 22/360) x 64 

2 x 22 x sin 32°
- 23.20 m

A line is drawn parallel to the chord at a distance of 23.20 m. The total cohesive force passes through P 
which is at the intersection of the vertical line through W. The reaction R also passes through P and is 
tangential to the friction circle.

The figure also shows the force triangle,
From the force triangle, C = 600 kN

c 40
From Eq. 18.5, Fr - — - - 136

cm 25.7
Illustrative Example 18.11. Fig. E-18.11 shows a trial slip surface through a soil mass (c = 20 kN/m2, 

<|> = 30°, y = 20 kN/m). Determine the factor of safety using Swedish circle method.

Fig. E-18.11
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Solution. The sliding wedge is divided into 6 vertical slices of equal width of 2 m. The calculations are 
shown in tabular form below.

Table Example 18.11.

XT = 315.3 kN 2N = 584.6 kN

Slice 
No.

Weight (W)
a

T = W sin a 
(kN)

N = W cos a 
(kN)Average 

ordinate Width Volume
Weight W 

(kN)

1. 0.9 m 2 in 1.8 m3 36 0 0 36
2. 2.4 m 2 m 4.8 m3 96 9° 15 94.8
3. 3.6 m 2 m 7.2 m3 144 19° 46.9 136.2
4. 4.5 m 2 m 9.0 m3 180 29° 87.3 157.4
5. 4.0 m 2 m 8.0 m3 160 42° 107.1 118.9
6. 1.80 m 2m 3.6 m3 72 55° 59 41.3

[Alternatively, from diagrams, S7’ = 320 kN and TN = 580 kN] 
Length of arc, La = (2 k x 12/360) x 71° = 14.86 m.

From Eq. 1832, F. .

20 x 14.86 + tan 30° x 584.6
3153

Illustrative Example 18.12. Determine the factor of safety of the slope shown in fig. E-18.12. The slip

Fig. E-18.12.
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Solution. The sliding wedge is divided into 8 slices of equal width 4 m. One vertical line is drawn at the 
interface of the layers between slices (7) and (8). The weight of each slice is determined from the area of the 
slice in the layer and the corresponding unit weight of the soil

The pore water pressure is determined as the vertical ordinate of the dotted line above the curved surface.

The calculations are shown in tabular form.
Total length of arc (Z.J - (2 n x 28/360) x 75 » 36.63 m

Length of arc in I-layer - (36.63/75) x 65 - 31.75 m

Length of arc in Il-layer » (36.63/75) x 10 »■ 4.88 m

S (N - ul) in I layer (1st to 7th slice) = 2388 kN

2 (N - ul) in H layer (8th slice) = 198 kN

_ „ ZcEL + I (N - ul) tan 4>
From Eq. 18.39, Fs - ------------------- -------------- L------ x

„ (30 x 31.75 + 25 x 4.88) + 2388 x tan 20° + 198 tan 10° ,
" F- - -----------------------------------------liral " 181

Illustrative Example 18.13. Find the factor of safety against sliding for the slope shown in Fig. E-18.13, 
using Bishop’s simplified method.

Fig. E-18.13.
Solution. The slip circle has been divided into 5 slices; the first four slices are in Layer I. The width of 

the first slice is 5.6 m and that of other slices is 6 m.
Calculations are done in tabular form. The value of ma in column (11) has been computed using Eq. 18.53.

ma - (1 + tan <j>' tan a/Ft) cos a

For first trial, F, is assumed to be 1.20.

2 — [c' b + (W - ub) tan 4>']

From Eq. 18.52, Fs - ——---------—------------------------
1 W'sm n



Table Example 18.12.

S T = 1102.1

Slice No.

(1)

Weight (W)
u

metres

(6)

a

(7)

/
= b sec a

(8)

ul

(W)

(9)

N = W 
cos a 
(kN)

(10)

N-ul

(kN)

(11)

T
= W sin a 

(kN)

(12)

Average 
ordinate

(2)

Width 
(b)

(3)

Volume 
(m3)

(4)

Weight 
W(kN)

(5)

1. 1.60 m 4 m 6.40 128 1 m - 15° 4.14 41.4 123.6 82.2 -33.1

2. 4.6 m 4 m 18.4 368 3 m -5* 4.02 120.6 366.6 246.0 -32.1

3. 6.8 m 4 m 27.2 544 4.2 m 3° 4.01 168.4 543.2 374.4 + 28.4

4. 7.2 m
1.4 m

4 m
4 m

28.8
6.6

576
106

5.2 m 10° 4.06 211.1 671.6 460.5 + 118.4

682

5. 6.0
3.6

4 m
4 m

24.0
14.4

480
274

5.0 m 19’ 4.23 2113 712.9 501.4 + 2455

754

6. 4.2
4.8

4 m
4 m

16.8
19.2

336
365

4.2 m 28’ 4.53 190.3 618.8 428.5 + 329.1

701

7.
4.8

4 m
4 m

6.40
19.2

128
365

1.8 m 38’ 5.08 91.4 386.4 295 + 3035

493

8. 2.6 4 m 10.4 198 0 46’ 5.75 0 198 198 + 142.4
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S 1958.8

Slice Weight (W)
a

(6) (7)

ub

(8)

tan <|>'

(9)

W sin a

(10)

rna

(11)

(W-ub) 
tan 6' 
f!2)

No.

(D

Average 
ordinate 

(2)

Width 
(b) 
(3)

Volume 
(m3) 
(4)

Weight 
(kN) 
(5)

1. 2.6 5.6 14.56 305.8 -2° 0 0 0.577 - 10.7 0.984 176.4

2. 6.6 6.0 39.60 831.6 9° 0 0 0.577 + 130.0 1.063 479.8

3. 6.2
3.6

6.0
6.0

37.20
21.60

781.2
410.4

23° 0 0 0.577 + 465.6 1.107 687.6

1191.6

4. 3.0
8.0

6.0
6.0

18.0
48.0

378
912

37° 0 0 0.577 +7763 1.088 7443

1290

5. 6.4 6.0 38.4 729.6 55° 4.0 0.0 0.364 + 597.6 0.820 265.5

- ids [dsj x ,7M 4 uh * 4798 + rh»6876

+ nkx 744-3 toh(4Ox6’265-5)]

= 130
The assumed value of Fs is not correct. The process may be repeated after taking Fs = 1.25.

PROBLEMS

A. Numerical
18.1 . What inclination is required where a filling 12 m high is to be constructed having a factor of safety of 1.25? 

The soil has c = 20 kN/m2, <|> = 15°, y = 17.0 kN/m3. The stability number for <|im = 12° is equal to 0.063 when 
the slope is 30° and 0.098 when the slope is 45°. [Ans. 36°].

18.2 . A cutting of depth 10 m is to be made in soil which has c = 30 kN/m2, y = 19 kN/m3 and <j> = 0. There is a 
hard stratum below the original soil surface at a depth of 12 m. Find the safe slope of cutting if the factor of 
safety is 1.50. For Df = 1.20, S„ = 0.143 for i = 30° and S„ = 0.101 for i = 15°. [Ans. 17°].

183. A vertical cut is to be made in clayey soil for which tests gave c = 30 kN/m2, y = 16 kN/m3 and <|> = 0. Find 
the maximum height for which the cut may be temporarily unsupported. For 4> = 0, and i = 90°, the value of 
the stability number is 0.261. [Ans. 7.18 m]

18.4 . When is the factor of safety for a 45° slope 12 m high in a day (c = 50 kN/m2, y = 18 kN/m3 and 4> = 0) 

having a rock stratum at a depth of 12 m below the toe? For Df = 2.0 and i = 45°, the value of Sn is equal to 
0.177. [Ans. 1.3]

183. Determine the factor of safety with respect to cohesion only for a submerged embankment 25 m high whose 
upstream face has an inclination of 45°. The soil has the following properties; c = 40 kN/m , <|> = 10°, ylar = 18 
kN/m3. The relevant stability number is equal to 0.108. [Ans. 1.85]

18.6 . What is the factor of safety if the embankment in Prob. 18.5 experiences the effect of sudden drawdown ? For 
<$>,„ = 4.50 and i = 45°, the value to the stability number is 0.136. [Ans. 0.65]

18.7 . A cut 10 m deep is to be made in a stratum of cohesive soil (c = 35 kN/m2, y = 185 kN/m3 and <|> = 0). The

bed rock is located 15 m below the original ground surface. Determine the factor of safety against failure if the
slope is 30°, For Df = 1.5 and i = 30°, the stability number is equal to 0.164. [Ans. 1.15]

18-8. An embankment 10 m high is inclined at 35° to the horizontal. A stability analysis by the method of slices gave 
the following forces:



476 SOIL MECHANICS AND FOUNDATION ENGINEERING

2W - 900 kN, XT = 420 kN, XU = 200 kN.
If the length of the failure arc is 23.0 m, find the factor of safety. The soil has c = 20 kN/m2 and <|> = 15°.

[Ans. 1.54]
18.9 . A dam of homogeneous section is 25 m high with upstream slope of 2.5 to 1.0 and downstream slope of 2 to 

1. There is a 12 m long horizontal filter at the downstream end. Taking a free board of 3 m (r.e. water depth 22 
m), determine the («) factor of safety of downstream slope under steady seepage conditions, (b) factor of safety 
of upstream slope under sudden drawndown conditions.

18.10 . For the dam in Prob. 18.9, determine the factor of safety of downstream slope under steady seepage condition 
using Bishop’s simplified method.

18.11 . A 40° slope is excavated to a depth of 8 m in a deep layer of saturated clay (c = 70 kN/m2 and 4> = 0, y = 19 
kN/m3). Determine the factor of safety for the trial failure surface shown in Fig. P. 18.11. [Ans. 2.87]

T 

8m 
1

Fig. P. 18.11
18.12 . Determine the factor of safety of the slope given in Prob. 18.11. If the soil has c = 20 kN/m2; 4> = 15°, y = 20 

kN/m3. Use the friction circle method.

B. Descriptive and Objective Type
18.13. What are the assumptions that are generally made in the analysis of the stability Of slopes? Discuss briefly their 

validity.
18.14. What are different factors of safety used in the stability of slopes?
18.15. What are different types of slope failures?
18.16. Derive an expression for the factor of safety of an infinite slope in a cohesionless soil.

What is the effect of steady seepage parallel to the slope on the stability?
18.17. Discuss the method for checking the stability of an infinite slope in a cohesive soil. What is critical height?
18.18. Describe Culmann’s method for the stability analysis of homogeous slopes. What are its limitations?
18.19. Discuss the friction circle method for the stability analysis of slopes. Can this method be used for purely 

cohesive soil?
18.20. What is a stability number? What is its utility in the analysis of stability of slopes? Discuss the uses of stability 

charts.
1821. How a slope is analysed using Swedish circle method? Derive an expression for the factor of safety.
1822. Describe Bishop's simplified method. What are its advantages over conventional Swedish circle method? Derive 

an expression for the factor of safety.
18.23. Discuss the various methods for improving the stability of slopes.
18.24. Write whether the following statements are true or false.

(a) The friction circle method can be used for a non- homogeneous soil mass.
(b) The stability numbers can be used for the analysis of purely cohesionless soil slopes.
(c) The factor of safety of an infinite slope of a cohesive soil depends upon the height H of the slope.
(d) Culmann’s method assumes that the failure surface is a plane.
(e) The upstream slope of an earth dam is critical during sudden drawdown conditions.
(/) Bishop’s simplified method considers all the forces acting on the sides of the slices.
(g) In Bishop’s simplified method, a process of successive approximations is required.
(A) The total stress analysis can be used for the stability of slopes.
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(i) Th.e;eonvcntional Swedish circle method always errs on the safe side.
['Ans. True, (cj, (d>% !(£), (g),X/>)> (<)]•

C. Multiple Choice Questions *
1. The method of slices for the stability of slope

(a) can be used for stratified soils.
(b) can be used when seepage occurs and the pore pressure exists within the soil.
(c) gives the factor of safely based on moments and not the forces.
W) All the above.

2. Taylor’s stability charts are based on the total stresses using the 
to) friction circle method
(fr) method of slices
(t) <[>,, = 0 analysis
(d) none of the above

3. In stability analysis, the term mobilised shear strength is referred to as
(a) shear strength
(b) maximum shearj&tgss
Cc) applied shear stress 
(r/) none of the above.

4. Bishop's simplified method of slices satisfies
(a) only the moments equilibrium
(/>) only the vertical forces equilibrium
(c) only the horizontal forces equilibrium
(</) all the statics equations, except the horizontal forces equilibrium.

5. The following assumption is not made for the friction circle method of slope stability analysis :
(a) Friction is fully mobilised
(/?) Total stress analysis is applicable
(c) The resultant is tangential to the friction circle
(</) The resultant passes through the centre of friction circle

6. The factor of safely of an infinite slope in a sand deposit is 1.732. If the angle of shearing resistance is 30°. the 
safe slope is
(a) 19.45° (/?) 75.4°
(c) 18.4° (d) 7.1.6°

7. Identify the incorrect statement
The stability of a slope is decreased by
(a) Removal of a pan of slope by excavation
(b) Shock caused by an earthquake
(ij) Pore waler pressure in the soil
(</) Providing a berm at the toe

8. For the computation of N-component for sudden drawdown conditions by approximate method, the weight is
(a) Saturated unit weight (b) Submerged unit weight
(c) Bulk unit weight (J) Dry unit weight

[Ans. I. (</); 2. (fl), 3. (c), 4. (</), 5. (J), 6. (c), 7. (d). 8. (/>)]
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Earth Pressure Theories

19.1. INTRODUCTION
As discussed in the preceding chapter, a soil mass is stable when the slope of the surface of the soil mass 

is flatter than the safe slope. At some locations where the space is limited, it is not possible to provide flat 
slope and the soil is to be retained at a slope steeper titan the safe one. In such cases, a retaining structure is 
required to provide lateral support to the soil mass. Generally, the soil masses are vertical or nearly vertical 
behind the retaining structure. Thus, a retaining wall maintains the soil at different elevations on its either 
side. In the absence of a retaining wall, the soil on the higher side would have a tendency to slide and may 
not remain stable.

The design of the retaining structure requires the determination of the magnitude and line of action of the 
lateral earth pressure. The magnitude of the lateral earth pressure depends upon a number of factors, such as 
the mode of the movement of the wall, the flexibility of the wall, the properties of the soil, the drainage 
conditions. It is a soil-structure interaction problem, as the earth pressure depends upon the flexibility of wall. 
The earth pressure theories which consider soil-structure interaction are complicated and require a computer. 
For convenience, the retaining wall is assumed to be rigid and the soil-structure interaction effect is neglected.

The lateral earth pressure is usually computed using the classical theories proposed by Coulomb (1773) 
and Rankine (1857). The general wedge theory proposed by Terzaghi (1941) is more general and is an 
improvement over the earlier theories. However, the theory is quite complicated.

The design of rigid retaining walls and flexible retaining walls, such as sheet pile walls and bulk heads, 
is discussed in the next chapter.

19.2. DIFFERENT TYPES OF LATERAL EARTH PRESSURE
Lateral earth pressures can be grouped into 3 categories, depending upon the movement of the retaining 

wall with respect to the soil retained. The soil retained is also known as the backfill.
(1) At-rest pressure. The lateral earth pressure is called at-rest pressure when the soil mass is not

Fig. 19.1.
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subjected to any lateral yielding or movement. This case occurs when the retaining wall is firmly fixed at its 
top and is not allowed to rotate or move laterally. Fig. 19.1. (a) shows the basement retaining walls which 
are restrained against the movement by the basement slab provided at their tops. Another example of the 
at-rest pressure is that of a bridge abutment wall which is restrained at its top by the bridge slab. The at-rest 
condition is also known as the elastic equilibrium, as no part of soil mass has failed and attained the plastic 
equilibrium.

(2) Active pressure. A state of active pressure occurs when the soil mass yields in such a way that it 
tends to stretch horizontally. It is a state of plastic equilibrium as the entire soil mass is on the verge of 
failure. A retaining wall when moves away from the backfill, there is a stretching of the soil mass and the 
active state of earth pressure exists. In Fig. 19.1 (b), the active pressure develops on the right-hand side when 
the wall moves towards left.

(3) Passive pressure. A state of passive pressure exists when the movement of the wall is such that the 
soil tends to compress horizontally. It is another extreme of the limiting equilibrium condition. In Fig. 19.1 
(b), the passive pressure develops on the left-side of the wall below the ground level, as the soil in this zone 
is compressed when the movement of the wall is towards left. Another example of the passive earth pressure 
is the pressure acting on an anchor block.

Variation of Pressure
Fig. 19.2 (a) shows the variation of earth pressure with the wall movement. Point B represents the case 

when there is no movement of the wall. It indicates the at-rest pressure.
Point A in Fig. 19.2 (a) indicates the active pressure. When the wall moves away from the backfill [Fig. 

19.2 (h)], some portion of the backfill located immediately behind the wall tries to break away from the rest 
of the soil mass. This wedge-shaped portion, known as the failure wedge or the sliding wedge, moves 
downward and outwards. The lateral earth pressure exerted on the wall is a minimum in this case. The soil is 
at the verge of failure due to a decrease in the lateral stress.

The horizontal strain required to reach the active state of plastic equilibrium is very small. Lambe and

(b) Active

Fig. 19.2



480 SOIL MECHANICS AND FOUNDATION ENGINEERING

Whitman (1969) have shown that in dense sand, the horizontal strain required is about 0.5%. For example, 
for a wall of 5 m height, a movement of 0.025 m would develop active earth pressure.

Point C in Fig. 19.2 (a) indicates the passive pressure. When the wall moves towards the backfill [Fig. 
19.2 (c)], the earth pressure increases. The failure wedge moves upward and inwards. The maximum value of 
the earth pressure is the passive earth pressure. The soil is at the verge of failure due to an increase in the 
lateral stress.

Lambe and Whitman (1969) found that very little horizontal strain (about 0.5%) is required to reach 
one-half the maximum passive pressure in dense sand, but much more horizontal strain (about 5% in dense 
sand, and 15% in loose sand) is required to reach the full passive pressure. However, their data are based on 
the triaxial shear test results and the magnitude of the horizontal strains required in the field may be 
somewhat different.

It may be summarised that the state of shear failure corresponding to the minimum earth pressure is the 
active state and that corresponding to the maximum earth pressure is the passive state. These are the two 
extreme conditions of plastic equilibrium. For all intermediate states when the soil is not in plastic 
equilibrium, it is said to be an elastic equilibrium. The at-rest condition is a special case of an elastic 
equilibrium when the state of stress corresponds to the condition where there is no movement. It indicates the 
in-situ conditions.

19.3. EARTH PRESSURE AT REST
The earth pressure at rest was discussed briefly in Chapter 

11. However, the emphasis there was on the determination of the 
horizontal stresses in the soil mass. The expressions for earth 
pressure at-rest would be used in this chapter for the 
determination of the magnitude and line of action of the total 
forces due to earth pressure on the retaining structures. The 
methods for estimation of the coefficient of earth pressure at rest 
(Kq) have been discussed in chapter 11. Fig. 19.3.

Fig. 193 shows a retaining wall in which no movement takes place. The vertical effective stress at point 
A at a depth Z is given by

= jZ -ywZw ...(19.1)

The horizontal intergranular (effective) stress can be obtained using the coefficient of earth pressure at-rest 
(Kq), which is equal to the ratio of the horizontal stress to the vertical stress,

Thus Ko ■=
Oz

or ax - Ko az - Kq (yZ - ywZ^) ...(19.2)

The stress ax is usually represented as po, indicating the lateral pressure at rest.

Thus po - KO0Z ...(19.3)

It may be noted that the coefficient of lateral pressure at rest (Ko) relates the effective stresses. The total 
lateral pressure (ph) is equal to the sum of the intergranular pressure (p0) and the pore water pressure (u).

Thus ph = Po + u ...(19.4)

In Fig. 19.3, the lateral pressure at depth Z is, therefore,

Ph - Kq (yZ - ywZw) + ywZw ...(195)

As Eq. 19.5 indicates, the pressure distribution is triangular with zero pressure at the top (Z = 0), and the 
maximum pressure at the bottom of the wall.

Fig. 19.4 (a) shows the pressure distribution when the soil is dry. The pressure at the bottom of the wall 
at depth H is given by
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Fig. 19.4.

Ph = KoyH

The total pressure force per unit length of the wall is given by

P - J Kq^z dZ 
”o

or p-^K^H2 ...(19.6)

In Fig. 19.4 (b), the depth of water table is at depth d below the surface. The pressure at depth Z > d is 

given by

ph - Ko [yZ - yw(Z - d)] + - d)

or pi, - Kq yd + Koy' (Z - d) + yw(Z - d)

The pressure at the bottom (Z = 77) of the wall is given by

ph - Koyd + Koy' (H - d) yw (H - d) ...(19.7)

The total pressure force (P) can be determined from the pressure distribution diagram.
If the water table is at the ground surface [Fig. 19.4 (c)], the pressure at the bottom of the wall is given

by, taking d = 0 in Eq. 19.7,

ph - Koy'H + ywH ...(19.8)

The resultant pressure (P) acting on the wall is determined from the pressure distribution diagram.
The point of application of the resultant pressure P is determined from the pressure distribution diagram.

For triangular pressure distribution, it acts at height 77/3 from the base.

19.4. RANKINE’S EARTH PRESSURE THEORY
Rankine (1857) bonsidered the equilibrium of a soil element within a soil mass bounded by a plane 

surface. The following assumptions were made by Rankine for the derivation of earth pressure.
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(1) The soil mass is homogeneous and semi-infinite.
(2) The soil is dry and cohesionless.

(3) The ground surface is plane, which may be horizontal or inclined.
(4) The back of the retaining wall is smooth and vertical.
(5) The soil element is in a state of plastic equilibrium, ie., at the verge of failure.

Expressions for the active earth pressure and the passive earth pressure are developed as explained 
below:

(a) Active Earth Pressure. Let us consider 
an element of dry soil at a depth Z below a 
level soil surface [Fig. 19.5 (a)]. Initially, the 
element is at-rest conditions, and the horizontal 
pressure is given by

” -Ko Op

where uv is the vertical stress at C, and ah is the 
horizontal stress at C. Of course, a,, - y Z.

The stresses oA and are, respectively, the 
minor and major principal stresses, and are 
indicated by points A and B in the Mohr circle 
[Fig. 19.5 (b)].

Let us now consider the case when the 
vertical stress remains constant while the 
horizontal stress is decreased. Hie point A shifts 
to position A' and the diameter of the Mohr 
circle increases. In the limiting condition, the 
point A shifts to position A" when the Mohr 
circle [marked (3)] touches the failure envelope. 
The soil is at the verge of shear failure. It has 
attained the Rankine active state of plastic 
equilibrium. The horizontal stress at that state is 
the active pressure (po). Fig. 19.5.

Fig. 19.6 shows the Mohr circle when active conditions are 
condition. From the figure,

iT

developed. Point E represents the active

Fig. 19.6.

As

Also 

or

pa - OE - OC - CE

CE - CD - OC sin <[>',

pa - OC - OC sin <}>' - OC (1 - sin <|>') 

av - OB - OC + CB - OC + OCsin 4>' 

av - OC (1 + sin 4>')
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From Eqs. (a) and (b),

or 

or

Pa _ 1 - sin <|>' 
ov " 1 + sin <|>'

pa-Kayz ...(19.9)

where Ko is a coefficient, known as the coefficient of active earth pressure. It is a function of the angle of

shearing resistance (<}>'), and is given by
1 - sin <t>' 
--------- r-77 = tan
1 + sin <|>

45- - ...(19.10)

For example, if <j>' = 30°, Ka = —

Eq. 19.9 can be used to determine the active earth 
pressure on the retaining wall. The pressure distribution 
is similar to one shown in Fig. 19.4 (a) in which Ka is 

substituted for Ko.
Fig. 19.7 shows the failure planes. These are inclined 

at (45° + <|>'/2) to the major principal plane which is 
horjzontal.

When the wall moves away from the back fill, the 
failure wedge moves downward and the resisting force 
due to the shearing strength of the soil is developed in
the upward direction along the failure plane (Fig. 19.8). Fig'19-7

The resisting force causes a decrease in the earth pressure acting on the wall. The decrease in earth pressure 
continues till the maximum resistance has been mobilised. The earth pressure does not decrease beyond this 
point and the active state is reached and the soil has attained plastic equilibrium.

Fig. 19.8.

(b) Passive Earth pressure
The passive Rankine state of plastic equilibrium can be explained by considering the element of soil at a 

point at a depth of Z below the soil surface [Fig. 19.9 (a)]. As the soil is compressed laterally, the horizontal 
stress (a/() is increased, whereas the vertical stress (ov) remains constant. Fig. 19.9 (b) shows the Mohr circles. 
The circle-1 indicates the insitu condition, in which point A indicates the horizontal stress and point B, 
vertical stress. With lateral compressing of the soil, the horizontal stress increases until it readies a limiting 
value greater than the vertical stress, indicated by point A" and the Mohr circle [marked (3)] touches the 
failure envelope. The expression for the passive pressure pp can be obtained as follows. Fig. 19.10, shows the 

Mohr circle at failure.
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Fig. 19.9.
Now pp = OC + CE - OC + CD - OC + OC sin 4/

or pp = OC(1 + sin <$>') ...(a)

Also OB = OC - BC - OC - CD - OC - OCsin <|>'

or ov = OC(1 - sin 4>') ■ ■■(!>)

Fig. 19.10.

From Eqs. (a) and (b), 
v v ' av 1 - sin <t> 

( 1 + sin 4»' \ 
or pD = ■:-------:—77 avI 1 - sin <t> I

or pp - KpiZ ...(19.11)

where Kp is the coefficient of passive earth pressure, given by

• 1 -s‘n£ ‘ “"2 (45° + *’/2)

For example, if <j>' = 30°, Kp = 3

The coefficient of passive pressure (/Cp) depends upon The pressure distribution is similar to that shown in 

Fig. 19.4, in which Kp is substituted for K$.
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The angle which the failure plane makes with the major principal plane is equal to (45° + <j>'/2). As the 
major principal plane is vertical, the failure plane make an angle of (45 - with the horizontal (Fig. 
19.11) which is the minor principal plane.

When the wall moves towards the back All, the lateral earth pressure increases because the resistance 
builds up in the direction towards the wall. The pressure reaches a maximum value when the full shearing

«v
Fig. 19.11. Fig. 19.12.

resistance has been mobilised (Fig. 19.12). Further movement of the wall does not increase the pressure, and 
the passive state is reached and the soil has attained plastic equilibrium.

193. RANKINE’S EARTH PRESSURE WHEN THE SURFACE IS INCLINED
Two stresses are called conjugate stresses when the direction of one stress is parallel to the plane on 

which the other stress acts. Rankine assumed that the vertical stress on an element of the soil within the 
inclined backfill and the lateral stress on 
the vertical plane of the element arc 
conjugate stresses. In other words, he 
assumed that the lateral stress is parallel to 
the inclined backfill.

Let us consider an element of soil at 
depth Z below the soil surface inclined at 
angle i to horizontal (Fig. 19.13). The 
angle i is known as the angle of surcharge. 
The intensity of vertical stress (o„) on the 
element is given by

y (Zb cos i) 
b

or ov - yZcosi ...(19.13)

The other conjugate stress is the 
lateral stress (ox).

It may be mentioned that the vertical Fig. 19.13.

stress av is not the principal stress, as a shear stress also exists on the inclined plane at the top of the element.
Likewise, the lateral stress ax is also not a principal stress. A relationship between the lateral pressure and the 

vertical stress can be obtained for the active and passive cases as given below.
(a) Active Earth Pressure. Fig. 19.14 shows the Mohr circle corresponding to the active limiting
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Fig. 19.14.

conditions. The vertical stress o„ is represented by the line OA making an angle i with the horizontal. At any 
depth, the value of ov is constant and equal to that given by Eq. 19.13.

If the lateral expansion of the soil is sufficient to induce the state of active plastic equilibrium, the Mohr 
circle must pass through A and it should be tangential to the failure envelope. The origin of planes P is 
obtained as the point of intersection of OA with the Mohr circle. As the reader would recollect (chapter 13), 
the origin of planes is located by drawing from the point representing a stress (vertical stress, in this case) a 
line parallel to the plane on which it acts (plane inclined at i, in this case). A vertical line through P cuts the 
circle at B below the o-axis. The conjugate stress, which is the active pressure (po), is represented by OB. 
Numerically, the conjugate stress is also equal to OP.

„ ,, _ Pa OB OP OD - DP
From the figure, — = —— = —— = ——-------—- ...(a)6 av OA OA OD + DA ' ’

The ratio p<i/av is known as the conjugate stress ratio.

Now OD = OCcosi ...(h)

and DA = DP = VPC2 - DC2

But PC - FC = OC sin 4>'
and DC = OC sin!

Therefore, DA = DP = V (OC sin <t>')2 - (OC sin i)2

= OC Vsin2<|>' - sin2 i ...(c)

„ „ , . pa OC cos i - Oc/sin2 <b' - sin2 i
brom Eq. (a), — =---------------------------- T -- ------

CTv OC cos i + OC V sin2 <j>' - sin2 i

pa cos i - V sin2 4>' - sin2 i
or — = ...(d)

°v cos i + V sin2 <|>' - sin2 i

cost - V(1 - cos2<[>') - (1 - cos2!) 

cos! + V(1 - cos24>') - (1 - cos2!)

pa cos i - V cos2 i - cos2 <|>' 
or — _..................  -.................

CT>' cos i + V cos2 i. - cos2 4>'
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cos i — V cos2 i - cos2 <j>' 

cos i + V cos2 i - cos2 <|>'
(y Z cos i)

pa - KjZ

where Ka is the coefficient of active pressure, given by

. cos i - V cos2 i - cos2 <j>'
Ka - cosi x --------------

cos i + V cos2 i - cos2 4>'

In must be noted that pa is parallel to the inclined surface.

For the special case, when i = 0

„ 1 - sin
° “ 1 + sin <J>'

...(19.14)

...(19.15)

(same as Eq. 19.10)

The conjugate stress in that case become principal stresses, as already discussed.

Direction of failure planes
The inclination of the major principal plane is indicated by the line PE in Fig. 19.15. It makes an angle 

0j with the horizontal. The lines PF and PF' indicate the failure planes. The failure plane PF makes an angle 

cq with the horizontal.

Fig. 19.15.
From the triangle PEG, the exterior angle, 6/j - cq + 0j

or oq - 0/i - 0!

where 0/j is the angle which the failure plane PF makes with the major principal plane, and is equal to 
(45° + $72).

Thus cq - (45° + $72) - 0j

In the triangle OPC, the exterior angle i|» is given by

i|> - 20j + i or 6i - ~ 1

Therefore, cq = (45° + $72) - ...(19.16)

The angle is obtained from the triangle PCD as
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CD OC sin i OC sin i sini 
sin<p “ CP “ CF “ OCsm^ = sin<|>'

or rf . sin’1 ...(19.17)

The other failure plane PF' makes an angle a2 with the horizontal, which is given by

a2= 6p + 0i

or a2 - (45° + <j>'/2) + (t|> - i)/2

(b) Passive Earth Pressure. This case is similar to the one for the active case with one basic difference 
that the vertical stress is the smaller of the two conjugate stresses. In Fig. 19.16, OA represents the vertical 
stress (ov). The point P shows the origin of planes, and OB represents the passive pressure, From the figure,

Fig. 19.16.

_ OB = OP = OD + DP 
av “ OA OA ~ OD - DA

OD « OC cos i

DP - DA = V (AC)2 - (DC)2 - (FC)2-(DC)2

Now

and

Therefore,

or

- V(OC sin <)2 - (OC sini)2 

- OC V sin2 4>' - sin2 i

Pp OC cos i + OcV sin2 <|>' - sin2i 

av OC cos i - OC V sin2 <j>' - sin2 i 

cosi + Vsin2<p' - sin2! 

cosi - Vsin2<p' - sin2i 

cos i + V cos2 i - cos2 <p' 

cos i - V cos2 i - cos2 <p' 

, „ _ cosi + Vcos2i - cos2<p'
Pp - (y Z cos i)----------------—-

cos i - V cos i - cos cp'

pp = Kp yZ
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S' 
8 

w

where Kp is given by

. cost + V cos2 i - cos2 <p’ 
- cos< . -S=

cos i - V cos i - cos <p

For the special case, when i - 0
K = 1 + sin <j>' 

p 1 - sin 4/

...(19.20)

(same as Eq. 19.12)

Inclination of failure planes.
In Fig. 19.17, the line PB indicates the major principal plane, and the line PE shows the direction of the 

minor principal plane. The minor principal plane makes an angle 02 with the horizontal. From the triangle 
PCO, 2 62 -i|> + i

The inclination of the failure plane PF with the horizontal is equal to obtained from the relation

0/1 - 02 + 02

where 8/ is the angle which the failure plane PF makes with the minor principal plane

Thus a2 = 8/1 - 02

or a, -(45"- |7Z) - ...(mi)

Ihe angle H» is obtained from the triangle PCD as

. , CD OC sin i OC sin i sint 
Sini? " CP ” CF “ OCsin^' “ sin 4/

or - sin-1 ...(same as Eq. 19.17)

The other failure plane PF' makes an angle cq with the horizontal, given by

ai - 0/2 + 02

or a. - (45" - »72) ♦ ( ...(19.22)

(c) Pressure Distribution. Fig. 19.18 shows the pressure distribution when the soil surface is inclined at
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Fig. 19.18.

an angle i. The lateral pressure is parallel to the soil surface. The maximum pressure occurs at the bottom of 
the wall and is given by p, where p = pa in active case and p = pp in passive case.

From Eq. 19.14, 

or

Total active pressure, 

Likewise, 

or

Total passive pressure,

Po -KoyH

.cost - >/ cos2 i - cos2 <t»'
Pa - COS' ----------- /

cos i + V cos i - cos <fi'

Po

PP-Kp<lH

. cosi + V cos2 i - cos2 <b' ,, 
PP = c°S‘ -------------- , 2. 2= Y#

cosi - V cos i - cos $>'

...(19.23)

...(19.24)
For soils below the water table, the submerged weight y' should by used instead of bulk unit weight y.

(rf) Inclined Back of wall. Sometimes, we come across a retaining wall with an inclined back [Fig. 19.19 
(a)]. Rankine’s theory can be used to determine the earth pressure with some modification. A vertical plane 
AC is taken through A and the active pressure Pa is determined on this vertical plane from Rankine’s theory. 
The total pressure Pi on the wall is the resultant of the pressure Pa and the weight W of the soil wedge ABC. 

Thus

Fig. 19.19.
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It acts at a height of H/3 from the bottom.
In case of the wall with an inclined back and the backfill with a surcharge angle i [Fig. 19.19 (b)], the 

active pressure Pa is inclined to the vertical plane AC at an angle i, and the total pressure Pt is the resultant 
of the pressure Pa and IK Fig. 19.19 (c) shows the retaining wall with it back inclined towards the backfill. 
In this case, the vertical plane AC is on the other side of the back face, and, therefore, W is imaginary.

19.6. RANKINE’S EARTH PRESSURE IN COHESIVE SOILS
Rankine’s original theory was for cohesionless 

soils. It was extended by Resal (1910) and Bell 
(1915) for cohesive soils. The treatment is similar 
to that for cohesionless soils with one basic 
difference that the failure envelope has a cohesion 
intercept c', whereas that for cohesionless soils is 
zero.

The following treatment is limited to the case 
when the backfill is horizontal.

(a) Active Case. Fig. 19.20 shows the Mohr 
circle in which point B indicates the vertical stress 
and point E shows the active pressure. The failure 
envelope is tangential to the circle. The 
relationship between pa and o„ can be obtained as i

From triangle FCD, 

or

or

sin * . — .
CD

FO + OC

sin q>' =
(oi - o3)/2 

c'cot<j>' + (O] + n3)/2

(01 - 03) (0! + 03)
-------2-------=---------2------- SU1 ♦ + c*  cos |

or -y- (1 - sin <|>') - -y (1 + sin <j>') + c' cos <(>'

or
1 - sin <{>' 2 c' cos <)>'

°3 “ 1 + sin <|>' O1 1 + sin <J>' •■■(«)

or o3 = Oj tan2 (45° - <|>72) -2 c' tan (45° - |72)

As o3 is equal to the active pressure (p„), and ai is equal to the vertical stress av (= yZ), Eq. (a) 
becomes

_ / l-jbf 1 ,z _
° 1 + sin 1 + sin

or pa - Ka'fZ - 2c' ...(19.25)

where K„ . ' ~ ™ . tan2(4S° - <.72)
1 + sin <j> T '

It can be shown that cos.l’> = tan (45° - <j>'/2) - 'lKa
1 + sin T ' a

Eq. 19.25 indicates that at Z = 0, the active pressure is given by

Pa^-ld^Ka ...(19.26)

The negative sign shows that the pressure is negative, Le. it tries to cause a pull on the wall. This tensile 
stress decreases with an increase in depth, and it becomes zero at a depth Ze, given by
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0 = KayZe - 2c'

or Z. - ...(19.27)

The depth Zc is known as the depth of tensile crack. The tensile stress eventually causes a crack to from 
along the soil-wall interface.

The pressure at the depth H is given by,

pa - KayH - 2c'

Pressure Distribution
Fig. 19.21 shows the pressure distribution against the retaining wall. The total pressure on the retaining 

wall of height H is given by integration of Eq. 19.25 as

P„(K.-lZ - 2c'VT. jdZ

or P. - K. - 2c' ...(19.28)

Eq. 19.28 is applicable before the formation of crack
After the occurrence of the tensile crack, the force on the wall is caused only by’ the pressure from 

Z = Zc to Z = H, Le. tensile stresses are neglected.

Thus P, . i(ff-Z.)(KaVH-2c'V^)

Substituting the value of Ze from Eq. 19.27,

or - ^lH2Ka - leHy/K, ♦ Zlrf/y ...(19.29)

It acts at a height of (H - Ze)l3.

For 4> = 0, Eq. 19.29 reduces to

7'. - j 7«2-2c'H + 2(c')2/7 ...(19.30)

For soils below the water table, the submerged unit weight y' and the corresponding value of 0' and c' 
should be used.

Critical height of unsupported vertical cut.
As shown in Fig. 19.21, the pressure is negative in the top region. It becomes zero at a depth Zc. If the 
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wall has a height of 2ZC, the total earth pressure is zero. This height is known as the critical height (He).

Hc ~2ZC ...(1931)

If the height of an unsupported vertical cut is smaller than Hc, it should be able to stand. However, the 
conditions in unsupported vertical cut are different from those near a retaining wall. In the vertical cut, the 
lateral stress is everywhere zero, whereas in the retaining wall, it varies from - 2c' '/Ka to + 2c VK^. Because 

of this difference in the stress condition, the safe height of the vertical cut is slightly smaller than that given 
by Eq. 1931.

Substituting the value of Ze from Eq. 19.27,

He - 2 x 2c'/(y Vk^) - 4c7(yVkJ ...(1932)

For - 0, He - 4c'/y ...(1933)

(ft) Passive Case
An expression for the passive pressure in a cohesive soil can be determined by referring to Fig. 19.22. 

The Mohr circle has been drawn such that the point B represents av and point E as pp. In triangle FCD,

. ,, CD (Qi - a3)/2 

CF ” c' cot <j> + (a1 + o3)/2

or (cq - o3) - (cq + 03) sin 4/ + 2c'cos4>'

or Qi (1 - sin <|>') = 03 (1 + sin <j>') + 2 c' cos <|»'

or

or

or

(1 + sin <{>') 2 c' cos <|>'
" °3 (1 - sin <>') + 1 - sin <|>'

pp - ovtan2(45° + <|»72) + 2c' tan (45° + $72)

Pp - yZKp + 2c' ...(1934)

where Kp = coefficient of passive pressure, given by

Kp - tan2(45° + 072) - ‘ ...(19.35)

The failure plane makes an angle of (45° + $12) with the vertical (major principal plane) and of (45° 
<t»'/2) with horizontal (minor principal plane).

Pressure distribution
Fig. 19.23 shows the pressure distribution obtained from Eq. 19.34.
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When Z = H, pp = ^HKP + 2c' 4Kp ...(19.36)

The pressure, unlike active case, is positive throughout the depth. The total pressure on the retaining wall 
of height H is given by

P, - |zz(yHK,) + 2c'x H

or P„ . Kp yH2/2 + 2 c’ >HKp ...(10.37)

19.7. COULOMB’S WEDGE THEORY
Coulomb (1776) developed a method for the determination of the earth pressure in which he considered 

the equilibrium of the sliding wedge which is formed when the movement of the retaining wall takes place. 
As discussed before, in the active case, the sliding wedge moves downward and outward relative to the 
backfill, whereas in the passive case, the sliding wedge moves upwards. The lateral pressure on the wall is 
equal and opposite to the reactive force exerted by the wall in order to keep the sliding wedge in equilibrium. 
The analysis is a type of limiting equilibrium method:

The following assumptions are made:
(1) The backfill is dry, cohesionless, homogeneous, isotropic and ideally plastic material.
(2) The slip surface is a plane surface which passes through the heel of the wall.

(3) The wall surface is rough. The resultant earth pressure on the wall is inclined at an angle 6 to the 
normal to the wall, where 6 is the angle of the friction between the wall and the backfill.

(4) The sliding wedge itself acts as a rigid body.
Ilie magnitude of earth pressure is obtained by considering the equilibrium of the sliding wedge as a 

whole.
In Coulomb’s theory, a plane failure surface is assumed and the lateral force required to maintain the 

equilibrium of the wedge is found using the principles of statics. The procedure is repeated for several trial 
surfaces. The trial surface which gives the largest force for the active case, and the smallest force for the 
passive case, is the actual failure surface. The method readily accommodates the friction between the wall and 
the backfill, irregular backfill, sloping wall, surcharge loads, etc. Although the initial theory was for dry, 
cohesionless soils, it has now been extended to wet soils and cohesive soils as well. Thus Coulomb’s theory 
is more general than the Rankine theory.

19.8. COULOMB’S ACTIVE PRESSURE IN COHESIONLESS SOILS
Fig. 19.24 (a) shows a retaining wall with an inclined back face and a sloping dry granular backfill. In 

active case, the sliding wedge ABD moves downward, and the reaction R acts upward and inclined at an angle 
<j>' with the normal.

The sliding wedge ABD is in equilibrium under three forces:
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Fig. 19.24.

(1) Weight of the wedge (W).
(2) Reaction R on the slip surface BD.
(3) Reaction Pa from the wall.
It may be noted that, at failure conditions, the shearing resistance on the failure surface is fully mobilised 

and the reaction R has the maximum obliquity. It is therefore inclined at an angle <J>' to the normal to the failure 
plane. Further, Pa acts upward, and it is inclined at an angle 6 with the normal as shown in Fig. 19.24 (a).

Fig. 19.24 (b) shows the force triangle. As the magnitude of one force (viz. weight IV) and the directions 
of all three forces are known, the force triangle can be completed. The magnitude of Pa is determined from 
the force triangle. The pressure acting on the wall is equal and opposite to Pa.

The procedure is repeated after assuming an other failure surface. The surface that gives the maximum 
value of Pa is the critical failure plane, and the corresponding force is the active force.

Coulomb’s method does not give the point of application of the resultant earth pressure (Pa). The point 
of application is found to be approximately at the point of intersection E of the back of the retaining wall 
with a line CE drawn from the centroid C of the failure wedge and parallel to the failure surface. As this 
procedure is cumbersome, for convenience, the pressure distribution is sometimes assumed to be hydrostatic 
on the back of the wall, and the resultant pressure Pa is assumed to act at one-third the height of the wall 
from the base.

The following points should be carefully noted while using Coulomb’s theory :
(1) For most practical cases, the backfill moves down relative to the wall in the active case, and, 

therefore, the active force Pa is inclined at angle 6 below the normal as shown in Fig. 19.24 (a). 
However, if the wall is supported on a soft, compressible soil, it may settle to such an extent that the 
movement of the wall will be downward relative to the backfill and the relative movement of the 
wedge will be upward. In such a case, the force Pa would be inclined at an angle 6 above the normal 
to the wall.

(2) The angle 6 is the friction angle between the soil and the wall It may be determined by means of a 
direct shear test. For concrete walls, 6 is generally taken as 2/3$'. The value of 6 cannot exceed 
because in that case the failure will occur in soil.
If the friction angle 6 is zero, and the wall is vertical and the ground surface is horizontal, the 
Coulomb method gives identical results with the Rankine method.

(3) Coulomb’s theory assumes the failure surface to be a plane. The actual failure surface is slightly 
curved. Fortunately, for the active case, the error is small, and therefore the failure surface may be 
assumed to be plane without any significant error.
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Expression for Active Pressure
From Fig. 19.24 (/>), using the law of sines,

Pg _ ______________ W______________
sin (a - 4>') " sin (180° - 0 + 6 - a + <|>')

ffsin(a -
• sin (ISO” - 0 + 6 - a + 4.') 

where Pa = total active pressure force.

The weight VK of the wedge ABD can be determined from Fig. 19.25 as

W'-|xBExAGxy

Taking AG = m, and BE = L, we have W - x m x y

or W - x i)(BG + GE) ...(b)

Now AB - ///sin 0.

From triangle ABG, - sin [180° - (0 + a)] - sin (0 + a)

Therefore, m - AB sin (0 + a) - ^S'g^p*  •••(c)

From triangle ABG, . ,o &&—tuts? “ "■ tzt--- ?sin (0 + a - 90°) sm (0 + a)

or BG - msin(0 + a - 9O°)/sin(0 + a) ...(d)

From triangle AGE, .■ ----------r - . ,m—t
6 sin (90° - a + i) sin (a - i)

sin (90° - a + Q
or GE - m ----- ---------------r—L ...(e)

sin (a - i) 7

Substituting the values of m, BG and GE from Eqs. (c), (d) and (e) in Eq. (b),

w = 1 . "sin(P + a) . y x L sin(0 + a-9O°) + h| sin (90° - a + Q ~|
2 sin 0 [_ sin (0 + a) sin (a - i)
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or w = - ^2,Vsin(fl +q)2 [ sin (P + « - 9°°) + Sin (90“ - a + i) 1
“ 2 Sin2 p [ sin (P + a) + sin (a - i) ]

Substituting the above value of W in Eq. (a),

„ 1_ 7/2ysin(P + a)2 _________ sin (a - <j>')__________
a “ 2 Sin2p X sin(180° - p + 6 - a + <>')

f sin (P + a - 90°) sin (90° - a + Q ] X | sin (p + a) + sin (a - /) j

The active pressure force Pa will be a maximum when the failure plane makes an angle a with the 

horizontal such that

Mullcr-Brcslau gave the solution, which is quite complicated. The maximum value of Pa thus obtained is 
Coulomb’s active force, given by

P. - | K. 1 H2 ...(19.38)

where Ko = Coluomb’s active earth pressure coefficient, given by

X.--------------------------------------- ...(1939)
sin2 p sin (p - 8) L V S 1

1 + V sin (P - 6) sin (P + i)

The line of action of Pa will be at a height of II/3 above the base of the wall and it will be inclined at 
an angle 6 to the normal drawn to the back of the wall.

19.9. REHBANN’S CONSTRUCTION FOR ACTIVE PRESSURE
Rchbann (1871) gave a graphical method for the determination of the total active pressure according to 

Coulomb’s theory. It is based on Poncclel’s solution (1840), and is, therefore, also known as Poncclct’s 
method.

Fig. 19.26.
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Fig. 19.26 shows the graphical construction. The line BD is drawn at an angle <p' to the horizontal. The 
line BL, drawn at an angle ip with the line BD, is known as the earth pressure line. The angle ip is equal to 
(0 - 6).

A semi-circle BMD is drawn on BD as diameter. The line AH is drawn parallel to BL, intersecting the 
line BD at H. A perpendicular HM is drawn at H, intersecting the semi-circle at M.

With B as centre and BM as radius, an arc MF is drawn, intersecting BD at F. The line FE is drawn 
parallel to BL, intersecting the ground surface at E.

With F as centre and FE as radius, an arc is drawn to intersect BD at N. The line BE represents the 
critical failure plane.

The total active pressure P„ is given by

Pa = y (area of triangle NEF)

or Pa = y (1/2 x NF x x)

where x is the perpendicular distance EG between E and BD.
Proof. The proof of Eq. 19.40 is as under:
The triangle BEF and the force triangle in Fig. 19.24 (b) are similar. Therefore,

...(19.40)

From triangle EFG,

Now

or

or

= sin ip, or EF = x cosec ip
Er

BF = BD - FD = BD - (GD - GF) = BD - DG + GF

BF = BD - x cot («t>' - i) + x cot ip

BF = L - x cot (<p' - z) + x cot ip

where L = Length of BD.

Now W - y (volume of triangle ABE) 
Taking unit length of the wall,

IV = Y ( area of triangle ABE}

- y [area of triangle ABD - area of triangle BED} 

or IV = y x /, x m - x £ x x] = j y I (m - x)

where m is the perpendicular distance from A to BD.
From Eqs. (a), (b), (c) and (d), 

r, 1 ' x cosec ip
F. - J x

In Eq. (e), substituting cosec ip = c

and cot (<p' - z) - cot ip - d,

dPa
For maximum value of Pa, —— = 0

dx

•••(«) 

■■■(»).

...(«)

-0

or

or

or

(£ - dx) (me - 2cx) - (m - x) ex (-d) - 0 

or mL - 2xL + dx2 = 0 

mL - xL » xL - dx2

y (« - x) - (L - dx)
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Substituting the value of d from Eq. (/),

“ (m - x) - | [L - x cot (<}>' - i) + x cot ip]

,, . „ . , mL xL x
Using Eq. (c), — - — - x BF

or Area of triangle ABD — Area of triangle BED = Area of triangle BEF

or Area of triangle ABE = Area of triangle BEF
In other words, for the maximum value of Pa, the failure plane BE should be such that the triangles ABE and 
BEF have equal areas.

Let us examine whether Rehbann’s construction satisfies the above criterion. From the properties of the 
circle,

BH x HD = (HM)2

Adding (BH)2 to both sides,

(BH)2 + BH x HD - (HM)2 + (BH)2

BH (BH + HD) - (BM)2

or BH x BD - (BF)2

or BH/BF - BF/BD ...(i)
As AH is parallel to EF, triangles BHJ and BFE are similar.

Therefore, BH/BF - BJ/BE ...(it)
From Eqs. (i) and (it), BF/BD - BJ/BE

i.e. JF is parallel to AD.

Thus, the figure AJFE becomes a parallelogram.
Therefore, the perpendicular from point A on the diagonal JE and the perpendicular from point F on the 

same diagonal would be equal in length. Consequently, the areas of triangles ABE and BFE which have the 
same base BE would be equal. It proves that Rehbann’s construction satisfies the required criterion.

Expression for total pressure from Rehbann’s construction
From Eq. (a), 

or

Pa-Wx (EF/BF)

■ y (area of triangle ABE) x EF/BF 

Pa - Y (area of triangle BFE) x EF/BF

-yx^xBF xxx EF/BF

or Pa= | * Y x EFx x ...(19.41)

or Pa - 1 x y x NF x x

Eq. 19.41 can be written in terms of various angles. 

From similar triangles EFD and AHD,

EF AH
ED = AD

(same as Eq. 19.40)

or

From triangle HAB, AH AB
sin (180° - p - <j>') sin ip

...(«■)
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or

Also

or

From triangle ABD, 

or

AH . ab SUlLt-O 
simp

BH _ sin (<[>' + 6)
AB sin ip

BH . AB Si°tf 
simp

BD _ sin(p + i) 
AB ~ sin ($>' - i) 

sin (P + i) 
sin (<p' - z)

BD = AB

The ratio AD/ED can be written as

AD = AE + ED _ AE _ JF
ED ED ED + ED

AD _ BF 
ED BD +

From Rehbann’s construction, BH x BD = BF2

BF = y/BII x BD

or

Therefore, 

From Eq. (zz'z), 

or

BF i-------------SL.-/BH7BD

AD ,________
= y/BH/BD + 1

EF2 - (AH)2 x (ED/AD)2

EF2 = All2 x 1
('iBH/BD + l)2

Substituting the value of AH, BH and BD,

I sin ip I
sin(<p' + 6) sin (<p' - z) + 1 

simp sin(p + z)

From Eq. 19.41, substituting AB = H cosec p and x = EF sin tp,

Pa = y (H cosec P)2 simp x f S*n$P *

y/ sin (<j>' + 6) sin (<p' - t) + j 

[ sin tp sin (p + i)

...(same as Eq. 1938)

where
cosec2 p sin2 (P +<|>')

sin
L sin ip sin (p + z)
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As i|» ■> p - 6, Ka--------------------------------------sin (M)   (same 1939)
sin2 p sin (P - 8) [ 1 + V * 6)sin^' ~ p]

P 'I ’ sin (p - 6)sin (P + i) J

19.10. CULMANN’S CONSTRUCTION FOR ACTIVE PRESSURE
Rehbann’s construction becomes inconvenient when the slope angle i approaches the angle <j>'. Culmann 

(1866) developed a method which is more general than Rehbann’s method. It can be used to determine 
Coulomb’s earth pressure for ground surface of any configuration, for various types of surcharge loads and 
for layered back fills. Culmann’s construction is, in fact, the method of construction of the force triangle in a 
rotated orientation. The procedure consists of following steps:

(1) From point B (Fig. 19.27), a line BD is drawn at an angle <p' to the horizontal. As the weight of the 
wedge is plotted along this line, it is also known as the weight line.

(2) A line BL is drawn at an angle i)> with the line BD, such that ip » p - 6, where p is the angle which 
the back face makes with the horizontal and 6 is the angle of friction.

(3) A failure surface BF is assumed, and the weight (IV) of the failure wedge ABF is computed.
(4) The weight (W) of the wedge is plotted along BD such that BP = W.
(5) A line PQ is drawn from point P parallel to BL to intersect the failure surface BF at Q.

(6) The length PQ represents the magnitude of Pa required to maintain equilibrium for the assumed 
failure plane.

(7) Several other failure planes BF", BF', BF" ', etc. are assumed and the procedure repeated. Thus the 
points 2", Q', Q" ', etc. are located.

(8) A smooth curve is drawn joining the points Q", Q, Q',Q" ', etc. The curve is known as Culmann’s line.
(9) A line (shown dotted) is drawn tangential to the Culmann line and parallel to BD. Point T is the 

point of tangency.
(10) The magnitude of the largest value (Pm,™) of Pa is measured from the tangent point T to the line BD 

and parallel to BL. It is equal to Coulomb’s active pressure (Pa).
(11) The actual failure plane passes through the point T (shown dotted).

Effect of Uniform Surcharge or Line load
Culmann’s method can be easily extended to include the effect of uniform surcharge or the line load 

applied to the backfill. Each such load that falls within the assumed failure wedge is included by adding it to 
the weight of the failure wedge.
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Fig. 19.28.

Fig. 19.28 shows the modification when a line load acts on the backfill. The Culmann line upto point 
Q is similar to the case when there is no line load. However, at point Q, it becomes discontinuous, as 
suddenly the load of the wedge is increased due to line load q'. In this case, tangents are drawn to the two 
segments of the curve, and the value of Pa is determined. The value of (Pa + A Po) is measured from the line 
BD to the maximum point on the Culmann line that includes the line load.

19.11. COULOMB’S ACTIVE EARTH PRESSURE FOR COHESIVE SOILS
The Coulomb wedge theory can be extended to cohesive soils. In addition to the three forces (W, Pa and 

R) considered for the cohesionless soils in the preceding sections, there are two more forces, namely, (1) the 
cohesive force C acting on the failure plane BE (Fig. 19.29), (2) the adhesive force Ca acting on the back of

the wall. In all there are 5 forces which keep the wedge in equilibrium. The resultant pressure Pj on the back 
of the wall acts at an angle 6 to the normal.

The force polygon for the 5 forces is shown in Fig. 19.29 (b). The magnitude of W is determined from 
the weight of the wedge ABE. The magnitudes of C and Ca are respectively c x BE and ca x AB where c 

and co are unit cohesion and unit adhesion. Knowing the directions of all the five forces and the magnitudes 
of 3 forces, the force polygon is completed as shown.

The total pressure Pa on the wall is the vector sum of PY and Ca. By analysing several trial wedges, the 
maximum value of Pa can be determined.
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The resultant pressure Po is assumed to act on the back of the wall at the point of intersection of a line drawn 
parallel to the critical surface and passing through the centre of gravity of the wedge, with the back of the wall.

For convenience, sometimes it is taken at a point at one-third the height of the wall from its base.
Note. (1) Sometimes, the resultant pressure on the wall is taken as maximum value of Plt without 

combining it with

(2) In cohesive soils, tension cracks develop to a depth of Zc. It is generally assumed that upto depth of 
tension crack, no cohesion, adhesion or friction acts.

19.12. TRIAL WEDGE METHOD
The trial wedge method assumes that the rupture surface is plane. The trial wedge method is a general 

method which can be used to compute active pressure and passive pressure for both Rankine’s condition and 
Coulomb’s condition. The method can also be applied to the cases when the soils are cohesive. The trial 
wedge method for computing Coulomb’s active pressure for cohesionless soils is discussed below.

Fig. 19.30.

In Fig. 19.30, the line BF shows an assumed failure plane. The wedge ABF is held in equilibrium by the 
reaction R acting on the rupture plane BF and the force P„. The force Pa acts at obliquity 6 below the normal 

to oppose the movement of the wedge. The reaction R acts with obliquity <|>' below the normal.
The force triangle abc is shown in Fig. 19.30 (b). The value of Pa is determined from the force triangle 

as the distance be.
Another trial surface, such as BF' is assumed and the force triangle a b' c' is drawn. A common vertical 

line for the weights is taken for all the force triangles. The value of Pa is again determined.

The procedure is repeated, taking several trial planes, and the corresponding force triangles are drawn and 
the values of Pa determined in each case.

A curve, called pressure locus (shown dotted) is drawn through the points of intersections c, c', etc. of 
Pa and the corresponding R. The maximum pressure vector (P^^ gives the magnitude of the Coulomb 
active pressure. The failure plane corresponding to this vector is the actual failure plane. However, it is 
difficult to located the failure plane precisely.

The above procedure is general. Various modifications can be made as under:
(1) If the active pressure corresponding to Rankine’s condition is required, the plane AB on which the 

pressure is computed is vertical. The resultant pressure on this plane is parallel to the ground surface. 
The rest of the procedure remains unchanged.

(2) If the ground surface is irregular, the trial wedge method can still be used. Of course, there would 
be some difficulty in calculating the weight W of the wedge.
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(3) The method can also be used to determine the active pressure against the back of the wall if the back 
fill carries a surcharge load distributed over the ground surface or a line load acting on the fill. The 
weight of the wedge would include all such loads.

(4) If the soil is cohesive, the force polygon would also include the cohesive force C on the failure plane 
and the adhesive force Ca on the wall.

It may be noted that the trial wedge method does not give the point of application of Pa. 'Ilie pressure 
variation is assumed to be triangular and it is assumed that Pa acts at one-third height. However, in irregular 

ground surface, the pressure variation is not triangular and it would result in some error.

19.13. COULOMB’S PASSIVE EARTH PRESSURE FOR COHESIONLESS SOILS
The failure surface in Coulomb’s passive

state is assumed to be a plane. Fig. 19.31 shows ___
the case when the passive conditions develop. In ' /
this case, the failure wedge moves upwards. The ______________ /
directions of R and Pp which oppose the / T\ /
movement are also shown. The reaction R acts / |w /
at t|>' to the normal in the downward direction / \
and the reaction pressure Pp acts at an angle 6 to / p \ T / 

the normal in the downward direction. /

The procedure for computing Coulomb’s / \ P+sH
passive pressure is similar to one for the active L_____________ P=90°-e^\/^<. W

case (Sect. 19.8) However, there is one basic B
difference. In this case, the critical failure (a) {b)
surface is that which gives the minimum value 
ofP„. Fig. 1931.

Fig. 19.31 (b) shows the force triangle. The value of Pp is determined from this triangle. The procedure 
is repeated after assuming a new trial failure surface. The minimum value of Pp is the Coulomb passive 

pressure. Using the procedure similar to that for the active case, it can be shown that the passive pressure is 
given by

Pr-^lH2Kp ...(19.42)

where X,---------------------------------------5,1,2 (|i ~ ----------------------------------j ...[19.42(a)]

sin2p . si„(P <■ 6) 11 -

L sin (p + 6) sin (P + i) J

The resultant passive pressure Pp acts at a height of H/3 measured from the bottom of the wall. It would 
be inclined at an angle 5 to the normal, as shown in Fig. 19.31. However, when the retaining wall moves 
up relative to the soil, the friction angle 6 is measured below the normal and 6 is said to be negative. The 
negative wall friction produces a value of passive pressure lower than that for the usual positive wall 
friction.

It is worth noting that the wall friction decreases the active pressure, but it increases the passive pressure. 
Moreover, the wall friction has a greater influence on the passive pressure than on the active pressure. When 
6 exceeds 16 <}>', Coulomb’s assumption of plane failure surface is not justified in the passive case. It gives 
much greater value of Pp compared to that obtained for the actual curved surface. As the passive pressure is 
generally required to provide the stability to a retaining wall subjected to the active pressure on the other side, 
the higher value of Pp obtained from the plane failure surface in unconscrvativc or unsafe. For such cases, the 
failure surface should be taken as a logarithmic spiral or a circular arc as explained in Sect. 19.14.
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Rehbann’s construction. Rehbann’s construction can be used for the determination of the passive 
pressure. However, in this case, the <f»-linc is drawn at an angle-<|>' (i.e. below horizontal) to intersect the 
extension of ground surface at point D.

Culmann method. The Culmann method and trial wedge method may also be used. From a series of 
several force triangles corresponding to the various trial surfaces, a pressure locus or a Culmann line for 
passive pressure is obtained. The Coulomb passive pressure is the minimum value of pressure so obtained.

19.14. PASSIVE PRESSURE BY THE FRICTION CIRCLE METHOD
As discussed above, the rupture surface cannot be assumed to be a plane in the passive case, especially 

when 6 > <J>'/3, as it gives unsafe values of the passive pressure. The actual rupture surface resembles more 
closely a log-spiral in such a case. Tcrzaghi’s general wedge theory (1943) can be used to determine the 
passive pressure. However, the method is quite involved and beyond the scope of this text. The friction circle 
method is somewhat easier and is described below for both cohesionless and cohesive soils.

(«) Cohesionless Soil

'Ihe lower portion BF of the slip surface BFD is assumed to be an arc of a circle which joins, without 
break, the plane slip surface FD [Fig. 19.32(a)], The plane slip surface portion FD is inclined at (45° - <f>72) 
to the horizontal. It is assumed that the upper portion CFD of the sliding wedge ABD is in Rankine’s passive
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state of plastic equilibrium. Planes AF and DF are the boundary failure planes of the Rankine’s passive zone 
AFD. The plane FD is tangential to the circular arc BF at F.

Let us consider the equilibrium of the free body ABFC [Fig. 19.32 (&)]. The body is in equilibrium under 
4 forces.

(1) Weight W of the free body ABFC of soil.
(2) Resultant pressure P due to Rankine’s passive zone CFD.
(3) Reaction R on the curved surface.
(4) Passive force Pp.

The friction circle method uses the concept that the reaction force R acting along the failure arc acts at 
an angle <j>' with the normal, and is therefore tangential to a circle of radius r sin <j>' drawn at the centre of 
the failure arc. Thus the resultant reaction R is tangential to the friction circle. Actually, R is tangential to a 
circle of radius K r sin ty, where K is a factor slightly greater than unity, but for convenience K is taken as 
unity.

The Rankine passive pressure P acts on plane CF at a height of h/3, where h is equal to the height CF 
and is given by P = ^Kp y A2.

The passive pressure Pp acting on AB is also assumed to act at a height H/3, where H is the height of 
the wall.

The weight W of the wedge ABFC is determined from its area and the unit weight of the soil.
Knowing the magnitudes and directions of W and P, their resultant S can be determined as shown in Fig. 

19.32(c). Now the system is reduced to 3 forces, namely, Pp, R and S. The three forces must meet at a point 
Q for the equilibrium [Fig. 19.32(6)]. Knowing the directions of Pp and R and the magnitude and direction of 
S, the force triangle can be drawn and the value of Pp computed.

The procedure is repeated for various trial surfaces and the value of Pp determined. The minimum value 
of Pp thus obtained is the required passive pressure. Of course, the pressure acting on the wall would be equal 
and opposite to Pp so found.

(6) Cohesive Soil
For a c—<j> soil, the analysis is done in two parts :—
(1) First Pp is determined as in the case of cohesionless soils, as explained above.

(2) Additional pressure Pp is determined considering only the cohesive and adhesive forces, as described 
below.

The total passive force in this case is (Pp + Pp). The minimum value of the force (Pp + Pp) is the 

required passive pressure. It is determined after evaluation of Pp.

Fig. 1933 (a) shows a retaining wall with a cohesive fill. The free body ABFC is in equilibrium under 
the additional forces Pp, C, R' and Pc.

The Rankine passive force Pc due to cohesion on the plane CF of height h is given by

P, - 2 c Vk^ A

It acts at the mid-point of CF.
The passive pressure Pp acts at the mid-point of the face AB at an angle 6 to the normal.

The force C is equal to the sum of the cohesive forces parallel to the chord BF of length Le.

C - c x Lc

The force C is located at a distance a from the centre, given by 

a - rL</Lt 

where La is the length of the arc BF.

The adhesive force Cw on the wall is given by
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CH - cw x AB

where cw is the adhesion along the wall.
From the force diagram [Fig. 19.33(/>)], the resultant C of the force C and the wall cohesion Cw is first 

determined.
The resultant Pc' of the forces C and Pc is then determined as shown. Point (1) in Fig. 19.33 (a) shows 

the position through which Pc' passes.

Now the forces Pp, Pc' and R' are considered. Point (2) indicates the position through which the three 
forces act. It lies at the intersection of Pc' and Pp. The direction of R’ is now determined as it passes through 

point (2) and is tangential to the friction circle. Once the direction of R' is determined, the force polygon in 
Fig. 19.33 (b) is completed and the value of Pp is determined.

The total passive pressure is equal to the sum of Pp and Pp, where Pp is the frictional part as calculated 

for cohesionless soils and Pp is the cohesion part.
The above procedure is repeated taking different failure surfaces. The failure surface which gives the 

minimum value of (Pp + Pp) is the required surface. Thus the passive pressure force is found.

19.15. DETERMINATION OF SHEAR STRENGTH PARAMETERS
Retaining wall problems represent plain strain conditions in which intermediate principal stress has a 
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value in-between the major and minor principal stresses. The angle of internal friction (<|>') used in the 
computation of lateral earth pressure should correspond to the plan? strain condition. As the determination of 
this angle in the laboratory is difficult, the angle of friction is determined from the triaxial test and a 
correction is applied.

Bjerrum et al (1961) found that the angle of internal friction in plain strain (<|>p) is about 10% more than 
that in the conventional triaxial test (4’/).

Meyerhof (1963) gave the following relation for 4^.

fc - (1.1 - 0.1 I) fc ...(19.43)

where B is the width and L is the length of retaining wall.
Shear strength parametes c and 4> in terms of either total stresses or effective stresses may be used 

according to the actual drainage conditions. However, as in practice most back fills are of granular pervious 
materials, consolidated-drained conditions exist and the cohesion intercept is generally zero.

ILLUSTRATIVE EXAMPLES

Illustrative Example 19.1. Determine the lateral earth pressure at rest per unit length of the wall shown in 
Fig. E-19.1(a). Also determine the location of the resultant earth pressure. Take Ko = 1 - sin 4>' and yw - 10 kN/m3.

Solution. Xo - 1 - sin 4' “ 1 - sin 30° - 0.50.

At point B oz » 2 x 17 » 34 kN/m2, u = 0

Po - Ko az - 0.5 x 34 - 17 kN/m2

At point C uz - 2 x 17 + (19 - 10) x 2 - 52 kN/m2
Po - 0.5 x 52 - 26 kN/m2

ii.2x10.20 kN/m2
Fig. E-19.1 (ft) shows the pressure distribution diagram. The diagram has been divided into four parts. 

Let Pi, Pz, P3 and P4 be the total pressure due to these parts. Thus

<>'=30° J

X =17 kN/m2 2.m
§--------------------- 2 1

*'=30° |

K __________ ±

Fig. E-19.1.

Pi - | x 17 x 2 - 17 kN.

P3-|x9x2 - 9 kN.

Total P - 80 kN

P2 - 2 x 17 » 34 kN

P4-|x20 x 2 - 20 kN

The line of action of P is determined by taking moments about C.

PZ - 17 x 2.667 + 34 x 1.0 + 9 x 0.667 + 20 x 0.667

- 453 + 34 + 6 + 13.3 98.6 . _ „or Z » ------------—------------ -- - 1.23 m from base.
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Fig. E-19.2.

Solution. From Eq. 19.10, K. - 1 ~ ™ 
n 1 + sin 4>

For the upper layer, Ka - * ~ - 0.271

For the bottom layer, Ka = J ~ SU1 ***°  _ 0.238
1 + sin 38

At point B az - 2.5 x 17 - 42.5 kN/m2, u - 0

pa ~ 0.271 x 42.5 - 11.5 kN/m2

Below the interface, pa is given by

pa - 0.238 x 42.5 = 10.1 kN/m2

At point C az ■ 2.5 x 17 + 25 x 8.0 = 62.5 kN/m2

u = 2.5 x 10 = 25 kN/m2

pa - 0.238 x 62.5 - 14.9 kN/m2

Fig. E-19.2 (b) shows the pressure distribution.
The forces P^P^P^ and are determined from the pressure distribution diagram.

Pi - | x 2.5 x 11.5 = 14.4kN. P2 - 2.5 x 10.1 = 25.3kN

P3 - | x 2.5 x 4.8

Total
Taking moments about C,

6.0 kN. P< = - x 2.5 x 25 - 313 kN

P - 77.0 kN

14.4 x 3.33 + 25.3 x 1.25 + 6.0 x 0.833 + 31.3 x 0.833 ...
Z------------------------------------ ------------------------------------------1.44m

Illustrative Example 193.
Rankine’s theory.

Solution. From Eq. 19.15,

or

Determine the active pressure on the wall shown in Fig. E-19.3, using

cosi - Vcos2i - cosV

cosi + Vcos2i - cos2<|>'

cos 15° - Vcos2 15° - cos2 30°

cos 15° + Vcos215° - cos2 30°
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Fig. E-19.3.

From Eq. 19.23, Pa - | Ko yH2 - | x 0.373 x 19.0 x (4)2 - 56.7 kN

The active pressure acts at a height of 4/3 m and inclined at 15° to normal.
Illustrative Example 19.4. Determine the stresses at the 

top and the bottom of the cut shown in Fig. E-19.4.
Also determine the maximum depth of potential crack and 

the maximum depth of unsupported excavation.

Solution. From Eq. 19.25, pa - Ka y Z - 2 c' VK^

where
1-sin 12° 1 - 0.208

1 + sin 12° “ 1 + 0.208 = 0.656

Thus pa = 0.656 x 18Z-2 x 20 x V0.656

or pa - 11.81 Z- 32.4

At top Z = 0, pa - - 32.4 kN/m2

At bottom Z = 4, pa = 14.8 kN/m2

From Eq. 19.27, depth of crack,

7 -
2 x 20 ,
—-j== • 2.745 m

From Eq. 19.32, maximum depth of unsupported excavation,

Hc - - 5.490 m
YVjKo

Illustrative Example 19.5. A 5 m high retaining wall is shown in Fig. E-19.5. Determine the Rankine 
active pressure on the wall, (a) Before the formation of the crack, (b) After the formation of the crack.

Solution.

From Eq. 19.25,

or

or

At top, Z = 0,

At poin| .B, where pa - 0.0,

1 - SM' _ 1 - sin 30°
1 + sin 4.' 1-sin 30°

pa - KayZ-2c' >[Ka

po - 0.333 x Y15Z - 2 x 5V0333

po - 5.83 Z - 5.77

pa - -5.77kN/m2
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Fig. E-19.5.

5.83 Z - 5.77 = 0 or Z - 0.99 m

At bottom Z = 5 m, pa - 5.83 x 5 - 5.77 - 23.38kN/m2

Before formation of crack

Negative pressure, Pj = x 0.99 x 5.77 = 2.86 kN

Positive pressure, P2 - j x 4.01 x 23.38 - 46.88 kN

Net Pa = 46.88 - 2.866 = 44.02 kN
Line of action of Pa is determined as under, by taking moments about C.

- 46.88 x 4.01/3 - 2.86 x (4.01 +0.67) , ,,
Z------------------------------- So2------------------------------- ,42m

The same result would be obtained using Eq. 19.28.

After formation of Crack
After the formation of the crack, the negative pressure is eliminated. The pressure distribution is given 

by the area bed.

/■„ - | x 23.38 x 4.01 - 46.88 kN

It will act at a height of 4.01/3 m above base
Alternatively, directly from Eq. 19.29,

P. - | 1 H2 K. - 2c' H ■/«„ . 2(cf/T

. 1 x 17.5 x S2 x 0.333 - 2 x S x 5 V 0.333 ♦ 2 x (5)2/17J

or P. - 72.84 - 28.85 + 2.86 - 46.8S kN.
Illustrative Example 19.6. Determine the Rankine passive force per unit length of the wall shown in Fig.

E-19.6. The water table is at the level of B. Take = 10 kN/m3.

Solution. From Eq. 19.12, Kp -

For top layer I, (fa - } * - 3.00

For bottom layer II, (fa - * * = 2.37
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(<?) (b)

Fig. E-19.6.

From Eq. 19.34, pp - Kp y Z + 2 c' VK~p

At point A, Z - 0, pp ■= 0.

At point B, Z - 2 m , av - 2 x 16 = 32 kN/m2

Top layer, pp = 3 x 32 = 96 kN/m2

Bottom layer, pp = 32 x 2.37 + 2 x 10 x V237 = 106.6 kN/m2

At point C, a„= 2x 16 + 2 x (19 - 10) - 50kN/m2

pp = 50 x 2.37 + 2 x 10 V237 - 149.3 kN/m2 

u - 2 x 10 = 20 kN/m2

Fig. E-19.6 (b) shows the pressure distribution.

Total pressure P = Pt + P2 + P3 + P4

- | x 2 x 96 + 106.6 x 2 + | x 42.7 x2 + |x2x 20 - 371.9 kN

Illustrative Example 19.7. Determine the Coulomb active force on the retaining wall shown in Fig. 
E-19.7. y - 17.5 kN/m3.

Fig. E-19.7.

Solution. From Eq. 19.39,
_______________________si°2(P *♦') _____________________

sinzp . sin (P - 6) fl ♦ V

L sin (P - 6) sm (p + i) .
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___________________________ sin2 (75° 4-30°)___________________________

sin2 75° sin (75° - 20°) f1 + V ~

' L sin (75° - 20°) sin (75° + 15°) J

n.a “ -------------------------------------------------------------------J "

0.933 X 0.8.9

ftom Eq. 19.38, - ^K„yH2

or P„ - i X 0.548 x 17.5 x (5)2 . 119.9 kN

This will act at a height of 5/3 m and inclined at 20° to normal in the direction shown. The reader should 
note that the direction of Pa is equal and opposite to that on the wedge, as discussed in Sect. 19.9.

Illustrative Example 19.8. Determine the active thrust on the retaining wall shown in Fig. E-19.8. The 
backfill is cohesionless ($' = 30°, y = 19 kN/m3, 6 = 20°).

Solution. The method of trial wedges is used (Sect. 19.12). Several trial planes such as B— 1, B—2, 
B—3, B—4 are chosen. The sliding wedge is in equilibrium under the three forces W, R and Pa. The weights 
of the wedges are computed as given below.

Wedge ABI, Wj - (6 x 3/2) x 19.0 - 171.0 kN

Wedge AB2, W2 - (6 x 6/2) x 19.0 - 342.0 kN

Wedge AB3, W3-|x2x9x 19.0 + 342 - 513 kN

Wedge AB4, W4-|x2 x 9x 19.0 + 513 - 684 kN

Fig. E-19.8.
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Fig. E-198 (b) shows the force diagrams drawn along the common weight line. The pressure locus is 

shown dotted.
The maximum thrust is given by Pa - 178.5 kN

Illustrative Example 19.9. Determine the active thrust on the retaining wall shown in Fig. E-19.9, «swig|

Solution. The line BD is drawn at an angle of 35° to the horizontal, and the line BL at an angle ip = 90’ 
to the line BD.

In this case, ip - p - 5 = 90° - 0 - 90°
B—1, B—2, B—3, and B—4 are the four assumed trial failure surfaces. The weights are calculated as under.

Wq - | x 2 x 6 x 20 - 120 kN

W2 - | x 4 x 6 x 20 - 240 kN

WS-|x6 x 6 x 20 - 360kN

W4-|x8 x 6 x 20 - 480kN

The weight (Wo) of wedge ABO, upto the line load, is 180 kN.

The weight including line load, Wo - 280 kN 

The weights are plotted along the line BD.
From each of the points so located on BD, lines are drawn parallel to BL to cut the corrcspondinj 

assumed failure surface. On the failure plane BO, two points e and e' are obtained, one for wedge without thi 

line load and one for wedge with the line load.
Culmann’s line is drawn joining the points a, e, e', b, c, d. It is a discontinuous curve because of the lin 

load. A tangent is drawn to the Culmann line such that it is parallel to BD. From the point of tangency, a lir 
EF is drawn parallel to BL. Ihe length of EF gives the required P^

Pa - 156 kN
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PROBLEMS

A. Numerical
19.1. Determine the passive pressure by Rankine’s theory per unit run for a retaining wall 4 m high, with i = 15°, 

4>' = 30° and y = 19 kN/m3. The backface of the wall is smooth and vertical. [Ans. 380.5 kN]

192. For the retaining wall in Prob. 19.1, determine the active pressure per unit run. [Ans. 56.7 kN]
193. Determine the active pressure and passive pressure, using Coulomb’s theory, on the wall shown in Fig. P. 19.3.

Fig. P-193.

19.4. A retaining wall has a vertical back and is 8 m high. The back face of the wall is smooth and the upper surface 
of the fill is horizontal. Determine the thrust on the wall per unit length. Take c = 10 kN/m2, y = 19 kN/m3 and 
* = 20°. Neglect tension. [Ans. 181.3 kN]

193. A retaining wall with a vertical smooth back is 8 m high. It supports a cohesionless soil (y = 19 kN/m3, 4> = 30°).
The surface of the soil is horizontal. Determine the thrust on the wall. [Ans. 202.7 kN]

19.6. Determine the resultant thrust on the wall of Prob. 19.4 if weep holes are blocked and water builds up behind 
the wall until the water table is 3 m above the base of the wall. [Ans. 204.3 kN]

19.7. A retaining wall is 7m high, with its back face smooth and vertical. It retains sand with its surface horizontal. 
Using Rankine’s theory, determine active earth pressure at the base when the backfill is (a) dry, (6) saturated 
and (c) submerged, with water table at the surface. Take y = 18 kN/m3 and <]> = 30°, y«, = 21 kN/m3.

[Ans. 42 kN/m2, 49 kN/m2, 25.7 kN/m2]
19.8. A vertical retaining wall 10 m high supports a cohesionless soil (y = 18 kN/m3). The upper surface of the back 

fill rises from the crest of the wall at an angle of 15° with the horizontal. Determine the total active pressure by 
Culmann’s method and check the pressure obtained by Rehbann’s construction. Take <|> = 30° and 6 = 20°.

[Ans. 333.5 kN]

B. Descriptive and Objective Types
19.9. What are different types of earth pressure ? Give examples.

19.10. Define earth pressure at rest. Show the earth pressure distribution on a retaining wall, assuming the soil is dry.
19.11. What are the assumptions of Rankine’s theory? Derive the expressions for active pressure and passive pressure.
19.12. Derive an expression for active pressure when the ground surface in inclined.
19.13. What are the assumptions in Coulomb’s theory? Compare Rankine’s theory and Coulomb’s theory.
19.14. Describe Rehbann’s construction. What is its use?
19.15. Discuss Culmann’s method for the determination of active earth pressure.
19.16. Explain the trial wedge method.
19.17. How would you determine passive pressure when 6 > 1/3 <p'?
19.18. Write whether the following statements are true.

(n) The active pressure is the minimum pressure which develops when the wall moves away from the fill. 
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ib) The shear resistance developed along the failure surface is a minimum when the active conditions develop, 
(c) Tire Rankine pressure is always normal to the wall surface.
(rf) Culmann’s construction is more general than Rehbann’s construction.
(e) Culmann’s construction can be used even for passive case.
if) Coulomb’s theory always gives conservative results.
(g) For 0' = 30°. the passive pressure is three times the active pressure, according to Rankine’s theory.
ih) The active pressure increases if a dry soil becomes submerged.
(i) The basement walls are generally designed for at-rest pressure.

[Ans. True, (a), (c), (<0, (e), (i)]

C. Multiple Choice Questions
1. The inclination of the failure plane behind a vertical wall in the passive pressure case is inclined to the 

horizontal at 
id) 45° - 0/2 ih) 45° - 0
(c) 45° + 0/2 id) 45“ + 0

2. The yield of a retaining wall required to reach plastic equilibrium in active case is
ia) more than that in the passive case
ih) less than that in the passive case.
(c) equal to that in the passive case.
id) None of above.

3. The active earth pressure coefficient K,< generally refers to 
id) effective stresses ih) total stresses
(c) neutral stresses id) All the above

4. The active pressure caused by a cohesionless backfill on a smooth vertical retaining wall may be reduced by 
ia) compacting the backfill.
ih) providing a surcharge load on the backfill.
(c) saturating the backfill with water.
id) None of the above.

5. The total active pressure after the development of tension cracks is equal to
(a) ±yH2Ka - 2c'H >lKa

(b)~yH2 Ka + 2c' H'fKa

ic) | yH2 Ka - 2c’ H ^Ka - 2

id) j yH2 Ka - 2 e'H 'fKa +

6. The radius of the friction circle is equal to
(a) R sin 0 ih) R cos 0
(c) R tan 0 id) R 0

7. If a uniform surcharge of 120 kN/m2 is placed on the backfill with 0' = 30°. the increase in pressure is
(a) 12 kN/m2 ” ih) 30 kN/m2
ic) 40 kN/m2 id) 120 kN/m2

[Ans. I. ia), 2. ih) 3. ia), 4. ia), 5. id), 6. (a), 7.
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20
Design of Retaining Walls and Bulkheads

20.1. INTRODUCTION
(a) Design of Retaining Walls. Retaining walls are relatively rigid walls used for supporting the soil 

mass laterally so that the soil can be retained at different levels on the two sides. The lateral earth pressures 
acting on the retaining walls have been discussed in the preceding chapter. The types of retaining walls and 
their design features are explained in this chapter. However, the design is limited to the determination of the 
shear forces and bending moments. Actual structural design is outside the scope of this text.

(b) Bulkheads. Sheet pile walls, or bulkheads, are special type of earth retaining structures in which a 
continuous wall is constructed by joining sheet piles. Sheet piles are made of timber, steel or reinforced 
concrete and consist of special shapes which have interlocking arrangements. Sheet pile walls are used for 
water front structures, canal locks, coffer dams, river protection, etc. Sheet pile walls are embedded in the 
ground to develop passive resistance in the front to keep the wall in equilibrium. Various types of sheet pile 
walls and their analysis and design are discussed in this chapter.

20.2. TYPES OF RETAINING WALLS
The most common types of retaining walls are classified as under:

(1) Gravity Retaining Walls. These walls depend upon their weight for stability [Fig. 20.1 (a)]. The 
walls are usually constructed of plain concrete or masonry. Such walls are not economical for large 
heights.

(2) Semi-Gravity Retaining Walls. The size of the section of a gravity retaining wall may be reduced 
if a small amount of reinforcement is provided near the back face [Fig. 10.1 (&)]. Such walls are 
known as semi-gravity walls.

(3) Cantilever Retaining Walls. Cantilever retaining walls are made of reinforced cement concrete. The 
wall consists of a thin stem and a base slab cast monolithically [Fig. 20.1(c)]. This type of wall is 
found to be economical upto a height of 6 to 8 m.

(4) Counterfort Retaining Walls. Counterfort retaining walls have thin vertical slabs, known as 
counterforts, spaced across the vertical stem at regular intervals [Fig. 20.1(d)]. The counterforts tie 
the vertical stem with the base slab. Thus the vertical stem and the base slab span between the 
counterforts. The purpose of providing the counterforts is to reduce the shear force and bending 
moments in the vertical stem and the base slab. The counterfort retaining walls are economical for a 
height more than 6 to 8 m.

[Note : Counterforts are on the side of the back fill].

203. PRINCIPLES OF THE DESIGN OF RETAINING WALLS
Before the actual design, the soil parameters that influence the earth pressure and the bearing capacity of 

the soil must be evaluated. These include the unit weight of the soil, the angle of shearing resistance, the
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(C) (d)

Fig. 20.1. Different Types of Retaining walls.

cohesion intercept and the angle of wall friction. Knowing these parameters, the lateral earth pressure and the 
bearing capacity of the soil can be determined. Methods for the computation of earth pressure have been 
discussed in chapter 19. The bearing capacity theories are explained in chapter 23. With the earth pressure 
known, the retaining wall as a whole is checked for stability. /------------ —

Fig. 20.2 shows a retaining wall with a smooth 
back face and no surcharge. The active pressure 
Pa acts horizontally, as shown. The front face of 
the wall is subjected to a passive pressure (Pp) 

below the soil surface. However, it is doubtful 
whether the full passive resistance would develop. 
Moreover, often Pp is small and therefore it may be 

neglected. This gives more conservative design.
The weight W of the wall and the active 

pressure Pa have their resultant R which strikes the 

base at point D. There is an equal and opposite 
reaction R' at the base between the wall and the 
foundation. For convenience, R' is resolved into the 
vertical and horizontal components (RJ and Rh').

Rom the equilibrium of the system,
Fig. 20.2.
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Ry - W, and RH' ■ Pa

The third equation of equilibrium, namely the moment equation, is used to determine the eccentricity e 
of the force RJ relative to the centre C of the base of the wall. Obviously, by taking moments about the toe, 

Rv' x x = W x a - Pa (H/3) 

_ W x a - Pa x H/3 
“ *-------------------w—

where x is the distance of the point D from the toe. 

Thus, eccentricity, e - b/2 - x

where b = width of the base.

For a safe design, the following requirements must be satisfied.

(1) No Sliding
The wall must be safe against sliding. In other words, 

H Rv > Rh

where Ry and Rfl are vertical and horizontal components of R, respectively. The factor of safety against 
sliding is given by

...(20.1)

...(20.2)

where p = coefficient of friction between the base of the wall and the soil ( = tan 6). 
A minimum factor of safety of 1.5 against sliding is generally recommended.

the 
cen 
;ure

(2) No Overturning
The wall must be safe against overturning about toe. The factor of safety against overturning is given by

F‘ - -<20'4’

where = sum of resisting moment about toe, 
and 2 Mo = sum of overturning moment about toe.

bH8-20-2’

The factor of safety against overturning is usually kept between 1.5 to 2.0.

(3) No bearing capacity failure
The pressure caused by Rv at the toe of the wall must not exceed the allowable bearing capacity of the 

soil.
The pressure distribution at the base is assumed to be linear. The maximum pressure is given by 

Rv ,
P™ - y (1 + 6e/b) ...(20.6)

The factor of safety against bearing failure is given by

■ £ ■■■<20'7) 

where q„a = allowable bearing pressure.

A factor of safety of 3 is usually specified, provided the settlement is also within the allowable limit.

(4) No tension
There should be no tension at the base of the wall. When the eccentricity (e) is greater than b/6, tension 
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develops at the heel. Tension is not desirable. The tensile strength of the soil is very small and the tensile 
crack would develop. The effective base area is reduced. In such a case, the maximum stress is given by

4( Ry } 
Pmm - 3^_2eJ ...(20.8)

20.4. GRAVITY RETAINING WALLS
As in design of all other structures, a trial section is first chosen and analysed. If the stability checks 

yield unsatisfactory results, the section is changed, and rechecked. Fig. 20.3 shows the general proportion of 
a gravity retaining wall of overall 
height H. The lop width of the stem 
should be at least 0.3 m for proper 
placement of concrete in the stem. The 
depth (D) of the foundation below the 
soil surface should be at least 0.6 m. 
The base width of the wall is generally 
between 0.5 H to 0.7 H; with an 
average of 2T//3.

The earth pressure can be 
computed using either Rankine's theory 
or Coulomb’s theory. For using 
Rankine’s theory, a vertical line AB is 
drawn through the heel point A. It is 
assumed that the Rankine active 
conditions exist along the vertical line 
AB. However, the assumption for the 
development of Rankine’s conditions 

(RANKINE)

Fig. 203. Gravity wail—Rankine Pressure.

along AB is theoretically justified only if the shear zone bounded by the line AC is not obstructed by the stem 
of the wall, where AC makes an angle rj with the vertical, given by

n - (45- ♦ i/2) - *72  - sin- 

where i is the angle of surcharge.

...(20.9)

The angle a which the line AC makes with the horizontal is given by,

When i = 0, the value of a is equal to (45° +
While checking the stability, the weight of soil 

(Ws) above the heel in the zone ABC should also be 

taken into consideration, in addition to the earth 
pressure (Pa) on the vertical plane AB and the 
weight of the wall (Wc).

Coulomb’s theory can also be used for the 
determination of earth pressure (Fig. 20.5). As the 
Coulomb theory gives directly the lateral pressure 
on the back face (Po), the forces to be considered 
are only Pa (Coulomb) and the weight of the wall 
(We). In this case, the weight of soil (W,) is not to 

be considered separately.
Once the forces acting on the wall have been

4>72) (Fig. 20.4).

...(20.10)
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Wc'‘I 
D

determined, the stability is checked using the procedure 
discussed in the preceding section. For convenience, the 
section of the retaining wall is divided into rectangles 
and triangles for the computation of weight and the 
determination of the line of action of the weights.

Semi-gravity Retaining wails. The base width of 
the semi-gravity retaining walls is slightly smaller than 
that of a corresponding gravity wall. The rest of the 
design procedure is the same as that for gravity retaining 
walls.

20.5. CANTILEVER RETAINING WALLS
Fig. 20.6 shows a cantilever retaining wall. The

general proportions tor sn overall height of H are also * Oravlly ».ll-c™k>n.b ft™.

shown. The top width of the stem is at least 0.3 m. The width of the base slab is kept about 2/7/3. The width 
of the stem at bottom, the thickness of the base slab and the length of the toe projection, each is kept about 
0.1 H.

(COULOMB)

Fig. 20.6. Cantilever Retaining wall.

The earth pressure is computed using Rankine’s theory on the vertical plane AB, provided the shear zone 
bounded by the line AC is not obstructed by the stem of the wall. The line AC makes an angle r] with the 
vertical given by Eq. 20.9.

Fig. 20.7 shows the forces acting on the wall. The Rankine pressure Pa acts at an angle i with the 

horizontal. It is resolved into the vertical and horizontal components Pv and Ph, as shown. The passive 
pressure Pp is also shown, but generally it is neglected. For convenience, the weight of soil (WJ over the slab 

is divided into two parts (l),and (2). Likewise, the weight of stem is divided into two parts (3) and (4).

(a) Factor of safety against sliding
The factor of safety against sliding may be expressed as

F, - ...(20.11)

where 2 FR = sum of the horizontal resisting forces,
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Fig. 20.7. Forces on a Cantilever wall.

and S Fd = sum of the horizontal driving forces.
Eq. 20.11 can be written as

„ (2 V) tan db + bc2 + P„
F, - i~~ ...(20.12)

where b = base width, SV = sum of all the vertical forces, W' and Pv. Pv = Pasin i and 
P,, > cos i .

Pp = passive force in the front of the wall (= l/ZA^^D2 + 2c2^K^D)

where c2, y2 and are parameters of the foundation soil.

The factor of safety can also be determined from Eq. 20.3 if p is given. If the required factor of safety 
of 1.5 against sliding is not obtained, a base key is generally provided (Fig. 20.8). The key increases the 
passive resistance to Pp where

Fig. 20.8. Key in a retaining wall.
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- p2(Ol)2 Kp2 ♦ 2c2D,VK^2 ...(20.13)

where £>j is the depth of the bottom of the key wall from soil surface.

Generally, the base key is constructed just below the stem and some of the main steel of the stem is 
extended into the key.

The friction angle and c2 are generally reduced to about one-half to two-thirds of the values for extra 
safety, as the full passive resistance is doubtful.

Factor of safety against Overturning
Eq. 20.4 can be used to obtain the factor of safety against overturning,

F° “ 2MO

where 5 MR = sum of the resisting moments about toe, 
~EM0 = sum of the overturning moments about toe.

The only overturning force is Ph, acting at a height of H/3.

Mo - Ph x H/3 ...(20.14)

The resisting moments (MR) are due to weights Wj, Wj, W$, W4 and W5 of the soil and the concrete. The 
vertical component of pressure Pv also helps in resisting moment. Its resisting moment is given by

Mv - Pv x b ...(20.15)

Therefore
Mj +M2 + My + Ma + M5 + Mv

Ph x H/3
...(20.16)

where , M2,... M5 are the moments due to Wj, W2...WS about toe.

Factor of safety against bearing capacity failure
The sum of the vertical forces acting on the base is equal to SV. The horizontal force is Ph . The resultant 

force (R) is given by

R - V(ZV)2 + (P,)!

The net moment of these forces about toe B is given by

- XMR-SM0

The distance x of the point E, .from the toe, where R strikes the base is given by

Hence, the eccentricity e of R is given by
e - b/2 - x ...(20.18)

If e > b/6, the section should be changed, as it indicates tension. The pressure distribution under the base 
slab is determined as

A.«-v(1+y) ...[20.19(a)]

-nd -yfl -y) ...[20.19(H)]

The factor of safety against bearing capacity failure is given by Eq. 20.7.

20.6. COUNTERFORT RETAINING WALLS
For counterfort retaining walls, the general proportions of the stem and the base slab are almost the 
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same as that in the cantilever walls. The counterforts are about 0.3 m thick and have the centre-to-centre 
spacing of 03 H to 0.7 H.

The analysis is also similar to that of a cantilever retaining wall. The pressure p^ and p^n are 
determined, as in the case of cantilever walls.

The basic difference between the counterfort retaining wall and the cantilever retaining wall is in the 
determination of the bending moment and shear forces.

(1) In cantilever retaining walls, the stem acts as a vertical cantilever fixed at base whereas in the 
counterfort retaining walls, it acts, as a continuous slab supported between the counterforts. The slab 
has positive moments in the middle and the negative moments at the supports. The reinforcement is 
provided in the horizontal direction on the front side of the stem in the middle and on the rear side 
at the supports. In cantilever walls, the main reinforcement is in tlie vertical direction at the rear face.

(2) In cantilever walls, the toe slab and the heel slab both act as cantilevers subjected to the upward 
pressure. The reinforcement is provided at the bottom face.

In counterfort retaining walls, although the toe slab acts as a cantilever, the heel slab acts as a 
continuous slab supported on the counterforts. The main reinforcement is at the top face in the 
middle portion and at the bottom face near the supports.

(3) In counterfort retaining walls, the counterforts are designed as cantilever of varying section and fixed 
at the base. The main reinforcement is provided at the back face of the counterfort.

In addition, the vertical and horizontal ties are provided in the counterforts to join the base and the stem 
to the counterforts.

The structural design of the counterfort and cantilever retaining walls is outside the scope of this text.

20.7. OTHER MODES OF FAILURE OF RETAINING WALLS
In addition to the three types of failures, viz, sliding, overturning and bearing failures, a retaining wall 

may fail in the following two modes if the soil below is weak.
(1) Shallow shear Failure. This type of failure occurs along a cylindrical surface ABC passing through 

the heel of the retaining wall (Fig. 20.9). The failure takes place because of excessive shear stresses along the 
cylindrical surface within the soil mass. However, it has generally been found that the factor of safety against 
horizontal sliding discussed in Sect. 20.3 is lower than that for the shallow shear failure. Consequently, if the 
factor of safety against sliding (Fs) is greater than about 1.5, shallow shear failure is not likely to occur.

Fig. 20.9. Shallow Shear Failure. Fig. 20.10. Deep Shear Failure.
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(2) Deep shear failure. This type of slope failure occurs along a cylindrical surface ABC (Fig. 20.10), 
when there is a weak layer of soil underneath the wall a depth of about 1.5 times the height of the wall. The 
critical failure surface is determined by trial and error procedure.

For the backfills having slope i less then 10°, it has been found that the critical failure surface DEF 
passes through the edge of the heel slab. The minimum factor of safety is found by trial and error, taking 
different circles, and determining the resisting forces and the driving forces along the failure surface (See 
Teng, 1962).

When a weak soil layer is located at a shallow depth below the retaining wall, the possibility of deep 
shear failure should be investigated. The possibility of excessive settlement should also be looked into. 
Sometimes, piles are used to transmit the foundation load to a firm layer below the weak layer. However, care 
shall be taken in the design of piles so that the thrust of the sliding wedge of soil does not cause bending of 
the piles.

20.8. DRAINAGE OF THE BACKFILL
When the backfill becomes wet due to rainfall or any other reason, its unit weight increases. It increases 

the pressure on the wall and may create unstable < 
water pressure (u) develops and it causes excessive 
hydrostatic pressure on the wall. To reduce the 
development of excessive lateral pressures on the 
wall, adequate drainage must be provided.

Weep holes are generally provided in the 
walls. The weep holes are of about 0.1 m diameter. 
The spacings of the holes generally varies between 
1.5 m to 3 m in the horizontal direction. As the 
backfill material may be washed into weep holes 
and may clog them, filter material is placed around 
the weep holes (Fig. 20.11).

Perforated pipes are also frequently used for 
the drainage of the backfill. These pipes are laid 

>. Further, if the water table also rises, the pore

Fig. 20.11. Weep Holes.

near the base (Fig. 20.12). The water is collected from the backfill and discharged at a suitable place at the 
ends. The filter material is placed around the pipes. These days, a filter cloth or a geotextile fabric is also 
used to serve the purpose of a filter material. All drain pipes should be provided with clean-outs for cleaning 
when clogged.

Fine-grained soils cause large earth pressure against retaining walls and are, therefore, rarely used as a 
backfill material. As far as possible, good draining, granular material should be used, at least in the sliding 
wedge portion of the wall. In case a fine-grained material cannot be avoided, some form of filter of coarse 
permeable material is placed behind the retaining walls to prevent the development of excessive pore water 
pressure. Fig. 20.13 shows two types of drainage filters commonly used. The water percolating into the filter 
is discharged through the weep holes. The inclined filter is found to be more effective than the vertical filter. .

Fig. 20.12. Perforated Pipes. Fig. 20.13. Drainage Filter.
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BULKHEADS

20.9. TYPES OF SHEET PILE WALLS
Sheet piles are generally made of steel or timber. However, sometimes reinforced cement concrete sheet 

piles are also used. The use of timber piles is generally limited to temporary structures in which the depth of 
driving does not exceed 3m. For permanent structures and for depth of driving greater than 3 m, steel piles 
are more suitable. Moreover, steel sheet piles are relatively water tight and can be extracted if required and 
re- used. However, the cost of steel sheet piles is generally more than that of timber piles. Reinforced cement 
concrete piles are generally used when these are to be jetted into fine sand or driven in very soft soils, such 
as peat. For tougher soils, the concrete piles generally break off.

Fig. 20.14. Plan of a Sheet Pile Wall.

Fig. 20.14 shows the plan of a typical steel sheet pile wall, in which 2 sheet piles are shown with joints.
Based on its structural form and loading system, sheet pile walls can be classified into 2 types: (1) 

Cantilever Sheet piles and (2) Anchored Sheet Piles.

(1) Cantilever sheet piles

Cantilever sheet piles are further divided into 2 types :
(a) Free cantilever sheet pile. [Fig. 20.15 (a)]. It is a sheet pile subjected to a concentrated horizontal 

load at its top. There is no backfill above the dredge level. The free cantilever sheet pile derives its 
stability entirely from the lateral passive resistance of the soil below the dredge level into which it 
is driven.

(a) Free cantilever
Sheet pile

(b) Cantilever
Sheet pile

(c) Anchored
Sheet pile

Fig. 20.15. Types of Sheet Pile Walls.
(b) Cantilever sheet pile. [Fig. 20.15 (ft)]. A cantilever sheet pile retains backfill at a higher level on 

one side. The stability is entirely from the lateral passive resistance of the soil into which the sheet 
pile is driven, like that of a free cantilever sheet pile.

(2) Anchored sheet piles

Anchored sheet piles are held above the driven depth by anchors provided at a suitable level [Fig. 20.15 
(c)]. The anchors provide forces for the stability of the sheet pile, in addition to the lateral passive resistance
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of the soil into which the sheet piles are driven. The anchored sheet piles are also of two types:

(a) Free-eartli support piles. An anchored sheet pile is said to have free-earth support when the depth 
of embedment is small and the pile rotates at its bottom tip. Thus there is no point of contraflexure 
(or inflexion point) in the pile.

(b) Fixed-earth support piles. An anchored sheet pile has fixed earth support when the depth of 
embedment is large. The bottom lip of the pile is fixed against rotations. There is a change in the 
curvature of the pile, and hence, an inflexion point occurs.

20.10. FREE CANTILEVER SHEET PILE
The free cantilever sheet pile rotates about a point O below the dredge level. The actual pressure 

distribution is shown in Fig. 20.16 (a). Blum (1931) gave a simple solution. The passive resistance of the soil

(a) ACTUAL PRESSURE (b) ASSUMED PRESSURE (c) MOVEMENT 
DISTRIBUTION DISTRIBUTION DIAGRAM

Fig. 20.16. Free Cantilever Sheet Pile.

on the left side is idealized as a right angled triangle AOE [Fig. 20.16 (&)]. The distributed pressure acting on 
the right side below the pivot O is replaced by an equivalent concentrated load Pj acting at point O. In 

calculations that follow, however, the magnitude of the force Pi is not required.

For equilibrium, the moment of all the forces about O must be zero, i.e.

M, - F(h ♦ d) - [j yd(Kp -/yd] x j- 0 ...(20.20)

where F is the horizontal force, h is the height of wall above the dredge level, 
d is the depth of embedment.

Eq. 20.20 can be solved for d. The actual depth to be provided is generally taken as 1.2 d.

The point of the maximum bending in the sheet pile can be determined as under.
The bending moment at depth x below the dredge level is given by

M, - /(ft + .>) - (K, -

d(Mx)
For maximum bending (A/max), = 0

l/ 2F
or

...(20.21)

...(20.22)
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The maximum B.M. (A/^) is obtained by substituting the value of x from Eq. 20.22 into Eq. 20.21.

The section modulus of the sheet pile can then be determined as

...(20.23)

where a„ = allowable bending stress in the pile. Fig. 20.16 (c) shows the bending moment diagram.

20.11. CANTILEVER SHEET PILE IN COHESIONLESS SOILS
Fig. 20.17 (a) shows a cantilever sheet pile in a cohesionless soil deposit The pile rotates about the point 

O'. The pressure above O' is passive in the front and active on the back side. However, the pressures below

8

DISTRIBUTION
Fig. 20.17. Cantilever Sheet Pile.

the point O' are reversed i.e. there is active pressure in the front and passive on the back side. Fig. 20.17 (b) 
shows the actual pressure distribution. As the analysis taking actual pressure distribution is quite complicated, 
the pressure distribution is generally simplified as shown in Fig. 20.18. In Fig. 20.18, the pressure is zero at 
point Oi at a depth a below the dredge level.

The pressure diagram BCO^ shows the active pressure. The pressure at the dredge level is given by

Pi -

B

(c)ASSUMED PRESSURE DISTRIBUTION

Fig. 20.18. Simplified Pressure Distribution.
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The depth a of point Oj of zero pressure is given by

Pl-ya(Kp - Ka) = 0

or a - Pl ...(20.24)
y(Ap-Kn) _

Let the total active pressure above point O, be Pt acting at a height of above Ox.

The passive pressure is given by the diagram O{ EO. The passive pressure intensity at the bottom tip A 
can be expressed as

p2 - i(Kp - Ka)(d -a)- y(Kp - Ko)b

where b = d - a, in which d is the depth of point A below the dredge level.
The passive pressure is indicated by the diagram OAF on the back side. The intensity of pressure at the 

tip A is given by
P3 = y(A + d)Kp - ydKa

or p3 = y (ft + b + a) Kp - y (b + a) Ka

From the equation of equilibrium in the horizontal direction,
/>, + P3 _ P2 = 0

The total pressure P3 and P2 can be expressed in terms of p3 and p2 as follows:

Pi + (p2 + P3)-|p2*  = 0 ...(20.25)

In Eq. 20.25, the equivalence of areas has been taken as shown in Fig. 20.19. The height of the point E 
above the tip A is taken as m.

Fig. 20.19.

r- n 1/2P2&-P1 P2b - 2P1
From Eq. 20.25, m - . ... -------- i- - —---------------  ...(20.26)

1/2 (p2 + Pi) P2 + P3

Eq. 20.27 can be written as

Taking moments of all the forces about A,

Pi (*>  + Zi) - | P2b(b/3) + | m (p2 + ft) x p 0

Substituting the value of m from Eq. 20.26,

...(2o.27)
6 6 [ p2 + p3 ]

b*  + Ct b3 - C2b2 - C3b - C4 = 0 ...(20.28)

P4 8Pt

‘t(K,-KJ ’ 2_ i<kp-1Q
_ 6 P, [2 T (K, - K.) Z, + p J c hfim 4 4P,]

[1 (KP - KJ]2 ' [l(K,-KJJ2

where
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in which p4 = y h Kp + y a (Kp - Ka) .. .(20.2!

Eq. 20.28 is solved by trial and error to determine b. The value of d is equal to (b + a). The depth d 
for a factor of safety of unity. The required depth (D) is usually taken as 1.2 d to 1.4 d. Thus

D - 1.2 to 1.4 d ...(203(1
This gives a factor of safety of about 1.50 to 2.0.
Alternatively, a factor of safety can be applied to the passive resistance. In that case, the value of Kp 

usually taken to | of the normal value while computing b from Eq. 20.28, and the required depth D is taka 

equal to d.
In the above discussions, the depth of water table is not 

considered. If the water table on the front side is at the same level 
as on the rear side, the analysis remains unaltered except that the 
submerged unit weight (y ') should be used for the soil below the 
water table (see Illustrative Example 20.6). However, if the 
difference in the two levels is greater than 1 m, the pressure due to 
water on the sheet pile should be found from the flow net and 
properly accounted for in the analysis.

Approximate Analysis. The exact analysis of the cantilever 
sheet pile as discussed above is quite involved. An approximate 
value of d can be obtained using a simplified pressure diagram as 
shown in Fig. 20.20. In this analysis, the resistance of the pile 
below the point O is replaced by a concentrated force P3. (Note that 
the pressure distribution extends upto tip A).

From the equilibrium in horizontal direction.

Fig. 20.20. Approximate Analysis.

,(ft + df

Taking moments about point A, 

Substituting the values of P{ and P^

or (Kp - Ka)tf- 3h Ka& - 3h2Kad - Kah3 - 0

Fq. 20.31 is is solved by trial and error for d.
The value of J so obtained is usually increased by 20 to 40%. Thus

D = 1.2 d to 1.4 d.

20.12. CANTILEVER SHEET PILE PENETRATING CLAY
Fig. 20.21 shows a cantilever sheet pile penetrating clay (41 = 0) below the dredge level. The backfill 

of cohesionless soil (c = 0). Let the bulk unit weight of the backfill material and clay be, respectively, ait 
y. The cohesion intercept of clay is c.

The pressure px at the dredge line on the back side is given by

Pi - 71h Kai

Below the dredge level but above the point of rotation O, the passive pressure acts from left to right and 1I1 
active pressure acts from right to left. Therefore, the pressure at depth Z below the dredge level is given by |

P2 = PP - Pa

or ft - (X,YZ+2cV^) - [K.v(Z t ft)-ZcVk;]
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Fig. 20.21. Cantilever Sheet Pile in Clay.

For <j> - 0, we have Kp - Ka - 1.0.

Therefore, p2 = 4c - yh

Likewise, the pressure p3 from right to left is given by

or Pl - K,(h + d)y +2cVKp - [K.yd- 2cV^]

For <j> = 0, we have p3 = 4c+ yh

From equilibrium in the horizontal direction, considering equivalent areas as in Fig. 20.19,

Pi - [p2 x <*]  + [P? + P3] x «/2 = 0

or Pi - (4 c - yh)d + [8 c] x m/2 = 0

or m - ...(2032)

Taking moments of all the forces about A,

& + d) - [4c - yh] x d x | | x (8c) x in x j - 0 ...(20.23)

Substituting the value of m from Eq. 20.32,

A (Z, + d) - (4c-7*)y  + |C[(4C'~ F‘ ] - 0 -W!), 

The above equation can be written as

/ (4c - yh) - 2P,<i - P1 fl> - 0 ...(2035)

Eq. 20.35 can be solved for d. The actual depth D is kept 40% to 60% more. Thus
D - 1.4 J to 1.6 d

Alternatively, the depth d can be computed using a reduced value of c/2 or 2c/3 in Eq. 20.35. In this 
case, the actual depth £> would be equal to the computed value of d, as the factor of safety has already been 
applied to c.
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If the water table exists on both the sides, modification can be done as in the case of cohesionless 
deposits. The submerged weights are used below the water table (see Illustrative Example 20.8).

20.13. ANCHORED SHEET PILE WITH FREE-EARTH SUPPORT
The stability of anchored sheet pile depends upon the anchor force in addition to that upon the passive 

earth pressure. The embedment depth is considerably smaller than that in a cantilever sheet pile. Therefore, 
by this method, the total length of the sheet pile is reduced. Of course, the additional cost of anchors is also 
to be considered while judging the economy of the two types of construction.

Fig. 20.22. Free Earth Support.

Fig. 20.22 (a) shows an anchored sheet pile with free earth support. The deflected shape is also shown. 
As already mentioned, there is no point of contraflexure below the dredge level. Thus, below the dredge level, 
no pivot point exists for the statical system. The statical analysis is based on the assumption that the soil into 
which the pile is driven does not produce effective restraint to induce negative bending moment at its support 

The equations for the depth d are derived separately for the cohesionless and cohesive soils.

(fl) Cohesionless Soils.
Fig. 20.22 (a) shows the forces acting on the pile, assuming that the material above and below the dredge 

level is cohesionless.

From equilibrium, T + P2 - Pi - 0

where T is the tensile force in anchor.
The depth a to the point of zero pressure can be determined as under.

yKa(h + a) - yKpa = 0

or ay (Kp - Ka) - yKah

hKa

ITierefore, P2 - | p2 b - 1 T (Kp - K,)b‘

where p2 - y (Kp - Ka) b

Taking moments of all the forces about anchor point M,

Pi(a + h - e -Zl) - P2(h - e + a + 2b/3) - 0

The distance Zx is determined as in the case of cantilever piles.

Substituting the value of P2 from Eq. (a) in Eq. 20.38 (a),

Pi(a + h-e -Zi) - y(Kp - Ka)b *b/2(h  -e + a +2b/3) = 0 ...[20.38(fr)]

...(20,36)

...(20.37) I

...(J

... [20.38(a)]!
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The above equation can be written as

i>3(^ - K.)-(/3+ b2(Kp - W2(g

or (,»+1^(g+o)-^^L_.0

where f-a + h- e-Zt and g » h — e

Eq. 20.40 can be solved for b. Then d is determined as
d - b + a

The actual depth D is taken equal to 1.2 to 1.4 times d.
The force in anchor rod can be obtained from Eq. 20.36 as, 

T - - P2

The values of Pj and P2 are obtained from pressure diagrams.

...(20.39)

...(20.40)

(b) Cohesive Soils
Let us now consider the case when the anchored sheet pile is driven in clay (4> = 0), but has the backfill 

of cohesionless, granular material (Fig. 20.23). The pressure distribution above the dredge line is the same as 
that in the case of cohesionless soils. However, below the dredge line, the pressure is given by

Fig. 20.23. Anchored Sheet Pile driven in Clay.

pi - (KryZ + 2c - [K.(Z + A)7 - 2c ]

For if = 0, Kp - Ka - 1.0. Therefore

p2 - 2c + 2c - f h - 4c - yft

From equilibrium of forces, P[ - P2 - T

or Pj - p2 x d - T

Taking moments of all forces about M,

Px *f-P 2d(g + d/2) - 0

Substituting p2 * 4c -yh,

Pt*f-(4c-  yh)d(g + d/2) - 0

2 ^Ptf
or

...(20.41)

...(20.42)
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Eq. 20.42 can be solved for d. The actual depth (D) provided is 20 to 40% more than d.

It may be noted that the wall becomes unstable when p2 - 0, i.e., 4c - y H - 0

or - 1 - 0.25 ...(20.43)

The left hand side is equal to the stability number (S„) defined in chapter 18. In other words, the walls 
becomes unstable when S„ is equal to or less then 0.25. If the adhesion of clay with the sheet pile (co) is 

considered, Eq. 20.43 is modified as

s--^ -<2a44>

Taking, V 1 + Ca/c = 1.25,

S„ = 0.25 x 1.25 = 0.31

Therefore, the minimum stability number (S„) required is 0.31. If the factor of safety required is F, the 
stability number (S„) should be equal to 0.31 F or more.

20.14. ROWE’S MOMENT REDUCTION CURVES
As sheet piles are relatively flexible, these deflect considerably. Their flexibility causes a redistribution of 

lateral earth pressure. The net effect is that the maximum bending moment is considerably reduced below the 
value obtained for the free-earth supports discussed in the preceding section.

Rowe (1952) developed a theoretical relation between the maximum bending moment and the flexibility 
of the sheet pile and gave moment reduction curves. The relative flexibility (p) is defined as

P _ _ j t x lff4 (gl ...(20.45)

where h = retained height (m), D = actual driving depth (m),
E = Young’s modulus of the pile material (MN/m2) and I = moment of inertia of the pile (m4/m), 

II = total length of the pile.

For anchored sheet piles in cohesionless soils, the relative density is important. The relative depth of 
anchor factor, (3 = e/H is also relevant.

For anchored sheet piles in cohesive soils, the stability number (S„), as given below, is also required.

S„ - 1.25c/(fh) ...(20.46)

The relative height of piling factor a = h/H is also important for cohesive soils.

Fig. 20.24.
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Fig. 20.24 shows a typical moment reduction curves for cohesionless soils. The ratio is
determined directly for the given value of p. The curve (a) is for loose sand (relative density = 0) and the 
curve (b) for dense sand (relative density = 100%). The value of Mmax being known from the free-earth 

support analysis, the design moment Md can be computed.

(For more details, the original paper may be consulted).

20.15. ANCHORED SHEET PILE WITH FIXED-EARTH SUPPORT
Fig. 20.25 (a) shows the deflected shape of an anchored sheet pile with fixed-earth support. The elastic 

line changes its curvature at the inflexion point I. The soil into which the sheet is driven exerts a large

Fig. 20.25.
restraint on the lower part of the pile and causes a change in curvature. Fig. 20.25 (b) shows the pressure 
distribution. Blum (1931) gave a mathematical relationship between (i/h) and $ (Fig. 20.26), where i is the 
depth of the point of inflexion I below the dredge level and A is the height of sheet pile above the dredge 
level. Thus inflection point / is located.

For simplicity, the lower portion of the pressure diagram on the right hand side in Fig. 20.25 (b) is 
replaced by a concentrated force Rk at point K and the diagram shown in Fig. 20.27 (a) is used in the

analysis. The magnitude of Rk is initially unknown, but it is 

automatically excluded from calculations when the moments 
are taken about K. Once the depth has been found, Rk can I 
be determined from the equilibrium equation in the I 

horizontal direction. _L
As the exact analysis of the anchored sheet pile with h 

fixed-earth support is complicated, an approximate method, 
known as equivalent-beam method is generally used. It is 
assumed that the sheet pile is a beam which is simply 
supported at the anchor point M and fixed at the lower end 
K. Fig. 20.27 (b) shows the bending moment diagram. The 
bending moment is zero at the inflexion point I. 
Theoretically, the lower part IK of the pile can be removed 
and the shear force can be replaced by a reaction Rt. Thus, a simply-supported beam BI is obtained [Fig.

20.27 (c)].
The following procedure is used for the analysis of the sheet-pile with fixed-earth support, using 

equivalent beam method.
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Fig. 20.27. Simplified Pressure Diagram.

(a) Upper Beam BI
(1) Determine the pressure pi at the dredge level.

(2) Estimate the angle of shearing resistance of the soil.
(3) Determine the distance i of the point of inflexion from Fig. 20.26.
(4) Determine the distance a of the point of zero pressure from the equation,

-H
(5) Determine the pressure po at the point of inflexion from the relation,

P, - ^(a - ij ...(20.®;

(6) Determine the reaction Ri for the beam IB by taking moments about the point M of anchor of all the 
forces acting on IB [Fig. 20.28 (a)].

(Z>) Lower Beam IK
(7) Determine the pressure pz from the relation

Pi - 1 (,KP - Ka) <d - a) ...(20.49)j

Alternatively, Po f J .

M(8) Determine the distance (d - a) by taking moments of the forces on the beam IK about K [Fig. 20.28 
The reaction Ri on the lower beam is equal and opposite to that on the upper beam.

(9) Calculate d from Eq. 20.49 and hence find D = 1.2 d.
(10) Determine the tension T in anchor by considering the equilibrium of beam IB. Thus 

T = Pr - R,

where Pi = total force due to pressure on IB.

...(20.50)

20.16. DESIGN OF ANCHORS
The anchors used in sheet pile walls are of the following types:
(1) Anchor plates and Beams (also, known as deadman) (Fig. 20.29).
(2) Tie backs.
(3) Vertical Anchor piles.
(4) Anchor beams supported by batter piles (Fig. 20.30).
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Fig. 20.28.

The design of anchor plates and beams is discussed below.
Anchor plates and beams are made of cast-concrete blocks. A wale (horizontal beams) is placed at the 

front (or back) face of the sheet pile, and a tie rod is attached to it. The other end of the tie rod is connected 
to an anchor plate or a beam (Fig. 20.29).

Fig. 20.29. Anchor Plates. Fig. 20.30. Batter Piles.
The resistance offered by an anchor plate or a beam is derived from the passive resistance of the soil in 

front of the plate. For full passive resistance to develop, the anchor plate must be located in zone CDE. Teng 
(1962) gave the following equations for the ultimate resistance of anchor plates in granular soils located at or 

near the ground surface.
Let B be the length of the anchor perpendicular to the cross section and let h be the height of the anchor.
(a) For continuous plates or beams with B/h. s 5, the ultimate resistance is given by

Pu~B(Pp-Pa)

or P.
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or Pu - (Kp - Ka) ...(20.51)

where H is the depth of the lower face of the anchor beam from the ground surface.
(Z>) For plates or beams with B/h < 5, the ultimate resistance is given by

P. - BtPp -PJ +

where Ko = coefficient of earth at rest ( = 0.40).

■v U2 B 1
Thus P, - (K„-KJ + |K.r(V^ + ...(2052)

The allowable resistance is taken as

P. - ...(20.53)

where FS = factor of safety (generally taken equal to 2.0).
The centre-to-centre spacing of anchors is obtained from the relation, 

s ~ Pa/T ...(20.54)

where T = tension in sheet pile per unit length as obtained from the analysis of anchored sheet pile.

ILLUSTRATIVE EXAMPLES

Illustrative Example 20.1. Check the stability of the gravity retaining wall shown in Fig. E-20.1. Take 
allowable soil pressure equal to 600 kN/m2. Use Coulomb’s theory.

Solution. From Eq. 19.38, Pa - i Kay H2

where K.srn2 (p + »’)

siaapsin(p - S) 11 s-V^>gs‘n<^1L sin (p - 6) sin (p + i) J
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The total pressure acts inclined at 24° to the normal.

Horizontal component, Ph - Pa cos (20° + 24°) - 92.6 kN

r sin2 (70 + 36)

+ 24°) sin (36° - 0) 1
sin 70 sin (70 24 ) [1 + V sin (7QO

K °-924

- 24°) sin (70° + 0) ]

or

Therefore,

0883 x 0719 1 t V0866 x °^8- 

[ ’ 0.719 x 0.940 ]

Pa - | x 0.417 x 19 x (5.7)2 - 128.7 kN

Vertical component, Pv ■ Pa sin (20° + 24°) - 89.4 kN

Calculations are shown in the tabular form. The moment are taken about toe. The clockwise moments are 
taken as positive. The unit weight of concrete is taken as 24 kN/m3.

T.M - 350.5 kN-m

SJVo. Description
Forces (kN)

Lever
arm

Moments about toe (kN-m)

Vertical 
(kN)

Horizontal 
(kN)

Clockwise Counter 
Clockwise

1. Weight, Wi
-1/2 x 5 x 0.19 x 24

11.4 0.53 m 6.0

2. Weight, W2
- 5 x 05 x 24

60 0.84 m 50.4

3. Weight, W3
- 1/2 x 5 x 1.71 x 24

102.6 1.66 m 170.3

4. Weight, W4
- 3.2 x 0.7 x 24

53.8 1.60 m 86.1

5. Vertical component of 
P ■ Pav

89.4 2.39 m 213.6

6. Horizontal component of 92.6 1.90 m 175.9

X 317.2 X 92.6 £ 526.4 £ 175.9

Neglecting passive resistance, the factor of safety against sliding is given by Eq. 203 as 

„ pRv tan24° x 317.2 , .
—9i6—1-53(sifc)

The factor of safety against overturning is obtained from Eq. 20.4,

From Bq. 20.17, 1 “ W “ M72 " UOm

From Eq. 20.18, e - b/2-x » 1.60 - 1.10 - 0.50 m

As e < b/6, there is no tension.
The pressure at the base are determined from Eq. 20.19.
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XV (, 6e\ 317.2 ( . 6 x 05\ 2
• T (' * T] ' Tm * "35“) ' 192kN/m

' b sj' 3.20 (’ 3.2 j-6-2kN/m

The factor of safety against bearing capacity failure is given by Eq. 20.7 as

Illustrative Example 202. Check the stability of the cantilever retaining wall shown in Fig. E-20.2. The 
allowable soil pressure is 500 kN/m2. = 34°, 6 = 25°, y = 18 kN/m3, i = 15°.

Fig. E-20.2

Solution. Let us first ascertain whether Rankine’s theory is applicable to the cantilever retaining wall. 
From Eq. 20.9,

r| - (45" + 1/2) - £ - sin-1 l" 
2 I sin <p' 1

. (45" , 75)-17-sin-7.9"

The shear zone does not intersect the stem. Therefore the Rankine theory can be applied.

From Eq. 19.23, P„ - H2

From Eq. 19.15,
„ cosi - Vcos2i - cos2d>'
Ka - cosi x -------------- .... hr

cosi + ncos i - cos <(>'

Ka - cos 15° x
cos 15° - V cos215° - cos2 34°

cos 15° + V cos2 15° - cos2 34°
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Therefore,
Pa - | x 0.311 x 18 x (6.22)2 - 108.3 kN

Pv = Po sin 15° - 28.0 kN

Ph = Pa cos 15° - 104.6 kN

2 358.2 2 104.6 2 764.5 2 216.5

S.No. Description

Forces 
(kN) Lever 

arm 
(m)

Moments about toe 
(kN-m)

Vertical 
(kN)

Horizontal 
(kN)

Clockwise Counter
Clockwise

1. Wi - 0.4 x 5.0x 24 48 1.00 48

2. W2 - 0.2/2 x 5.0 x 24 12.0 0.73 8.8

3. W3 = 0.6 x 3.50 x 24 50.4 1.75 88.2

4. W4 - 2.3 x 5.0 x 18 207.0 2.35 486.5

5. W5 - 2.30 x 0.62/2 x 18 12.8 2.73 35

6. Pv 28 3.50 98

7. Ph — 104.6 2.07 — 216.5

From Eq. 20.3, the factor of safety against sliding,

F. - - ’a-n25“>?58--- - l-60{safe)
l\ff IUh.O

From Eq. 20.7, the factor of safety against bearing capacity failure,

From Eq. 20.4, the factor of safety against overturning,

zmr
° ’ ZM0

- 5^4 - 3 53 (“f” 
216.5

From Eq. 20.17,
T.M

X- ZV- 358.2 ' -153m

From Eq. 20.18, e - b/2 - x - 1.75 - 1.53 - 0.22 m < b/6

From Eq. 20.19,
358.2

PmBX ~ 3.50
(1 ♦ 4^) - 141.9 kN/m2

358.2
/’n,in " 3.50

(No tension)

■ r- - w*  - 3-52(Mfe)

Illustrative Example 203. Determine the required depth of penetration for the cantilever sheet pile 
shown in Fig. E-20.3. Take y = 16 kN/m3.

Solution. (Refer to Fig. 20.18 for notations)

Ka - tan2 (45 - 30/2) - 0.333,

Kp - tan2 (45 + 30/2) = 3.000

Pi - 0.333 x 16 x 5.0 - 26.6 kN/m2

Pi 26.6
y (Kp - Ka) " 16 x 2.667
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— 2.08)- )’. 0

or 448.2 (> + 2.08) - 42.76’ , - 0

Solving by trial and error, b - 4.4 m.

Alternative Method for b
Using Eq. 20.28,

where

and

Therefore,

Solving by trial and error,

b4 + Cxb3 - C#2 -££ - CA - 0 

c Pi 16 x 5 x 3.0 + 16 x 0.62 x 2.667
1 ' 7 (X, - X,) " 16 x 2.667

- - 624
42.67

r _ 8P1 g x 74 7 , 4 02 t(Kp - X.) " 16 x 2.667

c 6P, [2V(X,-X.)Z, +p4]

‘ h(x,-x,)j2
. 6 x 74 712 x 16 x 2.667 x 2.08 4- 265,6) _

[16 X 2.667]’

c _ . 4P,] _ 74.7 [6 x 2.08 X 265.6 4- 4 x 74.7)
[?(X,-X,)]2 ‘ (16 x 2.667)’

- 148.24

64 4- 6.246’ - 14.06’ - 109.076 - 148.24 - 0

b •= 4.40 m
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Therefore, d - b + a - 4.40 + 0.62 » 5.02 m

D - 1.30 d - 6.50 m
Illustrative Example 20.4. Determine the depth of penetration for the cantilever sheet pile wall of 

Illustrative Example 20.3 by the approximate method.
Solution. From Eq. 2031, taking h = 5 m,

(Kp - KJtP - 3hKa<? - 3h2Kad - Kah3 - 0

or 2.667z?-5</2-25d- 41.67 - 0

Solving by trial and error, d - 4.70 m.

Therefore, D - 1.3 d - 6.10 m
Illustrative Example 20.5. Determine the depth of penetration of the cantilever sheet pile shown in Fig. 

E-20.5. The water level on both sides is the same.

Solution.

From Eq. 20.24,

Fig. E-20.5.

Ko - 0.333, Kp - 3.0.

Pi - 0.333 x 16 x 2.50 + 033 (9.0) x 2.50

Pi - 13.3 + 7.5 - 20.8 kN/m2

Pi__________________ 20.8___________ n R_
“ y' (Kp - K„) 9.0 x (3.0 - 0.333)

Pi = | X 133 x 2.5 + 13.3 X 2.50 + 7.5 x 2.5/2 + 20.8 x 0.87/2

Pi ~ 16.6 + 33.3 + 9.4 + 9.0 - 68.3 kN

Taking moments about Oj, PiZi - 16.6 x 4.20 + 33.3 x 2.12 + 9.4 x 1.70 + 9.0 x 0.58

or

or

From Eq. 20.26,

Zi -
69.7 + 70.6 + 16 + 5.2 

683
- 236 m

P2 - f' (Kp - Ka) b - 9.0 x 2.667 x b - 24.0ft

P3 - [16 x 2.50 4- 9.0 x 2.50] x Kp 4- y 'd(Kp - Ka) 

- (40 4- 22.5) x 3.0 + 9.0 x (ft 4- 0.87) x 2.667
Pi - 187.5 4- 24ft + 21.0 - 208.5 4- 24ft

_ Pzft - 2Pj _ 24ft2 - 2 x 683
m P2 + Ps 208.5 + 48 ft
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From Eq. 20.27,

or

or

Solving by trial and error,

Alternative method
From Eq. 20.28,

where

where

Therefore,

P2<>2 0>2 ■> Pj [ 242? - 136.6 1'
— | |

4 09.8(6 , 2.36) - 24.06»t ~ 0

b - 5.50 m.

d = b + a - 5.50 + 0.87 - 6.37 m

D - 1.3 d - 8.30 m

b‘ + C,b' - CJ>2 -C^ - C, - 0

Ci = --------—---------1 l'(Kp-KJ

p< - (16 x 2.5 + 9.0 x 2.5) Ap + 9.0 a(Kp - KJ 

- (40 + 22.5) x 3.0 + 9 x 0.87 x 2.667 - 208.4

208-4 „„
9.0 x 2.667 ’ 8-68

C - 8Pi _ 8 * 68 3 79 76
2 y'(Kp - KJ 9.0 x 2.667

c 6P, [2y'(Kp - KJZt + pj
3 [y'(Kp-KJ]2

„ 6 x 68.3 [2 x 9.0 x 2.667 x 2.36 + 208.4] „oo o,
C3 = ------------------------------ =----------------------- «• 228.81

(9.0 x 2.667)2

_ 68.3 [6 x 2.36 x 208.4 + 4 x 68.3] _ ^21 
[9.0 x 2.667]2

Therefore, bA + 8.68b3 -22.16 b2- 228.81 b- 382.21 - 0 

Solving by trial and error, b » 5.50 m.

d - b + a - 5.50 + 0.87 - 6.50 m. 

D - 1.3 d - 8.30 m.
Illustrative Example 20.6. Determine the depth 

embedment for the cantilever sheet pile shown in Fig. E-20.6.

Solution. (See Fig. 20.21 for notations) In this case, 

Ka - 0.333, Kp - 3.0 

Pl - 16.0 x 5.0 x 0.333 - 26.7 

Pi ‘ | x 26.7 x 5 -= 66.8 kN 

Zi - 5/3 - 1.67 m Fig. E-20.6.
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P2 - 4g.- yA - 4 x 50 - 19 x 5 - 105.0 

p3 = 4c + yh - 4 x 50 + 19 x 5 - 295

From Eq. 20.32, m - . .(4x *>  - 19 * 5) d- 66.8
4c 4 x 50

= 0.53 d - 0.334

From Eq. 20.34, Px (Zt +. d) - (4c - yA) y + | x t(4c ~ ~ - o

or 66.8(1.67 + d) - (200 -19 x 5)y + _L [(4 x 50 - 5) ~ . 0

or 111.56 + 66.8 d - 52.5^ + (105 d - 66.8)2 - 0

Simplifying and solving, d - 2.60 m

Alternative method

From Eq. 20.35, <f (4c - 7/r) - 2 Pt d - P‘(1^cZ1 * _ 0

2c + yA

or (4x50-19x5)^2 x - 0

or rf2 - 1.27 d - 3.49 - 0.

or d = 2.60 m

D - 1.50 d - 3.90 m.

Illustrative Example 20.7. Determine the depth of embedment of the anchored sheet pile shown in Fig. 
E-20.7. Also determine the force in the anchor per metre of the wall. Assume free-earth support conditions.

Solution. (See Fig. 20.22 for notations) Ka = 0.27, Kp - 3.69

Pt = 16 x 3.0 x 0.27 + 9 x 5.0 x 0.27

or Pl - 12.96 + 12.15 - 25.11

Fig. E-20.7.
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p2 = 9(3.69 - 0.27)b = 30.78 b

P2 = 30.78 b x b/2 = 15.39 b2

Pi = 12.96 x 3/2 + 12.96 x 5 + 12.15 x 5/2 + 25.11 x a/2

in which the distance a is determined from the equation, pi - y' (Kp - Ka) a = 0

25.11 
" 9 x (3.69 - 0.27) ‘ 082m

Thus PL = 19.44 + 64.8 + 30.38 + 25.11 x 0.82/2 - 124.92

Taking moments about O,

Pi Zi = 19.44 x 6.82 + 64.8 x 3.32 + 3038 x 2.49 + 103 x 0.82 x 2/3

- 132.58 + 215.14 + 75.65 + 5.63 ,or Z,------------------- -------------------------- 3.43 m

Taking moments of all the forces about M, using Eq. 20.38 (a),

124.92 (a + h - e - ZJ - P2 (a + h - e + y J = 0

or 124.92 (0.82 + 8.0 - 2.5 - 3.43) - 15.39 b2 (0.82 + 8.0 -2.5 + 2b/3) = 0

or 361.02 - 97.26b2 - 10.26b3 = 0

By trial and error, b = 1.77 m
Now d = b + a = 1.77 + 0.82 - 2.59 m

D = 13 x 2.59 = 3.40 m.
Illustrative Example 20.8. Determine the depth of embedment for the anchored sheet pile shown in Fig.

E-20:8. Also determine the force in the anchor per metre run. Assume fixed-end support conditions.
Solution. (See Figs. 20.28 and 20.27 for notations) Ka = 0.27, Kp = 3.69

Pi = 16 x 8.0 x 0.27 = 34.6 kN

From Eq. 20.47, a . - 16^t42 - ° ® -

From Fig. 20.26, for 4>' = 35°, i/h = 0.025
Therefore, i = 0.025 x 8.0 = 0.2 m

E-20.8.
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Pi 34 6

Taking moments about M of all the forces acting on beam IB,

Rt (5.5 + 0.2) - | x 34.6 x 8 x (5.33 - 2.50) + (23.6 x 0.2) x 5.60

+ (34.6 - 23.6) x 0.2/2 x (5.50 + 0.07)
or R, - 74.4 kN

Now p2 - y (Kp - Ka) (d - a) » 16 x 3.42 x (d - 0.65)

or p2 - 54.7 (d - 0.63)

[Alternatively, p2 = * (d - a) = (d - 0.63)

or p2 - 54.7 (d - 0.63)]

Taking moments about K of all the forces acting on beam IK,

R,{d_a}+ 2^043 {d _ q + 0 29) _ 54.7 (</ — a? * (d-^_ _ Q

or 74.4 (d- a) + 5.1 (d - a + 0.29) - 9.1 (d - a)3 = 0

By trial and error, d - a - 2.96 m or d = 2.96 + 0.63 = 3.59 m
D - 1.2 x 3.59 - 431 m

From Eq. 20.50, T - - Rt - | x 34.6 x 8 + 23.6 x 0.2 + 11 x 0.1 - 74.4

T - 69.8 kN

PROBLEMS

as 600 kN/m2.

A. Numerical
20.1. Check the overall stability of the cantilever retaining wall shown in Fig. P. 20.1. Take the allowable soil pressure

= 3.01; Fb = 3.48]

Fig. P-20.1.



548 SOIL MECHANICS AND FOUNDATION ENGINEERING

20.2. A cantilever sheet pile retains soil to a height of 6 m. Find the depth to which the pile should be driven^ 
assuming two-thirds of the theoretical passive resistance is developed on the embedded length, y = 19 kN/rtf 
and = 30°. Use approximate method. [Ans. d = 7.35 m'

203. Determine the depth of embedment for the cantilever pile in clay, shown in Fig. P 20.3. The water table is att 
height of 2.5 m above the dredge level on both sides. [Ans. d - 2.20 m, D = 3.30 mJ

Fig. P-20.3. Fig. P-20.4.

20.4. An anchored sheet-pile wall is shown in Fig. P 20.4. Find the fraction of the theoretical maximum pressure o 
the embedded length which must be mobilised for equilibrium. Use the free- earth support method.

Also determine the force in one of the anchors, assuming that they are spaced at 2.5 centres.
[Ans. 0.51; 206.5

203. An excavation 8 m deep is to be made in cohesionless soil (y = 19 kN/m3, = 30°). The sides of the excavatio 
are supported by anchored sheet piles with fixed-end support. Determine the minimum depth of embedment f( 
equilibrium. The anchors are at a depth of 1.5 m below the surface. [Ans. 5.0 n

20.6. For the anchored sheet pile shown in Fig. P-20.6, determine the embedment depth d and the force in the anch< 
per m run. Assume fixed-end conditions. [Ans. 5.00,71 kN/n

20.7. For the anchored sheet pile shown in Fig. P 20.7, determine the theoretical and actual depth of penetration, th 
anchor force per unit length of the wall and maximum moment. Assume free-earth support.

[Ans. 2.40 m; 3.50 m; 39.5 kN, 63.0 kN-n

B. Descriptive and Objective type
20.8- What are different types of retaining walls? Discuss the methods for estimation of lateral earth pressure actir 

on the walls.
20.9. Discuss the principles of the design of retaining walls.

20.10. What are different modes of failure of retaining walls ? Explain with the help of sketches.
20.11. What are different types of sheet pile walls? Draw the sketches showing the pressure distribution.
20.12. Discuss the procedure for checking the stability of a cantilever sheet pile wail.
20.13. How would you check the stability of an anchored sheet pile wall with free-earth support ? What is Rowe 

correction ?
20.14. Describe the equivalent beam method for the analysis of an anchored sheet pile.
20.15. Discuss various methods for providing anchors for a sheet pile wall.
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Fig P-20.6. Fig. P-20.7.
20.16. Write whether the following statements are true or false.

(a) Gravity walls are more economical than cantilever walls.
(b) The lateral pressure on gravity walls is determined using Coulomb's theory.
(c) Rankine’s theory can always be used for the determination of lateral pressure on cantilever walls.
(d) Counterfort retaining walls are more suitable than cantilever retaining walls for greater heights.
(e) Tension develops at the base of the retaining wall when the resultant strikes outside the middle-third.
(/) Backfill should be preferably of cohesive material.
(g) In an anchored sheet pile with free-earlh support, there is no point of inflexion.
(ft) At the point of contraflexure, the shear force is zero.
(i) The ultimate resistance of an anchor depends upon the passive resistance.
(/) Anchors should be placed as near the wall as possible.

[Ans. True, (b), (d), (e), (g), (i)]

C. Multiple Choice Questions
1. The minimum allowable factor of safety against sliding in the case of a cantilever retaining wall is

(a) 2.0 (b) 3.0
(c) 1.50 (d) 2.50

2. In the case of a counterfort retaining wall, tire toe slab acts as a
(a) cantilever (b) continuous slab
(c) simply supported slab (d) none of above.

3. In the case of fixed-earth support of a bulkhead, the stability is provided by
(a) the passive resistance of the soil
(b) the force in the anchor
(c) both (a) and (b)
(d) neither (a) nor (b)

4. Rowe’s correction for free-earth support of a bulkhead depends mainly on
(a) total height of bulk-head
(b) Young’s modulus of pile material
(c) moment of inertia of the pile
(d) all the strove.

[Ans. 1. (c), 2. (a), 3. (c), 4. (d)]
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21
Braced Cuts and Coffer Dams

21.1. INTRODUCTION
(a) Braced Cuts

Deep excavations with vertical sides require lateral supports to prevent cave-in of the earth and to protect 
the adjacent areas against ground subsidence and lateral movement of the subsoil. When excavations art 
shallow and ample space is available, the sides of the excavation can be sloped at a safe angle to ensure 
stability. However, in deep excavations, especially in built-up areas, there may not be adequate space fa 
providing safe slopes.; Moreover, it becomes uneconomical to provide safe slopes because of large quantities

actual pressure
(a) BRACED CUT (b) DEFORMATION (c) PRESSURE ENVELOPE

CONDITION
(Rotation about top)

Fig. 21.1. Braced Cut,

of the earth involved. Excavations which are laterally supported are called braced cuts [Fig. 21.1. (a)]. Tf 
vertical sides of excavations are supported by a sheeting and bracing system. It consists of a relatively 
flexible sheeting placed against the excavation walls. The lateral thrust on the sheetings is resisted b 
horizontal members in compression (struts), known as bracing system. Bracing is provided as the excavati® 
proceeds and the face of the sheeting becomes exposed. Various types of braced sheeting, the forces actin; 
on them and the design of various components are discussed in this chapter.

(Z>) Coffer Dams
The word ‘coffer’ means a casket, chest or trunk. A coffer dam is a temporary structure built to enclost 

an area for excavation of foundation. Coffer dams are used when the size of excavations is very large an: 
sheeting and bracing system becomes difficult, inconvenient or uneconomical. Coffer dams are generalli 
required for foundations of structures, such as bridge piers, docks, locks, and dams, which are built in opc 
waler. These are also used for laying foundations on open land where there is a high ground water table.Z 
coffer dam generally consists of a relatively impervious wall built around the periphery of the proposes 
excavation to prevent the flow of water into the excavation so that the foundation may be laid in dn 
condition (Fig. 212). Various types of coffer dams and their design aspects are considered in this chapter.
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WATER

Fig. 21.2. Coffer Darn.

21.2. LATERAL EARTH PRESSURE ON SHEETINGS
Rankine’s and Coulomb’s theories of earth pressure cannot be used for the computation of lateral earth 

pressure on sheetings, as those theories are applicable to rigid retaining walls rotating at base. The sheeting 
and bracing system is somewhat flexible and the rotation takes place at the top of the wall.

Sheetings are placed against the walls of the excavations when these are shallow. The upper strut is 
placed when the excavation is shallow and little lateral yield of the soil has occurred. As the excavation 
proceeds downwards, the lower part of the face is free to yield inward before the next strut can be placed. 
The inward yield of soil increases with an increase in the depth of excavation. Thus, the sheeting tilts about 
its top [Fig. 21.1 (6)].

Hie method of earth pressure calculations has been developed by Terzaghi based on observations of 
actual loads in struts in full- scale excavations in sand in Berlin and in soft clay in Chicago. Pressure 
distributions against the sheeting have been approximated on the assumption that each strut supports a 
sheeting area. The pressure distribution depends upon the speed at which excavation advances, the care 
taken in the installation of bracing, the soil type and many other factors. The effect of various factors is not 
yet fully understood. However, the results of field studies can be used as a basis for developing earth 
pressure diagram required for the design of bracing system. The pressure distribution diagram recommended 
for design represents an envelope which encompasses the actual pressure distribution diagrams obtained from 

(a) SANO

Fig. 21.3. Apparent Pressure Diagrams.
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the field tests [Fig. 21.1 (c)J. These design pressure diagrams are also known as apparent pressure diagrams.
Fig. 21.3. shows the apparent pressure diagrams suggested by Peck (1969). Fig. 21.3 (a) gives the 

pressure distribution for braced cuts in dry or moist sand. The pressure distribution is uniform with a pressure 
(pa) equal to 0.65 yH Ka, where Ka is Rankine’s earth pressure coefficient, given by

K„ - tan2 (45° - */2)  ...(21.1)

Figs. 21.3 (b) and 21.3 (c) show the pressure diagrams for clay. If (yH/c) is less than or equal to 4, the 
pressure envelope shown in Fig. 21.3 (b) is used. The value ofpa varies between 0.2 yH to 0.4 yH, with an 
average value of 0.3 y H. If (y H/c) is greater than 4, the pressure envelope shown in Fig. 21.3 (c) is used. 
The pressure pa is taken as (yH - 4c) or 0.3 y H, whichever is greater.

Non-uniform soils
1. When the braced cut passes through layers of both sand and clay [Fig. 21.4 (a)], an equivalent value 

of cohesion ce (<j> = 0 concept) is determined using the following equation suggested by Peck (1943).

(a) 1 (b)

Fig. 21.4.

IIHe
.1

SAND 

«».+s
? 

L2

k 
Hn

CLAY 
y1-c1

CLAY
*2,c21

CLAY

*c.9u

CLAY LAYERS

CLAY rn.cn

4 .-^7 + [H - H,)n'q.} ...(21.2)

where H = total height of the cut, ys = unit weight of sand, Hs = height of the sand layer, Ks = a lateral earth 
pressure coefficient (~ 1), = angle of friction of sand, qu = unconfined compressive strength of clay, ri = a

coefficient of progressive failure (average value 0.75).

The equivalent unit weight ye of the layers is determined from the following equation:

7 . -jjtf.H. ...(21.3)

where yc = saturated unit weight of clay layer.

Once the equivalent cohesion ce and equivalent unit weight ye have been determined, the diagram in Fig. 21.3 
(b) or Fig. 21.3 (c) can be used depending upon the value of (yeH/ce).

2. When the braced cut passes through a number of clay layers, the equivalent values of ce and ye are 
determined from the following equations [Fig. 21.4 (b)].

c« = + C2^J + + c„Wn] ...(21.4)

where q, c2...c„ are undrained cohesions of layer 1, 2 ... n and

7/j,H2 are the thicknesses of these layers [Fig. 21.4 (b)].

Likewise, q, - yj [jjHt + q2H2 + ... + q,H„] ...[21.5)



BRACED CUTS AND COFFER DAMS 553

21.3. DIFFERENT TYPES OF SHEETING AND BRACING SYSTEMS
The following types of sheeting and bracing systems for braced cuts are commonly used.
(1) Vertical Timber Sheeting. In this method, vertical timber sheeting consisting of planks about 8 to 10 

cm thick are driven around the boundary of the proposed excavation to some depth below the base of the 
excavation. The soil between the sheeting is then excavated. The sheeting is held in place by a system of 
wales and struts. The wales are horizontal beams running parallel to the excavation wall. The wales are

(a) (b)
Fig. 21.5. Vertical Timber Sheeting.

supported by horizontal struts which extend from side to side of the excavation [Fig. 21.5 (a)]. However, if 
the excavations are relatively wide, it becomes economical to support the wales by inclined struts, known as 
rakers [Fig. 21-5 (!>)]. For inclined struts to be successful, it is essential that the soil at the base of the 
excavation be strong enough to provide adequate reaction.

If the soil can temporarily support itself an excavation of limited depth without an external support, the 
timber sheeting can be installed in the open or in a partially completed excavation.

Vertical timber sheetings are economical upto a depth of 4 to 6 m.
(2) Steel Sheet Piles. In this method, the steel sheet piles are driven along the sides of the proposed 

excavation. As the soil is excavated from the enclosure, wales and struts are placed [Fig. 21.6(a)]. ITie wales 
are made of steel. The struts may be of steel or wood. As the excavation progresses, another set of wales and

Fig. 21.6. Steel Sheet Piles.

struts is inserted. The process is continued till the excavation is complete. It is recommended that the sheet 
piles should be driven several metres below the bottom of excavation to prevent local heaves. If the width of 
a deep excavation is large, inclined bracing may be used. Fig. 21.6 (b) shows the details of joint at J.

(3) Soldier Beams. Soldier beams are H-piles which are driven at a spacing of 1.5 to 2.5 m around the 
boundary of the proposed excavation [Fig. 21.7 (a)]. As the excavation proceeds, horizontal timber planks 
called laggings are placed between the soldier beams. When the excavation advances to a suitable depth,
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Fig. 21.7. Soldier Beams.

wales and struts arc inserted. The lagging is properly wedged between the pile flanges or behind the back 
flange [Fig. 21.7 (£>)].

(4) Tie Backs. In this method, no bracing in the form of struts or inclined rakers is provided. Therefore, 
there is no hindrance to the construction activity to be carried out inside the excavated area. The tie back is 
a rod or a cable connected to the sheeting or lagging on one side and anchored into soil (or rock) outside the 
excavation area (Fig. 21.8). Inclined holes are 
drilled into the soil (or rock), and tensile 
reinforcement (tendon) is then inserted and the 
hole is concreted. An enlargement or a bell is 
usually formed at the end of the hole. Each tie 
back is generally prestressed before the depth 
of excavation is increased further to cope with 
the increased tension.

Use of Slurry TYenches
An alternative to use of sheeting and 

bracing system, which is being increasingly 
used these days, is the construction of slurry 
trenches around the area to be excavated. The 
trench is excavated and is kept filled with a 
heavy, viscous slurry of a bentonite clay-water 
mixture. The slurry stabilises the walls of the Fig. 21.8. Tie Back.

trench, and thus the excavation can be done without sheeting and bracing. Concrete is then placed through a 
tremie. Concrete displaces the slurry. Reinforcement can also be placed before concreting, if required. 
Generally, the exterior walls of the excavation are constructed in a slurry trench.

21.4. DESIGN OF VARIOUS COMPONENTS OF BRACING
(a) Struts. The strut is a compression member whose load-carrying capacity depends upon slenderness 

ratio, Ur. The effective length I of the member can be reduced by providing vertical and horizontal supports 
at intermediate points. The load carried by a strut can be determined from the pressure envelope. The struts 
should have a minimum vertical spacing of about 2.5 m. In the case of braced cuts in clayey soils, the depth 
of the first strut below the ground surface should be less than the depth of tensile crack (Ze), which is equal 

to 2c/y ( see chapter 19).
While calculating the load carried by various struts, it is generally assumed that the sheet piles (or soldier 

beams) are hinged at all the strut levels except for the top and bottom struts.
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[Note. Some designers assume that the sheet piles (or soldier beams) are hinged at all strut levels, except 
for the top].

Fig. 21.9 (a) shows a bracing system with four struts. Figs. 21.9 (b) and 21.9 (c), respectively, show the 
pressure envelopes for sand and stiff clays.

Fig. 21.9.
The reaction R{ per unit length is determined by taking moments of the forces acting on span a d at d, 

and equating them to zero. Once Rv has been determined, the reaction component 7?2' is determined from the 

equilibrium equation in the horizontal direction for the span a d.

The reaction components 7?2" and R3 are determined considering span df ss hinged at d and f.

Thus reaction at J, R2 - R2 + P2"

Hie reaction 7?4 is determined by taking moments about f of the forces acting on f h. The reaction 
component 1?3" is determined from the equilibrium equation for horizontal forces acting on f h. The analysis 

is similar to that of the top strut. Thus reaction at f,

Ry - Ry + Ry"

The strut loads are then computed as under.

x j P2 - (R2 + W ...(21.6)

P3 = (R3 + Ry") s and P4 = Rt x s

where s is the horizontal spacing (perpendicular to plane of paper) of struts.
Proper sections for the struts can be chosen for the respective loads found above.
(b) Wales. Wales are considered as horizontal beams pinned at the strut levels. The maximum bending 

moment will depend upon the span s and the loads on the struts. As the strut loads are different at various 
levels, the maximum bending moments would also be different. For example,

R< s2
- -g-, for the top wale ...[21.7(a)]

R s2
and Maax = —, for the second wale ...[21.7(b)]

Once the maximum bending moments have been computed, the section modulus (S) is computed as

S = ...(21.7)
°all

where 0^1 = allowable bending stress.
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(c) Sheet Piles. Sheet piles act as vertical plates supported at strut levels. The maximum bending 
moments in various sections such as a d, d f and f h in Figs. 21.9 (b) and 21.9 (c), are determined.

Once the maximum bending moments have been computed, the section modulus of the sheet pile can be 
computed and the section chosen.

Other Criteria for Design of Braced Cuts
(1) Braced cuts in clay may become unstable due to heaving of the bottom of the excavation. This is a 

type of bearing capacity failure and is discussed in chapter 23.
(2) Braced cuts in sand are generally stable against heaving failure, but these may become unstable due 

to upward seepage of water into the cut if the water level inside the cut is substantially lower than 
that outside. Piping failures are discussed later along with the design of coffer dams.

(3) The walls of the braced cut may yield laterally and cause ground settlement in the surrounding area. 
This effect should be carefully assessed and suitable measures adopted.

COFFER DAMS

21.5. TYPES OF COFFER DAMS
The following are different types of coffer dams commonly used in practice.
(1) Earth Coffer dams. These are the simplest type of coffer dams well-adapted to depths of water upto 

3 m. Earth embankments are constructed around the area to be dewatered.
The earth coffer dams are built of local soils, preferably fine sand. These usually have a clay core or a 

vertically driven sheet piling in the middle. The upstream slope of the bank is covered with a rip rap (Fig. 
21.10). A successful coffer dam need not be completely watertight. For reasons of economy, it is not possible

Fig. 21.10. Earth Coffer Dam.

to make it watertight and hence some seepage of water into the excavation is usually tolerated. The water 
collected is pumped out of the excavation. The embankment should be provided with a minimum free board 
of 1 m to prevent overtopping by waves.

Sand-bag coffer dams are used in an emergency.
(2) Rockfill Coffer dams. Rockfill coffer dams made of rockfill are sometimes used to enclose the site 

to be dewatered. These are permeable and are usually provided with an impervious membrane of soil to 
reduce seepage (Fig. 21.11). The crest and the upper part of the impervious membrane are provi ded with rip 
rap to provide protection against wave action. Overtopping does not cause serious damage in case of rockfill 
coffer dams. The slopes of a rockfill coffer dam can be made as steep as 1 horizontal to 1.5 vertical.

(3) Single-Sheet Pile Coffer dams. Single-sheet piling coffer dams are generally used to enclose small 
foundation sites in water for bridges at a relativeljvshallow depth. In this type of coffer dams, there is a single 
row of cantilever sheet piles. The piles are sometimes heavily braced. Joints in the sheet piles are properly 
sealed (Fig. 21.12). This type of coffer dams are suitable for moderate-flow velocities of water and for depths 
upto 4 m. The depth of penetration below ground surface is about 0.25 h for coarse sand and gravels, 0.50 h 
for fine sand and 0.85 h for silts, where h is the depth of water.
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Fig. 21.11. Rockfill Coffer Dam.

Sometimes, single-sheet pile coffer dams are provided with earth fills on one or both sides to increase the
lateral stability.

Fig. 21.12. Single-Sheet Pile Coffer Dam.

(4) Double-Wall Sheet Piling Coffer dams. A double-wall sheet piling coffer dam consists of two 
straight, parallel vertical walls of sheet piling, tied to each other and the space between walls filled with soil. 
The width between the parallel piles is empirically set as (h/2 + 1.50 m), where h is height of water (Fig. 
21.13). Double-wall sheet piling coffer dams higher than 2.5 m should be strutted. Sometimes, an inside berm 
is provided to keep the phreatic line within the berm.

The fill material should have a high coefficient of friction and unit weight so that it performs as a 
massive body to give the coffer dam stability against sliding and overturning. Suitable measures should be

Fig. 21.13. Double-Wall Sheet Piling Coffer Dam.
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adopted to reduce the uplift on the coffer dam. 
This is generally done by driving the sheet 
piling on the upstream as deep as possible.

The double-wall sheet piling coffer dam 
has the advantage of having less leakage than 
that in a single-wall coffer dam. These coffer 
dams arc suitable upto a height of 10 m.

(5) Braced! Coffer dams. A braced coffer 
dam is formed by driving two rows of vertical 
sheeting and bracing with wales and struts. 
These arc similar to sheeting and bracing 
system discussed for braced cuts in Sect. 213, 
with one basic difference that braced cuts are 
required for excavations in dry areas whereas 
braced coffer dams are used to isolate a 
working area surrounded by water (Fig. Fig. 21.14. Braced Coffer Dam.

21.14). The braced coffer dams are susceptible to. flood damage.
Land Coffer dams. Braced coffer dams are sometimes used as land coffer dams to prevent ground water 

from entering the foundation pit on land and to support the soil so as to prevent cave in. After the pit is 
dewatered, the structure is concreted. When concreting has been completed above the water level, the coffer 
dam is removed.

(6) Cellular Coffer dams. A cellular coffer dam is constructed by driving sheet piles Of special shapes 
to form a series of cells. The cells are interconnected to form a watertight wall. These cells are filled with 
soil to provide stabilising force against lateral pressure. Basically, there are two types of cellular coffer dams 
that are commonly used.

(i) Diaphragm type (Fig. 21.15). This type of cellular coffer dam consists of circular arcs on the inner 
and outer sides which are connected by straight diaphragm walls. The connection between the curved parts 
and the diaphragms are made by means of a specially fabricated 
/-element. The coffer dam is thus made from inter-connected 
steel sheet piles The cells are filled with coarse-grained soils 
which increase the weight of the coffer dam and its stability.
lite leakage through the coffer dam is also reduced.

To avoid rupture of diaphragms due to unequal pressure on 
the two sides, it is essential to fill all the cells at approximately 
the same rate. One advantage of the diaphragm type is that the 
effective length of the coffer dam may be increased easily by 
lengthening the diaphragm.

(ii) Circular type (Fig. 21.16). It consists of a set of large 
diameter main circular cells interconnected by arcs of smaller 
cells. The walls of the connecting cells are perpendicular to the 
walls of the main circular cells of large diameter. The segmental 
arcs are joined by special T-piles to the main cells.

The circular-type cellular coffer dams are self-sustaining, 
and therefore independent of the adjacent circular cells. Each 
cell can be filled independently. The stability of such cells is 
much greater as compared with that of the diaphragm type. 
However, the circular cells are more expensive than the 
diaphragm type, as these require more sheet piles and greater skill in setting and driving the piles. Because 
the diameter of circular cells is limited by interlock tension, their ability to resist large lateral pressure due to 
high heads is limited.

(b) SECTION A-A

Fig. 21.15. Diaphragm Cellular Coffer Dam.
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Fig. 21.16. Circular Cellular Coffer Dam.

21.6. DESIGN OF CELLULAR COFFER DAMS ON ROCKS
'Hie design of circular, cellular coffer dams can be done using one of the following methods.
(i) TVA method, (ri) Cumming’s method, (/ii) Brinch-Hansen method.
The TVA method is more common and is discussed below.
(1) Location of Saturation Line. For determining the weight of the soil in the cell, it is required to 

locate the saturation line. TVA (Tennessee Valley Authority) engineers gave the approximate location of the 
saturation line for different types of fill materials, as shown in Fig. 21.17. For a perfectly draining fill, the 
saturation line is shown in Fig. 21.17 (a). The lower half may be assumed saturated for analysis. For other

Fig. 21.17. Location of Saturation Line.

type of fill, the saturation line at a slope of 2 : 1 is assumed [Fig. 21.17 (b)]. In case of a berm, the saturation 
line drops down to the top of the berm [Fig. 21.17 (c)]. For stability analysis, two extreme locations (marked 
1 and 2) of saturation line should be investigated in this case.

(2) Average Width. The design of a coffer dam is made for a section 1 m long and of uniform, average 
width. The average width is obtained by equating the section modulus of the equivalent rectangular section to 
the actual section modulus. An approximate value of the average width may, however, be obtained by 
equating the equivalent rectangular area to the actual area of the coffer dam between centre to centre. Thus 

.,, .,, area of one main cell + area of one connecting cellAverage width (b) = -------------------------------------—------------------------------2------- ...(21.9)

where 2L = distance between centre to centre of main cells.
The TVA engineers gave the following relations for computing the average width.
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b - 0.785 D (For90°rs) ...[21.10(a)]

and b = 0.8750 (For 60° Vs) ...[21.10(&)]
where D is the diameter of the main cell.
The above values of the average width are assumed in the preliminary analysis The actual width to be 

provided is obtained after the stability analysis.
The diameter (O) of the main cells is chosen depending upon the height (IT) of the coffer dam. Tie 

diameter (D) of the main cells is given by
O = 1.0H to 1.2H ...[21.11(a)] ।

The diameter of the connecting cells (O,) is given by

Oj = 0.6 D ...[21.11(h)]

The circular, cellular coffer dams are economical upto a total height (H) of 15 to 18 m.

(3) Safety against sliding. The coffer dam is subjected to a horizontal sliding force due to water pressure 
and earth pressure. The sliding is resisted by the frictional resistance at the base of the coffer dam. If berms 
are provided on the interior side, the passive earth pressure also helps in resisting the sliding (Fig. 21.18). 
Thus the factor of safety against sliding,

Fig. 21.18. Sliding Analysis.

P Resisting force _ Pf + Pp
s Sliding force " Pd

F ^W'PP

Pd

...(21.12)

...(21.13)or

where p = coefficient of friction (= tan <£), W = total weight of fill (submerged weight below saturation line), 
Pp = passive resistance of the berm on dry side.
Pd = driving force due to water and soil on the water side.
Pf = resisting force at the base.

A factor of safety of at least 1.25 is generally recommended.

(4) Safety against Overturning. Tie coffer dam should be safe against failure due to overturning at toe. 
Neglecting the passive resistance of the berm, the factor of safety against overturning is given by

F Resisting moment
° Overturning moment ‘ '

The factor of safety (Fo) should be greater than 2.0.

Further, as the soil cannot resist tension, the resultant of the forces must lie within the middle third. Tie 
eccentricity (e) is determined after '.ocating the point where the resultant strikes, as the case of retaining walls 
(see Chapter 20). Thus
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e s b/6

or
6PrfZ

...[21.15(6)]

where Z = height of the line of action of Pd above the base.

(5) Safety against slipping. As the cell tends to tip over the toe, the 
fill material has the tendency to run out (Fig. 21.19). The piles on the 
Water side creep upward as (me unit, but the piles on the dry side slip 
relative to each other. This behaviour occurs because the frictional 
resistance between the fill and the piles on the water side is smaller than 
the frictional resistance along the interlock.

On the water side, the 'force Pd pushes the pile against the fill. The 
frictional resistance between the pile and the fill is equal to y.' Pd. The 

factor of safety against slipping is given by

„ Frictional resistance against upward movement 
----------------------- Upward force-------------------------- • <2116)

...[21.15(a)]

Fig. 21.19. Slipping Analysis.

The value of friction coefficient p' is equal to tan 6, where 6 is the angle of friction between the fill and the 

pile.
The minimum width b required can be obtained by taking moments about the toe. Thus

Pd x Z x Fsp = Prftan6 x b

ZF'n
or b = -—f ...(21.7)

tan 6 '

The value of Fsp is usually taken as 1.25.

If the sheet pile is embedded in the rock for a substantial depth, the effect of the active pressure and the 
passive pressure should also be considered when summing up the moments about the toe.

(6) Safety against vertical shear. The cell may fail due to vertical shear developed along a plane through 
its centre line. The maximum shear (Vmnx) is obtained by computing the maximum bending moment acting on 

the cell, considering it as a vertical cantilever.
Thus Vmx - 3M/(2Z>) ...(21.18)

where M = bending moment due to external forces above the base.

For stability, the shearing resistance developed must be greater than Vmax.

The shearing resistance is equal to the sum of the shearing resistance of soil (SJ and the resistance due 

to interlock (S2) obtained as follows:

| L ‘“"t ...[21.19(d)]
2 2 - cos <]>)

or S, - |-r.H2Ktan« ...[(21.19(6)]

where K = coefficient of earth pressure having a value greater than that for the active pressure,
4> = angle of internal friction of the cell fill,

and = average unit weight of soil.

The resistance S2 is equal to the interlock tension T multiplied by the coefficient of friction (f).

S2~f ■ T

The maximum pressure is developed at a height of (3/4) Hf above the base, where Hf is the height of cell 

above the point of fixity. Thus
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r - I T. »p/4 Hf)K.

Therefore, S2 - | ...(21.20)

The coefficient of interlock friction f is generally taken as 0.30.
The factor of safety against vertical shear is given by

Si + So
Fv ' “KZT • ”'(21'21)

The factor of safety Fv should not be less than 1.25.

(7) Stability against bursting. The cell should be safe against bursting. The stability against bursting 
depends upon the interlock stresses. The interlock stresses are quite complicated and cannot be determined 
accurately. TVA engineers gave the following expression for the ring tension (Tm„) for 90°-Tees.

Tnua=pLsecQ ...(21.22)

or 7^ - pD/2 ...[21.22(a)]

where p = horizontal pressure due to cell fill, given by

p - •faH’Ka + fwHw ...(21.23)

in which IF = depth of soil upto that level, Hw = water depth,

6 = angle which the T makes with the axis.
L = one-half the distance between centres of main cells.

The maximum ring tension occurs at the lower quarter point (ie. Hf/4 above the rock or ground surface).

The computed maximum interlock tension should not exceed the allowable tension (TM). The factor of 

safety against bursting is given by

r. Tall
Fb- — ...(21.24)

The value of TM is usually taken as 1500 kN/m .

The value of Fb should be at least 1.25.

21.7. DESIGN OF CELLULAR COFFER DAM ON SOIL
The procedure for the design of a coffer dam embedded in deep soil is similar to that for a coffer dam 

resting on rock, as discussed in Sect. 21.6. However, the following additional requirements must be satisfied.
(i) The sheet pile in sand must be driven to such a depth that the bearing capacity at that level is greater 

than the vertical force acting on the pile. A minimum factor of safety of 1.50 is generally recommended.
The maximum vertical force per unit length (Q) developed is equal to the frictional resistance between 

the fill and the pile and is given by

0 . l-(//!KaianS ...(21.25)

where H = height of cell above top of the stratum, Ka = coefficient of active earth pressure,
6 = angle of friction between fill and pile, y = unit weight of cell fill.

Factor of safety - ...(21.26)

where = ultimate load capacity against bearing capacity failure (see chapter 23).

(ii) If the coffer dam is embedded in clay, the ultimate load capacity is given by
QuU - (5.7 c)b

where c = unit cohesion.
The ultimate load capacity should be greater than the fill load. The factor of safety is given by
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Quit 5.7 cb 
Fillload “ ybH

or F - ...(2127)

or ll - ...[21.27(a)]

1 A minimum factor of safety of 1.50 is recommended.

(/«) If the coffer dam is embedded in soft to medium clay, it should be safe against tilting caused by 
unequal settlement. The tilting can be estimated from the compressibility characteristics of the soiL

(fv) Cellular coffer dams on a deep sand deposit should have sufficient factor of safety against piping 
failure.

Fig. 21.20 shows a coffer dam founded on deep sand bed. Water percolates under the base of the coffer 
dam and rises up in front of the toe. The flow net can be drawn as shown. The flow lines are almost vertical 
in front of the toe. If the seepage pressure is equal to or greater than the submerged unit weight, quick 
(boiling) conditions may develop. The factor of safety against boiling is given by (see chapter 10)

F - X ...(21.28)

where i = hydraulic gradient at exit ( = A h/l), &h = drop between last two equipotential lines,

I = length of the last flow field.

If the factor of safety is less than 1.50, a loaded filter is provided as shown to increase the downward 
force without increasing the seepage pressure.

The factor Of safety can also be increased by reducing the gradient i by driving the sheet pile deeper or 
by reducing the effective head by permitting some water depth on the inner side.

The depth of the sheet pile below the ground surface is generally kept at least equal to two-thirds of the 
height of the coffer dam.
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ILLUSTRATIVE EXAMPLES

Illustrative Example 21.1. Determine the loads in the three struts shown in Fig. E-21.1 (a). The centre 
to centre spacing of the struts along the length of the cut is 2.50 m. The soil is stiff, fissured clay (y = 19 
kN/m3, c = 40 kN/m?). Also determine the maximum bending moments in wales and sheet piles.

x = 19 kN/m3 
c= 40 kN/m2

Fig. E-21.1.

c i 19 * 6-° TOC ASolution. J— = -----—---- - 2.85 < 4
c 40

Therefore, the pressure distribution is as given in Fig. 21.2 (i>). The value of the earth pressure is given 
by

pa = 0.3 v 7/ - 0.3 x 19 x 6- 34.2kN/m2

(a) Strut loads. Let Ri,R2 and R3 be the reactions per unit length in three struts at levels A, B and C, 
respectively.

Taking moments of all the forces acting above point B,
34 2 x 1 50

Ri x 2.0 - —- - (150 + 0.50) + 34.2 x 1.5 x 0.75

or Rt = 44.9 kN

From the horizontal equilibrium of the portion AB,

Ri + R2' - —2 y 1,50 + 34.2 x 1.50 - 77.0

R2' - 77 - 44.9 - 32.1 kN

From symmetry, R2' = 32.1 kN and R3 = 44.9 kN

Thus R2 = R2' + R2" - 32.1 + 32.1 - 64.2 kN

From Eq. 21.6, the strut loads are given as

Pi - Ri x s - 44.9 x 2.5 - 112.3 kN

P2 = (R2' + Ri) s - (32.1 + 32.1) x 2.50 - 1605 kN

P3 - 44.9 x 250 = 1123 kN

(b) Wale. The maximum bending moment occurs in the wale at level B. From Eq. 21.7,

M™, - -1 * 32-1) (2.5)2 - 50 kN-m

(c) Sheet pile. Fig. E-21.1 (c) shows the shear force diagram for the vertical sheet pile. The shear force 
is zero at point D at a depth x below top point E. The depth x is determined from the shear force equation.
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| x 34.2 x 1.50 + (x - 1.5) x 34.2 - 44.9 - 0 or x - 2.06 m

The maximum bending moment in the sheet pile occurs at D.

| x 34.2 x 1.50 x 1.06 + (0.56 x 34.2) x 0.28 - 44.9 x 1.06 - 15.0 kN-m

Illustrative Example 21.2. Determine the forces in the struts for the bracing system shown in Fig. 
E-21.2. Assume hinges at levels B, C and D. Take y = 18 kN/m3, c = 30 kN/m2 and s = 2.0 m.

Fig. E-21.2.

Solution. . 1^0“08 . 4.80 > 4.0

The pressure distribution shown in Fig. 21.2 (c) is applicable in this case. Therefore, 

pa - yH - 4c - 18 x 8 - 4 x 30 - 24kN/m2

Alternatively, pa ■ 0.3 yH - 0.3 x 18 x 8 • 43.2kN/m2

Adopt larger of the two values, viz, 43.2 kN/m2

The reaction in strut (1) is determined by taking moments about B, of the forces acting above that level.

Ri x 2.5 - | x 2 x 43.2 x 2.667 + (2 x 43.2) x 1.0

or Rr - 80.6 kN

Now Pi - 80.6 x 2 - 161.2 kN.
From horizontal equilibrium of the portion above B,

Ri + Rz - | X 2 X 43.2 + 2 X 43.2 - 129.6

Rf - 129.5 - 80.6 - 49.0 kN

From horizontal equilibrium of the portion BC.

R2" + R3 - 43.2 x 2.5 - 108.0

or R2' ■ R3 - 54.0
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Therefore, R2 - Rf + ^2" - 49 + 54 - 103 kN

Now P2 - 103 x 2 = 206 kN

Likewise, from equilibrium of the portion CD,

Ri" + /?4 - 1.5 x 43.2 - 64.8

R3" - - 32.4 kN

R3 - R^ + R3" - 54.0 + 32.4 - 86.4 kN

Now P3 - 86.4 x 2 - 172.8 kN

Illustrative Example 213. Design a circular, cellular coffer dam of total height 15 m resting on rod 
(Fig. E-21.3). Take allowable interlock tension of 1500 kN/m, <j> = 30°, 6 = 25°, K = 0.60, f = 0.30,

Solution. Saturation line is taken as shown in Fig. 21.17 (a), assuming a perfectly draining fill.

The average unit weight of soil, taking half of the fill as submerged, is given by

Preliminary section
From Eq. 21.11 (a), D = 1.2 H = 1.2 x 15 = 18 m.

From Eq. 21.10 (b), b = 0.875 x 18 = 15.75. Let us take b = 16 m.

Safety against sliding
Weight of fill = 14 x 15 x 16 = 3360 kN

Weight of steel shell = 50 kN (say)

Total weight W - 3360 + 50 - 3410 kN

Active pressure, Pa = ~ x j x 9.0 x (4)2 = 24 kN

Passive pressure, Pp = ±KpyHi = x 3 x 19.0 x (4)2 = 456 kN 

Water pressure, Pw = | x 10 x 152 - 1125 kN

From Eq. 21.13, factor of safety against sliding,
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Neglecting Pp,

= Wtanfr + Pp 3410 tan 30° + 456 
' Pd " 1125 + 24.0

„ 3410tan30° , , ...
F.---------- -----------------171 (sale)

Safety against overturning

From Eq. 21.14,
Resisting moment about toe 

Overturning moment about toe

„ 3410 x 16/2 27280 . „ ...
" F- ■ 1125 473 ■ 3657" ’ W (S3fc)

The eccentricity will be within the middle third if

where
- 1125 x 15/3 + 24 x 4/3 . „
z--------iSsTa------- 492 ”

Therefore, S-?!49,*/-92 - 12.™ m.
14 x 15

As b > 12.70 m, the eccentricity is within middle third.

Safety against slipping

From Eq. 21.17,
„ btan6 16 tan 25° 

sp’ Z “ 4.92

- 1.52 > 1.25 (safe)

Safety against vertical shear

From Eq. 21.21, Fv =

where Sj = | Yfl H2 Ktan <j> - | x 14 x (15)2 x 0.6 tan 30° - 545.6 kN

and S2 - | ya HHfKaf

Taking Hf = 13 m, S2 = x 14 x 15 x 13 x j x 0.3 = 102.4 kN

From Eq. 21.18, - | x ^ - | x - 530.3 kN

Therefore, Fv = 545'^ot 3 02-4 “ I-22 (slightly unsafe)

Safety against bursting
Pressure at a height of H/4 (From Eq. 21.23),

p - 14 x (13 x 3/4) x 1/3 + (13 - 1) x 3/4 x 10 - 135.5kN/m2 

- pL sec O - p x D/2 - 135.5 x 18/2 - 1219.5 kN

From Eq. 21.24, Fb - - 1.23 (slightly unsafe)
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PROBLEMS

A. Numerical
21 .1. For the long braced cut shown in Fig. P 21.1. draw the earth pressure envelope and determine the strut loads, 

assuming a spacing of 2 m. Take y = 18 kN/m3, c = 30 kN/m2. [Ans. 85.1, 60.8, 85.1 kN]

212. For the braced cut shown in Fig. P 21.2, draw the earth pressure envelope. Determine the loads in struts (1), (2) 
(3) and (4). assuming that the struts are hinged at levels 2, 3 and 4. The spacing of the struts is 2.5 m. Take 7 
= 18 kN/m3 and c = 30 kN/m2. [Ans. 201.8, 257.5, 216.81, 81 kN]

213. Check the stability of the circular, cellular coffer dam shown in Fig. P 21.3. Take y = 18 kN/m3, <|> = 30°, 6 = 

25°, K = 0.6, f = 0.3, Tdi = 1500 kN/m. The diameter of the main cells is 15 m.

Fig. P-21.3.

21.4 . Determine the factor of safety against piping failure of the coffer dam founded on a deep sand bed shown in 
Fig. P 21.4. Take G = 2.67 and e = 0.67.

B. Descriptive Types.
21.5 . What is a coffer dam ? Name the different types of coffer dams and discuss their relative advantages and 

disadvantages.
21.6 . Discuss the method for the design of a circular, cellular, coffer dam on rock.
21.7 . Compare diaphragm cellular coffer dams and circular coffer dams.
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Fig. P-21.4.

21.8 . Sketch a typical section of a braced cut and show the various components.
21.9 . Draw different types of apparent pressure diagrams used in the design of braced cuts. What are the factors that 

affect the pressure distribution?
21.10 . Describe the methods for the design of various components of a braced cut, stating clearly the assumptions 

made.
21.11 . How the design of a cellular coffer dam on rock differs from that on a soil bed?

C. Multiple Choice Questions.
1. For the design of braced cuts, the earth pressure distribution is based on 

(«) Coulomb’s theory (/>) Rankine’s theory
(c) apparent pressure diagram (</) none of above.

2. In the design of braced cut. it is generally assumed that the sheet pile is
(a) hinged at all the strut levels.
(/>) fixed at all the strut levels.
(c) hinged at all the strut levels except the top and bottom struts. 
(</) none of above.

3. The diameter of the cell of a cellular, coffer dam is usually kept
(a) 0.5 H lb) 0.80 H
(c) 1.2 H (<H0H
where H is the height of the coffer dam.

4. Single-sheet pile coffer dams are suitable upto a height of
(a) 5 m lb) 10 m
(t) 15 m (</) more than 15 m

5. The factor of safely against piping when i = 0.75 and y' = 9 kN/m’ is about 
la) 1.20 (h) 1.00
(e) 0.80 Id) 0.75
For a cellular coffer dam embedded in clay, the factor of safety against bearing failure when c = 60 kN/m2, H 
= 15 m and y = 18 kN/nv is about 
la) 1.10 lb) 1.27
(c) 1.40 Id) 0.80

[Ans. I. (c). 2. (c). 3. (c), 4. la). 5. la). 6. (*))
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Shafts, Tunnels and Underground Conduits

22.1. STRESSES IN SOIL IN THE VICINITY OF A VERTICAL SHAFT
Fig. 22.1 shows the section through a vertical shaft of radius ro. It is an axis-symmetrical case of stress 

distribution. The stresses at any point P(r, z) before the excavation of the shaft are given by (see chapter 11).

(0Z); - yZ ...[22.1(a)]

(a,); -KoyZ ...[22.1(6)]

and (o0), - KoyZ ...[22.1(c)]

where oa are respectively, the vertical stress, horizontal radial stress and horizontal circumferential 
stress (hoop stress). The suffix i indicates initial stresses, y = unit weight of soil, Ko = coefficient of earth

Fig. 22.1. Stresses near vertical shaft.

The shear stresses arc zero, as all the three stresses are principal stresses. Because the shear stresses 

on all cylindrical surfaces within the soil mass are zero, the material located within the boundaries of the 
proposed shaft can be replaced by an equivalent liquid of unit weight yz equal to Ko y, without changing the 

state of stress in the soil. The horizontal pressure p due to the equivalent liquid is given by

p-y/Z-K^Z ...(222)

As the pressure p is equal to (or); or (o0),-, there is no effect on the stresses in the soil in the vicinity of 
the shaft.



SHAFTS, TUNNELS AND UNDERGROUND CONDUITS 571

s

ss 

)■ 

)] 

)] 

)] 

al 
th

The stresses due to equivalent liquid pressure can be found using Lame’s formulae for thick cylinders 
(see any text on strength of materials). According to which,

(Oj, - 0

(a,), - pr^r2 - K. y Z (rj/r2) .. .[22.3(h)]

and ;v>2- K,7Z(r>2) ...[22.3(c)]

where suffix p indicates that the stresses are due to pressure p of the equivalent liquid.
After the shaft has been excavated, the shear stresses and the radial stresses on the interior surface are 

zero. The effect of excavating the shaft can be considered equivalent to that of pumping the liquid out of a 
cylindrical hole whose dimensions are identical with those of the shaft (Biot, 1935).

Thus the stresses at any point after the excavation of the shaft can be obtained by superposition of the 
initial stresses (Eq. 22.1) and those due to pressure (Eq. 22.3). The stresses due to pressure are taken as 
negative because the liquid is pumped out, which corresponds to a negative value of p.

Therefore, o£ = (o2); - (o2)p = yZ ...[22.4(a)]

a, - K.yZ-(a,)r - H„yZ(l - r’/r2) ...[22.40)]

oB - (o,), - (<%), - K„yZ (1 * z2//) .-(22.4(c)]

Fig. 22.1 also shows the variation of stresses on a horizontal plane in the soil mass. The vertical stress 
(oz) is constant and equal to yZ, and is independent of r. The radial stress (or) is zero at r - ro. As r 
increases, ar increases. The curve becomes asymptotic. As r tends to infinity, o, approaches a value of 
KoyZ. The circumferential stress (a0) is equal to 2K0yZ at r = r0. As r tends to infinity, o0 also tends to a 
value KoyZ. In other words, at infinite radial distance, the stresses reduce to those given by Eq. 22.1 a to c.

The above stresses have been derived assuming that the soil is elastic, homogeneous and isotropic. These 
assumptions are seldom justified. Moreover, the circumferential stress (o0) in the vicinity of the shaft is very 

high (= 2 KoyZ) which may cause plastic flow of the soil. This may lead to a state of plastic equilibrium. 
Consequently, the actual stresses in the soil in the vicinity of the shaft may be somewhat different from those 
given by the elastic theory. The elastic theory is used as it is simpler than more advanced theories.

22.2. STRESSES IN SOIL AROUND TUNNELS
Fig. 22.2 (a) shows a tunnel of internal radius r„, with its centre line at a depth of Z„ below the ground 

surface. Let or and o0 be the radial stress and circumferential stress at any point P (r, Z). Before the 

excavation of the tunnel, the stresses are given by Eq. 22.1 as

(ar)f = KoyZ and (o0), = K^yZ

Fig. 22.2. Stresses anound a tunnel.
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where y is unit weight of soil.

Taking K„ = 1 and Z = Z„

(ar)i -yZ„ ...[22.5(a)]

and (o0)i - yZ0 ...[22.5(b)]

As in the case of a shaft (Sect. 22.1), let us imagine that proposed tunnel is filled by an equivalent liquid 
of unit weight yi under a pressure given by p - yt Z.

If the depth Zo is large compared with ro, the liquid pressure on the tunnel may be taken as constant. Thus

Po - tiZo - yZ

The stresses due to the liquid pressure on the tunnel can be determined using Lame’s formulae for thick 
cylinders.

(o,U - P. - tl Z. ■ ■ .[22.6(a)]

and - -f, Z„(rjz?) ...[22.6(6)]

The stresses after the excavation of the tunnel can be obtained from the superposition of Eqs. 22.5 and 
22.6, taking the latter with negative values as it corresponds to pumping out of the liquid. Thus

a, - ti Z. - tl Z. (ij/r2) - tl Z. (1 - .. .[22.7(a)]

and o, - 7,Z. + f.Z, (r>r2) - T,Z. (1 + ^Z,s) ...[22.7(h)]

Fig. 22.2(b) shows the stress distribution on a horizontal plane in the soil mass. At the interior surface, r - rv

Therefore, ar - 0 and o0 - 2 yt Zo - 2 y Zo

As r tends to infinity, both a, and a0 tend to approach asymptotically a value of y, Zo = y Z„.

The actual stress distribution may be different, as the soil is not a purely elastic material. Further, it has 
been assumed that the value of Ko is unity which is not justified. The solution is valid when the depth Zo is 
very large compared with the radius of the tunnel (ro). If the tunnel is located close to the ground surface, the 

result would be erroneous. The solution becomes complicated when all these aspects are considered.
If the support system of the tunnel yields and allows an inward, or radial deflection, of the walls, the 

radial stress ar reduces but the circumferential stress o0 increases. The minimum value of a, is attained when 
the circumferential stress becomes equal to the compressive strength of soil (or rock). At this stage, a state of 
plastic equilibrium is established. The radial deflections may further increase and ar is also likely to increase. 
If the maximum circumferential stress (= 2 yZo) is less than the compressive strength of soil (or rock), 

theoretically no support is required for the tunnel. The deformations must be controlled by providing 
sufficient restraints to prevent the soil from attaining a plastic equilibrium which would require substantially 
greater support loadings.

223. CONSTRUCTIONS OF EARTH TUNNELS
Earth tunnels are constructed by excavating from below. The 

procedure is similar to one used in mining. The method of 
construction used would depend upon the ability of the soil to 
support itself temporarily during construction and also on the 
magnitude of the pressure ultimately developed against the support 
system. The factors affecting these parameters are the tunnel depth, 
tunnel diameter, the properties of the soil and the ground water 
table. Most tunnels in soil require support during construction and 
also permanent support after the construction.

In a relatively firm soil above the water table, the excavation 
starts at the tunnel roof and progresses downwards in increments. 
The initial incremental excavation is made and is supported by a Fig. 223. Construction of an earth tunnel.
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liner plate (Fig. 22.3). The liner plates are flanged steel plates, which when bolted to similar plates form a 
continuous wall. Sometimes, in place of a liner plate, laggings, which are wooden or steel horizontal planks 
braced by steel frames, are used. The next increment is then excavated and the process repeated until the 
complete section has been excavated. If required, the liner can be stiffened with curved arches.

In a very soft soil, a cylindrical temporary support, known as shield, is jacked through the soil. The face 
of the tunnel is supported by a bulkhead fitted with doors through which excavation of a limited portion of 
the face can be done. The permanent lining is constructed inside the shield after some excavation has been 
done. Hie shield is then jacked ahead and the process repeated.

In sand, a tunnel requires support during construction as well as permanent support after construction.

22.4. ARCHING IN SOILS
Arching is a phenomenon that occurs when a yielding part of a soil mass transfers pressure to adjoining 

soil mass which is less yielding or rigid. The action is similar to one in a structural arch which transfers the 
load to abutments. When a part of the soil 
mass yields, it has a tendency to move out 
of its original position. This tendency is 
resisted by the shearing resistance at the 
zone of contact between the yielding and 
non-yielding parts. Consequently, the 
pressure on the yielding part is reduced, 
whereas that on the non-yielding parts is 
increased. The soil thus arches over the 
yielding part and transfers the load to the 
non-yielding parts which act as abutments.

Fig. 22.4 shows a long narrow section 
of the layer of soil having a yielding part 
supported on a deflecting structure. 
Although the actual failure surfaces are 
curved, for simplicity, the analysis is 
usually based on the assumption of 
vertical slip surfaces (Terzaghi, 1943). As 
the structure and the soil above deflect 
downward, the shear resistance develops 
between the soil above the yielding part and that in the non-yielding part. It is generally assumed that the 
shear stress mobilised is equal to the shear strength of the soil. An expression for the vertical stress can be 
determined as under.

Let us consider the equilibrium of a yielding slice of thickness dz at depth z from the soil surface. The 
slice is of width B and unit length perpendicular to the plane of the paper. The slice is in equilibrium under 
its own weight dW, the vertical earth pressures on the upper and lower surfaces, and the shear strength (y) 
produced by the lateral earth pressure. Thus

dW + B oz - B (az + doz) + 2 s dz

Substituting dW = y Bdz, and s - c + ax tan , 

where ux - Kaz,

y B dz + B oz = B (az+ daz) + 2 [c + K oz tan $] dz

or yBdz + Boz ■ Baz +Bdoz+ 2cdz + 2Kaztan^dz

or B daz - (y B - 2c - 2 K oz tan <p) dz

daz / 2c 2Ka, tan <p \
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At the upper surface (z = 0), the vertical stress (o2) is equal to the surcharge q.

The solution of Eq. (a) with these boundary conditions becomes,

B(y-2c/B) r _ - 2K (z/B) tan 4> 1 . - 2K (z/B) tan *
2Ktan<|> L J *

If <j> — 0, Eq. (a) after integration becomes

...(22.8)

...(22.9)

...(22.10)

...(22.11)

If c = 0 and q = 0, Eq. 22.8 becomes

°> ZKIan^i1

At z » a®, Oz = .2 K tan <j>
Terzaghi’s experimental results indicate that the value of K varies from about unity immediately above 

the centre of strip to a maximum of about 1.5 at a height of approximately B above the strip.
It has been found by Terzaghi from experiments on dry sand that the shearing resistance of sand is 

mobilised for a height of about 2.5 B above the yielding strip. Let Zj be the depth of sand in which there are 
no shearing stresses and z2 be the depth in which shearing resistance develops. The vertical stress az on the 
yielding strip can be obtained by making the following substitution in Eq. 22.8.

c = 0, q - yzb and z - z2 = nB, where n = 2.5 for sands.

Thus [i _c-2K«»nt] f .. .(22.12)
ZK tan <p._L J

Eq. 22.12 can be used for the determination of the vertical stresses.
The phenomenon of arching can be demonstrated by a simple test illustrated by Fig. 22.5. It consists of 

a platform fitted with a trap door AB. The trap door is mounted on a weighing scale (not shown). The depth 
H of the dry sand layer over the trap door is very large in comparison with the width of the trap door. The 
pressure on the trap door and that on the adjoining platform each is equal to y H when the trap door occupies 
its original position. However, when the trap door is allowed to move slightly in the downward direction, the 
pressure on the door decreases considerably, as shown by the weighing scale, whereas that on the adjoining 
parts of the platform increases. As the prism of sand located above the door moves downward, the shear

Fig. 22.5. Demonstration of Arching.
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stresses along its lateral boundaries AD and BC resist it and, therefore, the pressure on the trap door is 
decreased.

The pressure becomes constant after a small movement. It has been established that the ultimate pressure 
on the trap door is independent of the depth H of the layer of sand above it. Only a small portion of the soil 
prism, shown by the area ABE, contributes to the pressure on the trap door. If the sand has even a trace of 
cohesion, it will not drop out even if the trap door is removed.

22.5. TYPES OF UNDERGROUND CONDUITS
Underground conduits are used for sewers, drains, culverts, water mains, gas lines, electrical cables, 

telephone lines and many other purposes. The underground conduits should be capable of supporting all 
external loads. If the conduit is under pressure, it should also be strong enough to withstand internal pressure 
under extreme conditions. In this text, the forces acting on the conduits due to only external loadings are 
considered. These forces depend upon a number of factors such as the buried depth, rigidity of the conduit, 
method of installation, preparation of conduit bedding, live and dead loads acting on the conduit. For purpose 
of analysis, the conduits are classified into the following types.

(1) Ditch Conduits. (2) Positive Projecting Conduits,
(3) Negative Projecting Conduits, (4) Imperfect Ditch Conduits
(5) Tunneled Conduits.
The loading on different types of conduits are discussed.

22.6. DITCH CONDUITS
A conduit installed in a relatively narrow ditch in 

undisturbed soil and then covered with earth backfill upto 
ground surface is called a ditch conduit (Fig. 22.6). This 
type of conduits are normally installed for sewers, drains, 
water mains, gas mains, etc. The width Bd of the trench is 
generally not greater than 2 to 3 times the conduit 
diameter Bc.

The loading imposed on to the buried conduit can be 
obtained by considering the equilibrium of an elemental 
slice of thickness dh at a depth h below the ground 
surface. Let V be the vertical load on the top surface of the 
slice and (V + dV), on the bottoms surface. Let dW be the 
weight of the slice, which is equal to yBddh per unit 
length. The horizontal pressure (a,) on the vertical sides is 
equal to K times the vertical pressure, where K is the 
coefficient of lateral pressure. Thus

ax - K(V/Bd)dh

Fig. 22.6. Ditch Conduit

The shearing resistance (S) developed along the sides in the vertical direction is equal to p' times the 
horizontal pressure, where p' is the coefficient of sliding friction between the backfill material and the trench 
wall. Thus

S = p' a, = \i.'K(V/Bd)dh

When the elemental slice has a tendency to move downwards, the shear resistance S acts upwards. From 
the equilibrium equation in the vertical direction,

V+ dV + 2S - V+ yBddh

or dV - y Bddh - 2S

or dV - yBd dh - 2Kp' (y/Bd) dh

The solution of the above differential equations is
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l e-2Kn'(h/Bd)

2Kn'

At the lop of the conduit, h = II. Therefore, 

, [ i_e-2Kn'(/Wl —I -<2213>

If the ditch has sloping sides, the value of Bd is taken equal to the width of the horizontal tangential 
plane at the top of the conduit [Fig. 22.7(a)]. If the ditch is very wide, the conduit is laid in a sub-ditch to 
reduce Bd and hence to reduce the load on the conduit [Fig. 22.7(b)].

(a) (b)
Fig. 22.7.

The load (We) carried by the conduit depends upon the rigidity (stiffness) of the conduit in comparison 
with that of the fill material between the sides of the conduit and the sides of the ditch. In the case of a very 
rigid conduit, the side fills arc relatively compressible and the conduit would carry practically all the load V.

. -2 W(H/Bd)
From Eq. 22.13, c ---------- ...(22.14)

or We-Cdfl& ...(22.15)

i_ -2K^(H/B^
where Cd ----------- ------------------- ...(22.16)

The coefficient Cd is known as the load coefficient for ditch conduits. The values of Cd for different 
values of H/Bd and K p' can be obtained from Fig. 22.8. The ranges for the values of Cd for cohesionless 

soils and cohesive soils are shown hatched.
If the conduit is relatively flexible and the soil is thoroughly tamped around the conduit, the stiffness of 

the side fills may approach that of the conduit. The load on the flexible conduit is reduced because some of 
the load is carried by the side fills. The load carried by the flexible conduit is obtained by multiplying the 
value given by Eq. 22.15 with the ratio (Bc/Bd), where Bc is the diameter of the conduit. Therefore, for 
flexible conduits, the load is given by

Wt - CdyBeBd ...(22.11)

Eq. 22.13 has been derived assuming that the arching effect is achieved without soil cohesion. Actually, 
some cohesive resistance develops in the vicinity of the trench which would reduce the loading on the 
conduit. Therefore, Eq. 22.13 is conservative. Field observations indicate that the load at the time when the 
fill is completed is about 80 to 90% of the final load. The load keeps building up because of strains occurring 
in the soil in the zones along the vertical boundaries of the trench. This reduces the shearing resistance of the 
soil and causes transfer of load from the soil to the conduit.

The following points arc worth noting :
(i) If the trench backfill is compacted to high density, it will not settle relative to the surrounding 
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undisturbed soil, and the arching action 
would not occur. For such a condition, the 
load on the conduit is equal to the weight of 
prism of soil of height H.

(ii) If the surrounding undisturbed soil settles 
more than the fill above the conduit, the load 
on the conduit is computed considering it as 
a projecting conduit, as explained in the 
following section.

22.7. POSITIVE PROJECTING CONDUITS
A conduit projecting some distance above the 

natural ground surface (GS) and covered by earth fill 
is known as a positive projecting conduit [Fig. 
22.9(a)]. Common examples of positive projecting 
conduits are culverts for highway, railway and airfield. 
In positive projective conduits, there is a differential 
settlement between the central zone directly overlying 
the conduit and the side zones. Depending upon the 
relative settlement, the load on the conduit will vary.

For rigid conduits, the total compression of the 
earth fill in side zones will be greater than the total 
compression of the central zone of the earth fill Fig. 22.8. Chart for Cd.

directly over the conduit. This is because greater height of fill in side zones. However, if the conduit is 
flexible and deflects considerably under the weight of the fill, the settlement of the fill in the central zone will 
be greater than the settlement in the side zones. The differential settlement between the two zones results in 
the development of shearing stresses on vertical planes passing through the sides of the conduit. Fig. 22.9 (a) 
shows the direction of shearing stresses (upward) when the central zone settles more than side zones, whereas

Fig. 22.9. Positive Projecting Conduit.

Fig. 22.9 (b) shows the direction (downward) when the central zone settles less than side zones. In the first 
case, the load on the conduit is less than the weight of fill directly over the conduit, whereas in the second 
case, the load on the conduit is more than the weight of fill.

The direction of the shearing stresses can be determined from the settlement of a plane, known as a 
critical plane. It is a horizontal plane in the fill material at the level of the top of the conduit at the time when 
embankment construction is begun (Fig. 22.10). If the critical plane, after the construction, settles less than 
the top of the conduit, the direction of shearing stresses is upward [Fig. 22.10 (a)]. However, if the critical 
plane settles more than the top of the conduit, the direction is downward [Fig. 22.10 (Z>)]. A ratio, known as
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Fig. 22.10. Effect of Settlement of critical plane.

settlement ratio, is used to determine the settlement of critical plane.
The settlement ratio (rp) is given by

(6ffl + 6g)-(6/ + 4)
rp - ----------------g----------------- ...(22.18):

where 6m = compression of the fill on the sides of the conduit in the distance pBc t 

= settlement of natural ground surface adjacent to the conduit,
6y = settlement of conduit into its foundation,

and dc = vertical deflection of the conduit,
p = projection ratio. It is the ratio of the distance from the natural ground surface to the top of the 

conduit to its width Bc,
Bc = djameter or width of conduit.

The settlement ratio is negative when the conduit settles more than the critical plane. The load on the 
conduit is less than the weight of the overlying fill. It is similar to the conditions in the ditch conduit and is 
known as ditch condition. However, if the settlement ratio is positive, the load on the conduit is greater than 
the weight of the overlying fill. It is known as projection condition. It is extremely difficult to determine the 
individual terms in the settlement ratio. However, empirically determined values given by Spangler are 
generally used for design purposes (Table 22.1).

Table 22.1. Values for Settlement Ratio (rp) 
(After Spangler)

S.No. Conduit Condition
Settlement Ratio 

(rp)
1.
2.
3.
4.
5.

Rigid conduit of foundation of rock or unyielding soil.
Rigid conduit on foundation of ordinary soil.
Rigid conduit on foundation that yields relative to adjacent ground.
Flexible conduit with poorly compacted side fills.
Flexible conduit with well compacted side fills.

+ 1.00
+ 0.5 to + 0.80
0.0 to + 0.50
- 0.4 to 0.0
- 0.2 to + 0.8
(not well-established)

Plane of Equal Settlement
The shearing stresses acting on the vertical planes do not necessarily extend to the top of the 

embankment, especially where a high fill exists over the conduit. Differential settlements are greatest at the
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■TOP OF EMBANKMENT

Fig. 22.11. Plane of equal settlement.

top surface of the conduit and progressively decrease towards the top of embankment. At certain height He 
above the conduit, a horizontal plane exist at which the differential settlements are zero. This plane is called 
the plane of equal settlement (Fig. 22.11). Above the plane of equal settlement, the central zone and the side 
zones settle equally. Thus no differential settlement occurs within the embankment soil above the plane of 
equal settlement. An expression for the height He can be obtained by equating the total vertical settlements in 

the central zone and the side zones as under.

| 1 (H H. r, i 1/JM2
2K||' * B. * 3 J] • 2K1l'

+ e±2OI(H.^ _ , rrP ...(22.19)

The upper (plus or minus) signs apply when settlement ratio (rp) is positive, whereas the lower signs 

apply when rp is negative.

Types of Positive Projecting Conduits
The positive projecting conduits can be classified into 4 types, depending upon (1) magnitudes of actual 

embankment height (H) and the height of plane of equal settlement (He) and (2) the sign of the settlement 

ratio (rp), as given below.

(i) Complete ditch conduits
(ii) Complete projection conditions 

(Hi) Incomplete ditch conditions

(iv) Incomplete projection conditions

H < He\ 
H < Ht; 

H > He -, 

H > He -,

rp = negative 
rp - positive 

rp - negative 

rp - positive

It may be noted that for complete ditch or complete projection conditions, the shearing stresses extend 
upto the top of the embankment; whereas for incomplete ditch or incomplete projection conditions, the 
shearing stresses extend upto the plane of equal settlement, which is lower than the top of the embankment.

Marston gave the following expression for the load on positive projecting conduit: 

We - CpyB$ ...(22.20)
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where the coefficient Cp for the complete projection or ditch condition is given by

and that for incomplete projection or ditch condition as 

±2Kp'(He/Bc) , u\C> - + - t) '*
The positive signs apply when rp is positive (projection conditions), whereas the negative signs apply 

when rp is negative (ditch conditions).

Fig. 22.12. Chart for Cp.

Values of Cp for different (H/Bc) ratios and the products (rp x p) can bc obtained from Fig. 22.12. The 
position of the curves is not sensitive to the variation of K\t' values expected in the field, lite curves are for 
K I*'. = 0.13 and K p' = 0.19.

228. NEGATIVE PROJECTING CONDUITS
A conduit installed in a trench such that its lop is below the original ground surface and then covered 

with earth embankment is known as the negative projecting conduit (Fig. 22.13). In case of negative 
projecting conduits, the critical plane lies below the original ground surface (G.S), and the settlement ratio 
(r„) is given by

where 8X = settlement of ground surface,
6^ = settlement of backfill in the trench,

df = settlement of the conduit foundation, 
d( = vertical deflection of the conduit.

Tire critical plane is taken as the horizontal plane at the ground surface. Generally, the settlement of the 
critical plane in the trench fill over the conduit is greater than the settlement of the ground surface adjacent
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Fig. 22.13. Negative Projecting Conduit.
to the trench. As the central zone moves downward relative to the side zones, the shearing stresses act upward 

and the load on the conduit is reduced.
The load on the conduit is given by

w; -
where C„ is the coefficient for negative projecting conduit, given by

e-2Kp'(H/Ba)_1 

^2Kp'
when H < He

and
when II > He

...(22.24)

...(22.25)

...(22.26)

3)

sd
ve
io

Fig. 22.14. Charts for Ca.
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The negative projection ratio p' is the ratio of the distance between the top of the conduit and the natural 
ground surface to the trench width. Thus the distance between the top of the conduit and the ground surface 
is p' Bd. It is always positive. As the settlement ratio (r„) is always negative, the product (r„ x p') is also 

negative. The settlement ratio (r„) is generally taken as -0.50 for the purpose of estimating loads on the 
conduit. The value of C„ may be obtained for different values of r„ from Fig. 22.14 for K p' = 0.13 and p’ 

= 0.5, 1.0 and 2:00.

22.9. IMPERFECT DITCH CONDUIT
Imperfect ditch conduits are special type of conduits which are constructed to reduce the load on a 

conduit under a high embankment. The construction of imperfect ditch conduits is done in two stages :

Fig. 22.15. Imperfect Ditch Conduit.

(i) The conduit is first installed as a positive projecting conduit above the ground surface and it is. 
covered with earthfill upto a height p' Bc where p' = 1.0 to 2.0 [Fig. 22.15 (a)]. The fill is well 
compacted.

(fi) In the second stage, a trench is excavated directly above the conduit from the initial level of 
embankment to the top of the conduit [Fig. 22.15 (/?)]. The trench is backfilled with sow 
compressible material such as hay, straw, cornstalks. The rest of the embankment is completed a 
usual upto the final level. Thus this construction procedure creates the situation like a negative 
projection condition.

As the compressible material settles, arching action develops in the overlying embankment and the 
shearing stresses act in upward direction. Thus the load on the conduit is reduced. Eqs. 22.23 to 22.26 ca 
be used for the imperfect ditch conduit by substituting Bc for Bd. Fig. 22.14 can be used for determine 
tion of C„.

Imperfect ditch conduits are also known as conduits in induced trench conditions.

22.10. TUNNELED CONDUITS
Conduits passing beneath existing embankments or hilly areas are known as tunneled conduits. Such 

conduits are constructed by tunneling or jacking methods instead of the usual open trench methods. Hit 
examples of the tunneled conduits are culverts or sewers installed beneath an existing highway or a railway 
line in service (Fig. 22.16).

The load on a tunneled conduit can be obtained from the following equation:
IPC - CtfB} - 2CtcBt ...(22.21)

where B, = width or diameter of the tunnel or jacked opening,



c = cohesive strength of the soil overlying conduit,
Ct = coefficient for tunneled conduit. It is equal to Cj, the coefficient of ditch conduit (Eq. 22.16). 

The values of C( can be obtained from Fig. 22.8.

22.11. LOADS ON CONDUITS DUE TO SURFACE LOADS
Loads applied on the surface above a buried conduit are transmitted through soil to the conduit. The 

stresses on the conduit surface due to concentrated or uniformly distributed loads acting on the soil surface 
can be determined using the methods discussed in Chapter 11. It is generally assumed that Boussinesq’s 

solution is applicable.
The stresses from loads applied through a highway, runway or railways depend upon the physical 

characteristics of the pavement (or formation below the track), the magnitude of the load and the conduit area. 
It is generally assumed that the loads act over some prescribed area whose size increases with depth, 
somewhat similar to 2 : 1 distribution.

Moving loads also cause impact. Therefore, the effect of moving loads is greater than equivalent dead 
loads. The effect of impact is more in the case of unpaved formation compared with that of a paved surface. 
Generally, an impact factor of 1.50 is taken for unpaved formation and of unity for a paved highway.

Martson proposed the following equation for computing the load on the conduit due to loads applied on 

the surface of the fill

I.C,P ...(22.28)

where Wr = average load on conduit due to wheel load (kN/m),

Le = length of conduit section,
Ic = impact factor,
Ci = load coefficient,
P - concentrated truck-wheel load on surface (kN).

The value of the load coefficient (C;) depends upon the length and width of the conduit section and also 

on the depth of soil cover over the conduit. Its value can be determined from Boussinesq’s solution.
The length of conduit section (Le) is equal to the actual length of a precast segmental section of the 

conduit which is 1 m or less in length. For continuous conduits or those constructed of segmental sections 
more than 1 m in length, the effective length (Le) is the length of the conduit over which the average live 

load produces the same effect as does the actual load. An effective length of 1 m is generally taken.

22.12. CONSTRUCTION OF CONDUITS
Buried conduits are constructed in different shapes using different materials. The maximum load which a 
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conduit can take depends upon the conduit material, shape of the conduit and 
the type of support. The safe load which can bc imposed on a rigid conduit, 
such as concrete pipe, is determined from the pipe strength and the quality of 
foundation bedding. 'Hie strength of concrete conduits can be obtained from 
a three-edge bearing test (Fig 22.17). As the test simulates a very severe 
loading condition, which rarely develops in the actual conduits, the conduit 
can support even a load greater than that obtained from the test. Generally, a 
conduit which has a foundation shaped according to its contour can take a 
greater load [Fig. 22.18(b)] than that which has no bedding [Fig. 22.18(a)]. 
Design charts are supplied by manufacturers which provide load factors for 
different shaped concrete conduits based upon type of bedding, conduit 
projection and settlement ratio.

The factors affecting the load-carrying capacity of flexible conduits are 
not well defined. However, manufacturers of corrugated metal pipes have 
developed some manuals which can be consulted. Such conduits fail by 
excessive deflection whereas rigid conduits fail by the rupture of the pipe 
wall. The deflection of flexible conduits should be limited.

Fig. 22.17. Three-edge 
bearing test.

(a) CONDUIT WITH NO 
BEDDING

(b) CONDUIT WITH 
BEDDING

Fig. 22.18.

ILLUSTRATIVE EXAMPLES

Illustrative Example 22.1. A rigid sewer pipe with an outside diameter of 50 cm is to be laid in a ditch 
which is 1 m wide at the top of the pipe and is to be covered with 8.0 in of clayey soil back-fill (y = 19 
kN/m3). Determine the load on the sewer. Take Kp' = 0.12.

Solution. (See Fig. 22.6.) In this case, II = 8.0 m, Bd = 1.0 m, II/Bd = 8.0.

From Fig. 22.8, for II/Bd = 8.0, Cd = 3.6

t _ -2Kp'(H/Bd) 
Alternatively, from Eq. 22.16, Cd = -----------,--------------------= 3.56

From Eq. 22.15, We = QyBj

- 3.6 x 19 x (1.0)2

= 68.4 kN/m
Illustrative Example 22.2. Determine the load on a (positive projecting) square box culvert under a 16 

m Jill (y = 19 kN/m3). Assume that the outside width of the barrel is 2.5 m. Take projection ratio (p) = 0.5' 

and the settlement ratio (rp) = + 0.6.
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Solution.
From Fig. 22.12,

H/Bc

Cp

- 16/2.5 - 6.4 and rp x p - 0.6 x 0.5 - + 0.3 

- 9.0.

From Eq. 22.20, wt - CPY^

- 9.0 x 19 x (2.5)2

- 1068.75 kN/m.

PROBLEMS

A. Numerical
22.1 . A rigid pipe with an outside diameter of 1 m diameter is laid in a ditch which is 1.5 m wide at the top of the 

pipe. The pipe is covered with 9.0 m of sandy soil backfill (Kp' -0.18). Determine the load on the pipe. Take 
Y = 18 kN/m3. [Ans. 99.6 kN/m]

22.2 . A reinforced concrete pipe, 2 m in diameter, is installed as an imperfect ditch conduit, with the negative 
projection ratio (p') = 1.0, The height of fill above the top of the pipe is 16 m. Determine the load on the pipe. 
Assume Kp' = 0.13 and ra = - 0.5. Take y = 19 kN/m3. [Ans. 357.2 kN/m]

B. Descriptive and Objective Type
223. Discuss different types of conduits. What are the factors that affect the load on a conduit?
22.4. What do you understand by arching of soil ? Give examples.
223. Explain the variation of stresses in soil in the vicinity of a vertical shaft.
22.6. Draw a sketch showing the stress distribution in soil around tunnels.
22.7. Discuss the methods of construction of earth tunnels.
223. Define planes of equal settlement. What is their importance ?
22.9. Define settlement ratio. How is it determined ?

22.10. How would you determine the load on a buried conduit due to surface loads ?
22.11. Describe the methods of laying of conduits. What is the effect of foundation bedding on the load carried by the 

conduit ?
22.12. What do you understand by imperfect ditch condition ? What is its advantage ?
22.13. Write whether the following statements are true.

(a) For a vertical shaft constructed in soil, the radial stress becomes infinite when the radius tends to infinity.
(b) For a tunnel in soil, as r tends to infinity, the radial stress tends to approach a value of zero.
(c) The stresses on the yielding portion of a soil mass are increased due to arching of soil.
(d) For a ditch conduit, the load carried by a flexible conduit is greater than that by a rigid one.
(e) For a ditch conduit, the load load carried by the conduit is reduced if the ditch is made wider.
(f) The soil above the plane of equal settlement is not subjected to shear stresses.
(g) The plane of equal settlement cannot be above the top of embankment.
(h) In imperfect ditch conduits, the excavated trench is backfilled with compact, incompressible material.

[Ans. True, (/)]

C. Multiple Choice Question
1. The negative projecting conduit is installed

(a) above the ground surface in an embankment.
(t>) in a trend) below the ground surface in an embankment.
(c) in a ditch below the ground surface in cutting.
(d) by tunneling into an embankment.

2. In a vertical shaft driven in a homogeneous soil, the maximum circumferential (hoop) stress is
(d) Ko Ov (b) 2 Ko Ov
(c) Ov (d) none of above

where Ko is coefficient of earth pressure at rest and ov is the vertical stress.
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3. In a horizontal tunnel excavated in a homogeneous soil, the maximum circumferential stress is 
(a)2yZ„ (b)yZ,
(c) 0.5 yZ<> (d) zero

where y is the unit weight of soil and Z„ is the depth of the centre of the tunnel.
4. For complete projection condition in a positive projecting conduit,

(a) H < Hc and rt, should be positive.
(b) H < He and r(> should be negative.
(c) H > He and rz, should be positive.
(d) H > He and fp should be negative.

where H is embankment height, He is height of plane of equal settlement and rp is settlement ratio.

For a ditch conduit of 1.0 m diameter laid in a ditch 2 m wide at its top when C,i = 3.0, y = 18 kN/m\ the 
load carried by the conduit is 
(a) 54 kN/m (b) 216 kN/m
(c) 108 kN/m (r/)'27 kN/m

6. A negative projecting conduit of diameter 1.0 m is laid in a ditch 1.5 m wide. The load carried by the conduit 
when Cn =’5.0 and 20.0 fcN/m2 is 
(a) 100 kN/m (h) 150 kN/m
(e) 225 kN/m (d) 200 kN/m

7. A positive projecting conduit has a diameter of 2.0 m. The load carried by the conduit when
Cp = 5.0 and y = 20 kN/m'’ is

(a) 100 kN/m (ft) 200 kN/m
(c) 400 kN/m ' (d) 300 kN/m

8. In a positive projecting conduit, the direction of the shear stresses developed in the fill is
(a) Always upward (/>) Always downward
(c) May be upward or downward (d) Always horizontal

[Ans. 1. (b), 1. (h), 3. (a), 4. (a). 5. (h), 6. (c), 7. (c). 8. (c)]'



23
Bearing Capacity of Shallow Foundations

23.1. INTRODUCTION
A foundation is that part of a structure which transmits the weight of the structure to the ground. All 

structures constructed on land are supported on foundations. A foundation is, therefore, a connecting link 
between the structure proper and the ground which supports it. The word ‘foundation’ is derived from the 
latin word fundare, meaning to set or ground on something solid. In other words, a foundation is an 
artificially laid base on which a structure is set or built up.

A foundation is required for distributing the loads of the superstructure on a large area. The foundation 
Should be designed such that (1) the soil below does not fail in shear and (2) the settlement is within the safe 
limits. The pressure which the soil can safely withstand is known as the allowable bearing pressure. This 
chapter gives the methods for the determination of allowable bearing pressure.

Foundations may be broadly classified into two categories: (1) Shallow foundations, (2) Deep 
foundations. A shallow foundation transmits the loads to tire strata at a shallow depth. A deep foundation 
transmits the load at considerable depth below the ground surface. The distinction between a shallow 
foundation and a deep foundation is generally made according to Terzaghi’s criterion. According to which, a 
foundation is termed shallow if it is laid at a depth equal to or less than its width. Shallow foundations are 
discussed in Chapters 23 and 24, and deep foundations, in Chapters 25, 26 and 27.

23.2. BASIC DEFINITIONS
(1) Ultimate Bearing Capacity (qu). The ultimate bearing capacity is the gross pressure at the base of 

the foundation at which the soil fails in shear.
(2) Net Ultimate Bearing Capacity (q^,). It is the net increase in pressure at the base of foundation that 

causes shear failure of the soil. It is equal to the gross pressure minus overburden pressure.

Thus qnu ” qu ~lDf ...(23.1)
where qu = ultimate bearing capacity (gross),

Y = unit weight of foundation soil, and Df = depth of foundation.
It may be noted that the overburden pressure equal to yDf existed even before the construction of 

foundation.
(3) Net Safe Bearing Capacity (^„). It is the net soil pressure which can be safely applied to the soil 

considering only shear failure. It is obtained by dividing the net ultimate bearing capacity by a suitable factor 
of safety. Thus

«- - 7? ...(23.2)

where F = factor of safety, which is usually taken as 3.0.
(4) Gross Safe Bearing Capacity (qs). It is the maximum gross pressure which the soil can carry safely
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without shear failure. It is equal to the net safe bearing capacity plus the original overburden pressure. Thus 
ID,

-tty ...(23.3)

Some authors define the gross safe bearing capacity (qs) as the ultimate bearing capacity divided by a 

factor of safety (F); that is,

gnu-WDf qnu lDf 
qs° F “ F F + F ...(23.4)

As the added strength due to 7 Df is available in full, it docs not seem logical to apply a factor of safety 
to this term. It is, therefore, more rational to define the gross safe bearing capacity as indicated by Eq. 23.3. 
'Riis practice will be followed in this text.

(5) Net Safe Settlement Pressure (7„p). It is the net pressure which the soil can carry without exceeding 
the allowable settlement. The maximum allowable settlement generally varies between 25 mm and 40 mm for 
individual footings.

The net safe settlement pressure is also known as unit soil pressure or safe bearing pressure.

(6) Net Allowable Bearing Pressure (<7,„). The net allowable bearing pressure is the net bearing pressure 
which can be used for the design of foundations. "k"

As the requirements for the design of foundation arc that there should be no shearing failure and more­
over the settlements should also be within the limits, the allowable bearing pressure is the smaller of the net 
safe bearing capacity (<?,„) and the net safe settlement pressure (qnp). Thus

qna - if <lnp > ...[235(a)]

or qna = q„p if qM > qnp ...[23.5(b)]

The net allowable bearing pressure is also known as the allowable soil pressure or allowable bearing 
pressure or allowable bearing capacity.

233. GROSS AND NET FOOTING PRESSURES
The gross and net footing pressure at the base of a footing can be found as follows.
(1) Foundation Backfilled. Fig. 23.1 shows a footing subjected to a superimposed load Q. If the weight 

of the footing and the soil above it is Wf, the gross footing pressure is given by

Fig. 23.1.
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where A is the base of the footing.
Q (Dcyc)A (Df-Dc)yA

Eq. 23.6 can be written as qg = ~ + -——------+ —1— ------------ ...(23.7)

where y<. = unity weight of concrete, Dc = thickness of footing, y = unit weight of soil,

Q = superimposed load.
The net footing pressure is equal to the gross footing pressure minus the overburden pressure. Thus

<?» - <?« - Y Df ...(23.8)

Substituting the value of qg from Eq. 23.7,

q _ Q + {Dele)A + (Df - Dc) yA _

Simplifying, q„ - Q/A + (yf - y)De
If the difference between the unit weight of concrete (about 24 kN/m3) and the unit weight of soil (about 

20 kN/m3) is neglected, Eq. 23.9 becomes

qn = Q/A ...(23.10)

Thus the net footing pressure (qn) is equal to the superimposed load Q divided by the area A.

For safe design, the net footing pressure (q„) should be less than or equal to the net allowable bearing 

pressure (qM), Le.

<ln S Qna
or Q/A s qw ...(23.11)

(2) Foundation not backfilled. The footing beneath the basement (Fig. 23.2) are not backfilled. For such 
footings, the gross pressure is given by

Fig. 23.2.

qg - Q/A + De ye + tfye ...(23.12)

where tf = thickness of basement floor.

The net footing pressure becomes
1. - 1, - ID, ...(23.13)

or 9. - [Q/A .0,1, » r,T«] -
As the thicknesses Dc and tf are small in comparison with the depth Df, the second and third terms in Eq. 

23.12 can be neglected.
Thus q„ - Q/A -yDj ...(23.14)

For safe design, the net footing pressure should be equal to or less than the net allowable bearing 
pressure, i.e.,
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<ln S
or (Q/A qna ...(13AS)

or Q/A s qna + yDf ...(23.16)

Comparing Eq. 23.11 with 23.16, it is observed that the load- carrying capacity of a foundation is 
considerably increased if it is not backfilled. The net footing pressure would reduce to zero if in Eq. 23.14,

Q/A =yDf ...(23.17)

This is the principle of compensated raft foundations in which the pressure applied is just balanced by 
the pressure released (see Chapter 24).

The reader should carefully note the difference between the footing pressure q„ and the allowable bearing 

pressure qna. The footing pressure depends upon the superimposed load Q acting on the footing, whereas the 
allowable bearing pressure depends upon the bearing capacity of the foundation and the allowable settlement. 
The allowable bearing pressure is a function of the type of soil and the footing, as discussed in later sections.

Eq. 23.11 is used for the determination of the area of footing if it is backfilled and Eq. 23.16, if not 
backfilled.

23.4. RANKINE’S ANALYSIS
’ Rankine (1885) considered the plastic equilibrium of two adjacent soil elements, one immediately 

beneath the footing and the other just beyond the edge of the footing (Fig. 23.3). For the element I beneath 
the footing, the vertical stress is the major principal stress and the lateral stress is the minor principal stress.. 
However, for the element n, the lateral stress becomes the major stress, and the vertical stress becomes the 
minor principal stress.

/WWAVAW1

Fig. 23.3. Rankine’s Analysis.

When the footing pressure approaches the ultimate bearing capacity (<?„), the element I attains a state of 
plastic equilibrium. However, the element I can fail only when the adjacent element II also fails. A 
relationship between the principal stresses acting on the two elements can be obtained using the equations of 
plastic equilibrium developed in chapter 19.

For the active case, a3 - tan2 (45° - <j>'/2)Oi

For element I, substituting Oi - ,

a3 - tan2 (45° - *72)$,  ...(a)
For element II, o3 - y Dj

Therefore, Oj -—5—^------------ ---  .—5—----------- ...(b)
tan2 (45° - *72)  tan2 (45° - |72) ' '
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As a3 of element I is equal to Oj of element II, from Eqs. (a) and (b),

Ian2 (45° - 4'/2) q.-------- -----------------------
Un2 (45’ - 4'/2)

or qu - y Dr x —7------- --------------
’ tan4 (45° - <|>72)

or qu - y O/tan4 (45° + *'Z2)  ...[23.18(a)]

or ...p3.18jW]

Eq. 23.18 gives an approximate value of the ultimate bearing capacity qu of the soil. As the equation does not 
give reliable values, it is rarely used for the determination of the ultimate bearing capacity of the soils. It has 
been superseded by Tcrzaghi’s theory and other theories which give more dependable values. Rankine did not 
consider cohesion intercept (c') of the soil. The theory gives the bearing capacity of the soil as zero if 
Df » 0. Tliis is contrary to experience. These are the limitations of the theory.

Eq. 23.18 is occasionally used to determine the minimum depth of foundation (Cy)min- It can be written 

as

-<23I9>

where q is the intensity of loading at base.

233. HOGENTOGLER AND TERZAGHI’S ANALYSIS
Hogentogler and Terzaghi (1929) approximated the actual curved failure surfaces below the footing with 

a set of straight lines (Fig. 23.4) for the plastic equilibrium of a long strip footing of width B. At the time of 
failure, the footing exerts a pressure qu equal to the ultimate bearing capacity of the soiL

Fig. 23.4. Hogentogler and Terzaghi’s Analysis.

The soil in zone I immediately beneath the footing is in compression. The soil in zone I can fail only 
when the soil in the adjacent zone II also fails. An approximate value of the bearing capacity of the soil can 
be obtained by considering the stresses at mid-heights of the two failure zones.

The height of the failure zone is (B/2) tan a', where a' is the angle of the failure surface, equal to (45° 
+ <j»72). The overburden pressure at the footing level is equal to y Df. This pressure is termed as surcharge.

Zone II. From the equilibrium of zone II at mid-height

a3 ° yDf + (B/2) tana' x ...(a)

where the second term on the right-hand side is the average vertical stress due to self weight.
From the equations developed in Sect. 19.6,
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— 1 — sin 4»' _ _ 2c' cos 4>'
°3 “1 + sin <}>' Oi 1 + sin <|>' 

o3 = tan2 45° - j 0j - 2c' tan 45° - j

or 03 = ©i odt2a' - 2 c'cot a' ...(b)

Substituting the value of a3 from Eq. (a),

y Df+ y tan a' j - Oj cot2 a' - 2 c' cot a'

or Ot - [yDf + (y B/4) tan a'] tan2 a' + 2 c' tan a'

Zone I. Now a3 of zone I is equal to ©x of zone JI.

Therefore, 03 - (yDf + (y B/4) tan a'] tan2 a' + 2 c'tan a' ...(c)

and ©i - qu + tana' ...(d)

From Eq. (b), for zone I, taking ©x and a3 values from Eqs. (c) and (d),

y Df + tan a' j tan2 a' + 2c' cot a'

= cot2a' + ^tana'j - 2 c' cot a'

or a. cot2 a' - 7/Man2 a' + ^tan3a' - ^cota' + 2c'tan a' + 2c' x —
“ * > 4 4 tan a'

or qu = 7jDytan4a' + (yB/4) (tan5a' - tana') + 2c'(tan3a' + tana') ...(23.20)

Eq. 23.20 is a general equation applicable to both cohesive and cohesionless soils.
(a) For cohesionless soils, c' =- 0.

Therefore, qu » yDf tan4 a' + (7B/4) (tan5 a' - tana') ...(23.21)

Eq. 23.21 is known as Ritter’s equation for bearing capacity of cohesionless soils.
(b) For purely cohesive soils, 4>' - 0, c' - c„.

Thus qu = 7 Df + 4 cu

or qnu - qu - 7 D{ - 4cu ...(23.22)

where c„ is the undrained cohesion.

As the actual failure surfaces are curved and not plane as assumed in the analysis, the results obtained 
are approximate. However, the bearing capacity obtained is conservative. The theory has been superseded by 
other theories as explained later.

23.6. PRANDTL’S ANALYSIS
Prandtl (1921) gave a theory for the penetration of punches into metals. The theory can be used to 

determine the ultimate bearing capacity of soils The analysis is based on the assumption that a strip footing 
placed on the ground surface sinks vertically downwards into the soil at failure, like a punch.

Fig. 23.5 shows the failure zones developed below the footing. The soil in the wedge-shaped zone I 
immediately under the footing is subjected to compressive stresses. As the footing sinks, zone I exerts 
pressure on side zones II and III. The zones II are assumed to be in plastic equilibrium. The zones n push 
zones III upward.

Using the theory of plasticity, Prandtl developed expressions for the ultimate bearing capacity for a strip 
footing, assuming the curved part of the slip surface of the shape of a logarithmic spiral For purely cohesive
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Fig. 23.5. Prandtl’s Analysis.

soils (4> = 0), the spiral becomes a circular arc, and Prandtl’s analysis gives the following equation for the 
ultimate bearing capacity,

qu - (* + 2) cu - 5.14cu ...(23.23)

where cu is the undrained cohesion of soil.

Eq. 23.23 indicates that the ultimate bearing capacity of a cohesive soil is independent of the width of 
the footing (B). For cohesionless soils, Prandtl’s theory shows that the ultimate bearing capacity increases 
with the width B.

The theory is applicable for the footings at the surface. For the footing at a depth (Dy) below the surface, 

an allowance can be made by increasing the bearing capacity by yDy. Hence for strip footing on cohesive 
soil,

qu = 5.14 cu + tDf ...(23.24)

Prandtl’s theory is valid only for footings with perfectly smooth base in contact with the soil. As the 
actual footings have the rough base, the theory does not give accurate results.

23.7. TERZAGHI’S BEARING CAPACITY THEORY
Terzaghi (1943) gave a general theory for the bearing capacity pf soils under a strip footing, making the 

following assumptions.
(1) The base of footing is rough.
(2) The footing is laid at a shallow depth, Le. Df s B.

(3) The shear strength of the soil above the base of the footing is neglected. The soil above the base is 
replaced by a uniform surcharge yDy.

(4) The load on the footing is vertical and is uniformly distributed.
(5) The footing is long Le. L/B ratio is infinite, where B is the width and L is the length of the footing.

(6) The shear strength of the soil is governed by the Mohr-Coulomb equation.

Derivation of Equation. As the base of the footing is rough, the soil in the wedge ABC immediately 
beneath the footing is prevented from undergoing any lateral yield (Fig. 23.6). The soil in this wedge (zone 
I) remains in a state of elastic equilibrium. It behaves as if it were a part of the footing itself. It is assumed 
that the angles CAB and CBA are equal to the angle of shearing resistance <j>' of the soil

The sloping edges AC and BC of the soil wedge CBA bear against the radial shear zones CBD and CAB 
(zone III). The curves CD and CF are arcs of a logarithmic spiral.

Two triangular zones BDE and AFG are the Rankine passive zones (zones III). An overburden pressure 
q - tDf acts as a surcharge on the Rankine passive zones.

The failure zones do not extend above the horizontal planes passing through the base AB of the footing. 
In other words, the shearing resistance of the soil located above the base of the footing is neglected, and the 
effect of soil is taken equivalent to a surcharge of yDf. Because of this assumption, Terzaghi’s theory is valid 
only for shallow foundations (Df s B), in which the term y Dy is relatively small.
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Fig. 23.6. Terzaghi’s Analysis.

The loading conditions are similar to that on a retaining wall under passive pressure case. The failure? 
occurs when the downward pressure exerted by loads on the soil adjoining the inclined surfaces CB and CA< 
of the soil wedge is equal to the upward pressure. The downward forces are due to the load (qu x B) and the 
weight of the wedge (1/4 yB2 tan The upward forces are the vertical components of the resultant passive 

pressure (Pp) and the cohesion (c') acting along the inclined surfaces. As the resultant passive pressure is 
inclined at an angle to the normal to the surface of the wedge, it is verticaL Therefore, from the 
equilibrium equitation in the vertical direction,

— y B2 tan 4>' + qu x B = 2Pp + 2c' x L( sin

where L-, = length of the inclined surface CB [= (B/2)/cos <j>']

Therefore, qu x B = 2Pp + Be' tan<|>' - ^-yB2 tan 4>' ...(a)

The resultant passive pressure (Pp) on the surface CB and CA constitutes the following 3 components.

(1) Component (Pp)Y which is produced by the weight of the shear zone BCDE, assuming the soil as 
cohesionless (c' = 0) and neglecting the surcharge q.

(2) Component (Pp)c which is produced by the component c' of the soil, assuming the soil as weightless 
(y = 0) and neglecting the surcharge q.

(3) Component (Pp)q which is produced by surcharge (q), assuming the soil as cohesionless and 
weightless (c' = 0; y = 0).

The three components, (Pp)v (Pp)c and (Pp)q are obtained assuming different surfaces of failures. 

Although their respective failure surfaces are different from the actual failure surface developed for a footing 
on a soil possessing weight and cohesion and also having a surcharge, the results can be superimposed 
without introducing much error. Thus, the resultant passive pressure Pp is taken equal to the sum of the 
components (Pp\, (Pp)c and (Pp)q.

From Eq. (a), quB = 2 [(Pp)Y + (Pp)c + (Pp),] + B o' tan I' - | y B2 tan*'

Substituting 2(Pp)Y - iyB2tan<t>' = B x 1 yB

and 2(Pp)c + Be' tan *'  = B x c' Nc

and 2(Pp), = B x y DfNq,

we get qu B = B x c’ Nc + ByDzA^+ B x | yBAiy

or qu = c'Ne + yDfNq + 0.5 yBATy ...(23,25).

or qu = c'Ne + q0 Nq+ 0.5 y BN, ...[23.25(a)],
where thp. nverhnrdnn r»
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Eq. 23.25 is known as Terzaghi's bearing capacity equation. The bearing capacity factors Nc,Nq and Ny 

ate the dimensionless numbers, depending upon the angle of shearing resistance (<}>') of the soil. These are 
defined by the following equations:

N. - cot f ----- ------- — - 11 ■■ .[23.26(a)]

2oos21 45" * t j

N, - I"----------- 7^------- iTT 1 ...[23.26(6)]
p (45"

where a - «<3"'4 - ♦'/2>

and AT ■ i- ( K* - 1 ] tan<|>' ...[23.26(c)]

2 cosz 0 )

where Kp = coefficient of passive earth pressure.

Fig. 23.7 gives the values of the bearing capacity factors. The values are also tabulated in Table 23.1. 
These values are for general shear failure.

If the ground surface on the two sides of the footing is at different levels, Df is taken as the smaller of 

the depths on the two sides.
Eq. 23.25 gives the ultimate bearing capacity of a strip footing. The net ultimate bearing capacity and 

safe bearing capacity can be determined as explained in Sect. 23.2.

Table 23.1. Terzaghi’s Bearing Capacity Factors

4>
General Shear Failure Local Shear Failure Ng 

(Vesic)Nc Ng Ny Nc' Ng' Ny

0 5.7 1.0 0.0 5.7 1.0 0.0 1.0

5 7.3 1.6 0.5 6.7 1.4 0.2 1.2

10 9.6 2.7 1.2 8.0 1.9 0.5 1.6

15 12.9 4.4 25 9.7 2.7 0.9 2.2

20 17.7 7.4 5.0 11.8 3.9 1.7 3.3

25 25.1 12.7 9.7 14.8 5.6 3.2 5.3
30 37.2 22.5 19.7 19.0 8.3 5.7 9.5
35 57.8 41.4 42.4 25.2 12.6 10.1 18.7

40 95.7 81.3 100.4 34.9 20.5 18.8 425

45 172.3 173.3 297.5 51.2 35.1 37.7 115.0
50 347.5 415.1 1153.2 81.3 65.6 87.1 329.10

23.8. TYPES OF SHEAR FAILURE
Vesic (1973) classified the bearing capacity failures into 3 categories:
(1) General Shear Failure. Fig. 23.8 (a) shows a strip footing resting on the surface of a dense sand or 

a stiff clay. The figure also shows the load settlement curve for the footing, where q is the load per unit area 
and s is the settlement. At a certain load intensity equal to qu, the settlement increases suddenly. A shear 
failure occurs in the soil at that load and the failure surfaces extend to the ground surface. This type of failure 
is known as general shear failure. A heave on the sides is always observed in general shear failure.

(2) Local Shear Failure. Fig. 23.8 (fe) shows a strip footing resting on a medium dense sand or on a clay 
of medium consistency. The figure also shows the load-settlement curve. When the load is equal to a certain
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(a) GENERAL SHEAR FAILURE

(b) LOCAL SHEAR FAILURE

(c) PUNCHING SHEAR FAILURE

Fig. 23.8. Types of Shear Failure.

value the foundation movement is accompanied by sudden jerks. The failure surfaces gradually extend 
outwards from the foundation, as shown. However, a considerable movement of the foundation is required for 
the failure surfaces to extend to the ground surface (shown dotted). The load at which this happens is equal 
to qu. Beyond this point, an increase of load is accompanied by a large increase in settlement. This type of 
failure is known as local shear failure. A heave is observed only when there is substantial vertical settlement.

(3) Punching Shear Failure. Fig. 23.8 (c) shows a strip footing resting on a loose sand or a soft clay. 
In this case, the failure surfaces do not extend up to the ground surface. There are jerks in foundation at a 
load of q^y. The footing fails at a load of qu at which stage the load- settlement curve becomes steep and 
practically linear. This type of failure is called the punching shear failure. No heave is observed. There is only 
vertical movement of footing.

Vesic proposed a relationship for the mode of failure based on the relative density Dr and Df/B', where 
B = 2B x L/(B + L), in which B is the width of the footing and L is the length (Fig. 23.9). It is worth noting 

that even for the same relative density (Df), the mode of failure may change with a change in Df/B‘ ratio.

It is generally observed that for shallow foundations, the ultimate load occurs at a foundation settlement 
of 4 to 10% of B in the case of general shear failure, and at a settlement of 15 to 25% of B in local or 
punching shear failure.

As the footings are seldom constructed on very loose sands, the punching shear failure rarely occurs in 
practice. It is not of much practical importance. Terzaghi considered only the general shear failure and the 
local shear failure.

23.9. ULTIMATE BEARING CAPACITY IN CASE OF LOCAL SHEAR FAILURE
Eq. 23.25 gives the ultimate bearing capacity of a strip footing under general shear failure. No theoretical
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RELATIVE DENSITY, Dr

Fig. 23.9. Vesic’s Chart.

solution is available for local shear failure and punching shear failure. Terzaghi (1943) has suggested the following 
empirical reduction to the actual cohesion andThe angle of shearing resistance in case of local shear failure.

Mobilised cohesion, c‘m = |-c' ...[2327(a)]

Mobilised angle of shearing resistance, <]>'„, = tan-1 (2/3 tan <j>') .. .[2327(b)]

The reduced values of 4>' equal to <]>„' are used to determine bearing capacity parameters from the values 
of the general shear failure. The modified bearing capacity factors are indicated as NJ, NJ and NJ for local 

shear failure. Fig. 23.10 gives the values of these factors for different values of 4>'- Table 23.1 also gives the 
values of these factor for values of <|>'. It has been found from several model tests that the value of NJ as 

determined above is underestimated. Sometimes, the following equation for NJ (Vesic, 1963) is used for local 

shear failure. This gives more reliable results.

N,' - (?■»♦'“>♦) urn2 (45- * ...(23.21)

Table 23.1 and Fig. 23.10 also give the Vesic’s values of NJ.

The equation for local shear failure for strip footing can be written as

qj - 4 y D,N,' + 0.5...(23.29)

where NJ, NJ and NJ are for reduced values of <j>', equal to

Il is difficult to ascertain the limiting conditions for which local shear failure should be assumed. Besides, 
the criteria given by Vesic (Fig. 23.9), the following criteria are also used.

(1) For a cohesionless soil, if 4>' is greater than 36°, general shear failure is likely to occur. If <]>' is les 
than 29°, local shear would be more probable. For intermediate values of between 29° to 36°, the values 
of bearing capacity factors are obtained by interpolation.

For example, if a soil has <j>' = 35°, Eq. 23.27 (b) gives <j>m = 25°.

The bearing capacity factors are as under.
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Nc = 57.8, Nq = 41.4 and N, = 42.4

and AT/ = 25.2, NJ = 12.6 and NJ - 10.1

Difference (Nf)d = 32.6, (NJ)j = 28.8 and (^ = 323.

As the actual value of <j>' is 35° which is 6° more than the value of <j>' corresponding to local shear failure 
(viz. 29°), the proportional difference to bc added to the values of NJ Nq' and NJ is 6/7 times the total 
difference. Thus, the required values are

Nc - 25.2 + 6/7 x 32.6 - 53.14

Ng = 12.6 + 6/7 x 28.8 - 37.29

N, - 10.1 + 6/7 x 32.3 - 37.79

(2) If the failure of the specimen of the soil occurs at a relatively small strain, say less than 5%, the 
failure of the footing would be by general shear failure. If the stress—strain curve does not show a peak and 
ia a continuously rising curve even upto a strain of 10 to 20%, local shear failure would occur in the footing.

(3) If the relative density (Dr) is greater than about 70%, general shear failure would occur. If it is less 
than 35%, local shear failure is more likely.

(4) If the standard penetration test (SPT) value is more than 30, the general shear failure would occur. 
However, if it is less than 5, the local shear failure is more likely.

(5) If e is less than 0.55, the general shear failure occurs. If e is greater than 0.75, the local shear failure 
occurs.

23.10. EFFECT OF WATER TABLE ON BEARING CAPACITY
Eq. 23.25 for the ultimate bearing capacity has been developed based on the assumption that the water 

table is located at a great depth. If the water table is located close to the foundation, the bearing capacity 
equation needs modification, as explained below.

Case I Water table located aix>ve the base of footing [Fig. 23.11 («)]

y W.T,
(a) (b)

Fig. 23.11.

The effective surcharge is reduced as the effective weight below the water, table is equal to the 
submerged unit. Therefore,

q = Dw y + a y' ...(2330)
where Dw = depthe of water table below the ground surface,

a = height of water table above the base of footing.

Alternatively, Eq. 2330 can be written as, substituting a = Df-DM

<? - Y'Dr + (y - J)DW ...(23.31)-

Moreover, the unit weight in the third term of Eq. 23.25 is equal to the submerged unit weight. Thus Eq.
23.25 becomes
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If Dw - 0 (i.e. a - Df),

If a = 0(i.e.Df = Dw),

qu = c'Nc + [y- Df + (y - y') Dw] Nq + 0.5 y' BN,

qu = c' Nc + y' DfNg + 0.5 y'BN,

qu - c'Nc + y DfNq + 05 y'BN,

...(2332)

...[2333(a)]

...[2333(b)]

Case II Water table located at a depth b below base [Fig. 23.11 (b)]
If the water table is located at the level of the base of footing or below it, the surcharge term is not 

affected. However, the unit weight in the third term of Eq. 23.25 is modified as

T-f ♦ (23-34)

where b = depth of water table below the base, 
B = base width of the footing.

Therefore, qu = c'Nc + "tDf Nq + 0.5 B p' + (y - y') j Nt ...[2335(a)]

When b - 0, Le. W/T at the base,
qu ~ c' Ne + yDfNq + 0.5By'N, ...[23.35(b)]

When b - B, Le. WfT at depth B below the base.
qu = c'Nc + '(DfNg + 0.5 ByN, ...(same as Eq. 23.25)

Hence, when the ground water table is located at a depth b equal to or greater than B, there is no effect 
on the ultimate bearing capacity.

General Expression
Taking the submerged unit as roughly one-half of the bulk unit weight, the general equation for the 

ultimate bearing capacity can be written from Eqs. 2332 and 23.35 (a) as
qu - c'Nc + YDfNg Wq + 0.5 y B N, W, .. .[23.36(a)]

where Wq is water table correction factor for the second term,
Wq = 1 - 0.5 a/Df s 1 ...[2336(b)]

and is water table correction factor for the third term,
= 0.5 + 0.5 b/B s 1 ...[23.36(c)]

It may be noted that both the corrections vary linearly.

23.11. BEARING CAPACITY OF SQUARE AND CIRCULAR FOOTING
Eq. 23.25 has been derived for a strip footing. The deformations under a strip footing are two- 

dimensional. It is known as a plane strain case in theory of elasticity. On the other hand, the deformations of 
soil under a square or a circular footing are three-dimensional. A rigorous analytical solution for a three- 
dimensional case is extremely difficult.

Based on experimental results, Terzaghi gave the following equations for the ultimate bearing capacity 
for square and circular shallow footings.

(a) Square Footing
qu = 1.2 c'Nc + yDfNq + 0.4 y BN, ...(23.37)

where B is the dimension of each side of footing.

(b) Circular Footing
qu - 1.2 c' Nc + y DfNq + 0.3 y BN, ...(23.38)

where B is the diameter of the footing.
The bearing capacity factors Nc, Nq and N, are the same as that for the strip footing.
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23.12. MEYERHOF’S BEARING CAPACITY THEORY
Meyerhof (1951) gave a general theory of bearing capacity for a strip footing at any depth. Meyerhof 

considered the failure mechanism similar to that assumed by Terzaghi, but extended the failure surfaces above 
foundation level Thus the shearing strength of the soil above the footing base was also accounted for in the 
analysis. The curved rupture surfaces in the zone of radial shear were assumed to be logarithmic spirals. 
Meyerhof’s rupture surfaces are more general than those assumed by Terzaghi.

surfaces surfaces

Fig. 23.12. Meyerhof's Analysis.

The right-half of Fig. 23.12 shows the failure surfaces assumed by Meyerhof. The zone ABC is the elastic 
zone but the angle which the inclined surfaces AC and BC make with horizontal was varied between <£' and 
(45° + 4>'/2). The zone BCD is the zone of radial shear. The zone BDEF is the zone of mixed shear in which 
shear varies between radial shear and plane shear. The surface BE is known as equivalent free surface. It 
makes an angle 0 with the horizontal.

The resultant effect of the wedge BEF of soil is represented by the normal stress (<y„) and the shear stress 
(r0) on the surface BE. The angle 0 increases with an increase in depth Df and is equal to 90° for deep 

foundations. The parameters 0, qa and ro are known as foundation depth parameters.

Meyerhof gave the following equation for the ultimate bearing capacity of strip footings.

qu - c' Nc + qoNq + 0.5 y BN, ...(23.39)

where Nc, Nq and N.f are the general bearing capacity factors of Meyerhof’s theory. These factors depend upon 
the roughness of base, depth of footing and the shape of footing, in addition to the angle of shearing 
resistance 4»'. Meyerhof also gave charts for^iV, and N, (Fig. 23.13) for shallow strip footings.

As the equivalent free surface cannot be directly located, the normal stress qo is determined by a 
semi-graphical method, which is quite cumbersome. However, for shallow footings, q0 = y Df.

The ultimate bearing capacity given by Meyerhof’s theory is close to the experimental values. For 
shallow footings, the value lies in-between the general shear value and the local shear value of Terzaghi’s 
analysis. However, for deep footings, Meyerhof’s analysis gives values much greater than Terzaghi’s analysis. 
The main advantage of Meyerhof’s theory is that it can also be used for deep foundations and for footings on 
slopes.

(a) Cohesionless soils
For cohesionless soils (c = 0), the ultimate bearing capacity is given by a simple equation suggested by 

Meyerhof as

qu - 0.5y BN,q ...(23.40)

where the parameter ,/V^ is known as the resultant bearing capacity factor. It depends upon the coefficient of 
earth pressure (K) within the failure zone, the D/B ratio, the angle of shearing resistance $»' and the angle of 
friction 5 between the vertical shaft of the foundation and the surrounding soil. The value of K depends upon
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Fig. 23.13. Meyerhof’s Chart.
a number of factors, such as the characteristics of the soil, the stress history of the ground, the method of 
construction and physical characteristics of the foundation. The value of K usually lies between the active and 
passive earth pressure coefficients. The value of is obtained from the charts for the given values of K, <|>' 

and Df/B ratio, assuming the base and shaft as rough. For smooth surfaces, the values of Niq are reduced to 

half the values.

(^Cohesive soils
For cohesive soils (<|> = 0) Meyerhof’s simplified equations is

qu = cNcq + yDf ...(23.41)

where Ncq is the bearing capacity factor depending upon the Df/B ratio of the footing and on the adhesion on 
the sides of the footing. For example, for a Df/B ratio of 2.0, Ncq has a maximum value of 830 when the 
adhesion is zero, and a maximum value of 8.8 when the adhesion is equal to the cohesion (c) of the soil.
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The above-mentioned equations are for the ultimate bearing capacity of strip footings. The equations can 
also be used for rectangular, square and circular footings in conjunction with the empirical shape factors given 
by Meyerhof. The values of Nyq and Ncq may be obtained from I he original paper.

23.13. HANSEN’S BEARING CAPACITY THEORY
It has been shown by Milovic (1965) that Terzaghi’s theory gives the values of the ultimate bearing 

capacity higher than experimental values for cohesive soils and is unsafe. However, for cohesionless soils, the 
theory gives conservative values of the bearing capacity. For cohesive soils, Ilanscn (1961) gives the values 
of ultimate bearing capacity which arc in better agreement with experimental values.

According to Hansen, the ultimate bearing capacity is given by
qu = c Nc se dc ic + qNq sq dq iq + 0.5 yB Ny sy d^ iy ...(23.42) 

where Nc,Nq andNy are Hansen’s bearing capacity factors (Table 23.2), and q is the effective surcharge at the 
base level ( = y' Df), and

sc, sq and sy are shape factors (Table 23.3),

dc, dq and dt are depth factors (Table 23.4),

and ie, iq ana 4 inclination factor (Table 23.5).

The bearing capacity factors are given by the following equations.

Nq - tan2 (45° + *')  (en ,an ♦') .. .[23.43(a)]

Nc - (Nq - 1) cot 4>' ...[23.43(B)]

and N, - 1.80 (N, - 1) tan*'  ...[23.43(c)]

Table 23.2. Hansen’s Bearing Capacity Factors

♦' 0° 5° 10° 15° 20° 25° 30° 35" 40° 45° 50°

Ne 5.14 6.48 8.34 10.97 14.83 20.72 30.14 46.13 75.32 133.89 266.89

Nq 1.0 1.57 2.47 3.94 6.40 10.66 18.40 33.29 64.18 134.85 318.96

Ny 0.0 0.09 0.09 1.42 3.54 8.11 18.08 40.69 95.41 240.85 681.84

Table 23.3. Shape Factors

Shape of Footing Sc s,

Continuous Footing (strip) 1.0 1.0 1.0

Rectangular Footing 1 + 0.2 B/L 1 + 0.2 B/L 1 - 0.4 B/L
Square Footing 1.3 1.2 0.8

Circular Footing 1.3 1.2 0.6

where L = length of footing; B = width of footing.

Table 23.4. Depth Factors

de 1 + 0.35 {D//B)
dq 1 + 0.35 (Df/B)
dy 1.00

where Df = depth of fooling; B = width of diameter

[Note. Take dq - de for *'  > 25° and dq ■ 1.0 for *'  - 0°]
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Table 233. Inclination Factors

ie H
2 c BL

_ 1.5 H

»Y w2

where H = horizontal component of inclined load.

Limitation : H s V tan 6 + cBL

where tan 6 = coefficient of friction between footing and soil,
c = cohesion of soil between footing and soil, L = length of footing parallel to H.

23.14. VESIC’S BEARING CAPACITY THEORY
Vesic (1973) confirmed that the basic nature of failure surfaces in soil as suggested by Terzaghi and as 

given in Fig. 23.6 is correct. However, the angle which the inclined surfaces AC and BC make with the 
horizontal was found to be closer to (45° + <t>'/2) instead of <j>'. The values of bearing capacity factors Nc>Nq 
and Ny for a given angle of shearing resistance <|>' change if above modification is incorporated in the analysis, 

as under
Nq = tan2(45° + ^72) *'  ...[23.44(a)]

Nc = (Nq - 1)cot<|>' ...[23.44(b)]

and Ny - 2(Nq + 1) tan <[>' ...[23.44(c)]

Eq. 23.44(b) was first proposed by Prandtl (1921), and Eq. 23.44 (a) was given by Reissner (1924). Caquot 
and Kerisel (1953) and Vesic (1973) gave Eq. 23.44 (c). The values of bearing capacity factors are given in 
Table 23.6.

The bearing capacity equation is similar in form to Hansen’s equation,

qu = c' Nc sc dc ic + qNq sq dq iq +0.5 y BNy sy dy iy ...(23.45)

where s„ sq and sy are shape factors (Table 23.7), 
d„ dq and dy are depth factors,

and ie, iq and iy are inclination factors.
As before, q is effective surcharge at the base level ( = y' Df).

Table 23.6. Vesic’s Bearing Capacity Factors

4>' 0° 5’ 10° 15° 20° 25® 30° 35° 40° 45’ 50*

Nc 5.14 6.49 8.35 10.98 14.83 20.72 30.14 46.12 75.31 133.88 266.89

Ng 1.0 1.57 2.47 3.94 6.40 10.66 18.40 33.30 64.20 134.88 319.07

N, 0.0 0.45 1.22 2.65 5.39 10.88 22.40 48.03 109.41 271.76 762.89

Table 23.7. Shape Factors

Shape of Footing Sc Sq SY
Strip 1.0 1.0 1.0
Rectangle 1 + (B/L) (Nq/Nc) 1 + (B/L) tan <>' 1 - 0.4 (B/L)

Circle and square 1 + (Nq/Nc) 1 + tan 4>' 0.60

The depth factors as proposed by Hansen (1970) are used for Df/B s 1 as follows.

4 = 1 + 0.4 {D/B) ...[23.46(a)]
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dq - 1 + 2tan*'(l  - sin *') 2(Df/B) ...[23.46(b)]

d, - 1.0 ...[23.46(c)]

In Vesic’s equation, the following inclination factors proposed by Meyerhof (1963) and Hanna and 
Meyerhof (1981) are generally used.

i, - i, - (1 - a“/90“)2 ,..[23.47(O)J
and i, - (1 - a"/<j')2 ...[23.47(6)]
where a° is the inclination of the load with vertical.

23.15. IS CODE METHOD
IS : 6403—1981 gives the equation for the net ultimate bearing capacity, which is similar to one 

proposed by Vesic (Eq. 23.45).

9™ - c Nc sc dc ic + q(Nq-l) sq dq iq + 0.5 B yJV*  sy dy i.f W ...(23.48) 

where q = effective pressure at the base.

The second term has been changed, because q„u is given by (See Eq. 23.1)

- 9« ~ Y Dy » qu - 9

The factor W' takes into account the effect of the water table. If the water table is at or below a depth 
of (Dj+ B), measured from the ground surface, W' = 1.0. If the water table is likely to rise to the base of 
the footing or above, the value of IT' is taken as 0.50.

If the water table is located at a depth D below the ground surface, such that Df < D < (Df + B), the 
value of W ' is obtained by linear interpolation. A little reflection would show that W' is the same as the 
factor introduced in Sect. 23.10. The factor Wq is indirectly accounted for by taking q as the effective 
surcharge in Eq. 23.48.

'fhe bearing capacity factors Nc, Nq and Ny are the same as those given by Vesic (Table 23.6). The shape 

factors given in Table 23.3 are used. Ilie depth factors are given below.

dc - 1 + 0.2 (Df/B) tan (45° + *72)  ...[23.49(a)]

dq - dy - 1.0 for *'  < 10° ...[23.49(d)]

and dq = dy = 1 + 0.1 (Df/B) tan (45° + *72)  for *'  > 10° ...[23.49(c)]

The inclination factors given by Eq. 23.47 are used.

Local shear failure
The net ultimate bearing capacity for local shear failure is given by

9»u - | cN<! scdcic + q(Nq - \)s./lqiq + 0.5 y B Ny Sy dy iy IV ...(23.50)

Tire value of the local bearing capacity factors Nc', Nq, Ny are obtained from Thble 23.6, for the angle of 

mobilised friction as
*ffl - tan-1 (| tan *'

In case of cohesionless soils, if the relative density is greater than 70% and the void ratio is less than 
0.55, the failure is considered as general shear failure. On the other hand, if the relative density is smaller 
than 20% and the void ratio is greater than 0.75, the failure is local shear failure (or punching failure) and 
Eq. 23.50 is used. For a relative density between 20% and 70% and a void ratio between 0.55 and 0.75, the 
bearing capacity factors are obtained by interpolation between the general shear failure and the local shear, as 
explained below.

For a relative density between 20 to 70% (or 0.55 < e < 0.75), the value of the net ultimate bearing 
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capacity (gTO) can be interpolated between the general shear failure and the local shear failure conditions, 

depending upon the relative density.
For illustration, let us consider the case when the relative density is 40% and is equal to 30°. The 

bearing capacity factors for general shear from Table 23.6 are as under.

Nc = 30.14; Nq = 18.40; Ny -22.40

Now <(>,„ = tan-1 (2/3 tan 30°) = 21°. The corresponding bearing capacity factors for the local shear from 

Table 23.6 are
Ne' = 16.01, Nq - 7.25, AT/ - 6.49.

Let us find the net ultimate bearing capacity. Let us assume c' » 0,

B - 2m.Sq - sy - dq = dy = 1.0,y = 20kN/m2and Df = 1 m, W' = 1.0.

For general shear failure (Dr > 70%) (Eq. 23.48)

q„u = 0 + 20 x 1 (18.4 - 1) + 0.5 x 20 x 2 x 22.40 = 796 kN/m2

For local shear failure (Dr < 20%) ( Eq. 23.50)

= 0 + 20 x (7.25 - 1) + 0.5 x 20 x 2 x 6.49 = 254.8kN/m2

For Dr = 40%, by linear interpolation,

q„u = 254.8 + |2 (796 - 254.8) = 471.28 kN/mz

23.16. SKEMPTON’S ANALYSIS FOR COHESIVE SOILS
Skempton (1951) showed that the bearing capacity factor Ne in Terzaghi’s equation tends to increase with 

depth for a cohesive soil (<|>u = 0, c = cu). Fig. 23.14 shows the variation of Nc with Df/B ratio for strip and 
circular (or square) footings. For a strip footing, the value of Nc is equal to 5.14 for the surface footing and 
has a maximum value of 7.50 for Df/B ratio a 4.50.

For square and circular footings, the value of Nc is equal to 6.2 for the surface footing. The maximum 

value of about 9.0 is attained for Df/B ratio equal to or greater than 4.50. The curve for square and circular 
footings can also be used for rectangular footings using the following relation.

Nc (rectangle) = Nc (square) [0.84 + 0.16 B/L] ...(23.51)

Alternatively, the curve for the strip can be used, making use of the following relation.

Nc (rectangle) = Nc (strip) [1 + 0.2 (B/£)] ...(23.52)

The following approximate relations can be used for the determination of Nc for different Df/B ratios.

(a) Df/B < 2.50

Nc - 5.0(1 + 0.2D/B)(l + 0.2B/L) ...[23.53(a)]

(b) Df/B 2 2.50

Nc = 7.50(1 + 0.2 B/L) ...[23.53(b)]

Ultimate Bearing capacity
For <|>„ = 0, Nq = 1.0 and Ny = 0.0

Therefore, Eq. 23.25 gives qu = cuNc + yDf ...(23.54)

The net ultimate bearing capacity becomes

qnu = cuNe ...(23.55)

Eq. 23.55 is used for the determination of the net ultimate bearing capacity of footings on cohesive soils, 
taking Nc values given by Skempton (Fig. 23.14). It may be mentioned that Terzaghi’s value of Nc is applicable 
only for shallow footings (Df < B), whereas Skemptons’s value can be used for all values of Df/B ratio.
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Eg. 23.14. Skempton’s Chart

If the shear strength of the soil for a depth of 2B/3 beneath the footing does not vary by more than about 
± 50% of the average value, the value of cu in Eq. 23.55 may be taken as the average value.

23.17. IS CODE METHOD FOR COHESIVE SOILS
IS : 6403:—1981 gives the following equation for the net ultimate bearing capacity of the footing 

immediately after construction on a cohesive soil. The equation is obtained by substituting Ng =1.0 and N. = 

0.0 in Eq. 23.48. Thus

= c„Nescdeit ...(23.56)

where N: = 5.14 and s„ dc and ic are, respectively, the shape, depth and inclination factors (see Sec. 23.15).

The value of cu is obtained from unconfined compression strength test or it can be derived from the static 
cone test. The static cone test gives the point resistance (<?c) as explained in chapter 17. For normally 
consolidated clays, the point resistance qc is generally less than 2000 kN/m2 and the value of the undrained 

cohesion cu varies between &/18 to <k/15. For over-consolidated clays, the point resistance is generally 
greater than 2000 kN/m2, and the value of cu varies between qc/26 and qJ22.

23.18. HEAVE OF THE BOTTOM OF THE CUT IN CLAY
The lateral earth pressure acting on a braced cut has been discussed in Chapter 21. A braced cut may also 

become unstable as a result of the heaving of the bottom of the excavation (Fig. 23.15). Terzaghi (1943) has 
analysed the braced cut in clay and has given 
an expression for the factor of safety against 
bottom heave assuming the failure surfaces as 
shown in Fig. 23.16.

The vertical load per unit length of the cut 
at the level BD or AF along the bottom of the 
cut is given by

...(a)

The above load acts on a width Bx equal 

to 0.7B, which can be considered as a 
continuous foundation. B is the width of the

Eg. 23.15. Heave in a Braced Cut'cut.
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Fig. 23.16.
The ultimate bearing capacity of the continuous foundation can be obtained from Eq. 23.25 as 

qu = cNc + N^Df

Talcing Nc = 5.7, and Nq = 1.0,

qu - 5.7 c + yDf
Therefore, qm = 5.7c

The net ultimate load is given by - 5.7 cBi

The factor of safety is given by

FS Qnu 5.1 cB, 
' ° Q ~ BrfH - cH

Bjerrum and Eide (1956) proposed the following equation for the factor of safety.

F.S. . ...[23.58(a)]

If there is a surcharge q, the factor of safety becomes

Fig. 23.17. Skempton’s Chart for Braced Cut.
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ES- ■ -123.SSB1

The bearing capacity factor Nc is obtained from Skemplon’s chart (Fig. 23.17). The value of c is equal to 
the undrained cohesion c„ which be determined as explained before.

23.19. FOUNDATION ON LAYERED CLAY
Reddy and Srinivasan (1967) derived the following equation for the bearing capacity of foundations on 

clayey soils in two layers.
qu = clNcscdcic + q ...(23.59)

where Cj = undrained shear strength of the upper-layer,
se = shape factor [ = 1 + (B/L) Nq/Ne]
dc = depth factor [ = 1 + 0.4 (D/B) for Df/B s 1],
4 = inclination factor, q = surcharge (= y Df).

The bearing capacity factor Ne depends upon the ratio c2/q, where c2 is the undrained shear strength of 
the lower layer. It also depends upon the ratio Z/B, where Z is the depth of the interface of the two layers 
from the bottom of foundation and D is the width of the foundation [Fig. 23.18 (a)]. Fig. 23.18 (b) shows the

Fig. 23.18. Layered Cohesive Deposit.

variation of Nc with c2/ct ratio and ZIB ratio. It may be noted that for c2/cj ratio less than unity, the value 
of Nc is smaller than that for a homogeneous soil, (i.e., c2/cj = 1.0). It indicates that the ultimate bearing 
capacity of a clay layer is reduced by the presence of a soft layer beneath the top hard layer.

23.20. BEARING CAPACITY FROM STANDARD PENETRATION TEST
Method I. The ultimate bcarin6 capacity of cohesionless soils may be determined from the standard 

penetration number (N). 'Ilie standard penetration test is conducted at a number of selected points in the 
vertical direction below the foundation level at intervals of 75 cm or at point where there is a change of 
strata. An average value of N is obtained between the level of the base of the footing and the depth equal to 
1.5 to 2.0 times the width of the foundation. The value of $>' is obtained from the N value as already 
discussed (Section 17.22) and the bearing capacity factors are found. Fig. 23.7 may also be used to determine 
directly the bearing capacity factors from N.

Method II. As the ultimate bearing capacity depends upon <p' and hence on N, it can be related directly 
to N. Icng (1962) gave the following equation for the net ultimate capacity of a strip footing.



BEARING CAPACITY OF SHALLOW FOUNDATIONS 611

" m(32’2bh'i + 5(100 +

or qm - 0.5N2BWy + 0.83(100 + N2)DfWg ...(23.60)
where q^ = net ultimate bearing capacity (kN/m2),

B = width of footing, N = average SPT number,
Df = depth of footing. If Df > B, use Df = B.

and WT and Wq are water table correction factor (Sect. 23.10).
For square or circular footings,

- 3^7 + 3(100 + N‘> DfWJ

or - O.SSA'W, + 1.0(100 + N2)DrW, ...(23.61)

The net allowable bearing capacity can be obtained by applying a factor of safety of 3.0. 
For strip footings,

q„s = 0.167N2BW.t + 0.277(100 + N2)DfWq kN/m2 ...[23.62(a)] 

For circular and square footings,

qns = 0.11V2W7 + 0.33(100 + N2)DfWg kN/m2 ...[23.62(b)]

23.21. ECCENTRICALLY LOADED FOUNDATIONS
Foundations are sometimes subjected to moments in 

addition to the loads (Fig. 23.19). The distribution of footing 
pressure is not uniform in this case. It is a case of bending 
combined with thrust, treated in the mechanics of materials. 
Hie maximum and minimum pressures are given by

“ B x I 1 (S/2)

“d ‘ T(b/2)
where I = moment of inertia ( = LB^/IZ), Q = total vertical 

load (gross), M = moment on the foundation, B = width of 
footing, L = length of footing.

Taking the eccentricity e as M/Q, the above equations 
become

0 + Be/B) ...[23.63(0)]

a“d " 6e/B> ...[23.63(6)]

The maximum pressure gmax should be less than the safe 

gross bearing capacity.

Meyerhof’s Method
The factor of safety of eccentrically loaded foundations 

against bearing capacity failure can be determined using the 
method given by Meyerhof (1953), as explained below

(1) Determine the eccentricity of the load, along the width 
as, eb - Mt/P Fig. 23.19. Ecccntricaly loaded footing.
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It may by noted that the eccentricity is measured from the centre of looting.

(2) Determine the effective width of the footing. B' = B-2eb.

(3) Determine the effective size of the footing as L x B'.

In the above case, the eccentricity has been assumed only along width. However, if the eccentricity is 
also in the longitudinal direction along length, the eccentricity along the length is given by

e, = Mj/P

The effective length of the footing in that case is L ' =>L-2ei and the effective size is L' x B'.

The smaller of the two dimensions B' and L' is taken as the effective width for the computation of the 
ultimate bearing capacity.

(4) The ultimate bearing capacity can be obtained using Eq. 23.42 as

qu = cN'S'd'i' + qNgSgdqig + 0.5 yB1 Ny sy d^ iy

The shape factors stj and sy are obtained from Table 23.7. The inclination factors arc obtained using Eq.
23.47, in which the effective width B' and effective length L' are used.

For computations of depth factors, Eqs. 23.46 (a) to 23.46(c) are used, but B' is not substituted for B.
(5) The total ultimate load is computed as

Qu - q„(B' x L') ...(23.64)

(6) The factor of safety is given by

F, - Qu/Q ...(23.65)

As the eccentricity causes a reduction in the load-carrying 
capacity of a foundation, the column is sometimes placed off- 
centre of the footing to produce a uniform pressure distribution 
(Fig. 23.20). If the column is not placed off-centre, there is a 
possibility of tilting of the footing due to higher pressure on one 
side of the fooling. This tendency of tilting can bc reduced by 
allowing a larger factor of safety.

If the eccentricity is outside the middle third, the minimum 
soil pressure (Eq. 23.63 b), becomes negative, indicating that 
the tensile stresses develop in soil. As the soil cannot take 
tension, there is a separation between the footing and the soil. 
The area of the footing which is in tension is generally 
neglected. The maximum pressure in such a case is given by

= 4<2<?max 3L (B - 2 eb) 

where eb is the eccentricity along width of footing.

23.22. SETTLEMENT OF FOUNDATION

Fig. 23.20.

...(23.66)

(a) Settlement under loads
Foundation settlement under loads can be classified into 3 types.
(1) Immediate or elastic settlement ($,).. Immediate or elastic settlement takes place during a 

immediately after the construction of the structure. It is also known as the distortion settlement as it 
is due to distortions (and not the volume change) within the foundation soil. Although the settlement, 
is not truly elastic, it is computed using elastic theory, especially for cohesive soils.

(2) Consolidation settlement (sc).. This component of the settlement occurs due to gradual expulsion o( 
water from the voids of the soil. This component is determined using Terzaghi’s theory ol 
consolidation (see chapter 12).
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(3) Secondary Consolidation Settlement ($,). This component of the settlement is due to secondary 
consolidation. This settlement occurs after completion of the primary consolidation. It can be 
determined from the coefficient of secondary consolidation (see chapter 12). The secondary 
consolidation is not significant for inorganic clays and silty soils.

The total settlement (s) is given by

s «« Sj + se + s, ...(23.67)

(ft) Settlement due to other causes
In addition to settlement under loads, the settlement may also occur due to a number of other causes.

(1) Underground erosion. Underground erosion may cause formation of cavities in the subsoil which 
when collapse cause settlement.

(2) Structural collapse of soil. Structural collapse of some soils, such as saline, non-cohesivc soils, 
gypsum, silts and clays and loess, may occur due to dissolution of materials responsible for 
intergranular bond of grains.

(3) Thermal changes. Temperature change cause shrinkage in expansive soils due to which settlement 
occurs.

(4) Frost heave. Frost heave occurs if the structure is not founded below the depth of frost penetration. 
When thaw occurs, the foundation may settle.

(5) Vibration and Shocks. Vibrations and shock cause large settlements, especially in loose, 
cohesionless soils.

(6) Mining subsidence. Subsidence of ground may occur due to removal of minerals and other materials 
from mines below.

(7) Land slides. If land slides occur on unstable slopes, there may be serious settlement problems.
(8) Creep. The settlement may also occur due to creep on clay slopes.
(9) Changes in the vicinity. If there are changes due to construction of a new building near the existing 

foundation, the settlement may occur due to increase in the stresses.
Suitable measures are taken to reduce the settlements due to all above causes.

23.23. LOADS FOR SETTLEMENT ANALYSIS
Dead loads include the weight of columns, walls, footings, foundations, the overlying fill, but do not 

include the weight of the displaced soil.
Live loads depend upon the use of the structure. These loads may be taken from IS : 875.
Wind loads and seismic loads should be considered wherever applicable. However, where wind (or 

seismic) load is less than 25% of the combined dead and live loads, it may be neglected in design, and only 
dead load and live loads are considered. When wind (or seismic) load is more than 25% of the combined 
dead and live load, the foundation is designed such that pressure due to combination of dead, live and wind 
(seismic) loads does not exceed the allowable bearing capacity by more than 25%.

For foundations resting on coarse-grained soils, the settlements should be estimated corresponding to the 
full dead load, live load and wind (seismic) load. In such soils, settlements occur in a short time.

For foundations on fine-grained soils, the settlements are estimated corresponding to permanent loads. All 
dead loads and the loads due to fixed equipment are taken as permanent. Generally, one half of the live load 
is also taken as permanent. Engineering judgment is required to ascertain the permanent loads.

23.24. IMMEDIATE SETTLEMENT OF COHESIVE SOILS
The linear theory of elasticity is used to determine the elastic settlement of the footings on saturated clay. 

Schleicher (1926) gave the following formula for the vertical settlement under a uniformly distributed flexible 
area.

...(23.68)
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where q = uniformly distributed load, B = characteristic length of the loaded area, Es = modulus of elasticity 
of the soil, p. = Poisson’s ratio ( = 0.50 for saturated clay), I = influence factor.

The value of Es is determined from the stress-strain curve obtained from a triaxial consolidated-undrained 

test, with the consolidation pressure equal to the effective pressure at the depth from which the sample was 
taken, as discussed in chapter 11. Il is generally taken as the initial tangent modulus or the secant modulus. 
For normally consolidated clays, its value varies from 250 c to 500 c, and for over-consolidated clays, front 
750 c to 1000 c, where c is undrained cohesion.

Tie value of the influence factor I for a saturated clay layer of semi-infinite extent can be obtained front 
Table 23.8.

Table 23.8. Values of Influence Factor I.

Flexible footing
Rigid footing

Centre Comer Average

Circle 1.0 0.64 (edge) 0.85 0.79
Square 1.12 0.56 0.95 0.82
Rectagle
L/B =1.5

1.36 0.68 1.20 1.06

L/B = 2.0 1.53 0.77 1.31 1.20
L/B = 2.0 1.78 0.89 1.52 1.42
L/B = 5.0 2.10 1.05 1.83 1.70
L/B = 10.0 2.52 1.26 2.Z5 2.10
L/B = 100.0 3.38 1.69 2.96 3.40

Alternatively, the value of (1 ~ii2)I/Es can be determined from the plate load test (Sect. 23.33).

If an incompressible layer exists at a limited depth below the footing, the actual settlement is less than 
that given by Eq. 23.68. For such a case, Steinbrenner (1936) gave a solution. However, if the depth of the 
clay layer is more than 2 B, the actual settlement would not change much.

If the foundation is rigid, such as a heavy beam and slab raft, the settlement is about 0.8 times the 
settlement at the centre of the corresponding flexible foundation. It is approximately equal to the average 
settlement. Table 23.8 also gives the values of I for rigid footings.

Eq. 23.68 is applicable for the footing located al surface. For the footings embedded in soil, the 
settlement would be less than the computed values. Fox (1948) gave correction curves. The settlement is 

obtained by multiplying the computed settlements by a depth factor, which depends upon (Df/ x B) 
ratio.

23.25. IMMEDIATE SETTLEMENT OF COHESIONLESS SOILS
As cohesionless soils do not follow Hooke’s law, immediate settlements are computed using a 

semi-empirical approach proposed by Schmertmann and Hartman (1978).

2B /
s; = Ci C2 (q - q) ...(23.69)

Z - 0 s
where Q = correction factor for the depth of foundation embedment = 1-0.5 {q/(g -<?)}.

C2 = correction factor for creep in soils [ = 1 + 0.2 log10 (time in years/0.1)J.

q = pressure at the level of the foundation, q = surcharge ( = y Df), 
E, = modulus of elasticity, A. = strain influence factor.

lire value of the strain-influence factor Iz varies linearly for a square or circular foundation (Fig. 23.21). 
The value of Iz at depth z = 0, 0.5 B and 2B are respectively equal to 0.1, 0.5 and 0.0. For rectangul?
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Fig. 23.21.

foundations, with L/B ratio equal to or greater than 10.0, the values at depth Z = 0.0, B, and 4B are, 
respectively, 0.2, 0.5 and 0.0. For intermediate values of L/B ratio, between 1.0 and 10.0, interpolation can be 
made.

The value of Es can be determined from the standard penetration number (N) using the following 
equations given by Schmertmann (1970).

= 766AT (kN/m2) ...(23.70)

Alternatively, it can be estimated from the static cone penetration resistance (qe) as

Es - 2qc ...(23.71)

Procedure. For computation of the immediate settlement, the soil layer is divided, into several layers of 
thickness Az, upto a depth z = 2B, in case of square footings and z = 4B, in case of rectangular footings. The 
immediate settlement of each layer is computed using Eq. 23.69, taking corresponding values of Es and lz. 

The required immediate settlement is equal to the sum of the settlements of all individual small layers.

23.26. CONSOLIDATION SETTLEMENT IN CLAYS
The consolidation settlement (sc) occurs in saturated, clayey soils when these are subjected to increased 

loads caused by the foundation pressure. The methods for computation of the consolidation settlement have 
been discussed in chapter 12.

The settlement (s,) at any time t after the application of load may be estimated using Terzaghi’s 

consolidation theory as

s, = si + U Sf ...(23.12)

where U = degree of consolidation, expressed as a ratio,
Sf = final consolidation settlement,
Si = immediate settlement

The degree of consolidation (U) depends upon the time factor Tv, given by

Tv - cv t/d2 ...(23.73)



616 SOIL MECHANICS AND FOUNDATION ENGINEERING

where cv = average coefficient of consolidation, t = lime at which the settlement is required, 
d = distance of the drainage path.

[Note. When considering the drainage path, concrete of foundation is assumed as permeable].
For the final settlement, U = 1.0, and the total settlement is given by

s - Sj + sf ...(23.74)

23.27. SETTLEMENT OF FOUNDATION ON COHESIONLESS SOILS
Settlements of foundations on cohesionless soils take place rather quickly after the application of the 

load. The immediate settlements calculated using Schmertmann and Hartman method (Sect. 23.25) would also

Because of the difficulty of 
sampling cohesionless soils, it is not 
possible to obtain the stress-strain 
characteristics of the insitu soils. The 
settlements are generally determined | 
indirectly using the semiempirical 
methods.

(1) Static cone penetration '■j? 
method. In this method, the sand layer g 
is divided into small layers such that — 
each small layer has approximately „ 
constant value of the cone resistance. S 
The average value of the cone resistance 
of each small layer is determined. a

The settlement of each small layer E 
is estimated using the following - 
equation (De Beer and Martens, 1957). £

H On + A o 2s - £ log, - ...(23.75) ;

where C = 1.5qc/o0

in which qc = static cone resistance, o0 

= mean effective overburden pressure, 
A a = increase in pressure at the centre 
of the layer due to the net foundation 
pressure and H = thickness of layer.

The total settlement of the entire 
layer is equal to the sum of settlements

(2) Standard Penetration Test. Standard penetration test can be used for the determination of the 
settlement on cohesionless soils. IS : 8009 (Part I)—1976 gives a chart for the calculation of settlement per 
unit pressure as a function of the width of the fooling and the standard penetration number (Fig. 23.22). The 
settlement under any other pressure is computed assuming that the settlement is proportional to the intensity 
of pressure.

The settlements are in metres per unit pressure in kN/m2 3.

If the water table is at a shallow depth, the settlements are divided by the correction factor W, [Eq. 23.36 

(c)]-
(3) Plate Load Test. The settlement of the footing can be estimated from the settlement of the plate in 

the plate load test (Sec. 23.33).
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23.28. ACCURACY OF FOUNDATION SETTLEMENT PREDICTION
The prediction of the foundation settlements as discussed above is rarely accurate. Iq fact, it is extremely 

difficult to estimate the probable settlement of a footing because of the following reasons:
(1) The soil deposits are seldom isotropic and linearly clastic. The deposits are generally non- 

homogcncous.
(2) It is not possible to estimate the increase in stresses caused by loads. The Boussinesq solution gives 

only approximate results.
(3) For estimation of the settlement due to consolidation, it is not possible to locate exactly the drainage 

faces.
(4) For computation of immediate settlements, it is not possible to estimate the correct value of the 

modulus of elasticity
(5) The rigidity of the foundation is usually neglected and the pressure distribution is assumed to bc 

uniform.
(6) It is difficult to obtain undisturbed samples of cohesionless soils. The semi-empirical methods do not 

give accurate results.
(7) Settlements may occur due to causes other than that due to loads. It is not possible to estimate these 

settlements accurately.
Despite all the above reasons, the settlements in most cases can bc estimated to an accuracy of about 25 

to 30%, which is good enough seeing the complexity of the problem.

23.29. ALLOWABLE SETTLEMENT
If there is a large differential settlement between various parts of a structure, damage may occur due to 

additional moments developed. It is more difficult to predict differential settlement than to predict the 
maximum settlement. The differential settlements arc generally obtained indirectly from the maximum 
settlements. Il has been found from actual observations of various existing buildings that the differential 
settlements seldom exceed 75% of the maximum settlement. In fact, in most cases, the differential settlement 
is less than 50% of the maximum settlement. Hence, the differential settlement is automatically controlled if 
the maximum settlement is controlled.

The allowable maximum settlement depends upon the type of soil, the type of foundation and the 
structural framing system. The maximum settlement ranging from 20 mm to 300 mm is generally permitted 
for various structures. Theoretically, no damage is done to the superstructure if the soil settles uniformly. 
However, settlements exceeding 150 mm may cause trouble in utilities such as water pipe lines, sewers, 
telephone lines and also in access from streets. If sufficient precautions are taken while designing such 
utilities, the maximum settlements of even upto 2 m may bc permitted in special cases, provided the structure 
settles uniformly.

IS : 1904 (1966) permits a maximum settlement of 40 mm for isolated foundations on sand and 65 mm 
for those on clay. The allowable settlement is higher for clays because progressive settlements on clayey soils 
permit better strain adjustments in the structural members. The maximum permissible settlement for raft 
foundations on sand are 40 mm to 65 mm and that on clay, 65 to TOO mm. The permissible settlements for 
rafts arc more than those for isolated foundations because the raft bridges over soft patches of the soil, and 
the differential settlements are reduced.

If the differential settlement between two columns spaced at a distance L is 6, the angular distortion or 
til T is given by

T=S/L ...(23.76)
Common R.C.C. buildings can sustain angular distortion upto 1/150 without damage. However, to avoid the 
architectural damage, it should not exceed 1/300. It corresponds to a differential settlement of 20 mm between 
adjacent columns 6 m centres. According to general practice, the maximum differential settlement is limited 
to 25 mm in sandy soils and 40 mm in clayey soils.

IS : 1904—1978 gives the safe values of the maximum and differential settlements of different types of
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Table 23.9. Maximum and Differential Settlements (IS : 1904—1978)

Sand and hard clay Plastic clay

Max-
Settlement

W-
Settlement

Angular 
Distortion

Max-
Settlement

Diff- 
Settlement

Angular 
Distortion

(a) Isolated 
Foundations
(i) Steel 

structure
50 mm 0.0033 L 1/300 50 mm 0.0033 L 1/300

(ii) R.C.C. 
structures

50 mm 0.0015 L 1/666 75 mm 0.0015 L 1/666

(ft) Raft 
Foundations

(i) Steel 
Structures

75 mm 0.0033 L 1/300 100 mm 0.0033 L 1/300

(ii) R.C.C.
Structures

75 mm 0.002 L 1/500 100 mm 0.002 L 1/500

buildings. The values for isolated footings and rafts are given in Table 23.9. For further details, a reference 
may be made to the code.

In actual practice, settlements of the structure at salient points such as the centre, the comer, the lightest 
and the heaviest column locations are determined using the methods discussed. The differential settlements 
are then determined from the settlements of the various points. Sometimes, the differential settlements are 
taken as 75% of the maximum settlement without computing the settlements other than that at the point where 
the maximum settlement is expected to occur. However, for large works, thorough sub-soil investigations are 
done to determine the characteristics of the soil and the differential settlements are determined taking the 
properties of the soil into account.

2330. ALLOWABLE SOIL PRESSURE FOR COHESIONLESS SOILS
The allowable soil pressure («?na) of a shallow foundation is limited either by the net safe bearing capacity 

(?nx) °r the safe settlement pressure (g„ p). The design of shallow foundation on cohesionless soils is generally 

governed by the safe settlement pressure, as the net safe bearing capacity for a footings of usual size is quite 
high. However, in the case of narrow footings on water-logged sands, the net safe bearing capacity may be 
the controlling criterion for the design.

It is the normal practice for the design of footings of usual size to use empirical methods based on 
N—values for the determination of the allowable soil pressure for cohesionless soils. The plate load tests 
(Sect. 23.33) are also used in the case of soils having small boulders and stones which obstruct the standard 
penetration test. The methods using the standard penetration test are preferred to plate load tests for 
homogeneous soils, as these are more economical.

Footings on granular soils are generally designed using the following empirical relationships for the 
allowable soil pressure.

(1) Peck Method
Terzaghi and Peck (1967) gave charts for the safe bearing pressures inducing a total settlement of 25 mm 

and a differential settlement of 19 mm for different sizes of footing. Peck et al (1974) revised the Terzaghi 
and Peck curves to take into consideration the later research, and gave the following equation for the safe 
settlement pressure.

q„p - 0.41 CwNs ...(23.TJ)

where q„ p = safe settlement pressure (kN/m2).
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N = average SPT number, corrected for overburden pressure and dilatancy, 
s = settlement (mm), Cw = water table correction factor.

For a settlement of 40 mm,
q„ p - 16.4 CWN (23.78)

Fig. 23.23 gives a chart for s = 40 mm and Cw = 1.0.

Fig. 23.23.

For a settlement of 25 mm,
q„p = 10.25 CWN (kN/m2)

(2) Teng’s Equation
Teng (1962) expressed the charts given by Terzaghi and Peck (1948) in the form of the following 

formulas. Allowance was made for an increase in pressure with depth by introducing a depth factor.

For a settlement of 25 mm,

9.P - 35.0(W -3) ( Rd ...[23.80(a)]

where q„p - safe settlement pressure (kN/m3). N = SPT number, B = width of footing (m),

WY = water table correction factor (Eq. 23.36 (c)),

I 0.2 Df \
Rd = depth correction factor = 1 + —s 1.20 I

The above equation can be written in general form as

= 1.40 (N - 3) “ ^B0-3 j W, Rj , ...[23.80®)]

where s = tolerable settlement (mm)

(3) Meyerhof’s equation
Meyerhof proposed equations which are slightly different from Teng’s equations. According to him, for a 

settlement of 25 mm,

The water table correction is determined using the relation
Cw - 0.5 + 0.5 D„/(Df + B) ...(23.79)

where Dw = depth of water table below the ground surface, D{ = depth of footing, B width of footing.
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q„p - 12.2 N WyRd for B s 1.2 m ...[23.81(a)]

and 9,p - 8.1 N ( °-y '3 ) W, Rj for B s 1.2 m ...[23.81(B)]

where all the terms are the same as in Teng’s equation, except Rd, which is given by

Rd - 1 + 0.33 Df/B s 133.

(4) Bowie’s equation
Bowles (1977) suggested that the net allowable pressure given by Meyerhof’s equation can be safely 

increased by 50%. Thus, for a settlement of 25 mm.

qnp - 183 N WyRd for B s 1.2 m ...[23.82(a)]

(5) IS : 6403—1971 equation
IS : 6403—1971 gives the following equation, which is similar to Teng’s equation (Eq. 23.80 (/>)). For a 

settlement of 40 mm,

The depth factor is not considered.
Fig. 23.24 gives the allowable soil pressure for a settlement of 25 mm (Terzaghi and Peck, 1967). Fig. 

23.25 gives die allowable soil pressure for a settlement of 40 mm.

Narrow Footings on Sand
The design of narrow footings on sand footings is generally governed by the net safe bearing capacity. 

The ultimate bearing capacity can be determined from the theories already discussed. The value of the angle 
of shearing resistance (^ can be determined from shear tests. As it is difficult to duplicate field conditions 

in the laboratory, <j>' is usually determined indirectly from standard penetration number (N), as shown in Fig. 
23.7.
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2331. ALLOWABLE SOILS PRESSURE FOR COHESIVE SOILS
The allowable soil pressure for cohesive soils is generally controlled by the net safe bearing capacity, 

although settlement criterion may control in soft clays. In the case of foundations on firm to stiff clays, it is 
unnecessary to compute settlements, especially when 
the structure is lightly loaded as the settlements are 
quite small. A factor of safety of 3 against shear 
failure would generally ensure that the settlements 
are within the safe limits. However, it is essential to 
compute the consolidation settlement in all cases of 
heavy structures.

The net safe bearing capacity (g„) depends 

upon the shear strength of the clay. The minimum 
value of shear strength should be taken for the 
computations of the ultimate bearing capacity. On 
saturated clays, the time of loading is relatively 
rapid, and the undrained conditions usually apply. 
The undrained cohesion (c„) is determined from the 

vane-shear test, unconfined compression test or 
unconsolidated-undrained test (Chapter 13). The 
ultimate bearing capacity is determined using the 
bearing capacity theories for <|> = 0 conditions.

As the settlement calculations are involved, the 
size of the footing is first selected considering the 
net safe bearing capacity and then the settlements are checked. It may be noted that the footing width has 
very little effect on the magnitude of the settlement. The settlements depend mainly on the magnitude of the 
load. Consequently, if settlements control the design, merely increasing the size of footing may not help solve 
the problem. An alternative type of foundation such as a mat foundation, a compensating foundation or a pile 
foundation, would be required.

2332. PRESUMPTIVE BEARING CAPACITY
Building codes of various organisations in different countries give the allowable bearing capacity that can 

be used for proportioning footings. These values, known as presumptive bearing capacity, are based on 
experience with other structures already built. As the presumptive values are based only on a visual 
classification of the surface soils, they are not reliable. These values do not consider important factors 
affecting the bearing capacity, such as the shape, width, depth of footing, location of water table, strength and 
compressibility of the soil. Generally, the values are conservative and can be used for preliminary design or 
even for the final design of small, unimportant structure.

IS : 1904—1978 recommends that safe bearing capacity should be calculated on the basis of the soil test 
data. However, in the absence of such data, the values of the safe bearing capacity can be taken equal to the 
presumptive bearing capacity values given. Table 23.10 gives the values for different types of soils and rocks. 
The table also gives the values as per New York Building Code for comparison.

It is further recommended that for non-cohesive soils, the values shall be reduced by 50% if the water 
table is above or near the base of footing.

For further detail^, a reference may be made to IS: 1904—1978.

2333. PLATE LOAD TEST
The allowable bearing pressure can be determined by conducting a plate load test at the site. The conduct 

a plate load test, a pit of the size 5B(, X 5B;„ where B„ is the size of the plate, is excavated to a depth equal 

to the depth of foundation (Dy). The size of the plate is usually 0.3 m square. It is made of steel and is 25 
mm thick. Occasionally, circular plates are also used. Sometimes, large size plates of 0.6 m square are used.
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Table 23.10. Presumptive Safe Bearing Capacity

Type of Rock!soil
IS : 1904-1978 New York Building Code

t/ni1 kN/m2 t/m2 kN/m2

I. Rocks
1. Hard Sound Rock 330 3240 199-591 1950-5800

2. Laminated rock 165 1620 77 760
3. Residual Deposits of Shattered and 90 880 112 1100

Broken Rocks

4. Soft Rock 45 440 77 760
II. Non-Cohesive Soils

1. Compact gravel, sand and gravel 45 440 77-97 760-950
2. Compact and dry coarse sand 45 440 31-77 300-760
3. Compact and dry medium sand 25 245 -
4. Fine sand, silt 15 150 —

5. Loose gravel or sand 25 245 36 350
6. Loose and dy fine sand 10 100 19 90

III. Cohesive Soils
1. Hard or Stiff clay, soft shale 45 440 49 480
2. Medium clay 25 245 19 190
3. Moist clay and sand clay mixture 15 150 — •—

4. Soft clay 10 100 10 95
5. Very soft clay 5 50 — -
6. Black cotton soil, Peat, made up soils * • * ■ •

To be determined after soil investigations.
Compactness or looseness of non-cohesive soils may be determined by driving a cone of 65 mm dia and 60° 
apex angle by a hammer of 65 kg falling from 75 cm. If corrected number of blows (N) for 30 cm penetration 
is less than 10, the soil is loose. If more than 30, it is taken as dense. If N is between 10 and 30, it is medium 
dense.

A central hole of the size Bp x Bp is excavated in the pit. The depth of the central hole (Dp) is obtained from 
the following relation :

Dp/Bp - D/Bf

or Dp - (Bp/Bf) x Df ...(23.84)

where Bf is the width of the pit, and Bp is the size of plate.

For conducting the plate load test, the plate is placed in the central hole and the load is applied by means 
of a hydraulic jack (Fig. 23,26). The reaction to the jack is provided by means of a reaction beam. 
Sometimes, trusses are used instead of a reaction beam to take up the reaction. Alternatively, a loaded 
platform (kentledge) can be used to provide reaction. A seating load of 7 kN/m2 is first applied, which is 

released after some time. The load is then applied in increments of about 20% of the estimated safe load or 
one-tenth of the ultimate load. The settlement is recorded after 1, 5, 10, 20, 40, 60 minutes, and further after 
an interval of one hour. These hourly observations are continued for clayey soils until the rate of settlement 
is less than 0.2 mm per hour. The test is conducted until failure or at least until tire settlement of about 25 
mm has occurred (IS : 1888).

The ultimate load for the plate qu(p) is indicated by a break on the log-log plot between the load 

intensity q and the settlements. If the break is not well-defined, the ultimate load is taken as that
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Fig. 23.26. Plate Load Test.
corresponding to a settlement of one-fifth of the plate width (Bp). On the natural plot (Fig. 23.27), the 
ultimate load is obtained from the intersection of the tangents drawn as shown.

Fig. 2327.
(1) The ultimate bearing capacity of the proposed foundation qu (/) can be obtained from the following 

relations:

(a) For clayey soils, <?«(/)- (p) ...(23.85)

(h) For sandy soils, ?«(/)- (p) x ...(23.86)
Op

where Bf = foundation width.

(2) The plate load test can also be used to determine the settlement for a given intensity of loading (<?<,). 
The relations between the settlement of the plate (sp) and that of the foundation (sy) for the same load 
intensity are given below.

(a) For clayey soils, sf - sp x ...(23.87)

where sp is obtained from the load intensity-settlement curve for qo.

0) For sandy soils, V - sr j ...(23.88)

In above equations, Bf is the width of foundation in metres and Bp is the width of the plate also in metres.

(3) For designing a shallow foundation for an allowable settlement of sf, a trial and error procedure is 
adopted. First of all, a value of Bf, is assumed and the value of qo is obtained as
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qo = Q/Aj ...(23.89)

where Af is the area of fooling, and Q is the load.

For the computed value of qo, the plate settlement (sp) is determined from the load-settlement curve 
obtained from the plate load test. The value of sf is computed using Eq. 23.87 if the soil is clay and using 
Eq. 23.88, if sand. The computed value of sf is compared with the allowable settlement. The procedure is 
repeated till the computed value is equal to the allowable settlement.

(4) The plate load test can also bc used for the determination of the influence factor I (Sect. 23.24). From 
Eq. 23.68,

(1 - u2)
5 - k ! x / x qB ...(23.90)

Fig. 23.28 shows a plot between the settlements and the load qB. The slope of the line is equal to

Fig. 23.28.

Limitation of the plate load test
The plate load test has the following limitations:
(1) Size effect. The results of the plate load test reflect the strength and the settlement characteristics of 

the soil within the pressure bulbs (Section 11.6). As the pressure bulb depends upon the size of the 
loaded area, it is much deeper for the actual foundation as compared to that of the plate (Fig. 23.29). 
The plate load test does not truly represent the actual conditions if the soil is not homogeneous and 
isotropic to a large depth.

(2) Scale effect. The ultimate bearing capacity of saturated clays is independent of the size of the plate. 
but for cohesionless soils, it increases with the size of the plate (Eq. 23.86). To reduce scale effect, 
it is desirable to repeat the plate load test with plates of two or three different sizes and extrapolate 
the bearing capacity for the actual foundation and take the average of the values obtained.

(3) Time effect. A plate load test is essentially a test of short duration. For clayey soils, it does not give 
the ultimate settlement. The load—settlement curve is not truly representative.

(4) Interpretation of failure load. The failure load is not well-defined, except in the case of a general 
shear failure. An error of personal interpretation may be involved in other types of failure.

(5) Reaction load. It is not practicable to provide a reaction of more than 250 kN. Hence, the test on 8 
plate of size larger than 0.6 m width is difficult.

(6) Water table. The level of the water table affects the bearing capacity of the sandy soils. If the water 
table is above the level of the footing, it has to be lowered by pumping before placing the plate. Hie 
test should be performed at the water table level if it is within about 1 m below the footing.
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2334. HOUSEL’S METHOD FOR DESIGN OF FOUNDATION
Housel's method can be used for the design of a shallow foundation for a given safe settlement. l\vo 

plate load tests are conducted, one with a plate of size B{ and the other, with a plate size B2. The 

load-settlement curves are obtained for both the tests. The loads corresponding to safe settlement s1 are 
obtained from the load-settlement curves. Let Qi and Q2 be the loads for the plates of size BY and B2 
respectively. Housel expressed these loads in the following forms.

Qi^Ai/n+Pin ...(23.91)

and Q2 = A2m + P2n ...(23.92)

where Ait A2 = areas of plates of size Bj and B2, respectively
Pi, P2 = perimeters of plates of size Bj and B2, respectively.

and m, n = constants.
The values of the constants in and n are determined solving equations 23.91 and 23.92.

If A and P are, respectively, the area and perimeter of the given foundation, the safe load is then 
computed as

Q = Am + Pn ...(23.93)
The above load Q is for a safe settlement of For any other settlement s', the safe load is given

Q' = (Q/S1) X s' ...(23.94)

Eqs. 23.93 and 23.94 can also be used for the determination of the size of foundation for a given' load, 
as both A and P depend upon the size.

ILLUSTRATIVE EXAMPLES

Illustrative Example 23.1. Determine the ultimate bearing capacity of a strip footing, 1.20 tn wide, and 
having the depth of foundation of 1.0 in. Use Terzaghi’s theory and assume general shear failure Take <j>' = 
35°, y = 18 kN/m3, and c' = 15 kN/m2.

Solution. From Eq. 23.25, qu = c' Nc + y DfN^ + 0.5 y BNy
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For 4>' = 35°, Table 23.1 gives Ne - 57.8, Nq - 41.4 and Ny - 42.4.

Now qu - 15.0 x 57.8 + 18.0 x 1.0 x 41.4 + 0.5 x 18.0 x 1.2 x 42.4

= 2070 kN/m2
Illustrative Example 23.2. Determine the allowable gross load and the net allowable load for a square 

footing of 2m side and with a depth of foundation of 1.0 m. Use Terzaghi’s theory and assume local shear 
failure. Take a factor of safety of 3.0. The soil al the site has 7 = 18 kN/m3, c' = 15 kN/m2 and <|»' = 25°.

Solution. From Table 23.1, for <|>' = 25°'

Ne' - 14.8, Nq - 5.6 and Ny' - 3.2

From Eq. 23.37, taking c„' = 2/3 c' = 10 kN/m2

qu = 1.2 x 10.0 x 14.8 + 18 x 1.0 x 5.6 + 0.4 x 18 x 2 x 3.2

= 325 kN/m2

From Eq. 23.1, qnu = 325 - 18 x 1.0 - 307 kN/m2

From Eq. 23.2, qns = = 102.3 kN/m2

Net allowable load = 102.3 x (2 x 2) = 409.2 kN

From Eq. 23.3, qs - qns + yDy - 102.3 + 18 x 1.0 - 120.3kN/m2

Gross allowable load - 120.3 x (2 x 2) = 481.2 kN
Illustrative Example 233. A footing 2 m square is laid at a depth of 1.3 m below the ground surface.

Determine the net ultimate bearing capacity using IS code method. Take 7 = 20 kN/m3, = 30° and c' = 0.

Solution. For = 30°, Table 23.6 gives

From Table 23.3,

From Eq. 23.49 (a),

From Eq. 23.49 (c),

From Eq. 23.48,

Nc = 30.14, Nq = 18.4 and Ny = 22.4

$<. = 1.3, sq = 1.2 and sy = 0.80

de = 1 + 0.2 (Df/B) tan (45° + <j>'/2)

- 1 + 0.2 x (1.3/2.0) tan 60° = 1.23

dq = d^ = 1 +0.1 (Df/B) tan (45° + <>'/2) = 1.11

<7™ = cNcsedcic + q (Nq—1) sqdqiq + 0.5 BNy sy d^ i^W

■= 0.0 + 1.3 x 20 x (18.4 - 1) x 1.2 x 1.11 x 1.0 + 0.5 x 20 x 2.0 x 22.4 x 0.8 x 1.11 x 1.0

or q„u = 1000 kN/m2

Illustrative Example 23.4. Determine the net ultimate bearing capacity of the footing in Illustrative 
Example 23.3 if

(a) the water table rises to the level of the base,
(b) the water table rises to the ground surface, and
(c) the water table is 1 m below the base.

Solution, (a) W' = 0.50, Therefore, Eq. 23.48 gives

q„u - 1.3 x 20.0 x (18.4-1) x 1.2 x 1.11 x 1.0 + 0.5 x 20.0 x 2.0 x 22.4 x 0.8 x 1.11 x 0.5 

- S01kN/m2
(b) W' = 0.50. The surcharge q is also reduced as,the effective stress is reduced, Thus

qm = 1.3 x (20 - 9.81) x (18.4 - 1) x 1.2 x 1.11 x 1.0 + 0.5

x 20 x 2.0 x 22.4 x 0.8 x 1.11 x 0.5

= 506 kN/m2
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(c) W' is obtained by linear interpolation [see Eq. 2336 (c)J.

W - 0.5 + - 0.75

Therefore, qw = 1.3 x 20.0 x (18.4 - 1) x 1.2 x 1.11 x 1.0 + 0.5 x 20.0

x 2.0 x 22.4 x 0.8 x 1.11 x 0.75

= 901 kN/m2
Illustrative Example 23.5. A square column foundation is to be designed for a gross allowable total load 

of 250 kN. If the load is inclined at an angle of 15° to the vertical, determine the width of the foundation. 
Take a factor of safety of 3.0 and use Vesic’s equation, f = 19 kN/m, 4>' = 35°, and c' = 5 kN/m2. The depth 

of foundation is 1.0 m.

Solution. From Eq. 23.45,
qu = c' Ncscdcic + qNqSqdqiq + 0.5 y B Ny Sy dy iy

From Table 23.6, Ne =

From Table 23.7,

From Eq. 23.46 (a),

46.12, Nq = 33.30 and Ny = 48.03 

se = 1 + 33.30/46.12 = 1.72 

Sq = 1 + tan 35° = 1.70, sy = 0.60 

dc = 1 + 0.4 x 1.0/B

From Eq. 23.46 (b), 

or

From Eq. 23.47 (a),

From Eq. 23.47 (t>),

dq = 1 + 2 tan 35° (1 - sin350)2 x 1.0/B 

dq . 1 + 0.255/B; dy - 1.0 

ic = iq = (1 _ a°/90)2 = 0.694 

iy = (1 - a°/<|>)2 = 0.327

Therefore, qu = 5.0 >< 46.12 x 1.72 x (1 + 0.4/B) x 0.694 + (19 x 1.0)33.3

x 1.7 x

From Eq. 23.1,

(1 + 0.255/B) x 0.694 + 0.5 x 19 x B x 48.03 x 0.6 x 1.0 x 0.327 

= 1022.2 + 300.7/B + 89.5 B

qnu = Qu- iDf = qu - 19 x l.o 

300 7
= 1003.2 + + 89.5 B

From Eq. 233, qs - y- + 19 x 1.0

= 334.4 + + 29.8 B + 19.0
B

Now gross load = qs x B2

or 250.0 = 353.4 B2 + 100.2 B+ 29.8 B3

Solving by trial and error, B = 0.7 m
Illustrative Example 23.6. Determine the ultimate bearing capacity of a square footing 2 m x 2m in a 

soil with unit weight of 18 kN/m3, <|)' = 20°, c = 20 kN/m2. Take the depth of foundation of 1.50 in. Use 

Hansen’s equation.

Solution. From Eq. 23.42, qu = cNcscdcic + qNqSqdqiq + 0.5 "fBNySydyiy

From Table 23.2, Nc = 14.83, Nq = 6.40 and Ny = 3.54

From Table 23.3, se « 1.2, sq » 1,2 and sy = 0.6

From Table 23.4, dc = 1 + 03 x 1.5/2.0 = 1.225

dq - dc . 1.225, dy - 1.0
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As ic = ic = iy = 1.0,

qu - 20.0 x 14.83 x 1.2 x 1.225 x 1.0 + (18 x 1.50) x 6.40 x 1.2 

x 1.225 x 1.0 + 0.5 x 18 x 2 x 3.54 x 0.6 x 1.0 x 1.0

- 728.25 kN/m2

Illustrative Example 23.7. A strip footing of2m width is founded at a depth of 4 m below the ground 
surface. Determine the net ultimate bearing capacity, using (a) Terzaghi’s equation, (b) Skempton’s equation, 
and (c) IS Code. The soil is clay (<j> = 0, c = 10 kN/m2). The unit weight of the soil is 20 kN/m3.

Solution, (a) Terzaghi’s equation

From Eq. 23.25, qu = cuNe + yDzN, + O.SyBN,

Taking the values from Thblc 23.1, qu - 10 x 5.7 + 20 x 4 x 1.0 + 0.5 x 20 x 2 x 0.0 = 137 

Therefore, qm - qu - ^Df - 137.0 - 20 x 4 = 57.0 kN/m2

(b) Skempton’s equation

Df 4
From Eq. 23.53 (a), for B ~ 2 <

Nc - 5.0(1 + 0.2D/B)(l + 0.2 B/L) 

* 5.0 (1 + 0.2 x 4/2) (1 + 0.2 x 0.0) = 7

From Eq. 23.55, qm - cuNc - 10 x 7.0 - 70.0 kN/m2

(c) IS Code
From Eq. 23.56, 0nu “ cuNcscdcie

Taking Nc = 5.14, q™ - 10 x 5.14 x (1 + 0.2 x tan 45°) x 1.0

- 51.4 x 1.4 = 71.96 kN/m2

Illustrative Example 23.8. A square footing (1.5 m x 1.5 m) is located at a depth of 1.0 tn in a clay 
deposit consisting of two layers. The top layer is Im thick and has Cj = 150 kN/m2 and yj = 16 kN/m3. The 
bottom layer has c^ = 50 kN/m2 and y = 15 kN/n?. Determine the net ultimate bearing capacity.

Solution. From Eq. 23.59, taking ic - 1.0, qu = C[Ncsedc + q

From Fig. 23.18, for cj/ci = 1/3 and Z/B = 1.0/15 = 0.67, the value of Nc is equal to 350.

sc -1 + (B/L)(Nt/Nt) - 1 + 1 x 1/3.5 - 1.29

dc - 1 + 0.4 x 1.0/150 - 1.27

Therefore, qu ~ 150 x 3.5 x 1.29 x 1.27 + 16.0 x 1.0 = 876.1 kN/m2

qm - 876.1 - 16 - 860.1 kN/m2

Illustrative Example 23.9. A square footing (1.5 m x 1.5 m) is located at a depth of 1.0 m. The footing 
is subjected to an eccentric load of 400 kN, with an eccentricity of 0.2 tn along one of the symmetrical axes. 
Determine the factor of safety against bearing failure. Use Vesic’s equation. Take y = 21 kN/m3, c = 100 
kN/m2, <}> = 0.

Solution. Effective width B' = B - 2 eb ■= 1.5 - 2 x 0.2 = 1.1 m

From Eq. 23.45, taking Ny = 0.0, Nc - 5.14 and Nq = 1.0,

qu = cNc sc deic +q Nfy dq iq

where = 1 +(B'/L)(Nq/Ne) = 1 + (1.1/1.50) x 1.0/5.14 = 1.14

sq - 1 + (B7L) tan <f> = 1.0 + (1.1/1.50) tan 0° - 1.00
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dc » 1 + 0.4 (Df/B) - 1 + 0.4 x 1.0/1.5 - 1.27

dq = 1 + 2 tan 4> (1 - sin <j>)2 (Df/B) = 1.0

qu = 100 x 5.14 x 1.14 x 1.27 + 1.0 x (21.0 x 1.0) x 1.0 x 1.0 

= 744.2 + 21.0 - 765.2 kN/m2

From Eq. 23.63 (a), 

or 

Now 

Therefore,

9max - 320 kN/m2 ...(d)

qm - 765.2 - 21 x 1 - 744.2.

...<»)

From Eqs. (a) and (b), 744.2/F + 21.0 = 320

or F = 2.49.
Illustrative Example 23.10. A square footing is required to carry a net load of 1200 kN. Determine the 

size of the footing if the depth of foundation is 2 in and the tolerable settlement is 40 mm. The soil is sandy 
with N = 12. Take a factor of safety of 3.0. The water table is very deep. Use Teng’s equation.

Solution. From Eq. 23.61,

qnu = 0.33N2BWt + 1.0(100 + N2)DfWq

or qnu ~ 0.33(12)2B x 1.0 + 1.00 (100 + 122) x 2 x 1.0

or qnu = 47.5 B + 488.0

Total net load, Qn = (47.5 B + 488.0)/3 x B2

or 1200 = (47.55 + 488.0)/3 x B2

or 1200 - 15.8 B3 + 162.7 B2

Solving, by trial and error, B » 2.45 m.

From Bq. 23.80 (6), . 1.40 (N - 3) (j W, Rd s

or - l.-W*  (j + x 40

or - 1.40(12 - 3) x 40 (1 . 0.4/B)

or . 126 (B + 0.3)2 x (1 + 0.4/B)

Now 2, ■ 4, X S’
or 1200 . 126(8 + 0.3)2(l + 0.4/B)

Solving, B = 2.58 m. adopt B - 2.60 m
Illustrative Example 23.11. A rectangular footing (3 m x 2 m) exerts a pressure of 100 kN/m2 on a 

cohesive soil (Es = 5 x 101 kN/m2 and p = 0.50). Determine the immediate settlement at the centre, assuming 

(a) the footing is flexible, (b) the footing is rigid.

Solution. From Eq. 23.68, Sj » qB
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As L/B = 3/2 = 1.5, from Thble 23.8, / = 1.36.

Therefore, s, « 100 x 2 ( ------- x 1.36 x 10-3 = 4.08 mm

( 5 x 104 )

(b) For rigid fooling (I = 1.06), s = (1.06/1.36) x s,

= 1.06/1.36 x 4.08 - 3.18 mm
Illustrative Example 23.12. Fig. E-23.12 shows a square footing resting on a sand deposit. The 

at the level of the foundation (q) is 200 kN/m2. The figure also shows the variation of the elastic 

with depth. Determine the settlement of the foundation after 6 years of construction.

2B
Solution. From Eq. 23.69, s,— Ci C2 (q - q) V -zr • A z

0 E’

5-16x15- 24 kN/m2 and q - q - 200 - 24 - 176kN/m2

Ci = 1 - 0.5 (=-?~ 1 = 1 - 0.5(24/176) = 0.932

C2 = 1 + 0.2 log10 (r/0.1) = 1 + 0.2 log10 (6/0.1) - 1.356

28
Therefore, s, - 0.932 x 1.356 x 176 V tt • Az

V E-
2B

= 222.4 ? • Az

V E-
28

The value of y (Z2/Ej) • Az is determined as shown in the table below. It is equal to 13.97 x 10'5. 
0
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2 13.97 x 10-S

z Az
E, 

(kN/m2) h (Iz/E,) ■ Az

0—1.00 1.0 m 8000 21^042-0.26 3.25 x 10"S

1.0—2.0 9000 0.453 5.03 x 10“S
2.0—3.0 10000 0.333 3.33 x 10-5
3.0—4.0 11000 0.200 1.82 x 10"S
4.0—5.0 12300 0.067 0.54 x 10~5

Therefore, s,- - 222.4 x 13.97 x 10'sm

or S/ - 31.07 mm

Illustrative Example 23.13. Fig. E-23.13 shows the load- settlement curve obtained from a plate load test 
conducted on a sandy soil. The size of the plate used was 0.3 in x 0.3 nt. Determine the size of a square 
column footing to carry a net load of 3000 kN with a maximum settlement of 25 mm.

Adopt a size of 3.55 m x 3.55 tn.

Bf
<70 = -^2 

(Bf)2
sP from Fig. 

Ex. 23.13 Bf/BP
V 

from Eq. (a)

3.80 m 207.7 6 mm 12.67 20.62 mm
3.6 m 231.5 7 mm 12.00 23.85 mm
3.55 m 238.0 7.3 mm 11.83 24.81 mm
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Illustrative Example 23.14. Two-plate load tests at a site gave the following results.

Size of plate Load Settlement

0.305 x 0.305 in 40 kN 25 nun
0.61 x 0.61 m 40 kN 15 mm

(a) Assuming Poisson’s ratio as 0.3, determine the deformation modulus of the soil.
(b) If there are two columns, one of the size 2.5 m x 2.5 m, carrying a load of 2700 kN, and . 

of size 3m x 3m, carrying a load of 3900 kN, determine the differential settlement. The columns 
apart.

40Solution, (a) For the first test, q{ - —— - 430 kN/m2

qiBi - 430 x 0.305 = 131.1 kN/m2

For the second test, q2 = 40 = 107.5 kN/m2
U.ol x U.61

qJ32 = 107.5 x 0.61 = 65.6 kN/m2

Fig. E-23.14 shows the plot between qB and s.

other
? 7 m

Fig. E-23.14.

From the plot,

From Table 23.8, 

As the plate is rigid,

Therefore,

-"H j I = 1.52 x KF4

I = 1.12

I - 0.8 x 1.12 - 0.89

= ^2) x 0896 = Il-032) x 08% 
1.52 x 10-4 1.52 x 10"4

Es - 5364 kN/m2

(b) For the first column, <h “ 25x2.5 “ 432 kN7”2

For the second column, . 433 kN/m'
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78.42 mm
2.5 x (0.305 + 0.30) ] 
0.305 x (2.5 + 03) ]

3 (0305 + 030) I2 

0.305 (3.0 + 0.3) ] ” '

- 78.42 - 2-88 mm

81.3 mm

As the settlement of the plate (0.305 m x 0.305 m) at a load intensity of 430 kN/m2 is 25 mm, it can be 

used for the determination of the settlement of columns.

Form Eq. 23.88, (sjh - 25

- 25

Differential settlement - 81.
Illustrative Example 23.15. The results of two plate load tests for a settlement of 25.4 mm are given.

Plate diameter Load

0305 m 31 kN
0.61 m 65 kN

A square column foundation is to be designed to carry a load of 800 kN with an allowable settlement of 
25.4 nun. Determine the size using Housel’s method.

Solution. From Eq. 23.91 and 23.92,

31.0 = (ji/4) x (0.305)2 x m + 3t (0.305) x n

65.0 - (ir/4) x (0.61)2 x m + jc, (0.61) x n -(b)
Eq.(a) can be written as 62 = 2 x :t/4 (0.305)2 x m + 2 Jt (0.305) x n

From Eqs.(fe) and (c), by subtraction,

3.0 - m [re/4 (0372 - 0.186)] or m - 20.55

From Eq. (a) 31.0 = 1.5 + 0.9577 n or n =30.80

...(c)

From Eq. 23.93, Q - B2 x 20.55 + (30.8 x 4B)

or 800 = 20.55 B2 + 123.2 B

or B - 3.93m say 4m x 4m.

PROBLEMS

A. Numericals
23.1 . Determine the ultimate bearing capacity of a square footing of size 1.2 m if the depth of foundation is 1 m. Take 

<{■' = 25°, y = 18 kN/m3 and c = 15 kN/m2 Use Vesic’s equation. [Ans. 1050 kN]

23.2 . A circular foundation is of 2.4 m diameter. If the depth of foundation is Im, determine the net allowable load. 
Take f = 19 kN/m3, c' = 30 kN/m2, <|>' = 15° and factor of safety as 3.0. Use Terzaghi’s equation and assume 
local shear failure. [Ans. 418 kN]

233. A square footing is to be designed to carry a load of 500 kN. If the depth of foundation is 1.5 m, determine a 
suitable size of foundation with a factor of safety of 3.0. The water table is at foundation level. Take 4>' = 25°, 
y = 16 kN/m3, fsa = 19 kN/m3. Use Terzaghi’s theory, c' = 20 kN/m2. [Ans. 2.10 m]

Assume local shear failure.
23.4 . A strip footing is required to carry a net load of 1000 kN at a depth of Im. Hiking a factor of safety of 3, 

determine the width of the footing. Take <j> = 30°. y = 19 kN/m3, c = 20 kN/m2. Use Terzaghi’s theory.

Assume general shear failure .[Ans. 2.4 m]
23.5 . A strip footing is 2 m wide and founded at a depth of 2m in a soil of unit weight 20 kN/m3 and a cohesion of 

10 kN/m2. Determine the increase in the bearing capacity when <|> is increased from 20° to 25°. Use Terzaghi’s 
equation. Assume local shear failure. [Ans. 130 kN/m2]

23.6 . A purely cohesive soil has a unit weight of 20 kN/m3 and a cohesion of 150 kN/m2. Determine the safe bearing 
capacity for a rectangular footing 8m x 2m founded at a depth of 4 m in clay. (F.S. = 3.0) [Ans. 448 kN/tn2]

23.7 . A strip footing 2 m wide is to be laid at a depth of 4 m in a purely cohesive soil (c = 150 kN/m2. y = 19 
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a a a 
a a a a

kN/m'). Determine Ihe ultimate bearing capacity from («) Terzaghi’s theory (/>) Skempton’s theory.
[Ans. 93'0 kN/m2; 1125 kN/m2]

23.8 . Estimate the immediate settlement of a concrete fooling. I m x 2m size, founded at a depth of 1 m in a soil with 
E = IO4 kN/m". |.i = 0.3. The footing is subjected to a pressure of 200 kN/m2. Assume the footing to be rigid.

[Ans. 22.2 mm]
23.9 . A square footing 2.5 in size is founded at a depth of 1.5 tn in a sandy soil deposit which has the corrected N 

value of 30. The water table is at a depth of 2 m from the ground surface. Find the net allowable soil pressure 
if
(a) the desired factor of safety is 3.0.
(/>) the permissible settlement is 40 mm.
Use Teng’s equations. [Ans. 605 kN/m2. 456.5 kN/m2]

23.10 . An excavation 3 in wide is to be made to depth of 5 m in soft clay (cm = 15 kN/m‘, y = 19 kN/m3). The ground 
surrounding the excavation carries a surcharge of 10 kN/m2 Determine the factor of safety. Use Terzaghi’s 

equations. [Ans. 1.23]

B. Descriptive and Objective Types
23 .11. Define the following terms :

(a) Net safe bearing capacity.
(/>) Gross safe bearing capacity,
(c) Allowable soil pressure.

23. 12. What are the assumptions made in the derivation of Terzaghi’s bearing capacity theory ? Write the equation for 
the ultimate bearing capacity.

23. 13. Differentiate between the general shear failure and the local shear failure. How the ultimate bearing capacity in 
local shear is determined ?

14. Discuss the effect of water table on the bearing capacity of the soil.
15. Discuss Meyerhof’s bearing capacity theory. How does it differ from Terzaghi’s theory?
16. Write short notes on:

(a) Hansen’s bearing capacity theory,.
(6) Vesic’s bearing capacity theory.

17. Describe Skempton’s analysis for bearing capacity of cohesive soils.
18. How the bearing capacity of footing on a layered cohesive soil deposit is determined ?
19. Discuss the various methods of determination of the allowable soil pressure. What are their limitations ?
20. What are different types of settlements which can occur in a foundation ? How are these estimated ?

23.21. Discuss the methods for estimating immediate settlements of foundations on clay.
.23.22. How would you estimate the settlements of a foundation on cohesionless soils ?
23.23. Describe platedoad test. What are its limitation and used ?

23.24. Write whether the following Statements are true or false}.
(a) A foundation is considered shallow if its depth is less than 1 m.
(/>) Terzaghi’s theory is applicable when the base of the footing is rough.
(c) For footings on cohesionless soils, the bearing capacity, and not the settlement, generally governs the design.
(d) The plate-load test is more useful for cohesionless soils than for cohesive soils.
(e) The maximum value of Ne is 9.0 by Skempton’s chart.
(f) The presumptive bearing capacity is the same as the allowable bearing capacity.
(g) The-immediate settlement of a rigid footing is approximately equal to the average settlement of the flexible 

fooling.
(A) The allowable angular distortion in case of steel structures is more than that for R;G.C. structures.
(/)The differential settlement is generally three-fourths of the maximum settlement.

[Ans. True (Z>), (d). (e), (g), (h), (i)J

C. Multiple Choice Questions
1. A shallow foundation is usually defined as a foundation which has
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(a) depth less than 0.6 m
(b) depth less than its width
(c) depth less than 1.0 riv
(</) none of above

2. The ultimate bearing capacity of a shallow foundation on sand is reduced to about ... when the water table rises 
to the ground surface.
(a) 75% (b) 50%
(c) 25% (</) none of above.

3. The allowable soil pressure for foundations in cohesive soils is generally controlled by
(a) settlements (b) bearing capacity
(c) both (a) and (/>) (</) neither («) nor (/>)

4. The immediate settlement of a rigid footing is about ... times the maximum settlement of an equal flexible 
footing.
(a) 0.9 (h) 0.8
(c) 0.7 W) 0.6

5. The bearing capacity of soil supporting a footing of size 3m x 3m will not be affected by the presence of water 
table located at a depth below the base of footing of
(a) 1.0 (b) 1.50 m
(c) 3.0 m (<l) 6.0 m

6. A 2 m wide strip footing rests at a depth of 2 m below the ground surface where water table is at the ground 
surface. The ultimate load which the strip can carry according to Terzaghi’s theory when ysai = 20 kN/m" and 
c = 30 kN/m2 is about
(a) 171 kN/m (M 342 kN/m
(c) 422 kN/m (<0 262 kN/m

7. The permissible settlement is the maximum in the case of
(a) Isolated footing on clay (b) Raft on clay
(c) Isolated footing on sand (</) Raft on sand

8. If the gross bearing capacity of a strip footing 1.5 m wide located at a depth of I m in clay is 400 kN/m2, its 
net bearing capacity for y = 20 kN/m2 is
(a) 370 kN/m2 (.b) 380 kN/m‘
(c) 390 kN/m2 (</) 360 kN/m2

[Ans. I. (/>), 2. (ft), 3. («, 4. (/>), 5. (c), 6. (b), 7. (b). 8. (/>)]



24
Design of Shallow Foundations

24.1. TYPES OF SHALLOW FOUNDATIONS
A shallow foundation, according to Terzaghi, is one whose width is greater than its depth (Le. 

Df/B s 1). Shallow foundations are located just below the lowest part of the wall or a column which they 

support. Footings are structural members, made of brick work, masonry or concrete, that are used to transmit 
the load of the wall or column such that the load is distributed over a large area. In fact, a footing is an 
enlargement of the base of the column or wall it supports. The footings are of the following types:

(1) Strip footing. A strip footing is provided for a load-bearing wall (Fig. 24.1). A strip footing is also 
provided for a row of columns which are so closely spaced that their spread footings overlap or nearly touch 
each other. In such a case, it is more economical to provide a strip footing than to provide a number of spread 
footings in one line. A strip footing is also known as continuous footing.

Fig. 24.1. Strip Footing. Fig. 24.2. Spread Footing.

(2) Spread or isolated footing. A spread (or isolated or pad) footing is provided to support an individual 
column (Fig. 24.2). A spread footing is circular, square or rectangular slab of uniform thickness. Sometimes, 
it is stepped or haunched to spread the load over a large area.

(3) Combined footing. A combined footing supports two columns (Fig. 24.3). It is used when the two
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columns arc so dose to each other that their individual footings 
would overlap. A combined footing is also provided when the 
property line is so close to one column that a spread footing 
would be eccentrically loaded when kept entirely within the 
property line. By combining it with that of an interior column, 
the load is evenly distributed.

A combined footing may be rectangular or trapezoidal in 
plan.

(4) Strap or cantilever footing. A strap (or cantilever) 
footing consists of two isolated footings connected with a 
structural strap or a lever, as shown in Fig. 24.4. The strap 
connects the two footings such that they behave as one unit. The 
strap simply acts as a connecting beam and does not take any 
soil reaction. The strap is designed as a rigid beam.

ELEVATION

The individual footings are so designed that their combined 
line of action passes through the resultant of the total load. A Fig. 24.3. Combined Footing.

strap footing is more economical than a combined footing when the allowable soil pressure is relatively high
and the distance between the columns is large.

ELEVATION

□ n
PLAN

Fig . 24.4. Strap Footing.

(5) Mat or raft foundations. A mat or raft foundation is a large slab supporting a number of columns 
and walls under the entire structure or a large part of the structure. A mat is required when the allowable soil 
pressure is low or where the columns and walls are so close that individual footings would overlap or nearly 
touch each other (Fig. 24.5).

Mat foundations are useful in reducing the differential settlements on non-homogeneous soils or where 
there is a large variation in the loads on individual columns.

The bearing capacity theories have been discussed in the preceding chapter. The design of shallow 
foundations is discussed in this chapter. The design is limited to the determination of the depth of footing, area 
of footing, soil pressure, shear force and bending moments. The structural design of footings is outside the 

scope of this text.

24.2. DEPTH OF FOOTINGS
To perform its function properly, a footing must be laid at a suitable depth below the ground surface. The 

vertical distance between the ground surface and the base of fooling is known as the depth of footing (Df). 
The depth of footing controls the ultimate bearing capacity and the settlement, as discussed in chapter 23. 
While fixing the depth of footing, the following points should also be considered.

(1) Depth of top soil. The footing should be located below the top soil consisting of organic matters 
which eventually decompose. The top soil should bc removed over an area slightly larger than the footing.
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Fig . 24.5. Mat Foundation.

(2) Frost Depth. The footing should be carried below the depth of frost penetration. If the footing is 
located at insufficient depth, it would be subjected to the frost damage due to formation of ice lenses and 
consequent frost heave. During summer, thawing occurs from the top downwards and the melted water is 
entrapped.

As the soil water freezes and melts, the footing is lifted during cold weather and it settles during warm 
weather. The shear strength of the soil is also decreased during warm weather due to an increase in water 
content.

To prevent frost damage, the footing? should be placed below the frost depth, which may be 1 m or more 
in cold climates.

(3) Zone of Soil Volume Change. Some soils, especially clays having high plasticity, such as black 
cotton soil, undergo excessive volume changes. Such soils shrink upon drying and swell upon wetting. The 
volume changes are generally greatest near the ground surface and decrease with increasing depth.

Large volume changes beneath a footing may cause alternate lifting and dropping. The footing should be 
placed below all strata that are subjected to large volume changes.

(4) Adjacent footings and property lines. The footing should be so located that no damage is done to 
the existing structures. The adjacent structures may be damaged by construction of a new footing due to 
vibrations, undermining or lowering of the water table. The new footing may also impose additional load on 
the existing footings which may cause settlement. In general, the deeper the new footing and the closer to the 
existing structure, the greater is the potential damage to the existing structure. This is particularly more severe 
if the new footing is lower than the existing footing.

As far as possible, the new footing should be placed at the same depth as the old ones, and the sides of 
excavation adjacent to the existing structure should be suitably supported.

If the footings are placed at different levels, the slope of line joining the two footings should not be 
steeper than two horizontal to one vertical (Fig. 24.6), as per IS : 1904—1978.

(5) Sloping Ground.- If a footing is located adjacent to a sloping ground, the sloping ground surface
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Fig. 24.6.

should not encroach upon a frustum of bearing material under the footing having sides making an angle of 
30° with the horizontal. Moreover, the minimum distance from the lower edge of the footing to the sloping 
ground surface should be 90 cm. (Fig. 24.7).

(6) Water Table. The footing should be placed above the 
ground water table as far as possible. 'The presence of ground water 
within the soil immediately around a footing in undesirable as it 
reduces the bearing capacity of the soil and there are difficulties 
during construction. The water proofing problems also arise due to 
dampness.

(7) Scour Depth. The footings located in streams, on water FiS- 24-7-
fronts or other locations where there is a possibility of scouring, should be placed below the potential scour 
depth.

is 
d 
is

n

(8) Underground Defects. The depth of footing is also affected by the presence of underground defects, 
such as faults, caves and mines. If there are man-made discontinuities, such as sewer lines, water mains, 
underground cables, these should be shifted or the footing relocated.

(9) Root holes. If there are root holes or cavities caused by burrowing animals or worms, the footing 
should be placed below such a zone of weakened soil.
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(10) Minimum- Depth. IS : 1904—1978 specifies that all foundations should extend to a depth of at least 
50 cm below the natural ground surface. However, in case of rocks, only the top soil should be removed and 
the surface should be cleaned and if necessary, stepped.

Sometimes, the minimum depth of foundation is determined from Rankine’s formula (Eq. 23.19).

where q is the intensity of loading.

243. FOUNDATION LOADING
An accurate estimation of all loads acting on the foundation should be made before it can be properly 

designed. A foundation may be subjected to one or more of the following loads.

(1) Dead Loads. The dead loads include the weight of materials permanently fixed to the structure, such 
as beams, floors, walls, columns, and fixed service equipments. The dead load can be calculated if sizes and 
types of structural materials are known. However, there is a problem in estimating the self-weight of the 
structure. The usual procedure is to assume the self weight initially and the structure is designed. The weight 
of the structure is then found from the designed dimensions and compared with the assumed weight. If 
necessary, the design procedure is repeated using-the revised weight.

(2) Live Loads. The live loads are the movable loads that are not permanently attached to the structure. 
These loads are applied during a part of its useful life. Loads due to people, goods, furniture, equipment, 
machinery, etc. are the live loads.
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It is difficult to estimate the live loads accurately. These are specified by local building codes as 
uniformly distributed equivalent static loads.

(3) Wind Loads. Wind loads act on all exposed surfaces of structure. These loads depend upon the 
velocity of wind and the type of structure. Like live loads, wind loads are also specified by building codes.

(4) Snow loads. Snow loads occur due to accumulation of snow on roofs and exterior flat surfaces in 
cold climates. The unit weight of snow is usually taken as 1 kN/m2.

(5) Earth pressure. Earth pressures produce lateral force against the structure below the ground surface 
or fill surface. The earth pressure is determined using the theories discussed in chapter 19. The earth pressure 
is normally treated as dead load.

(6) Water pressure. Like earth pressure, water pressure also produces a lateral force against the structure 
below the water level.

Water pressure may also cause an upward force on the bottom pf the structure due to uplift pressure. It 
must be counteracted by the dead load of the structure.

(7) Earthquake loads. The force due to an earthquake may act vertically, laterally or torsionally on a 
structure in any direction. The worst condition should be anticipated and the relevant code consulted.

The earthquake load is usually assumed as a fraction of the dead load, depending upon the seismicity of 
the zone.

Computation of Design loads. The dead loads and live loads on columns are usually computed by 
tributary area method, in which it is assumed that a column carries all the load in the floor area enclosed by 
lines equidistant from its adjacent columns.

As live loads are temporary and transients, only a part of it may act for a duration that may induce the 
settlement, especially in cohesive soils. Moreover, specified maximum live loads do not occur simultaneously 
at all the floors. It is usual practice to reduce the live loads in such cases (IS : 875).

It is the common practice to assume that the wind load and earthquake loads do not occur simultaneously.

According to IS 1904—1978, foundations should be proportioned for the following combinations of 
loads—

(i) Dead load + live load,
(it) Dead load + live load + wind load or seismic load.

The dead load includes the weight of column, wall, footings, foundations, the overlying fill but excludes 
the weight of the displaced soil. If V is the volume of footing, there is a net increase of load on foundation 
of V (yc — y), where yc is the unit weight of concrete and y is the unit weight of soil. If the weight Vye of 

the footing is included in the dead weight, the dead load needs a reduction equal to V y, equal to the weight 
of the soil displaced.

If wind load (or seismic load) is less than 25% of that due to dead and live loads, it may be neglected 
and the foundation should be designed for combination (i) given above. However, if wind load (or seismic 
load) is more than 25% of that due to dead and live loads, the foundation should be designed for combination 
(it) given above. The foundation pressure should not exceed the safe bearing capacity by more than 25% in 
the second case.

For foundations resting on coarse-grained soils, the settlements should be computed using the loads given 
in combination (ii), as settlements occur in a very short period. However, for fine-grained soils, the 
settlements should be computed corresponding to permanent loads. Generally, one half of the design live load 
is taken as permanent.

24.4. PRINCIPLES OF DESIGN OF FOOTINGS
Before actual design, it is essential to estimate the dead load, live load and other loads. The frequency 

and duration of various loads should also be available. The bending moment at the base of column (or wall) 
should also be ascertained if it is subjected to an eccentric load or moment.

As the bearing capacity of the soil depends upon the depth .of footing and its length and width, an 
estimate about these dimensions is required before the actual design. For members carrying axial load 
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combined with bending moments that do not change direction, a rectangular footing is more suitable than a 
square footing.

The investigation of the site should bc first carried out. The samples should be taken to determine the 
engineering properties of the soil. The safe bearing capacity should be calculated on the basis of soil data 
obtained from the tests using the methods discussed in chapter 23. For cohesionless soils, as it is difficult to 
obtain undisturbed samples, the bearing capacity is determined from the standard penetration test number (N) 
or from the plate load test. The value of N to be used is the average of the N values from the base of footings 
to a depth equal to width of the footing.

The footing is designed using the following procedure.
(1) The safe bearing capacity is determined using the methods discussed in chapter 23. For small, 

unimportant structures, these values can be taken as presumptive values (Table 23.10).
(2) The footing is proportioned making use of the safe bearing capacity determined in Step (1).

(3) The maximum settlement of the footing is determined using the methods discussed in chapter 23. An 
estimate of the differential settlement between various footings is made.

(4) Angular distortion is determined between various parts of the structure.
(5) The maximum settlement, the differential settlement and the angular distortion obtained in the step 

(3) and (4) are compared with the given allowable values (Table 23.9).

(6) If the values are not within the allowable limits, the safe bearing capacity is revised and the 
procedure repeated.

(7) The stability of the footing is checked against sliding ano overturning.

The factor of safety against sliding should not be less than 1.5 when dead load, live load and earth 
pressure and wind pressure (or seismic forces) are considered. However, if only dead load, live load and earth 
pressure are considered, it should not bc less than 1.75. The corresponding factors of safety against 
overturning arc 1.50 and 2.00, respectively.
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I 24.5. PROPORTIONAL FOOTINGS FOR EQUAL SETTLEMENT
To reduce the differential settlement due to live load variations for footings on fine-grained soils, it is 

i| desirable to proportion all the footings in such a way that they have equal pressures under the service loads. 

Thus all the footings would settle by equal amounts and the differential settlement would be considerably 
reduced. The following procedure suggested by Peck et al (1974) is usually adopted.

(1) The dead load from each column, including the weight of the footing, is determined.
(2) The maximum live load to which each footing is subjected is determined.
(3) 'Hie ratio of the maximum live load to dead load for each footing is computed.
(4) The footing that has the largest live load to dead load ratio is taken as the governing footing.
The area (A^) of the governing footing is determined from the relation.

Dead load + live load ...
Ax = “7-----Ll—L------:-------------- T- ...(Z4.Z)* allowable bearing capacity

(5) The service loads for all the footings are determined.
(6) The design bearing capacity (<yrf) of all the footing, except the governing footing, is determined as 

under
q Service Load for governing footing

Ag

(7) The area of other footings is dcteiimined as

, Service load for that footing ... ..
A = ------------------- —-------------------c ...(24.4)

24.6. DESIGN OF STRIP FOOTINGS
Plain cement concrete strip footings are provided when the loads are light and the soil is good. If the 
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loads are heavy and the soil conditions are not favourable, plain concrete footings are not economical. 
Reinforced cement concrete footings are more suitable in such cases.

(fl) Plain Concrete Footings. The footing is designed so that the contact pressure on the soil does not 
exceed the allowable bearing pressure. The width (B) of the footing is determined from the relation

where Q = load per m run, 
q„a = allowable soil pressure.

If the actual width provided is different from the theoretical width, the actual pressure is given by

~ actual width -..(24.6)

The thickness at the edge of the footing should be at least 15 cm. On cohesive soils, generally a 
minimum thickness of 30 cm is specified in order to resist swelling pressure. The thickness of the footing 
should be adequate to minimise the development of tension on the underside of the projection acting as a 
cantilever.

The thickness of the projection is generally kept twice the length of 
the projection from the wall face. A 45° load distribution is also 
commonly used (Fig. 24.8), which gives a small tension on the underside. 
For wide and thick footings, sloping of the upper surface is done to effect 
economy in the quantity of concrete. However, the cost of form work 
will add to the total cost.

(b) Reinforced Concrete Footings. Footings carrying heavy loads 
on weak soils are reinforced in the transverse direction. The width of the 
footing is determined using Eq. 24.5.

For computing the bending moment for which the footing is to be 
designed, the critical section is taken as follows (IS 456 - 1978).

(t) At the face of the monolithic wall (Fig. 24.9). Rg- 24.8.

(it) Half-way between the centre line and the edge of the wall for footings under masonry walls.

Fig. 24.9. R.C.C. Strip Footing.

For monolithic walls, the maximum bending moment is given by 

M = q0 (B - b)2/8

where B width of footing, b = width of wall, q„ = actual soil pressure.

...(24.7)
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For checking Ihe diagonal shear, the critical section is taken at a distance equal to the effective depth (d) 
of footing from the face of the wall. The diagonal shear is given by

F - q0 [(5 - b)/2 - d] ...(24.8)

24.7. DESIGN OF SPREAD FOOTINGS
Spread footings are used for distributing concentrated column loads over a large area so that the bearing 

pressure is less than or equal to the allowable soil pressure. Fig. 24.10 shows general types of spread footings.

The area of the footing is given by

A - Q/qna ...(24.9)

where Q = column load, qna = allowable soil pressure.

If the area actually provided is more, the actual pressure is given by
* ■ Act J area ...(24.10)

(a) Plain Concrete Footings. The design is similar to that of a plain concrete strip footing. The thickness 
of the footing is fixed from the consideration of preventing tension on the underside. As in the case of strip 
footings, the thickness is kept equal to twice the projection or alternatively, the width of the footing is 
determined by the normal practice of 45° distribution of loading.

(b) Reinforced Concrete Footings. The area of the footing is obtained using Eq. 24.9. The shape of the 
footing may be square, circular or rectangular. If the column load is centrally placed, the upward pressure is 
uniform. As the weight of the footing is directly transferred to the soil below, it does not affect the bending 
moment and shear force.

The critical section for bending moment is taken as under.
(i) At the face of the column or pedestal monolithic with the footing when no metal plate is used.
(ii) Half-way between the face of the column or pedestal and the edge of the metal plate on which the 

column or pedestal rests.
The maximum B.M. for the case (r) is given by (Fig. 24.11)

...(24.,!)

For checking the diagonal shear F, the critical section is taken at a distance equal to the effective depth 
(d) of the footing from the face of the column.

F - qoB[(B - b)/2 - d] ...(24.12)

For punching shear, the critical section is taken at a distance of d/2 from the face of the column. 
Generally the overall depth (do) of the footing is determined from the punching shear considerations.

tfo^B2 - (b + d)2]
d‘~ 4(b+d)aIp ...(24.13)

where qo = actual pressure, B = width of footing, b = width of square column, asp = safe punching shear. 

The depth provided is checked for bending moment, shear and bond.



In (he case of rectangular footings, the length and the width should bc so chosen that the bending 
moment in each of the adjacent projections is equal to the moment of resistance of the looting. For uniform 
contact pressure distribution, the centre of gravity of the footing should coincide with the centre of gravity of 

the column.
The fooling of a circular column can bc either square or circular. For the design of a square fooling for 

a circular column, the circular column is generally substituted by an equivalent square column of the same 
area. The design of the footing is then done using the procedure already described for a square footing, 'fhc 
design of the circular footing can also be done using the basic principles. Because of the curved areas, the 
expressions are more involved than those for a square fooling.

The thickness of the footing at the edge shall bc not less than 15 cm for footings on soil, nor less than 
30 cm above the top of piles for footings on piles.

24.8. DESIGN OF ECCENTRICALLY LOADED SPREAD FOOTINGS
A column is said to be eccentrically loaded when it is subjected to a load which is not centric or when 

it is subjected to a bending moment in addition to the centric load. If the centre of gravity of the footing is 
made to coincide with the centre of gravity of the ccntrically loaded column, the pressure distribution is 
trapezoidal, with the maximum pressure on one side and the minimum pressure on the other side. However, 
if the centre of gravity of the footing is placed eccentric with the centre of gravity of the column, the pressure 
distribution becomes uniform (See Fig. 23.20).

The eccentricity (e) of the footing is given by
e = M/Q .-(24.15);

when M bending moment, and Q = axial load.
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If the footing is provided with the above eccentricity, the resultant of the bearing pressure coincides with 
the resultant of the loads. The area of the footing is given by

A - ...(24.16)
‘Inc.

The longer projection of the footing is designed as a cantilever for the maximum bending moment at the 
face of the column. Generally, the same reinforcement is provided in the smaller projection as well. The 
thickness provided is checked for the diagonal shear and the punching shear.

If the bending moment acts temporarily for a short period, a symmetrical footing can also be provided. 
The maximum pressure is determined using the following equations (see Sect. 23.21)

+ -<24-17>

where e is the eccentricity.
If e > B/6, the maximum pressure is given by

- 3/. 2e) -t24'18)

The dimensions L and B of the footing are chosen such that the maximum pressure (q^) does not 

exceed that allowable bearing pressure (qna). The bending moment, the diagonal shear and the punching shear 

arc determined considering the trapezoidal pressure distribution.

24.9. COMBINED FOOTINGS
A combined footings supports two columns. When a foundation is built close to an existing building or 

the property line, there may not be sufficient space for equal projections on the sides of the exterior column. 
This results in an eccentric loading on the footing. It may lead to the tilting of the foundation. To counteract 
this lilting tendency, a combined footings is provided which joins the exterior column with an interior column. 
A combined footing is also required when the two individual footings overlap.

In the conventional design, the combined footing is assumed to be infinitely rigid and the soil pressure 
distribution to be planar. In the elastic line method, the flexibility of the footing is considered. The elastic line 
method is more rational but quite involved (see Sect. 24.17). The following discussion is limited to the 
conventional design.

The footing is proportioned such that the centre of gravity of the footing lies on the line of action of the 
resultant of the column loads. The pressure distribution thus becomes uniform.

A combined footing is generally rectangular in plan if sufficient space is available beyond each column. 
If one of the columns is near the property line, the rectangular footing can still be provided if the interior 
column is relatively heavier. However, if the interior column is lighter, a trapezoidal footing is required to 
keep the resultant of Ute column loads through the centroid of the footing. Thus the resultant of the soil 
reaction is made to coincide with the resultant of the column loads.

24.10. RECTANGULAR COMBINED FOOTINGS
The design of a combined footing consists of selecting length and width of the footing such that the 

centroid of the fooling and the resultant of the column loads coincide. With the dimensions of the footing 
established, the shear force and bending moment diagrams are drawn. The thickness of the footing is selected 
from the bending moment and shear stress considerations. The footing is designed as a continuous beam 
supported by two columns in the longitudinal direction. The reinforcement is provided as in a continuous 
beam.

The procedure consists of the following steps.

(1) Determine the total column loads.

Q = Ci + Qi ...(24.19)

where 2i and Q2 are the exterior and interior columns, respectively.
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(2) Find the base area of the footings.

A - Q/qna ...QA.W)

where qlia is the allowable soil pressure.

(3) Locate the line of action of the resultant of the column loads measured from one of the column, say 
exterior column (Fig. 24.12).

PLAN
Fig. 24.12. Rectangular Combined Footing.

x = Q2 x x2/Q ...(24.21)

where x2 is the distance between columns.

(4) Determine the total length of the footings.
£ - 2(x + hj/2) ...(24.22)

where = width of the exterior column.

(5) Find the width of the footing.

B = A/L ...(24.23)
(6) As the actual length and width that are provided may be slightly more due to rounding off, the actual 

pressure is given by

<?o - Q/Aq ...(24.24)

where Ao is the actual area.

(7) Draw the shear force and the bending moment diagrams along the length of the footing, considering 
the pressure q0.

For convenience, the column loads arc taken as concentric loads acting at the centres.
(8) Determine the bending moments at the face of the columns and the maximum bending moment at the 

point of zero shear.
(9) Find the thickness of fooling for the maximum bending moment.
Check for diagonal shear and punching shear, as in the case of an isolated footings.
Check for bond at the point of contraflcxure.
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(10) Determine the longitudinal reinforcement for the maximum bending moment.
For transverse reinforcement, assume a width of (b + d) to take all the bending moment in the short 

direction, where b is the column side and d is the effective depth.

24.11. TRAPEZOIDAL FOOTING
Trapezoidal combined footings are provided to avoid eccentricity of loading with respect to the base, as 

already mentioned. Trapezoidal footings are required when the space outside the exterior column is limited 
and the exterior column carries the heavier load.

The design procedure consists of the following steps:
(1) Determine the total column loads.

Q = Ct + Q2 (24-25)

(2) Find the base area of the footing.
A = Q/qM ...(24.26)

(3) Locate the line of action of resultant of the column loads (Fig. 24.13).
x = Q2X2/Q ...(24.27)

Fig. 24.13. Trapezoidal Combined Footing.

(4) Determine the distance x' of the resultant from the outer face of the exterior column.

x' = x + by/2 ...(24.28)

A trapezoidal footing is required if

L/3 < x' < L/2

where L is the length of the trapezoidal footing, determined from Eq. 24.22.

If x' - L/2, a rectangular footing is provided. However, if x*  < L/3, a combined footing cannot be 
provided. In such a case, a strap footing is suitable.

(5) Determine the widths Bt and B2 from the following relations.



648 SOIL MECHANICS AND FOUNDATION ENGINEERING

B. + B2■ 2 2 x L = A ...(2429)

Solving Eqs. 24.29 and 24.30,

-<2431>

and Bi - - B2 ...(2432)

(6) Once the dimensions Bt and B2 have been found, the rest of the design can be done as in the case of 
a rectangular combined footing.

24.12. STRAP FOOTINGS
A strap footing is required in the following two cases:
(1) When x' < L/3, where x' is the distance of the resultant of column loads from the exterior face of 

the exterior column, and L is the length of the footing.
(2) When the distance between the two columns is so large that a combined footing becomes excessively 

long and narrow.
As mentioned before, a strap footing consists of two spread footings joined by a rigid beam known as a 

strap. "Ilie strap is not subjected to any direct soil pressure from below. Its main function is to transfer the 
moment from the exterior footing to the interior footing.

'Die following assumptions are generally made.
(a) The soil pressure is uniform beneath each individual footing.

(b) Ilie strap is perfectly rigid.
(c) Tire strap is weightless.

(d) The interior footing is centrally loaded.

The design procedure consists of the following steps.
(I) Assume a reasonable value of the eccentricity (e) between the load and the reaction Rt on the 

exterior column (Fig. 24.14).
(2) Determine the length of the footing of the exterior column.

Li = 2 (e + 0.5 b^ ...(24.33)

where by = width of the exterior column.

(3) Compute the reaction Rlt by taking moments about the line of action of R2.

Ri = Gi x x2/S ...(24.34)

where x2 = distance between loads Qi and Q2 and S = distance between reactions Ri and R2. 

(4) Compute areas A i and A2.

Ai = R\/qna ...(2435)

and A2 = R$/q„a ...(24,36)

The reaction R2 is obviously equal to (2i + Qi) -R\-

(5) Find the widths of footings.

Bi = At/...(24.37)i 

and B2 = '/a2 ...(2438)

(6) Design the individual footings as in the case j>f spread lootings.
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(Exterior) (Interior)

Fig. 24.14. Strap Footing.

(7) Determine the depth of the strap for diagonal shear and bending moment.
[Note : It may be mentioned that a number of designs of the strap footing are possible, depending upon 

the selected value of e.]

24.13. PRINCIPLES OF DESIGN OF MAT FOUNDATIONS
A mat (or raft)is a thick reinforced concrete slab which supports all the load-bearing walls and column 

loads of a structure or a large portion of structure. A mat is required when the loads are heavy and the soil 
is very weak or highly compressible. A mat is more economical than individual footings when the total base 
area required for the individual footings exceeds about one-half of the area covered by the structure.

A niat is preferred to individual footings when the soil mass has very erratic properties and contains 
lenses of compressible soils. In such a case, it would be difficult to control the differential settlements if 
individual footings are provided. The mat spans over weak patches of the soil and thus the differential 
settlements are considerably reduced.

Like all other shallow foundations, a mat must be safe against shear failure and the settlements should be 
within the allowable limits. As the width of a raft is very large, the pressure bulb is quite deep. Thus the loose 
soil pockets under a raft may be more evenly distributed. This results in a smaller differential settlement than 
individual footings. It is customary to assume that a differential settlement of 19 mm would occur in a raft 
when the maximum settlement is twice that in the individual footing. Thus a maximum settlement of 50 mm 
can be permitted when the differential settlement allowed is 19 mm.

As rafts are generally at some depth below the ground surface, a large volume of soil is excavated and, 
therefore, the net pressure on the soil is considerably reduced. An advantage of this reduction in the pressure 
can be taken while designing a raft.

(a) Rafts on Cohesionless Soils. The bearing capacity of a foundation on cohesionless soils depends 
upon the width, as discussed in chapter 23. As the width of a raft is very large, the bearing capacity is high, 
and, therefore, the shear failure generally does not occur. Accordingly, the safe settlement pressure, and not 
the bearing capacity, generally governs the design, except for very loose sands (N < 5).
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Settlements depend upon the depth of the soil stratum. If a firm stratum exists at a shallow depth below 
the raft, the settlements arc small. However, if the sand deposit extends to a great depth, the settlements 
would be large. The allowable soil pressure can be found using the following equations.

The safe bearing capacity can be determined as (Teng, 1962),
. 0.22N2BW1 4 0.67(100 + N2)D,Wq ...(24.39)

The safe settlement pressure for a settlement of 25 mm is given by
9,p . 17.5 (N - 3) W, kN/m2 ...(24.40)

where B = smaller dimension of raft (m), Df = Depth of foundation, 

Wg = water table correction factors.
The pressures and q„p arc in kN/m2. The smaller of the two values is the allowable soil pressure (q„a). 

As stated earlier, Teng’s equation for the safe settlement (q,ip) is conservative. Using Bowie’s equation 
[Eq. 23.82 (b)]. for a settlement of 25 mm.

q.r - 12.2,9 kN/m2 ...(24.41)

where Rd = depth factor = 1 + 0.33 (Df/B) 

In general,

- 12.2N kN/'"2 ...(24.42)

where s = allowable settlement (mm). 

As the width of a raft is very large, 

Therefore, qnp - 12.2N RdWy(s/25) ...(24.43)

Taking Rd = 1.00 and s = 50 mm, 

qnp = 24.42V kN/m2 ...(24.44)

In case of rails, as the width B is very large, and the pressure bulb is deep, the water table generally 
affects the safe settlement pressure.

Taking IV, . 0.5, q„„ - 12.29 kN/m2 ...(24.45)

Peck et al (1974) express Eqs. 24.44 and 24.45) as
q„p = 202V W, kN/m2 ...(24.46)

and q„p = 102V kN/m2 ...(24.47)

The above equations arc applicable for 5 & N s 50. If the value of (2V) after correction is less than 5, 
the sand is too loose for a raft foundation. The sand should be either compacted or a deep foundation, such 
as pile foundation, should be provided. For values of (2V) greater than 50, the above equations give 
unconservative results.

According to IS : 6403, for a settlement of 65 mm, the safe settlement pressure is given by

qnp- 25.4 (2V-3) W, ...[24.48(a)]

Taking W, = 0.5, qnp - 12.7 (2V - 3) ...[24.48(b)]

The safe bearing capacity (q^) can also be determined using the equations developed in Chapter 23. 
Generally, the safe bearing capacity is much greater than the safe settlement pressure and is not of much 
significance.

As the rail foundations are generally used below basements, the foundations are not backfilled. Eq. 23.16 
can be used. Thus
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Q/A - qno + 7Z)Z ...(24.49)

where Q = superimposed load, A = area of raft, Df = depth of foundation.

(b) Rafts on Clay. The net ultimate bearing capacity is generally determined using Skempton’s equations 
(Eq. 23.55).

qm - 5 (1 + 0.2 Df/B) [1 + 0.2(B/Z)]c„ ...(24.50)

where cu = undrained cohesion.

All other notations have been defined above.
The safe net bearing capacity can be obtained as

<?« » Qnu/P ...(24.51)

where F = factor of safety.
Under normal loading conditions, the factor of safety should not be smaller than 3. IS : 6403 

recommends a minimum factor of safety of 2.5.
In case of rafts on clay, as the safe bearing capacity is independent of its size, it generally governs the 

design. But the safe settlement pressure is also important in some cases. In the case of rafts, the pressure bulb 
extends to a much greater depth than that for an isolated footing. The settlements of rafts on normally 
consolidated clays are usually very large. However, in the case of over-consolidated clays, the settlements are 
small. The settlements are calculated due to the net increase in pressure, given by

q„- Q/A - yDf ...(24.52)

If the soil stratum extends to a depth greater than about twice the width of the mat, the load on the mat 
would tend to act as a point load for the soil at large depths, and the settlements would be the same whatever 
be the type of foundation. In such cases, increasing the width of the mat does not help in reducing the 
settlements. If the settlements are large, deep foundations, such as piles or drilled caissons, would bc more 
suitable.

The factor of safety against bearing capacity failure can be written as F - qns/qn.

5 (1 + 0.2D/B) (1 + 0.2B/L) cu
* ’ Q/A - yDf

The settlements of a mat foundation can be reduced by decreasing the net increase in pressure, Le., by 
increasing Df. For no increase of the net pressure, Eq. 24.52 gives ------------------------------ ---------------

yDf - Q/A

A foundation that satisfies Eq. 24.54 is known as 
fully compensated or a floating foundation. For such a 
foundation, the settlement is (theoretically) zero. The 
factor of safety against bearing capacity failure, as per 
Eq. 24.53, becomes theoretically infinite.

24.14. COMMON TYPES OF MAT FOUNDATIONS
There are several types of mat foundations.
(1) Flat Plate Type. In this type of mat foundation, 

a mat of uniform thickness is provided (Fig. 24.15). 
Illis type is most suitable when the column loads are 
relatively light and the spacing of columns is relatively 
small and uniform.

(2) Flat Plate Thickened Under Columns. When 
the column loads are heavy, this type is more suitable 
than the flat plate type. A portion of slab under the
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PLAN

Fig. 24.16. Flat Plate—Thicknened Under Columns.
Plan

Fig. 24.17. Beam and Slab Construction.

column is thickened to provide enough thickness lor negative bending moment and diagonal shear (Fig. 24.16).
Sometimes, instead of thickening the slab, a pedestal is provided under each column above the slab to 

increase the thickness.
(3) Beam and Slab Construction. In this type of construction, the beams run in two perpendicular 

directions and a slab is provided between the beams. The columns are located at the intersection of beams 
(Fig. 24.17). This type is suitable when the bending stresses arc high because of large column spacing and 
unequal column loads.

(4) Box Structures. In this type of mat foundation, a box structure is provided in which the basement

Fig. 24.18. Box Structure. Fig. 24.19. Mat on Piles. 
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walls act as stiffeners for the mat. Boxes may be made of cellular construction or rigid frames consisting of 
slabs and basement walls (Fig. 24.18). This type of mat foundation can resist very high bending stresses.

(5) Mats placed on Piles. The mat is supported on piles in this type of construction (Fig. 24.19). This 
type of mat is used where the soil is highly compressible and the water table is high. This method of 
construction reduces the settlement and also controls buoyancy.

24.15. DESIGN METHODS FOR MAT FOUNDATIONS
The methods of design of mat foundations can be classified into 4 categories, depending upon the 

assumptions made.
(I) Rigid Beam Method. In this method of design, the slab is considered to be infinitely rigid as 

compared with the subsoil. The flexural deflections of the mat in this case do not influence the contact 
pressure distribution acting on the mat. The pressure distribution is assumed to be planar. The centroid of the 
soil pressure coincides with the line of action of the resultant of all the loads acting on the mat.

This method is also known as the conventional method of design. The design of combined footing 
discussed in Section 24.10 and 24.11 was also based on this method.

(2) Simplified Elastic Method. This method is based on the assumption that the soil behaves like an 
infinite number of individual independent clastic springs. The springs are assumed to take tension as well as 
compression. The assumption was first introduced by Winkler and the foundation model is known as 
Winkler's model. The method takes into account the elasticity of the footing. But as the soil does not behave 
exactly according to the assumptions made, the method is an approximate one and is a simplification of the 
actual soil behaviour.

The elastic constant of the spring is related to the coefficient of subgrade reaction, as defined later.

(3) Elastic Method. In this method of design, the soil is considered as a homogeneous, linearly elastic 
half space. The method uses the solutions provided by the theory of elasticity. As actual soils do not behave 
as linearly elastic solids, this method also gives approximate solutions. The method is complicated and rarely 
used in a design office.

(4) Non-linear Elastic Method. The soil is considered to be a non-linearly elastic solid. The method 
represents the behaviour of actual soil more closely than the elastic method and is more accurate. Numerical 
techniques, such as finite clement method, are required for the design (Arora, 1980). The method has not 
developed to a stage that this can be used in a design office.

In this text, only the first two methods are discussed.

24.16. CONVENTIONAL DESIGN OF RAFF FOUNDATIONS
In the conventional method of design, the raft is assumed to be infinitely rigid and the pressure 

distribution is taken as planar (linearly varying). The assumption is valid when the raft rests on a soft clay 
which is highly compressible, and the eccentricity of the load is small. In case when the soil is stiff or when 
the eccentricity is large, the method does not give accurate results. The elastic method, which takes into 
account the stiffness of the soil and raft, is more economical and accurate in the latter case. The simplified 
elastic method is discussed in Sect. 24.17.

According to the American Concrete Institute Committee 436 (1966), the design of mats should be done 
using the conventional method if the spacing of the columns in a strip of the raft is less than 1.75/X metres 
and using the simplified elastic method when it is greater than 1.75/X, where X is given by

where k = coefficient of subgrade reaction (kN/m3), B, = width of the strip (m), 

E = modulus of elasticity of the raft material (kN/m2), I = moment of inertia (m4).

The coefficient of subgrade reaction of a soil is the pressure required to produce a unit settlement of a 
plate. It is given by

k = q/z ...(24.56)
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where q = pressure (kN/m2), z = settlement (m), k = coefficient of subgrade reaction (kN/m3).

The coefficient of subgrade reaction is not a constant for a given soil (Terzaghi, 1955). Il depends upon 
a number of factors, such as length, width, depth and shape of foundation (see Sect. 24.20).

Procedure. The procedure for the 
conventional design consists of the 
following steps:

(1) Determine the line of action of all 
the loads acting on the raft. The selfweight 
of the raft is not considered, as it is taken 
directly by the soil.

(2) Determine- the contact pressure 
distribution as under.

(a) If the resultant passes through the 
centre of the raft, the contact pressure is 
given by L

q - Q/A
(b) If the resultant has an eccentricity 

of ex and Cy in x-and y-directions [Fig. 

24.20 (a)].

’ ■ a * ‘~i‘Jx 1 y -(24-57)

■A ‘yy ‘xx
The maximum contact pressure should _ _ 

be less than the allowable soil pressure.
(3) Divide the slab into strips (bands) 

in x-and y-directions. Each strip is 
assumed to act as independent beam 
subjected to the contact pressure and the 
column loads.

(4) Draw the shear force and bending 
moment diagrams for each strip.

(5) Determine the modified column 
loads as explained below.

It is generally found that the strip 
docs not satisfy statics, Le. the resultant of 
column loads and the resultant of contact 
pressure are not equal and they do not act in the same line. The reason is that the strips do not act 
independently as assumed and there is some shear transfer between adjoining strips.

Let us consider the strip carrying column loads Qlt Q2 and Q3 in Fig. 24.20 (a). Let be the width of 
the strip. Let the average soil (contact) pressure on the strip be qm. Let B the length of the strip.

Average load on the strip.,

Qm = 2 ( downward load + upward force)

Qm = 2 ^21 + Q2 + Q3 + q^B) 

The modified average soil pressure is given by

- n ( Q*
qm " qm' \qmIhB J

...(24.58)

...(24.59)
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The column load modification factor (F) is given by

F _ ^a1'

21 + 22 + 23
...(24.60)

All the column loads arc multiplied by F for that strip. For this strip, the column loads are FQlt FQZ and 

FQy

(6) The bending moment and shear force diagrams are drawn for the modified column loads and the 
modified average soil pressure

(7) Design the individual strips for the bending moment and shear force found in step 6. The raft is 
designed as an inverted floor supported at columns.

As the analysis is approximate, the actual reinforcement provided is twice the computed value.

24.17. DESIGN OF COMBINED FOOTING BY ELASTIC LINE METHOD
The design of a combined footing discussed in Sects. 24.9 to 24.11 is the conventional method, in which 

the footing is assumed to be rigid and the soil distribution is taken as planar. In the elastic line method, the 
stiffness of the footing is considered.

Whether a footing should be considered as rigid or not depends upon the soil characteristics and the size 
of the footing. Hctenyi (1946) gave the following criteria whether a beam should bc considered as rigid or 
flexible. As a combined footing acts like a beam on elastic foundation, the same criteria can be used.

Rigid footing XL < 0.80
Flexible footing XL > 3.0

For the value 0.8 < XL < 3.0, Hie footing is of intermediate flexibility.
The value of XL is computed from the following relation

U - ...(24.61)

where k = coefficient of subgrade reaction, B = width of footing, L length of fooling, 
E - modulus of footing material, and I = moment of inertia of footing.

The flexible footing is designed as infinite beam on elastic foundation, whereas the footings of 
intermediate flexibity is designed as a finite beam.

According to the theory of beams on elastic foundations, 
j4 v

EI^^-ykB .'..(24.62)
dx

where y = deflection (settlement), B = width of beam, k = coefficient of subgrade reaction. 

The solution of Eq. 24.62 is
y - (AcosXx + BsinXx) + e**  (C cosXx + DsinXx) ...(24.63)

...(24.64)

Fig. 24.21.
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Applying the boundary conditions (Fig. 24.21), the solution can be expressed as (Winterkom and Fang, 

1975),

y - ...[24.65 (z)]

M - yt B ...[24.65 (5)]

V = PC ...[24.65 (c)]

where A, B and C are trigonometric identities, which are quite complicated. A digital computer is required for 

the design of footing using above method.

24.18. FINITE DIFFERENCE METHOD FOR COMBINED FOOTINGS
As the rigorous solution for a combined footing on elastic foundation is complicated, numerical 

techniques are used to obtain an approximate solution. A method proposed by Malter (1960) using finite 
difference is described below. The procedure consists of the following steps (Teng, 1962).

(1) Divide the footing into 4 to 6 equal segments, each of length h. For illustration purposes, the beam 
in Fig. 24.22(a) is divided into 3 segments.

(2) Let a, b, c and d be the deflections (settlements) at nodal points A, B, C and D.
The soil reactions at these points are, respectively, a ks, b k„ c ks and d k„ where ks = k x B, in which B 

is the width of the footing.

(a)

(e) Equivalent loads

Fig. 24.22.
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(3) The soil pressure is continuous [Fig. 24.22 (c)]. However, it can be approximated by steps [Fig. 24.22 
(d)]. For more accurate results, it can be represented by straight lines or parabolas.

Replace the soil reactions by equivalent concentrated reactions RA,RB,RC and RD, as shown in Fig. 
24.22 (e).

(4) The footing under the applied load and the equivalent reactions should satisfy the equations of 
equilibrium, viz.,

Ltf = 0 and XV = 0

Write moment equilibrium equations for each panel point. For example, for the point B,

M„ . ~ * c> El ...QAM)

In general. M. - § (%_._■ 2 * 2.♦ i) ...(24.67)

n

Also write force equilibrium equation for the whole system.
(5) Solve the simultaneous equations formed in step 4 for values of a, b, c and d.
(6) Determine the actual pressure distribution from the calculated values of a, b, c and d in step 5,
(7) Design the beam for the pressure distribution found in step 6.

24.19. ELASTIC PLATE METHOD FOR MATS
The design of a mat (raft) on Winkler’s bed can be done using the method proposed by the American 

Concrete Institute Committee 436 (1956). The method is based on the theory of plates on elastic foundations.

The step-by-step procedure is given below (Das, 1984).
(1) Assume a thickness (r) for the mat either by experience or using the conventional (rigid) method.

(2) Determine the flexural rigidity (D) of the mat as

where E = modulus of footing material, p = Poisson’s ratio of footing material.
(3) Determine the radius of effective stiffness (£') from the following relation.

I' - [D/lc)v‘ ...(24.69)

The zone of influence of any column load is of the order of 3L' to 4 L'.
(4) Find the tangential and radial moments at any point caused by a column load using the following 

equations.

Tangential moment, M, = r/]/j
...(24.70)

Radial moment, M, = [ pA! + r/£/^2]

where r = radial distance from the column load, Q = column load. 

Ai and A2 are functions of (r/£'), as shown in Fig. 24.23.

In cartesian coordinates, the above equations can be written as

...(24.71)

Mx = Af, sin2a + Afrcos2a ...(24.72)

My - cos2 a + A/rsin2a 

where a is the angle which the radius r makes with x-axis.

(5) Determine the shear force (V) per unit width of the mat caused by a column load as

...(24.73)
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Fig. 24.23.

(6) If the edge of the mat is located in the zone of influence of a column, determine the moment and 
shear along the edge, assuming that the mat is continuous.

Moment and shear opposite in sign to those determined are applied at the edges to satisfy the known 
conditions.

(7) If the zones of influence of two or more columns overlap, the method of superposition can be used 
to obtain the total moment and shear.

24.20. FINITE DIFFERENCE METHOD FOR MATS
The mat is assumed to be a plate supported by a bed of uniformly distributed coil springs with a spring 

constant k equal to the coefficient of subgrade reaction, Le. Winkler’s bed. The differential equation for the 
deflection of the plate is given below.

d4 w + 2 w + d4 w q-kw 
3x4 + ax2dy2 + dy4 D ...(24.75)

where q = intensity of loading, k = coefficient of subgrade reaction, 

w = deflection (settlement), D = flexural rigidity of plate (Eq. 24.68).

Eq. 24.75 can be solved by finite difference method after dividing the mat into a square mesh (h x h). 
In the case of an interier point a (Fig. 24.24), the deflection wa can be expressed in the difference form as 

20^ - 8(w, + wb + wr+ wj) + 2(w>,; +wlr + n>w+ wbr) + (jv„ + + wn + w„)

-(24.76)

where h»i, wb,... are deflections at adjoining points. The suffixes are shown in Fig. 24.24. The suffixes t, [ 
b and r are respectively for top, left, bottom and right.

Q = concentrated load at point a. All other notations have been defined earlier.

One difference equation can be written for each rigid point.

[Note : For points near free edges, the difference equations is modified to account for boundary 
conditions.]
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After the deflections have been determined, the bending moment at any point in each direction can be 
found using the equations of the theory of elasticity.

Mx - Mx + \iMy ...(24.77)

where Mx = total bending moment in x-direction, Mx = bending moment in x-direction without including 

the effect of bending moment in the transverse y-direction, My = bending moment in y-direction without 
including the effect of bending moment in x-direction.

Using the finite difference operators, the total bending moment on a strip in the I—r direction for an 
interior point is expressed as.

Af;_r = + wr) + p(w,-2wa + wb)j ...(24.78)

Thus the bending moments are computed at all points.

Hie accuracy of the method depends upon the fineness of the grid. When the squares of the grid are 
considerably larger than the size of columns, the results are not reliable adjacent to the columns. This 
difficulty is overcome by introducing subdivisions of the grid adjacent to the columns. However, it increases 
the computational work considerably.

2431. COEFFICIENT OF SUBGRADE REACTION
The coefficient of subgrade reaction in the field can be determined by conducting a plate load test, using 

a square plate of the size 03 m x 0.3 m. A load-settlement curve is drawn, as explained in chapter 29 and 
the coefficient of subgrade reaction is determined using Eq. 24.56.

Table 24.1 gives the approximate values of the coefficient of subgrade reaction (fc) for different soils. As 
the values are for a square plate of size 0.3 m x 0.3 m, these are modified to account for the effect of size, 
shape and depth as explained below.

1. Effect of the size, (a) Cohesionless soils

where B is the size of footing.
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Table 24.1. Coefficient of Subgrade Reaction (A)

S.No. Type of Soil Condition of Soil
Value of k

MN/m3 kN/m3

1. Dry or moist sand Loose 8 to 25 8 x 103 to 25 x 104

Medium 25 to 120 2.5 x 104 to 12 x 105

Dense 120 to 350 1.2 x 105 to-3.5 x 10s

2. Saturated sand Loose 10 to 15 1.0 x 105 to 1.5 x 104

Medium 35 to 40 3.5 x 104 to 4.0 x 104

Dense 120 to 150 1.2 x 105 to 1.5 x 10s

3. Clay Stiff 10 to 25 1.0 x 104 to 2.5 x 104

Very Stiff 25 to 50 2.5 x 104 to 5.0 x 104

Hard > 50 > 5 x 104

(b) Cohesive soils

kBx b - *o.3xo,3  (WB) ...(24.80)

where kBxB - A for size B x B metres, and *b3xo.3  “ * for size 0.3 m x 0.3 m.

2. Effect of shape. For a rectangular foundation (L x B), the value of A is given by

tL.i - + B/L) ...(24.81)

3. Effect of depth. For cohesionless soils, as the confinement pressure increases with the depth, the 
modulus of elasticity increases with depth. This causes a reduction in the settlement of the plate. 
Consequently, the value of k increases with depth.

For cohesive soils, there is no significant change in the value of k with depth.

[Note: Refer to chapter 29 for more details about A]

ILLUSTRATIVE EXAMPLES

Illustrative Example 24.1. Design a reinforced cement concrete footing for a 1 m wide concrete wall 
carrying a load of 800 kN/m. The allowable soil pressure is 200 kN/tn.

800Solution. From Eq. 24.5, B = ^qq = 4 m

Actual soil pressure (q0) - - 200 kN/m2

Maximum B.M. per m run (Eq. 24.7),

M _ _ 200(4 - 1)*  .
o O

From Eq. 24.8, the diagonal shear is given by, taking d = 0.52 m,

F - “'J " 200 ' 196kN
Fig. E-24.1 shows the footing. It also shows the reinforcement.
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Fig. E24.L

Illustrative Example 24.2. Design a square reinforced concrete footing for the following data (Fig.
E-24.2).

Column load

Allowable soil pressure 

Size of column

= SOO kN
= 200 kN/m2

= 0.4 m x 0.4 m

Solution. From Eq. 24.9,

10 mm {> BAR — 
49 nos, both ways

335mml

Ti
Fig. E-242.

Q 800 2
7«, 200 " 4”

Size of footing,

Actual pressure,
800«," r?2 * 200 kN/m‘

From Eq. 24.13, the overall depth (do) is given by 

q^B2- (b + d)2] 

" 4 (b + d) atp

Taking asp as 1000 kN/m2, and cover as 0.06 m, 

d ♦ 0.06 - 200121^04+^1 

4(0.4 + d) x 1000 

Solving, d - 0.23 m. Adopt 0.275 m.

Therefore,

From Eq. 24.11,

do - 0.275 + 0.06 = 0.335 m

"----- j----
- 200 x 2 x (2 - 0.4/ . 1MkN__
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From Eq. 24.12, the diagonal shear is given by

- 200 x 2 jP ~2°'4j - 0.275 ] - 210 kN

The maximum force for bond is given by Eq. 24.14 as

Ft - b„B ~ ) - 200 x 2 x - 320kN

Illustrative Example 243. Design a rectangular combined footing for two columns shown in Fig. E-24.3 
(a). Take allowable soil pressure as 100 kN/m2.

(d) B. M. Diagram 
Fig. E-243.

Solution. Total load, Q = 600 + 900 = 1500 kN

From Eq. 24.21, x - - -3m

From Eq. 24.20, A -

From Eq. 24.22, L =

or L -

w15m

2{r + b/2)

2 (3.0 + 0.3/2) = 63 m
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From Eq. 24.23, B = AIL = 15/6.3 = 2.38, say 2.4 m.

From Bq. 24.24, qo - -jr - , /'“n . - 99.2 kN/m2
n Aq 6.3 x 2.4

Actual pressure per metre run - 99.2 x 2.4 - 238.1 kN/m
Fig. E-24.3 (c) shows the shear force diagram. The shear force is zero at a distance of 237 m from 

column-1. The maximum shear below column-1 is 564 kN and that below column-1 is 626.2 kN.

Fig. E-24.3 (d) shows the B.M. diagram. The maximum B.M. is 666 kN-m.

The footing can be designed for the above values of B.M. and S.F.

Illustrative Example 24.4. Design a trapezoidal footing for the two columns shown in Fig. E-24.4. Take 
allowable soil pressure as 200 kN/m.

-93kN-m -42kN-m
(e) B.M. Diagram

Fig. E-24.4.

C )



664 SOIL MECHANICS AND FOUNDATION ENGINEERING

A 17.5m2, L-6.5H1

From Bq. 24.27, x . . 15^ 6 - 2.57 m

From Eq. 24.28, x' - x + h/2 = 2.57 + 0.5/2 = 2.82 m

L/2 - 6.5/2 - 3.25 m; L/3 - 2.17 m

As L/3 < x' < L/2, a trapezoidal footing is required.

From Eq. 24.31, B2 - y- ( - 1j

2 x 173 / 3 x 2.82 m
65“ (_65_-1)“L62m

7 AFrom Eq. 24.32, - =£- - B2

2 x 17.5 £.
= ——-— - 1.62 = 3.76 m

6.5

Let us provide Z?, - 3.80 m and B2 - 1.65

Pressure intensity at left edge - 197.6 x 3.8 « 750 kN/m

Pressure intensity at right edge = 197.6 x 1.65 - 326 kN/m

Pressure intensity at section X — X at a distance x from the right edge, 

750 - 326 _
wf = 326 + ------—------- xx« 326 + 65.2 x

6.5
Fig.E-24 (d) shows the S.F. diagram. The maximum shear forces under the columns are -1814 kN and

1417 kN. 

x2 65 2 x x2 x
B.M. at X — X - -326 y - 2 xp 1500 (x - 0.25)

- -163X2 - 10.87x3 + 1500x - 375

B.M. at x = 3.43 m is maximum, given by

Mmax - -1917.7 - 438.64 + 5145 - 375 - 2413.6 kN-m

Fig. E-24.4. (e) shows the BM diagram.

The footing can be designed for the maximum B.M. and checked for shear forces.

Illustrative Example 24.5. Design a strap footing for the two columns shown in Fig. E-24.5 (a). The 
allowable soil pressure is 100 kN/m2. Take the eccentricity of the footing of column-1 as 1 m.

Solution. From Eq. 24.33, L\ = 2(e + 0.5 fej = 2(1.0 + 0.5 x 0.4) = 2.4 m

From Eq. 24.34, - —gX 6 - 720 kN

^2 ■ (Gi + 2?) - Ri

= (600 + 1000) - 720 = 880 kN

R, 720 9From Eq. 24.35, Aj - — - - 7.2m2
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(b) Pressure distribution

-332 kN-m
(d) B. M. Diagram

Fig. E-24.5.

From Eq. 24.36, A2 ■= — = = 8.8 m2
qna 100

Intensity of pressure, qY - 100 x 3 = 300 kN/m

From Eq. 24.38, B2 - V&8 - 2.96 m say 3 m

Intensity of pressure, q2 => 3^3 = 97.8 kN/m2 

- 97.8 x 3 = 293.4 kN/m

Fig. E-24.5 (c) and (d) show the S.F. and B.M. diagrams. The footings can be designed. The strap should 
be designed for a maximum B.M. of 480 kN-m and a maximum S.F. of 120 kN.

Illustrative Example 24.6. The plan of a mat foundation with 9 columns is shown in Fig. E-24.6 (a). 
Assuming that the mat is rigid, determine the soil pressure distribution. All the columns are of the size 0.6 m 
x 0.6 m.
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(b) Strip A8FE

(d) B. M. Diagram 

Fig. E-24.6.
Draw the S.F. and B.M. diagrams for the strip ABFE. 

Solution. Total loads,

Q - 400 + 500 + 300 + 1500 + 2000 + 1200 + 500 + 600 + 400 - 7400

Taking moments about the face AD,

* _ 000 + 1500 + 500) x0.3 + (500 + 2000 + 6600)6.3 + (300 + 1200 + 400) 123 
7400 “ 5'89m

ex - - 5.89 = 0.41 m (-ve)

\Taking moments about the face AB,
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_ _ (500 4- 600 + 400) x 0.3 + (1500 + 2000 + 1200) x 83 + (400 + 500 + 300) x 163 _ 
y ' 7400

e, - - 7.98 - 0.32 (-ve)

From Eq. 2437, 9 - ? - ' x ~ ' F
A lyy Ijg.

_ 7400__________ 7400 x 0.41 x x________ 7400 x 0.32 x y
q “ (12.6 x 16.6) 1/12 x (16.6) (12.6)3 1/12 x 12.6x(16.6)3

or q - 35.4 - 1.1 x - 0.5 y

Pressure at point A (x - - 6.3 m, y - - 8.3 m), 

qa - 35.4 - 1.1 x (-6.3) - (0.5) (-83) - 46.4 kN/m2

Pressure at point B (x = + 6.3 m, y - - 8.3 m), 
qB = 35.4 - 1.1 x 6.3 - (0.5) (-8.3) - 32.6 kN/m2

Pressure at point C (x = + 6.3 m , y » 8.3 m), 
qc - 24.4 kN/m2

Pressure at point D (x = -6.3 m,} ■ +83 m).

qD - 38.2 kN/m2

Fro the strip ABFE, Qm “
46 '1; 32 6-39.5 kN/m2

From Eq. 24.58, Qm - 1 [(500 + 600 + 400) t 39.5 X 12.6 X 4.3] - 1820 kN

From Eq. 24.59, Qm “

39.5 (——^§7-----— 1 - 33.6 kN/m2
39.5 x 12.6 x 4.3 J

From Eq. 24.60, F -
Qm 1820

21 + 2z + 23 " 500 + 600 + 400 ’ •

Fig. E-24.6 (b) shows the modified column loads.

FQi - 605 kN, FQ2 - 726 kN, Fg3 - 484 kN.

Pressure intensity per metre = 33.6 x 4.3 = 144.5 kN/m

Figs. E-24.6 (c) and (d) show the S.F. and B.M. diagrams.
S.F. at a section X—X at a distance x from the edge AE

Fx~ 605 - 144.5 x

S.F. is zero at x - 4.18 m.
(4.18)2

B.M. at section X—X - -144.5 x + 605 x 3.88

- 1085.4 kN-m

Max. B.M. = 1085 kN-m. Max. S.F. = 561.6 kN.

Illustrative Example 24.7. Determine the pressure distribution below a combined footing shown in Fig. 
E-24.7 (a). Take k = 20 N/cm3 EI = IO10 N-cm2.
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Fig. E-24.7.

Solution. k5 - B x k - 20 x 20 - 400 N/cm2, h - 100 cm.

Let the settlements at points A, B, C and D be a, b, c and d respectively. Fig. E-24.7 shows the 
settlements and the equivalent loads due to soil pressure.

Eq. 24.67 can be used for writing the moment equations. Taking moments about B,

~(a - 2 b *c)  - Ci*  - ah2(k./2)

IO10
—r (a - 2b + c) - 1000 X 100 - 20 x 105 a
104

a- 2 b + c- 0.1 -2a ...(j)

Taking moment of forces on left of C about C,

(b - 2c + d) = 2Qi h - 2 x 103 x a x 200 - 4 x 103 x b x 100

or 106(b - 2c +d) - 2 x 10s - 4a x 106 - 4b x 106

or b-2c + d = 0.2- 4a-4b ...(u)

Likewise, taking moment of forces on right of C about C,

(b -2c + d) - Q2h - 2 x lO3^ x 102

or 106(b- 2c + d) = 105 - 2 x 106d

or b - 2c +d = 0.1 -2d ...(jii)

From the equilibrium of the vertical forces,

2 x 104 a+ 4 x 104b + 4 x 104c + 2 x 104J- 1000 + 1000

a + 2b + 2c + d~ 0.1 ...(iv)
Eqs. (z) to (iv) can be solved for a, b, c and d.
In this case, because of symmetry,

a = d and b = c
Therefore, Eq. (iv) can be written as
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2a + 4b “ 0.10 ...(v)

and Eq. (z) as 3a - b = 0.10 ...(vi)
Solving Eq. (v), and (iv), a = 0.0357 cm and b - 0.0071 cm
Therefore, pressure at point A and D

- 0.0357 x 20 = 0.714 N/cm2

and at points B, C - 0.0071 x 20 - 0.142 N/cm2

PROBLEMS

A. Numericals
24.1 . A raft (20 m x 10m) exerts a gross pressure of 200 kN/m2 at foundation level. The depth of foundation is 2.5 

m. If the soil is clay (4>' = 0, cu = 80 kN/m2, y = 19 kN/m2), determine the factor of safety. The raft is for a 

basement. Use Skempton’s equation. [Ans. 3.03]
24.2 . Determine the depth below the ground surface of a raft foundation (30 m x 30 m) to carry a gross load of 150 

MN. The soil is clay (c« = 15 kN/m2, y = 19 kN/m3). Take the factor of safety of 3.

Also determine the depth for a fully compensated foundation. [Ans. 7.15 m;- 8.75m]
243. Determine the allowable soil pressure for a raft (10 m x 20 m) if the blow count (N) over 20 m depth is 20.

Use IS code method. [Ans. 216 kN/m2]

24.4 . Determine the allowable soil pressure for a raft (10 m x 10 m) if the depth is 5 m and the undrained cohesion 
is 40 kN/m2. Take the factor of safety as 2.5. [Ans. 105.6 kN/m2]

24.5 . Design a rectangular combined footing to support two adjacent columns (size 40 cm x 40 cm) at a distance of 
5 m and carrying loads of 3 MN and 4 MN. The lighter column is near the property line. The allowable soil 
pressure is 400 kN/m2. [Ans. 6.20 x 2.9 m]

24.6 . Design a trapezoidal combined footing for two columns (30 cm x 30 cm) carrying column loads of 1.2 MN and 
0.90 MN, if the spacing between the two columns is 4 m. Take allowable soil pressure as 200 kN/m2 and the 
length of footing as 5 m.

24.7 . Design the footing in Problem 24.6 as a strap footing if the spacing between the column is 5 m.
24.8 . Design a R.C.C. footing to carry a column (50 cm x 50 cm) with 2.5 MN load. The allowable soil pressure is 

250 kN/m2.

24.9 . Design a R.C.C. footing for a wall 30 cm wide and having a load of 80 kN/m. The allowable sal pressure is 
50 kN/m2.

B. Descriptive and Objective Type
24.10. What are different types of shallow foundations? Explain with the help of sketches.
24.11. How would you fix the depth of foundation ? Discuss Rankine’s formula for the minimum depth.
24.12. Discuss various types of loads that are to be considered in the design of foundations.
24.13. Describe the general procedure for the design of a shallow foundation.
24.14. Discuss the procedure for proportioning of footings for equal settlement.
24.15. Explain the procedure for the design of a (a) Strip Footing, (b) Spread Footing.
24.16. Where do you provide a combined footing ? Discuss the procedure for the design of the following types of 

combined footing: (a) Rectangular (/>) Trapezoidal.
24.17. Describe the procedure for the design of a strap footing.
24.18. What are different types of raft foundation ? Discuss the procedure for the design of a raft foundation.
24.19. Describe the procedure for the design of a combined footing by elastic line method.
24.20. Explain the method for the design of a raft on Winkler’s bed.
24.21. Define the coefficient of subgrade reaction ? How is it found ? Discuss the various factors affecting its value.
24.22. Write whether the following statements are true or false.

(a) A spread footing is provided for an isolated column.
(fc) The critical section for bending moment in case of spread footing of a monolithic column is at the face of 

the column.



670 SOIL MECHANICS AND FOUNDATION ENGINEERING

(c) A strip footing can be provided for a row of columns closely spaced.
(</) A trapezoidal footing is required when the column near the property line is heavier than the interior 

columns.
(e) The strap footings are useful when the two columns are closely spaced.
(j) The elastic line method of a combined footing is used for the design of a flexible footing.
(g) The parameter XL is dimensionless.
(ft) The coefficient of sub-grade reaction of a cohesionless soil is independent of depth.

[Ans. True (a), (b), (c), (J), (/). (g)l

C. Multiple Choice Questions
1. Trapezoidal combined footings are required when

(a) the space outside the exterior column is limited.
(ft) the exterior columns is heavier.
(c) both («) and (ft)
(J) neither (a) nor (ft)

2. For the design of a strap footing, the following assumption is not made
(a) The strap is perfectly rigid.
(ft) The soil pressure varies linearly.
(c) The interior footing is centrally loaded.
(</) The strap is not subjected to any direct soil pressure.

3. For conventional design of a rigid combined footing XL should be
(a) less than 0.6 (ft) between 0.6 and 3.0
(c) more than 3.0 (</) None of above
where XL is characteristic parameter.

4. The coefficient of subgrade reaction depends upon
(a) the size of footing
(ft) the shape of footing
(c) the depth of footing 
(</) all the above.

5. According to Rankine's formula, the minimum depth of foundation when q = 180 kN/m2, y= 20 kN/m’1 and 
0 = 30° is 
(a) 0.50 m (ft) 0.75 m
(c) 1.0 m (d) 2.0 m

6. When the wind load is more than 25% of the combined dead and live load, the safe bearing capacity is usually 
increased by 
(a) 15% (ft) 20%
(c) 25% (d) 30%
The value of the factor XL when B = 20 cm, k = 20 N/cnr’, El = JO10 N-cm2 and L =300 cm is
(a) 1.0 (ft) 2.0
(c) 3.0 (d) 4.0

[Ans. I. (c), 2. (ft), 3. (a), 4. (d), 5. (c), 6. (c), 7. (c)]
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Pile Foundations

25.1. INTRODUCTION
When the soil at or near the ground surface is not capable of supporting a structure, deep foundations are 

required to transfer the loads to deeper strata. Deep foundations are, therefore, used when surface soil is 
unsuitable for shallow foundation, and a firm stratum is so deep that it cannot be reached economically by 
shallow foundations. The most common types of deep foundations are piles, piers and caissons. The 
mechanism of transfer of the load to the soil is essentially the same in all types of deep foundations.

A deep foundation is generally much more expensive than a shallow foundation. It should be adopted 
only when a shallow foundation is not feasible. In certain situations, a fully compensated floating raft may be 
more economical than a deep foundation. In some cases, the soil is improved by various methods to make it 
suitable for a shallow foundation.

A pile is a slender structural member made of steel, concrete or wood. A pile is either driven into the soil 
or formed in-situ by excavating a hole and filling it with concrete. A pier is a vertical column of relatively 
larger cross-section than a pile. A pier is installed in a dry area by excavating a cylindrical hole of large 
diameter to the desired depth and then backfilling it with concrete. 'Die distinction between a cast in-situ pile 
and a pier is rather arbitrary. A cast in-situ pile greater than 0.6 m diameter is generally termed as a pier. A 
caisson is a hollow, watertight box or chamber, which is sunk through the ground for laying foundation under 
water. The caisson subsequently becomes an integral part of the foundation. A pier and a caisson differ 
basically only in the method of construction.

Pile foundations are discussed in this chapter. Piers and caissons are dealt with in chapter 26. Well 
foundations, which are special type of caissons, are discussed in chapter 27.

25.2. NECESSITY OF PILE FOUNDATIONS
Pile foundations are used in the following conditions:
(1) When the strata at or just below the ground surface is highly compressible and very weak to support 

the load transmitted by the structure.
(2) When the plan of the structure is irregular relative to its outline and load distribution. It would cause 

non-uniform settlement if a shallow foundation is constructed. A pile foundation is required to reduce 
differential settlement.

(3) Pile foundations are required for the transmission of structural loads through deep water to a firm 
stratum.

(4) Pile foundations are used to resist horizontal forces in addition to support the vertical loads in 
earth-retaining structures and tall structures that are subjected to horizontal forces due to wind and 
earthquake.

(5) Piles are required when the soil conditions are such that a wash out, erosion or scour of soil may 
occur from underneath a shallow foundation.
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(6) Piles are used for the foundations of some structures, such as transmission towers, off-shore 
plateforms, which are subjected to uplift.

(7) In case of expansive soils, such as black cotton soil, which swell or shrink as the water content 
changes, piles are used to transfer the load below the active zone.

(8) Collapsible soils, such as loess, have a breakdown of structure accompanied by a sudden decrease in 
void ratio when there is an increase in water content. Piles are used to transfer the load beyond the 
zone of possible moisture changes in such soils.

25-3. CLASSIFICATION OF PILES
Piles can be classified according to (1) the material used (2) the mode of transfer of load, (3) the method 

of construction, (4) the use, or (5) the displacement of soil, as described below.

(1) Classification according to material used
There are four types of piles according to materials used.

(i) Steel Piles. Steel piles are generally either in the form of thick pipes or rolled steel H-sections. Pipe 
steel piles are driven into the ground with their ends open or closed. Piles are provided with a 
driving point or shoe at the lower end.

Epoxy coatings are applied in the factory during manufacture of pipes to reduce corrosion of the 
steel piles. Sometimes, concrete encasement at site is done as a protection against corrosion. To take 
into account the corrosion, an additional thickness of the steel section is usually recommended.

(ii) Concrete Piles. Cement concrete is used in the construction of concrete piles. Concrete piles are 
either precast or cast-in situ. Precast concrete piles are prepared in a factory or a casting yard. The 
reinforcement is provided to resist handling and driving stresses. Precast piles can also be prestressed 
using high strength steel pretensioned cables.

A cast-in situ pile is constructed by making a hole in the ground and then filling it with concrete. 
A cast-in situ pile may be cased or uncased. A cased pile is constructed by driving a steel casing into 
the ground and filling it with concrete. An uncased pile is constructed by driving the casing to the 
desired depth and gradually withdrawing casing when fresh concrete is filled. An uncased pile may 
have a pedestal.

(iii) Timber Piles. Timber piles are made from tree trunks after proper trimming. The timber used should 
be straight, sound and free from defects.

Steel shoes are provided to prevent damage during driving. To avoid damage to the top of the 
pile, a metal band or a cap is provided. Splicing of timber piles is done using a pipe sleeve or metal 
straps and bolts. The length of the pipe sleeve should be at least five times the diameter of the pile.

Timber piles below the water table have generally long life. However, above the water table, 
these are attacked by insects. The life of the timber piles can be increased by preservatives such as 
creosote oils. Timber piles should not be used in marine environment where these are attacked by 
various organisms.

(iv) Composite piles. A composite pile is made of two materials. A composite pile may consist of the 
lower portion of steel and the upper portion of cast-in situ concrete. A composite pile may also have 
the lower portion of timber below the permanent water table and the upper portion of concrete. As 
it is difficult to provide a proper joint between two dissimilar materials, composite piles are rarely 
used in practice.

(2) Classification Based on Mode of Transfer of Loads
Based on the mode of transfer of loads, the piles can be classified into 3 categories:
(i) End-bearing piles. End-bearing piles transmit the loads through their bottom tips. Such piles act as 

columns and transmit the load through a weak material to a firm stratum below. If bed rock is 
located within a reasonable depth, piles can be extended to the rock. The ultimate capacity of the pile 
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depends upon die bearing capacity of the rock. If instead of bed rock, a fairly compact and hard 
stratum of soil exists at a reasonable depth, piles can be extended a few metres into the hard stratum. 
End-bearing piles are also known as point- bearing piles.

The ultimate load carried by the pile (Qu) is equal to the load carried by the point or bottom end

(Qp)-
(ii) Friction piles. Friction piles do not reach the hard stratum. These piles transfer the load through skin 

friction between the embedded surface of the pile and the surrounding soil. Friction piles are used 
when a hard stratum does not exist at a reasonable depth. The ultimate load (Qu) carried by the pile 
is equal to the load transferred by skin friction (Qs).

[Note: The term friction pile is actually a misnomer, as in the clayey soils, the load is transferred by 
adhesion and not friction between the pile surface and the soil].
The friction piles are also known as floating piles, as these do not reach the hard stratum.

(iii) Combined end bearing and friction piles. These piles transfer loads by a combination of end 
bearing at the bottom of the pile and friction along the surface of the pile shaft. The ultimate load 
carried by the pile is equal to the sum of the load carried by the pile point (Qp), and the load carried 
by the skin friction (Qs).

(3) Classification based on method of installation
Based on the method of construction, the piles may be classified into the following 5 categories:

(i) Driven piles. These piles are driven into the soil by applying blows of a heavy hammer on their 
tops.

(ii) Driven and Cast-in-situ piles. These piles are formed by driving a casing with a closed bottom end 
into the soil. The casing is later filled with concrete. The casing may or may not be withdrawn.

(iii) Bored and Cast-in-situ piles. These piles are formed by excavating a hole into the ground and then 
filling it with concrete.

(iv) Screw piles. These piles are screwed into the soil.

(v) Jacked piles. These piles are jacked into the soil by applying a downward force with the help of a 
hydraulic jack.

(4) Classification based on use
The piles can be classified into the following 6 categories, depending upon their use.

(i) Load bearing piles. These piles are used to transfer the load of the structure to a suitable stratum 
by end bearing, by friction or by both. These are the piles mainly discussed in this chapter.

(ii) Compaction piles. These piles are driven into loose granular soils to increase the relative density. 
The bearing capacity of the soil is increased due to densification caused by vibrations.

(iii) Tension piles. These piles are in tension. These piles are used to anchor down structures subjected 
to hydrostatic uplift forces or overturning forces.

(iv) Sheet piles. Sheet piles form a continuous wall or bulkhead which ..is; used for retaining earth or 
water (see Chapter 20).

(v) Fender piles. Fender piles are sheet piles which are used to protect water-front structures from 
impact of ships and vessels.

(vi) Anchor piles. These piles are used to provide anchorage for anchored sheet piles. These piles 
provide resistance against horizontal pull for a sheet pile wall (see Chapter 20).

(5) Classification based on displacement of soil
Based on the volume of the soil displaced during installation, the piles can be classified into 2 categories:

(i) Displacement piles. All driven piles are displacement piles as the soil is displaced laterally when the 
pile is installed. The soil gets densified. The installation may cause heaving of the surrounding 
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ground. Precast concrete pile and closed-end pipe piles are high displacement piles. Steel H-piles are 
low displacement piles.

(ii) Non-displacement piles. Bored piles are non-displacement piles. As the soil is removed when (he 
hole is bored, there is no displacement of the soil during installation. The installation of these piles 
causes very little change in the stresses in the surrounding soil.

25.4. PILE DRIVING
Piles are driven into the ground by means of hammers or by using a vibratory driver. Such piles are 

called driven piles. In some special cases, piles are installed by jetting or partial augering.

The following methods are commonly used.
(1) Hammer Driving. Fig. 25.1 shows a pile driving rig. It consists of a hoist mechanism, a guiding 

frame and a hammer device. The hammers used for pile driving arc of the following types:
(i) Drop hammer. A drop hammer is raised by a winch and allowed to drop on the top of the pile under 

gravity from a certain height. During the driving operation, a cap is fixed to the top of the pile and 
a cushion is generally provided between the pile and the cap. Another cushion, known as hammer 
cushion, is placed on the pile cap on which the hammer causes the impact. The drop hammer is the 
oldest type of hammer used for pile driving. It is rarely used these days because of very slow rate 
of hammer blows.

Fig. 25.1. Pile Driving Rig.

(ii) Single-acting hammer. In a single-acting hammer, the ram is raised by air (or steam) pressure to the 
required height. It is then allowed to drop under gravity on the pile cap provided with a hammer 
cushion.

(iii) Double-acting hammer. In a double-acting hammer, air (or steam) pressure is used to raise the 
hammer. When the hammer has been raised to the required height, air (or steam) pressure is applied' 

to the other side of the piston and the hammer is pushed downward under pressure. This increases 
the impact energy of the hammer.
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(iv) Diesel hammer. A diesel hammer consists of a ram and a fuel injection system. It is also provided 
with an anvil block at its lower end. The ram is first raised manually and the fuel is injected near 
the anvil. As soon as the hammer is released, it drops on the anvil and compresses the air-fuel 
mixture and ignition takes place. The pressure so developed pushes the pile downward and raises the 
ram. The fuel is again injected and the process is repeated.

The ram lifts automatically. It has to be manually raised only once at the beginning.
Diesel hammers are not suitable for driving piles in soft soils. In such soils, the downward movement of 

the pile is excessive and the upward movement of the ram after impact is small. The height achieved after 
the upward movement of the hammer may not be sufficient to ignite the air-fuel mixture.

Diesel hammers are self-contained and self-activated.
(2) Vibratory Pile Driver. A vibratory pile driver consists of two weights, called exciters, which rotate 

in opposite directions. The horizontal components of the centrifugal force generated by exciters cancel each 
other but the vertical components add. Thus a sinosoidal dynamic vertical force is applied to the pile, which 
forces the pile downward. Tire frequency of vibration is kept equal to the natural frequency of pile-soil system 
for better results.

A vibratory pile driver is useful only for sandy and gravelly soils. The speed of penetration is good. The 
method is used where vibrations and noise of conventional driving methods cannot be permitted.

(3) Jetting Techniques. When the pile is to penetrate a thin hard layer of sand or gravel overlying a 
softer soil layer, the pile can be driven through the hard layer by jetting techniques. Water under pressure is 
discharged at the pile bottom point by means of a pipe to wash and loosen the hard layer.

(4) Partial Augering Method. Batter piles (inclined piles) are usually advanced by partial augering. In 
this method, a power auger is used to drill the hole for a part of the depth. The pile is then inserted in the 
hole and driven with hammers to the required depth.

25.5. CONSTRUCTION OF BORED PILES

(a) Drilling of holes.
Bored piles arc constructed after making a hole in the ground and filling it with concrete.
'Die following methods are used for drilling of the hole.
(1) Hand auger. A hand auger can be used for boring without casing in soils which are self-supporting, 

such as firm to stiff clays and silts and clayey sands and gravels above the water table. The depth of the hole 
is generally limited to about 4.5 m. 'Ihe diameter of the hole is usually not more than 350 mm.

(2) Mechanical auger. For piles of diameter more than 350 mm or depth greater than 4.5 m, a hand 
auger becomes uneconomical. In such a case, a mechanical auger is used. A mechanical auger can be of 
rotary type or bucket type. It is power driven. The soil in this case must be self-supporting, with or without 
bentonite slurry. The soil should be free from tree roots, cobbles and boulders.

A continuous flight auger is also used to drill the bore hole.
(3) Boring rig. A boring rig is used to sink the hole in ground where hand or mechanical augering is not 

possible, such as water- bearing sand or gravels, very soft clays and silts and the soils having cobbles and 
boulders.

A specially designed boring rig, known as grab-type bored piling rig, is sometimes used. In this type of 
rig, the casing is given a continuous semi-rotary motion which causes its sinking as the bore hole is advanced 
by percussion drilling.

(4) Belling Bucket Underreamed piles are large diameter bored piles with enlarged bases. Excavation for 
the underreamed piles is done by a special type belling bucket.

(b) Concreting
Before concrete is placed, the bored hole is bailed dry of water. Any loose or softened soil is cleaned out 

and the bottom of the hole is rammed. A layer of dry concrete is placed and rammed if the bottom of the hole 
is wet. Then the concrete with a readily workable mix (7.5 to 10 cm slump), not leaner than 300 kg 
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ccmcnt/m3 of concrete, is poured into a hopper placed at the mouth of the hole.

If the hole cannot be bailed or pumped dry before placing the concrete, the hole is lined with a casing 
throughout its depth. A mass of concrete is then deposited at the base of the hole by a tremie pipe. As soon as 
the concrete has hardened and formed a plug, the hole is pumped free of water. The casing is then gently turned 
and lifted slightly to break the joint with the plug. The hole is pumped dry. The remainder of the concreting is 
done by placing it dry upto the ground surface. The casing is then lifted entirely from the bore hole.

If the ground water is under a high pressure, there will be inflow of water between the concrete plug and 
the inside of the casing. The inflow should be stemmed by caulking. The casing is cut by oxy-acetylene just 
above the plug. The shaft is then concreted and the casing raised. The cut portion of the casing around the 
plug is left permanently in place.

Instead of plugging the base of the pile and concreting, an alternative method is to concrete the entire 
shaft under water using a tremie pipe. Concrete should be easily workable (slump 12.5 to 17.5 cm) and the 
cement content should be at least 400 kg/tn3. A retarder, is added to the concrete if there is a risk of the 

concrete setting before the casing is lifted out. However, the quality of concreting done under waler is not 
good. This method should be avoided as far as possible.

25.6. DRIVEN CAST-IN-SITU CONCRETE PILES
A driven cast-in-situ concrete pile is formed in the ground by driving a casing with a plug or shoe at its 

bottom. If the casing is removed after concrete has been placed, it is known as uncased or shell-less pile. On 
the other hand, if the casing is left in the ground after concreting, it is called a cased pile. In uncased piles, 
the concrete comes in direct contact with the soil. The concrete may be rammed or vibrated after its 
deposition. A pedestal may be formed at the lower end of the shell-less pile if required.

Cast-in-situ driven concrete piles can be broadly classified into three types: (z) cased pile, (it) uncased 
pile, and (iii) pedestal type. Different types of piles with patent rights are available. The main difference 
between different patents is in the method of construction, as described below.

(1) The Franki pile is a type of driven and cast-in-situ displacement pile. A heavy steel pile is first 
pitched in a shallow foundation. A plug of lean concrete is then placed in the bottom of the pipe and 
compacted with a heavy steel rammer. The plug is then rammed and with it the pipe also goes down. 
This driving operation is continued until the bearing stratum is reached. The concrete is hammered 
to form a pedestal. A reinforcement cage is then placed in the pipe and the pile .shaft is concreted. 
The pipe is withdrawn as the concrete is rammed.

(2) In uncased-Western pile, a heavy steel drive pipe of 35 cm diameter with a steel core is driven. The 
concrete is deposited in the pipe after removing the core. The concrete is rammed as the pipe is 
withdrawn. The pedestal is formed after the drive pipe has been lifted to some height.

(3) In cased-Western pile, the hole is made using a heavy steel drive pipe as for the uncased-Westcm 
type. A shell of 30 cm diameter is lowered inside the drive pipe. After the shell has been filled with 
concrete, the drive pipe is withdrawn. A pedestal can be formed by placing some concrete before 
lowering the shell and ramming.

(4) A Western button-bottom pile is formed by driving a steel pipe with a 43 cm diameter precast 
concrete point at its bottom. After reaching the required depth, a shell is lowered into the pipe and 
locked into the point at its bottom. The shell is then filled with concrete and the drive pipe is 
withdrawn.

(5) The Raymond Taper or Step-Taper piles are steel shell piles driven with a tapered steel mandrel. The 
mandrel and shells are driven to the required depth. The mandrel is then contracted and withdrawn, 
and the shell is concreted with or without a reinforcing cage.

(6) A Simplex pile is formed by driving a steel tube with a detachable cast iron shoe. After the required 
depth has been reached, reinforcing cage is lowered. The tube is extracted by wire ropes connected 
to a winch. At the same time, the concrete is placed and rammed by a falling rammer working inside 
the cage.



PILE FOUNDATION 677

(7) Alpha piles are formed by driving a steel tube closed with a detachable cast iron shoe. A 
concrete-filled mandrel is driven inside the tube. The mandrel is gradually raised and some concrete 
is allowed to slump down in the tube. The concrete is refilled in the mandrel and it is driven down 
as the tube is raised. Thus a pedestal is formed. After the formation of the pedestal, the mandrel is 
raised and refilled with concrete in stages. In each stage, the concrete in the pile shaft is pressed 
against the soil by the dead weight of the hammer on the mandrel.

25.7. LOAD-CARRYING CAPACITY OF PILES
Like a shallow foundation, a pile foundation should be safe against shear failure and also the settlement 

should be within the permissible limits. The methods for estimating the load-carrying capacity of a pile 
foundation can be grouped into the following 4 categories.

(1) Static Methods. The static methods give the ultimate capacity of an individual 1 u
pile, depending upon the characteristics of the soil. The ultimate load capacity is given 
by

Qu - QP + Q, ...(25.1)

where Qu = ultimate failure load, Qp = point (or base or tip) resistance of the pile (Fig.
25.2), Qs = shaft resistance developed by friction (or adhesion) between the soil and the i ।
pae shaft. J Os

The methods for the determination of Qp and Qs are discussed in Sects. 25.8 and
25.9, respectively, for sand and clay.

The static formulas give a reasonable estimate of the pile capacity if judiciously 
applied.

(2) Dynamic Formulas. The ultimate capacity of piles driven in certain types of 
soils is related to the resistance against penetration developed during driving operation. ? 
The ultimate load capacity formulas are based on the principle that the resistance of a Qp
pile to further penetration by driving depends upon the energy imparted to the pile by the F'8- 2S'2' 

hammer. It is tacitly assumed that the load-carrying capacity of the pile is equal to the dynamic resistance 
during driving.

The dynamic formulas are not much reliable.
(3) In-situ Penetration Tests. The pile capacity can be determined from the results of in-situ standard 

penetration test. Empirical formulas are used to determine the point resistance and the shaft resistance from 
the standard penetration number (N). Alternatively, the static formulas can be used after determining the 
N-value, as this value is related to the angle of shearing resistance (<j>).

Cone penetration tests are also used to estimate the pile capacity.
(4) Pile Load Tests. The most reliable method of estimating the pile capacity is to conduct the pile load 

test. The test pile is driven and loaded to failure. The pile capacity is related to the ultimate load or the load 
at which the settlements do not exceed the permissible limits.

All the above methods are discussed in detail in the following sections.

253 STATIC METHODS FOR DRIVEN PILES IN SAND
The ultimate capacity of a single pile driven into sand is obtained using Eq. 25.1, Qu = Qp + Qt

where Qp - qpAp ...(25.2)

and Qs - ftA, ...(253)

In above equations, qp is the ultimate bearing capacity of the soil at the pile tip and and Ap is the area 

of the pile tip; fs is the average unit skin friction between the sand and the pile surface, and Af is the effective 

surface area of the pile in contact with the soil.
(a) Methods for determination of Qp. The ultimate bearing capacity (qp) of the soil at the pile tip can 
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be computed from the bearing capacity equation similar to that for a shallow foundation, as discussed in 

chapter 23. For sandy soils,
qp = qNq + 0.4yZJNY ...(25.4)

where q = effective vertical pressure at the pile tip, B = pile tip width (or diameter), 
y = unit weight of the soil in the zone of the pile tip.
Nq and N^ = bearing capacity factors for deep foundations.

In driven piles, the second tenn of Eq. 25.4 is generally small and is, therefore, neglected. Thus

...(25.5)

In case of driven piles, it has been established that the effective vertical pressure (q) at the pile tip 
increases with depth only until a certain depth of penetration, known as the critical depth (Dc). Below the 
critical depth, the effective vertical pressure remains essentially constant [Fig. 25.3 (o)]. The critical depth 

Angle of sheering resistance 
Fig. 25.4.
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depends upon the angle of shearing resistance ($') of the soil and the width (or diameter) of the pile [Fig. 
25.3 (A)]. Its value can be roughly taken as 10 B for loose sands and 20 B for dense sands.

The bearing capacity factor Nq depends upon the angle of shearing resistance (<}>'). Various investigators 
gave the expressions for Nq based on theoretical analysis. These values vary over a wide range because of 
different assumptions made in defining the shear zone near the pile tip. Fig. 25.4 shows the values of Nq 
given by various investigators and that given by IS : 2911. The values given by Berezontzcv are quite 
dependable,and arc generally used.

In the derivation of the value of Nq, it has been assumed that the soil above the pile tip is similar to the 
soil below the pile tip. If the pile penetrates a compact stratum only slightly and the soil above the tip is 
loose, it would bc more appropriate to use the value of Nq for a shallow foundation given in chapter 23.

If the pile is of relatively large diameter, the second term in Eq. 25.4 becomes significant. The value of 
can be conservatively taken as the Ny value used for shallow foundations, given in chapter 23.

Meyerhof’s method for qp. The point bearing capacity (qp) of a pile generally increases with the depth of 
embedment (Db) in the bearing stratum. It reaches a maximum value at an embedment ratio of (D(/S)„. For a 
homogeneous soil, Db is equal to the actual depth D of the pile, but for a pile which has penetrated into a bearing 
stratum for a small length, Db is less than D. Beyond the critical value of (Db/B)cr, the value of qp remains 

constant, equal to the limiting qt. The critical ratio (Di/B)„ depends upon the soil friction angle (<|>) (Fig. 25.5).

Once the value of has been determined, the following procedure is used to estimate qp.

(1) Determine actual (Db/B) ratio for the pile,

(2) Determine Nq for (Dh/B) ratio from Fig. 25.5.

The value of Nq increases linearly with (Db/B) ratio and reaches a maximum value at

(3) Determine the point resistance Qp as

Qp = Apq Nq s Apqi ...(25.6)
where q, = 50 tan <t>, q = vertical pressure at the pile tip (kN/m2), Ap = area of the pile tip.
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If the pile initially penetrates a loose sand layer and then a dense layer for a depth less than 10 B, the 
point resistance is given by

where q^ = limiting unit point resistance of loose sand (= 50 tan <fi) 
qi(2) - limiting unit point resistance of dense sand ( = 50 Nq2 tan <j>j) 
Db = depth of penetration in dense sand.

It may be mentioned that the ultimate tip resistance given by Eq. 25.2 is the gross ultimate point 
resistance. The net tip load is given by

QP (net) - <Qp - (qAp)

However, in practice, the deduction of q Ap is not usually made and Qp (net) is taken equal to Qp.

In case of H-piles and open-ended pipe piles, the enclosed soil plug should be considered as the part of 
the pile for computing the area of the point (Ap). .

(b) Methods of determination of <2,. The frictional resistance Qs is obtained |
from Eq. 25.3 after estimating the unit skin friction (fs). The unit skin friction for 

a straight-sided pile depends upon the soil pressure acting normal to the pile 
surface and the coefficient of friction between the soil and the pile material (Fig.
25.6). JL_____ I*’5

The soil pressure normal to the vertical pile surface is horizontal pressure
(a,,) and is related to the effective vertical soil pressure as RS- 25-6-

o/, = Kav

where K = earth pressure coefficient, ov = effective vertical pressure at that depth.

Thus unit skin friction (/j) acting at any depth can be written as

fs = ah tan 6 or fs = A?0vtan6 ...(25.8)

where tan 6 = coefficient of friction between sand and the pile material.
Selection of suitable values of 6 and K requires good engineering judgment. Tomilson (1975) gave the 

values of 6 and K, as given in Table 25.1, based on the studies carried by Broms (1966).

Table 25.1. Values of 6 and K.

Pile Material b
K 

(loose sand)
K 

(dense sand)
Steel 20° 0.50 1.0
Concrete 0.75 1.0 2.0
Timber 0.67 1.5 4.0

In general, the value of 6 generally varies between 0.5 <j> and 0.8 <|>. In most cases, the value of K varies 
between 0.6 and 1.25. Meyerhof (1956) recommends that the value of K can be taken as 0.5 for loose sand 
(4> = 30°) and as 1.0 for dense sand (<|> = 45°). According to IS : 2911—1979, the value of 6 may bc taken 
equal to <f>. For driven piles in loose to medium sands, the recommended value of K is between 1 and 3.

Whether the sand should be considered as loose or dense depends upon not only on the initial relative 
density, but also on the method of installation. The larger the volume of soil displacement, the higher the 
value of the resulting friction. For high displacement driven piles, the soil is considered dense. For driven 
and cast-in place piles, the soil is considered as medium dense if the casing is left in place or if the concrete 
is compacted as the casing is withdrawn. The sand is considered to bc loose, if the concrete is not 
compacted. Tapered piles develop greater unit friction than the straight piles. Further, the value of K is 
greater if the pile is driven into undisturbed soil than the one for installed in a predrillcd hole.
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As stated earlier, the effective vertical pressure (a„) increases with depth only upto the critical depth. 
Below the critical depth, the value of a„ remains constant.

The frictional resistance (£>s) can be expressed as

ft - V K (a,), lanS <A,), ...[25.9(a) J
i- 1

where n = number of layers in which the pile is installed, 

( av); = effective normal stress in ith layer,

(As)t = surface area of the pile in ith layer,

Eq. 25.9 (a) can be written as

Qs = 2 K tan 6 (area of av diagram) x pile perimeter ...[25.9(b)]

Eq. 25.9 (b) is useful when variation of ov with depth has been plotted as ov-diagram.

The ultimate load for the pile (Eq. 25.1) can be written as
Qu = QP + Qs

or Qu = qN^ + 2 K(ov),tan6 (As); ...(25.10)
i-1

25.9 . STATIC METHOD FOR DRIVEN PILES IN SATURATED CLAY
Eq. 25.1 can be used for the determination of the load-carrying capacity of driven piles in saturated clay. 

The point resistance (2p) can be expressed as (Eq. 25.2),

Qp = Qp\
where qp is the unit point resistance, equal to the ultimate bearing capacity (q„) of the soil.

For cohesive soils ( <|> = 0), the ultimate bearing capacity is found from the following equation, which is 
similar to that for a shallow foundation.

<7„ = cN<. + qNg

As Ng = 1.0 for $ = 0, the above equation becomes

qu = cN< + q

Therefore, Qp (gross) = (cNc + q)Ap

or Qp(net) - cNtAp ...(25.11)

In above equations, c is the cohesion of the clay in the zone surrounding the pile tip, and Ne is the 
bearing capacity factor for the deep foundation.

The value of Nc depends upon the D/B ratio and it varies from 6 to 9.0. A value of Nc = 9.0 is generally 
used for the piles. In the case of short piles (D/B s 5.0), the value of Nc is reduced to the values proposed 

by Skempton (see chapter 23).
The skin resistance (Qs) of the pile can be expressed as (Eq. 25.3),

Qs - caAs ...(25.12)

where ca = unit adhesion (or skin friction) developed between clay and pile shaft.

The unit adhesion (c„) is related to the unit cohesion by the relation

ca -ac ...(25.13)

where a is the adhesion factor and c is the average cohesion along the shaft length.
The value of a depends upon the consistency of the clay. For normally consolidated clays, the value of 

a is taken as unity. According to IS : 2911—1979, the value of a can be taken as unity for soils having soft 
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to very soft consistency. Fig. 25.7 shows the variation of a with the undrained cohesion c. It may be noted 
that for normally consolidated clays, with c less than about 50 kN/m2, the value of a is equal to unity.

As c increases, the value of a decreases. For over-consolidated stiff to hard clays, its value is usually 
taken as 0.3. For tapered piles, the value of a is generally 20% greater than that for a straight pile.

For very long piles (D 2 25 m), the above method for estimating the skin friction is very conservative. 
For such soils, the unit skin friction also depends upon the effective overburden pressure. According to 
Vijayvergiya and Focht (1972), the average unit skin friction can be expressed as

f, - k(Bv + 2c) ...(25.14)

where X. = friction capacity factor, ov = mean effective vertical stress for the embedment length, 

c = undrained cohesion.

(After Me Ctetland . 1974)

—

Fig. 25.7. Fig. 25.8.

The value of X. can be obtained from Fig. 25.8 (McClelland, 1974).

Once the unit skin friction has been estimated, the shaft resistance is determined from Eq. 25.3.
For cohesive soils, the ultimate load can be determined by adding the point resistance and the shaft 

resistance (Eq. 25.1).

Thus 2u •*  cNeAp + acAs ...(25.15)

As the clay gets remoulded when the pile is driven, this factor must be taken into account when 
estimating the load carrying capacity. The remoulded strength is always less than the undisturbed strength, but 
because of thixotropy, the strength improves with time. The rate of gain of strength depends upon the 
consolidation characteristics of the soil and the rate of dissipation of excess pore water pressure. When using 
Eq. 25.15, the value of c and c should be judiciously evaluated.
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25.10. STATIC METHOD FOR BORED PILES
Bored piles are constructed by drilling a bole into the ground and filing it with concrete. The pile can be 

straight-sided for its full depth or may be constructed with a bell (or predestal) at its base. The piles with a 
pedestal are also known as under-reamed piles'.

The load-carrying capacity of the bored piles can be determined using the procedure similar to that 
adopted for the driven piles. However, the values of the soil parameters are different, as described below.

(a) Bored Piles in Sand. Eq. 25.10 can be used to determine the ultimate load. The equation can be 
written as

C. - G-iQl, ♦ j {K a, tan 6) (A,), ...(25.16)

where a,, = effective vertical pressure, limited to a maximum value given by the critical depth.
K = lateral earth pressure coefficient for bored foundation.

tan 8 = coefficient of friction between sand and concrete.

The sand in bored piles is loosened as a result of the boring operation, even though it may initially be in 
a dense or medium dense state. The value of <j> to be used to obtain Nq should be for the loose condition.

An approximate value of K can be obtained from the following equation.

K = 1 — sin 4>
The value of K generally varies between 0.3 and 0.75. An average value of 0.5 is usually adopted.
The value of tan 8 can be taken equal to tan <j> for bored piles excavated in dry soil. If a slurry has been 

used during excavation, the value of tan 6 should be reduced.
In general, for a given initial value of <}>, bored piles have a unit point resistance of to | of that of 

corresponding driven piles. In driven piles, there is densification. Cast-in-place piles with a pedestal show 
about 50 to 100% greater unit point resistance compared with those without a pedestal. The impact energy of 
the hammer compacts the soil during the formation of the pedestal.

(Z>) Bored piles in Clay. Eq 25.15 can be used to estimate the ultimate load. The equation can be written 
as

Qu - cNcAp + acA,' ...(25.17)

where As‘ = area of shaft that is effective in developing skin friction.

The value of a depends upon the pile type and the method of drilling. For straight shafts excavated dry, 
a is taken equal to 0.5 and that when drilled with slurry is 0.3. For belled shafts, the corresponding values 
are 0.3 and 0.15.

For calculating the area of shaft that is effective in developing skin friction, the lower 1.5 m (or 2 B) of 
the straight shaft and the bell section (if provided) are neglected, because of disturbance caused. For the same 
reason, the top 1.5 m is also neglected.

If a bored pile is installed in stiff, fissured clay, tire value of cohesion (c) should be reduced to 75% of 
the value obtained from the triaxial test.

(c) Underreamed Piles in Clay. The base area of an underreamed pile is increased by underreaming and 
providing a bulb [Fig. 25.9 (fl)]. The ultimate load is given by

Qu - cNcAb + acA,' ...[25.17 (a)]

where Ab is the area of the enlarged base.

The value of Nc is taken as 9.0. The adhesion factor a is taken as 0.40. When the bulb is slightly above 

the tip, Ab is taken equal to the area of the diameter of the bulb and the projected stem below the bulb is 
ignored. The average value of c at the bulb is taken. However, if the bulb is quite high, and there is 
considerable difference in the value of c at the bulb level and the level of the bottom tip of the pile, the 
ultimate load is given by
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Fig. 25.9.

2. - J (B2) X (9c) + j (B? - s’ix 9c't ac'4,' ...[25.170)]

where B = diameter of the pile shaft, By is the diameter of the bulb, c is the unit cohesion at the tip, and c' 

is the unit cohesion at bulb level.
While calculating the surface area A/, the length of the shaft equal to 2 B above the bulb is usually 

neglected. As the pile settles, there is a possibility of formation of a small gap between the top of the bulb 
and the overlying soil over a length of 2 B, and therefore, this length of the shaft is neglected. The little 
portion of the shaft projecting below the shaft is also neglected while computing As'.

When two or more bulbs arc provided, the ultimate load is given by

2„ - jlB2) X (9c) ♦ 2 (B? - B2) x (9c') ♦ a c„A, + c.' /)„ ...[25.17(c)]

where As- = surface area of shaft above the top bulb (ignoring 2 B length), A,*  = surface of the cylinder 
circumscribing the bulbs between top and bottom bulbs, ca = average cohesion on A, and c„ = average 
cohesions on Asy>.

25.11. ALLOWABLE LOAD
The allowable load (Q^) is obtained from the ultimate load (Qu) from the relation

0*  - Q./FS ...(25.18)

where FS is the factor of safety. FS generally varies between 2.5 and 4.0, depending upon the uncertainties 
involved in the computation of the ultimate load. According to IS : 2911—1979, the minimum factor of safety 
on static formula shall bc 2.5. The final selection of the value of the factor of safety should Lake into account 
the load settlement characteristics of the structure as a whole.

25.12. NEGATIVE SKIN FRICTION
When the soil layer surrounding a portion of the pile shaft settles more than the pile, a downward drag 

occurs on the pile. The drag is known as negative skin friction.
Negative skin friction develops when a soft or loose soil surrounding the pile settles after the pile has 

been installed. The negative skin friction occurs in the soil zone which moves downward relative to the pile.
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The negative friction imposes and extra downward load 
on the pile. The magnitude of the negative skin friction 
is computed using the same method as discussed in the 
preceding sections for the (positive) frictional resistance. 
However, the direction is downwards.

The net ultimate load-carrying capacity of the pile 
is given by the equation (Fig. 25.10).

Qu -Qu-Qnsf ...(25.19)

where = negative skin friction,
Qu = net ultimate load.

Where it is anticipated that negative skin friction 
would impose undesirable, large downward drag on a 
pile, it can be eliminated by providing a protective 
sleeve or a coating for the section which is surrounded 
by the settling soil.

25.13. DYNAMIC FORMULAE
The load-carrying capacity of a driven pile can be 

estimated from the resistance against penetration 
developed during driving operation. The methods give fairly good results only in the case of free-draining 
sands and hard clays in which high pore water pressures does not develop during the driving of piles. In 
saturated fine-grained soils, high pore water pressure develops during the driving operation and the strength 
of the soil is considerably changed and the methods do not give reliable results. Tire methods cannot be used 
for submerged, uniform fine sands which may be loose enough to become quick temporarily and show a 
much less resistance.

The dynamic formulae are based on the assumption that the kinetic energy delivered by the hammer 
during driving operation is equal to the work done on the pile. Thus

W/ii),, - R x S ...(25.20)

where W = weight of hammer (kN), h = height of ram drop (cm), tv, = efficiency of pile hammer, R = pile 
resistance (kN), taken equal to 2„,and S = pile penetration per blow (cm).

In Eq. 25.20, no allowance has been made for the loss of energy, during driving operation, loss caused 
by elastic contraction of the pile, soil, pile cap, cushion and due to the inertia of the pile. Some energy is also 
lost due to generation of heat. Various formulae have been proposed, which basically differ only in the 
methods for accounting of the energy losses, as described below.

(1) Engineering News Record Formula. According to Engineering News Record (ENR) formula (1888), 
the ultimate load is given by 

where S = penetration of pile per hammer blow. It is generally based on the average penetration obtained from 
the last few blows (cm), C = constant (For drop hammer, C = 2.54 cm and for steam hammer, C = 0.254 cm)

In Eq. 25.21, the product W x h can be replaced by the rated energy of hammer (E„) in kN-cm. Thus

e. - ...(25.22)

The efficiency t],, of the drop hammer is gerterally between 0.7 and 0.9, and that for a single-acting and 
a double-acting hammer is between 0.75 and 0.85. For diesel hammer, it usually lies between 0.80 and 0.90.

A factor of safety of 6 is usually recommended. However, the pile load tests reveal that the actual factor 
of safety varies between 2/3 and 30. The formula is, therefore, not dependable.
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Modified Formula. The Engineering News Record formula has been modified recently. In the modified 
formula, the energy losses in the hammer system and that due to impact are considered. According to this 
formula.

where P = weight of pile; e = coefficient of restitution, and r)A = hammer efficiency.

'Ilie hammer efficiency (r\h) depends upon various factors, such as pile driving equipment, driving 

procedure, type of pile and the ground conditions. For drop hammers, it is usually taken between 0.75 and 
1.0; for single acting hammers between 0.75 and 0.85; for double-acting or differential hammer, t)Zi = 0.85 
and for diesel hammer, j]h = 0.85 to 1.00.

The representative values of the coefficient of restitution (e) are as under.

Broomed timber pile = 0.0
Good timber pile = 0.25
Driving cap with timber dolly on steel pile = 0.3
Driving cap with plastic dolly on steel pile = 0.5
Helmet with composite plastic dolly and packing on R.C.C. pile = 0.4

(2) Hiley Formula. Hiley (1925, 1930) gave a formula which takes into account various losses.

“ (S + C/2) ...(25.23)

where r]/, = efficiency of hammer blow, h = height of free fall of the ram or hammer (cm), S = final set or 

penetration per blow (cm), C = sum of temporary elastic compression of the pile, dolly, packings and ground 
( = Cj + C2 + C3), temporary compression of dolly and packing ( = 1.77 R/A, when the driving is 
without dolly, = 9.05 R/A, when the driving is with short dolly), C2 = temporary compression of pile (= 0.657 
RD/A), C3 = temporary compression of ground ( = 3.55 R/A), D = length of the pile, A = cross-sectional area 

of pile, R = pile resistance (tonnes).
Tire efficiency of hammer blow (r|fr) depends upon the weight of hammer (W), weight of pile, anvil and 

helmet follower (P) and the coefficient of resistution (e).

W + e2 P
(a) ForW > eP, T]/, = — ...(25,24)

(b) ForW < eP,
/W-eP\ 
kW+P) ...(25.25)

The coefficient of resistution (e) varies from zero for a deteriorated condition of the head of pile to 0.5 
for a steel ram of double-acting hammer striking on steel anvil and driving a reinforced concrete pile. For a 
C.I. ram of a single-acting or drop hammer striking on the head of R.C.C. pile, e = 0.4 and that striking on 
a well-conditioned driving cap and helmet with hard wood on R.C.C. pile, e = 0.25 (IS : 2911—1979).

(3) Danish Formula. According to Danish formula (1929),

where

W x h x T)ft 
“ S + 1/2SO

s = j2ru(^P)

...(25.26)

...(25.27)

in which So = clastic compression of pile, D = length of pile, A = cross-sectional area, E = modulus of 
elasticity of pile material.

The allowable load is found by taking a factor of safety of 3 to 4.



PILE FOUNDATION

Eq. 25.27 can also be used to determine the final set (S) per blow.

Taking Qa - 3 2w

...(25.Z&)

where Qa = allowable load.

(Wh^\
( 32. J 2 S°

25.14. WAVE EQUATION ANALYSIS
As the hammer strikes the top of a pile, a stress wave is transmitted through the length of the pile. The 

wave transmission theory can be used to determine the load carrying capacity of the pile and the maximum 
stresses that can occur within the pile during driving operation.

In the wave equation analysis (Smith, 1962), the pile is represented by a series of individual 
spring-connected weights and spring damping resistance (Fig. 25.11). The weight represents the weight of 
the ram, and W2 represents the weight of the pile cap. Weights W3 to W10 correspond to the weights of 

incremental sections of the pile. The spring constant Ky represents the elasticity of the cap block; the 
constants K2 to Kkl are for the elasticity of the pile sections. The damping springs R$ to Rn represent the 
frictional resistance of the soil surrounding the shaft; Ra represents the soil resistance at the pile tip.

Fig. 25.11.

The propagation of the elastic wave through the pile is analogous to that caused by an impact on a long 
rod. A partial differential equation is written to describe the pile model shown in Fig. 25.11 (a). The equation 
is solved with the aid of a digital computer, and the pile capacity is determined. The pile capacity is 
expressed as a function of penetration per blow or blows per cm [Fig. 25.11 (b)].

The major drawback of the wave equation analysis for determination of the dynamic resistance is its 
dependence on a computer. Moreover, the fieta tests are required to estimate the equivalent spring constant 
and soil-damping values for the pile under study. Further, the results obtained are valid only for a particular 
pile driven by a specified pile hammer.

Despite the above shortcomings, the wave equation analysis is a useful tool for determining the pile 
capacity. The results can also be used for the selection of appropriate pile-driving equipment.
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25.15. IN-SITU PENETRATION TESTS FOR PILE CAPACITY
(a) Standard penetration test. The load-carrying capacity of a pile can be estimated from the standard 

penetration test value (N).
(i) For driven piles in sand, the unit tip resistance (qp) is related to the uncorrected blow count (N) near 

the pile point (Meyerhof 1976).

qp - 40 N(D/B) s 400 N ...(25.29)

where qp = point resistance (kN/m2), D = length of pile, B = width (diameter) of pile.

The value of qp is usually limited to 400 N.

The average unit frictional resistance (fs) is related to the average value of the blow count (N).

For high displacement piles, fs = 2.0N kN/m2 ...[25.30 (a)]

For low displacement piles, ft = 1.0 N kN/m2 ...[25.30 (£»)]

where N is average of uncorrccted N-values along the length of the pile.
(u) For bored piles in sand, qp - 14 N (Db/B) kN/m2 ...[25.31)]

where Db = actual penetration into the granular soil.

For bored piles in sand, the unit frictional resistance (fs) is given by

£ . 0.67 N kN/m2 ...(2532)

(b) Dutch cone test. Meyerhof (1965) relates the unit point resistance (qp) and the unit skin traction 
(f) of driven piles to the cone point resistance (qc).

q.
Point resistance, qp - — (Db/B) ...(2533)

Unit skin friction (a) fs (dense sand) = gc/200 ...(25.34)
(b) fs (loose sand) - gc/400 ...(25.35)

(c)/c(silt) - gr/150 ...(2536)

25.16. PILE LOAD TEST
The most reliable method for determining the load carrying capacity of a pile is the pile load test. The 

set-up generally consists of two anchor piles provided with an anchor girder or a reaction girder at their top 
(Fig. 25.12). The test pile is installed between the anchor piles in the manner in which the foundation piles 
are to be installed. The test pile should be at least 3 B or 2.5 m clear from the anchor piles.

The load is applied through a hydraulic jack resting on the reaction girder. The measurements of pile 
movement are taken with respect to a lixed reference mark. The test is conducted after a rest period of 3 days
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after the installation in sandy soils and a period of one month in silts and soft clays. The load is applied in 
equal increment of about 20% of the allowable load. Settlements should be rccorocd with three dial gauges. 
Each stage of the loading is maintained till the rate of movement of the pile top is not more than 0.1 mm per 
hour in sandy soils and 0.02 mm per hour in case of clayey soils or a maximum of two hours (IS : 
2911-1979). Under each load increment, settlements are observed at 0.5, 1, 2, 4, 8, 12, 16, 20, 60 minutes. 
The loading should be continued upto twice the safe load or the load al which the total settlement reaches a 
specified value. The load is removed in. the same decrements at 1 hour interval and the final rebound is 
recorded 24 hours after the entire load has been removed.

Fig. 25.13. Load Settlement Curve.

Fig. 25.13 shows a typical load-settlement curve (firm line) for loading as well as unloading obtained 
from a pile load test. For any given load, the net pile settlement (s„) is given by

s„ - s, - se ...(25.37)

where s, = total settlement (gross settlement), se = elastic settlement (rebound).

Fig. 25.13 also shows the net settlement (chain dotted line).
Fig. 25.14 shows two load-net settlement curves obtained from a pile load tests on two different soils. At the 

ultimate load (Qu), the load-net settlement curve becomes either linear as curve (2) or there is a sharp break as 
in the curve (1), as shown in the figure. The safe load 
is usually taken as one-half of the ultimate load.

According to IS : 2911, the safe load is taken as 
one-half of the load at which the total settlement is 
equal to 10 per cent of the pile diameter (7.5 per 
cent in case of under-reamed piles) or two-thirds of 
the final load at which the total settlement is 12 mm, 
whichever is less. According to another cirterion, the 
safe load is taken as one-half to two-thirds of the 
load which gives a net settlement of 6 mm.

The limiting settlement criteria arc also 
sometimes specified. Under the load twice the safe 
load, the net settlement should not be more than 20 
mm or the gross settlement should not be more than 
25 mm.
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The test described above is known as initial test. It is carried out on a test pile to determine the ultimate 
load capacity and hence the safe load. The pile load test described in this section is a type of load-controlled 
test, in which the load is applied in steps. The test is also known as slow maintained test.

25.17. OTHER TYPES OF PILE LOAD TESTS
(1) Constant rate of penetration test. In a constant-rate of penetration test, the load on the pile is 

continuously increased to maintain a constant rate of penetration (from 0.25 to 5 mm per minute). The force 
required to achieve that rate of penetration is recorded, and a load-settlement curve is drawn. The ultimate 
load can be determined from the curve.

The test is considerably faster than a load-controlled test.
(2) Routine Load test This test is carried out on a working pile with a view to determine the settlement 

corresponding to the allowable load. As the working pile would ultimately form a part of the foundation, the 
maximum load is limited to one and a half times the safe load or upto the load which gives a total settlement 
of 12 mm.

(3) Cyclic Load test. The test is carried out for separation of skin friction and point resistance of a pile. 
In the lest, an incremental load is repeatedly applied and removed.

(4) Lateral Load test The test is conducted to determine the safe lateral load on a pile. A hydraulic jack 
is generally introduced between two piles to apply a lateral load. The reaction may also be suitably obtained 
from some other support. The test may also be carried out by applying a lateral pull by a suitable set-up.

(5) Pull out test. The test is carried out to determine the safe tension for a pile. In the set-up, the 
hydraulic jack rests against a frame attached to the top of the test pile such that the pile gels pulled up.

25.18. GROUP ACTION OF PILES
A pile is not used singularly beneath a column or a wall, because it is extremely difficult to drive the pile 

absolutely vertical and to place the foundation exactly over its centre line. If eccentric loading results, the 
connection between the pile and the column may break or the 
pile may fail structurally because of bending stresses. In actual 
practice, structural loads are supported by several piles acting 
as a group. For columns, a minimum of three piles in a 
triangular pattern are used. For walls, piles are installed in a 
staggered arrangement on both sides of its centre line. The 
loads are usually transferred to the pile group through a 
reinforced concrete slab, structurally tied to the pile tops such 
that the piles act as one unit. The slab is known as a pile cap. 
The load acts on the pile cap which distributes the load to the 
piles (Fig. 25.15).

The load carrying capacity of a pile group is not 
necessarily equal to the sum of the capacity of the individual 
piles. Estimation of the load-carrying capacity of a pile group 
is a complicated problem. When the piles are spaced a 
sufficient distance apart, the group capacity may approach the 
sum of the individual capacities. On the other hand, if the piles 
are closely spaced, the stresses transmitted by the piles to the Fig. 25.15.

soil may overlap, and this may reduce the load-carrying capacity of the piles (Fig. 25.16). For such a case, 
the capacity is limited by the group action.

The efficiency (qs) of a group of piles is defined as the ratio of the ultimate load of the group to the sum 
of individual ultimate loads.

Thus ...(25.38)
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(b) PILE GROUP

Fig. 25.16.

or n, - 100

where Qg(„) = ultimate load of the group, Qu = ultimate load of the individual pile,

N = Number of piles in the group.

Thus the groups efficiency is equal to the ratio of the average load per pile in the group at which the 
failure occurs to the ultimate load of a comparable single pile,

The group efficiency depends upon the spacing of the piles. Ideally, the spacing should be such that the 
efficiency is 100%. Generally, the centre to centre spacing is kept between 2.5 B and 3.5 B, where B is the 
diameter of the pile.

The methods for the determination of the ultimate load of the individual piles have been discussed earlier. 
The methods for the estimation of the ultimate load of the group are explained in the following sections.

25.19. PILE GROUPS IN SAND AND GRAVEL
For piles driven in loose and medium dense cohesionless soils, the group efficiency is high. The soil 

around and between the piles is compacted due to vibration caused during the driving operation. For better 
results, it is essential to start driving the piles at the centre and then work outward.

The piles and the soil between them move together as a unit when subjected to loads. The group acts as 
a pier foundation having a base equal to the gross plan area contained between the piles.

(a) End-bearing piles. For driven piles bearing on dense, compact sand with a spacing equal to or 
greater than 3 B, the group capacity is generally taken equal to the sum of individual capacity. Thus

Q„-NQ„ ...(25.39)

In this case, the load taken by the group is much greater (qg > 100%) than the sum of the individual 

capacities, and the piles fail as individual piles.

For spacing less than 3 B, the group capacity is found for the block of piles group.
(b) Friction piles. The group efficiency of friction piles in sand is obtained from the following 

expression:

x ™ ™ -(25'4°)

where Pg = perimeter of the block, p = perimeter of the individual pile, D = length of pile, 

fs - unit friction resistance.



692 SOIL MECHANICS AND FOUNDATION ENGINEERING

If the centre-to-centre spacing is large, the group efficiency (r^) may be more than 100%. The piles will 

behave as individual piles, and the group capacity is obtained from Eq. 2539.
If r)g is less than 100%,

The group efficiency can also be obtained from the Converse- Lebarre equation given below.

,..(2S.42)

where m = number of rows of piles, n = number of piles in a row, 8 = tan-1 (B/s), B = diameter of pile, s = 

spacing of pile, centre- to-centre, r|g = group efficiency (expressed as a ratio).

Bored piles. For bored piles in sand at conventional spacing of 3 B, the group capacity is taken as 2/3 
to 3/4 times the sum of individual capacities for both the end-bearing and the friction piles. Thus

Qg(u) - (2/3 to 3/4) (NQU) ...(25.43)

In bored piles, there is limited densification of the sand surrounding the pile group. Consequently, the 
efficiency is lower.

25.20. PILE GROUPS IN CLAY
As the pile group acts as a block, its ultimate capacity is determined by adding the base resistance and 

the shaft resistance of the block. The capacity of the block having closely spaced piles (s s 3B) is often 
limited by the behaviour of the group acting as a block. The group capacity of the block is given by

or Qg («) - qp (Ag) <■ a c (PgD) ...(25.44)

where qp = unit point resistance (Nc - 9.0), Ag = base area of the block, Pg = perimeter of the block, D = 

depth of the block, a = adhesion factor ( = 1.0 for soft clays), c = undrained cohesion.

As discussed earlier, the individual pile capacity is given by Eq. 25.15,

Qu - qpAp + ac(p x D) ...(25.45)

The group capacity considering the piles as individual piles is given by

QgM-NQu ...(25.46)

The lower of the two values, given by Eqs. 25.44 and Eq. 25.46, is the actual capacity.

25.21. SETTLEMENT OF PILE GROUPS
The settlement of a pile group is due to elastic shortening of piles and due to the settlement of the soil 

supporting the piles. It is assumed that the pile group acts as a single large deep foundation, such as a pier

(a) FRICTION PILES (b)END BEARING PILES

Fig. 25.17.
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or a mat. The total load is assumed to act at a depth equal to two-thirds the pile length in the case of 
frictional piles [Fig. 25.17 (a)]. In the case of end-bearing piles, the total load is assumed to act al the pile 
tips [Fig. 25.17 (£>)]. In the case of combined action, the frictional component is assumed to act at 2/3 D and 
the bearing component at the tip.

For determination of the settlements, the compression characteristics of the soil are required. For clayey 
soils, the characteristics are determined from laboratory tests on undisturbed samples. For cohesionless soils, 
the characteristics are obtained from empirical correlations developed from in-situ penetration tests.

(a) Cohesionless soils
(i) Skempton method. The settlement of the pile group is estimated from the settlement of a single pile, 

as determined in a pile-load test. The settlement of the group is generally very large because the pressure bulb 
for the group is much deeper than that of a single pile.

Skempton et al (1953) published curves (Fig. 25.18) relating the settlement of the pile group (sg) of a 
given total foundation width to that of a single pile (s„). The curves can be used for both driven and bored 
piles.

(After Skempton, 1953)

Fig. 25.18.

(h) Meyerhof method. Meyerhof (1976) suggests the following empirical relation for the elastic 
settlement of a pile group in sands and gravels.

...(25.47)

where sg = settlement of group (mm), q = load intensity (= Q/A^, Bg = width of the group, I = influence 

factor [= 1 -D/(fS Bg) a 0.5], D = length of pile, N = corrected standard penetration number within the seat 

of settlement (approximately equal to Bg below the tip).

If static cone results are available, the settlement of the group can be obtained from the relation,

where qe = average cone penetration resistance within the seat of settlement.

(&) Clayey soils
The consolidation settlement of a pile group in clay can be determined using the procedure discussed in 

chapter 12. Generally, a 2 : 1 load distribution is assumed from the level at which the load acts. Sometimes, 
the load is assumed to spread outwards from the edge of the block at an angle of 30° to the vertical. For 
2 : 1 distribution, the stress increase at the middle of each layer is calculated as (see chapter 11),
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(B, + ZO(L, * Z,) -(25-49)

where Z, is the distance from the level of the application of the load to the middle of clay layer i.

The settlement of each layer caused by the increased stress is given by (see chapter 12).

i!(;) -tvS)"'
where A e (i) = change of void ratio caused by the stress increase, eo (z) = initial void ratio of layer i, II-, = 
thickness of layer i.

II. Ia„ + AoA
Alternatively, 4s(i) - Ce ----------- — log ------=--------  ...(25.51)

1 + eo (0 I I

The total consolidation settlement is equal to the sum of the settlement of all layers.
= SAs(z) ...(25.52)

25.22. SHARING OF LOADS IN A PILE GROUP
All the piles in a group share equal load if the load is central.

...(25.53)

However, if the load is eccentric or if the central load is accompanied by a moment, the sharing of load 
is computed assuming the pile cap as rigid. As the pressure distribution is planar, the pile reactions also vary 
linearly with the distance from the centroid of the cap (Fig. 25.19). The axial load in any pile m at a distance 
x from the centroid is given by

2, (2, ■
G” W z?

where ex = eccentricity of load about K-K-axis, 

If the load is eccentric about both the axes.

...(25.54)

o 2S (2, ■ e,)x (2,e,)y
2’ Tv ~x? -(2S'S5)

where ey = eccentricity of load about X-X axis,

In the above equations, the positive sign is taken for the 
piles on the same side as the eccentricity.

If the load on any pile is negative, it indicates that the pile 
is in tension. If the pile is not designed for tension, the load in 
that pile is taken as zero, and the load between other piles is 
redistributed. This would cause extra compression in other piles.

25.23. TENSION PILES
Piles supporting high structures, such as tall chimneys, 

transmission towers, water towers, are required to resist uplift 
forces due to wind. Some of the piles in these structures are 
required to resist tensile forces and are known as tension piles.

Resistance to uplift forces is provided by the friction 
between the pile and the surrounding soil. The uplift resistance 
of a straight-shaft pile can bc computed in the same manner as 
the frictional resistance in frictional piles. However, the unit 
skin friction (fs) and adhesion (co) for the uplift resistance are 
considerably less than those for the compressive loads. It is 

(c) PILE LOADS 

Fig. 25.19.
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usual practice to reduce these values to one-half of the normal values if the piles are short. For large 
structures, it is essential to carry out pull out tests on piles to determine the safe value of the unit skin friction 
or adhesion for uplift forces.

The uplift resistance of piles can be considerably increased in the case of bored piles by under-reaming 
or belling out the bottom. A bulb can also be formed in the case of driven and cast- in place piles to increase 
the uplift resistance.

Mayerhof and Adams (1968) gave the following equations for the pull-out resistance (P„).

(a) Shallow piles Fig. [25.20 (a)]. Pull-out resistance,

(b) Deep pile

Pu = cohesive resistance + frictional resistance

Pu = nBlCuD + szy I^Bj] Z>Xtan*  + W ...(2536)

1 + sin <|> \
1 — sin <J> J’

where = diameter of enlarged base, cu = undrained cohesion, D = length of pile, <f> = angle of shearing 
resistance, sf = shape factor (see Table 25.3), Ku = coefficient of lateral earth pressure ( = Kp tan Vs <|>), Kp = 

coefficient of passive earth pressure 

in a cylinder of diameter B{ and heij

y = bulk unit weight, and W = weight of soil and pile

(i) Deep piles Fig. [25.20 (£>)], Pull-out resistance,

P„ = cohesive resistance + frictional resistance

or F. - nBtc.H * s,i HDItjll K.limf * »' ...(2557)

where H = maximum height of rupture surface (see Table 25.3) (For deep piles H s D)

Thble 253. Values of HIBi, m and sf

All other notations are the same as before.

1 20° 25° 30° 35’ 40’ 45’ 50’

H/Bi 2.5 3.0 4.0 5.0 7.0 9.0 11.0

m 0.05 0.10 0.15 0.25 0.35 0.50 0.60

sf 1.12 1.30 1.60 2.25 3.45 5.50 7.60
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For purely cohesive soils, as = 0, the second term in Eqs. 25.56 and 25.57 is zero. For cohesionless 
soils, as cu = 0, the first term is zero. The shape factor (sy) is equal to 1 + mD/By for short piles, and equal 
to 1 + mH/By for deep piles, where m is a coefficient depending on <|>.

25.24. LATERALLY LOADED PILES
Piles are sometimes subjected to lateral loads due to wind pressure, water pressure, earth pressure, 

earthquakes, c.tc. When the horizontal component of the load is small in comparison with the vertical load 
(say, less than 20%), it is generally assumed to be carried by vertical piles and no special provision for lateral 
load is made.

If the horizontal load is large, inclined piles, known as raking piles or batter piles, are provided to take 
the horizontal load. These piles have a high resistance to lateral loads, as a large portion of the horizontal 
component of the load is carried axially by the pile. Batter piles, along with vertical piles, are provided in 
situations where the horizontal loads are significant, such as wharves, jetties, bridge piers, trestles, retaining 
wall and tall chimneys.

Batter piles are driven at a batter ranging from 1 : 12 to 1 : 25. However, driving of batter piles is more 
expensive than that of vertical piles. The resistance to failure of vertical piles subjected to horizontal loads is 
provided by the passive resistance of a wedge of soil in front of the piles. In case of batter piles, additional 
resistance is provided by the skin friction and the end bearing. Therefore, batter piles are more effective than 
vertical piles in resisting horizontal loads.

It is generally assumed that batter piles can take the axial load equal to that in the corresponding vertical 
pile. As the axis of the batter pile is inclined, it can resist the horizontal load equal to Q cos 0, where Q is 
the axial load capacity and 6 is the angle which the pile makes with the horizontal. When piles arc oriented 
in two or three directions, Culmann’s method, as described below, is used.

Steps : (1) Group the piles according to 
their slopes. [In Fig. 25.21 (a), the piles are 
grouped in 3 directions].

(2) Draw the geometry of the pile group 
to some scale, and mark the directions of the 
inclined load Qs and the centre line of each 
pile group (7?1,7?2 antl Ri')-

(3) Determine the location of point A 
which is at the intersection of and Qg.

(4) Join A to the point B which is at the 
intersection of R2 and R3.

(5) Draw the force triangle [Fig. 25.21 (b)].
Select the line ab parallel to AB. From b 

draw a line bc parallel to Qg to some scale. 
Draw a vertical at c to determine ca which is 
equal to R3.

From b draw a line parallel to R3, and 
from a, line parallel to R2, to complete the 
triangle abd.

(6) Determine forces in piles as follows.
The magnitudes of R2 and R3 are, 

respectively, given by ad and bd. However, 
R2 is compressive and R3 is tensile.

The magnitude of is given by ca which 
is compressive. Fig. 25.21.
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ILLUSTRATIVE EXAMPLES

Illustrative Example 25.1. A concrete pile, 30 cm diameter, is driven into a medium dense sand (<j> = 
35°, 7 = 21 kN Im2, K = 1.0, tan S = 0.70) for a depth of 8 m. Estimate the safe load, taking a factor of safety 
of 2.50.

Solution. From Eq. 25.10, Qu - qN„ Ap + 2 K(av)i tan 6 (A,);
t-i

For | = 35°, D'/B - 12.0, from Fig. 253.
De - 12 x 0.3 - 3.6 m

Maximum value of o„ - 3.6 x 21 - 75.6 kN/m2
The value of Nq is taken from Berezontzcv’s curve (Fig. 25.4). Nq ■ 60.
Therefore, Qu • 75.6 x 60 x x/4 x (0.3)2+ K tan 6 (area of av diagram) x piles perimeter

- 320.5 + 1.0 x 0.70 x ( | x 75.6 x 3.6 + 75.6 x 4.4p.ix 0.3

or Qu - 320.5 + 309.2 - 629.7 kN
Qu 629 7Safe load, Qa - - 251.9 kN

Illustrative Example 25.2. Determine the safe load for the pile in Illustrative Example 25.1, if the water 
table rises to 2 m below the ground surface. Take « 10 kN/m3.

Solution. Vertical pressure at the critical depth,
ov - 2 x 21 + 1.6 x (21 - 10) - 59.6 kN/m2

Therefore, Qu - 59.6 x 60 x n/4 x (0.3)2 + ( | x 59.6 x 3.6 + 59.6 x 4.4 j x 0.7 x jc x 0.3 

or Q - 252.6 + 243.7 - 496.3 kN
496 3

Qa " “ 198 5
Illustrative Example 253. A 30 cm diameter concrete pile is driven into a homogeneous consolidated 

clay deposit (cu = 40 kN/m2, a = 0.7). If the embedded length is 10 m, estimate the safe load (ES. =. 2.5).

Solution. From Eq. 25.15, Qu - cNeAp + acA,

Taking Nc - 9.0,
Q„ - (40 x 9.0) n/4 x (0.3)2 + 0.7 x 40 (n x 0.3) x 10 - 289.2 kN
„ Qu 289.2 

“ 2.5 " 2.5 “ 115'7
Illustrative Example 25.4. A square concrete pile (30 cm side) 10 m long is driven into coarse sand (y 

- 18.5 kN/m3, N = 20). Determine the allowable load (ES. - 3.0).

Solution From Eq. 25.29, qp - 40N(D/B) s 400 N
In this case, 40 N(D/B) - 40 x 20 (10/0.3) - 26666.7 kN/m2

400 V - 400 x 10 - 8000 kN/m2
Adopt the lower value of 8000 kN/m2
From Eq. 2530 (a), f, - 2.0 x N - 2.0 x 20 - 40 kN/m2
Therefore, Q„ - qp Ap + f,A,
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- 8000(0.3 x 0.3) + 40 x (4 x 0.3 x 10) - 1200 kN

„ Qu 1200 .nniM
Q« - y - ------- 400 kN

Illustrative Example 25.5. A square concrete pile (35 cm x 35 cm) is driven into a homogeneous sand 
layer (fy = 30°, y = 17 kN/m3) for a depth of 10 m. Calculate the ultimate load. Use Meyerhof’s method. Take 

K= 1.3 andb = 18°.

Solution. From Fig. 25.5, (Db/B) er - 7.0

or Dc - 7 x 0.35 - 2.45

Also Dt/B - 10/0.35 - 28.57

q - 2.45 x 17 - 41.7 kN/m2

From Fig. 25.5, Nq - 55.0

From Eq. 25.6, £?? - ApqNq s Apqi

In this case, Ap qNq = (0.35 x 0.35) (41.7 x 55) - 280.9 kN

Apq, - (0.35 x 0.35) (50 x 55 tan 30°) - 194.5 kN

Adopting the lower value, Qp - 194.5 kN

From Eq. 25.8, fs - K a„ tan 6

Therefore, Qs - K tan 6 (area of ov diagram) perimeter

- 1.3 tan 18° x (41.7/2 x 2.45 + 41.7 x 7.55) x 4 x 0.35 - 216.5 kN

Thus Qu « 194.5 + 216.5 - 411 kN
Illustrative Example 25.6. A concrete pile, 40 cm diameter, is driven 25 m into a soft clay (cu = 25.0 

kN/m2, y = 19 kN/m3). Determine the allowable load using Vijayvergia and Focht method (ES. = 2.5). The 

water table is at the ground surface.

Solution. Taking Nc «' 9.0,

Qp - cuNcAp - 25 x 9 x n/4 x(0.4)2 - 28.3 kN

From Eq. 25.14, ft - X (oy + 2c)

From Fig. 25.8, for D = 25 m, X = 0.16

Therefore, fs - 0.16 [ | x 25 x (19 - 10) + 2 x 2s] - 26 kN/m2

Thus Qs - 26 x (n x 0.4) x 25 - 816.4

Qu - 28.3 + 814.4 - 844.7 kN

Qu - 844.7/2.5 - 337.9 kN
Illustrative Example 25.7. A 25 m deep bored pile has a shaft of 1 m diameter and enlarged base of 2.5 

m diameter in the lower 1.5 m depth. The undrained cohesion of the soil varies from 100 kN/m2 at the top to 
150 kN/m2 at the base. Determine the safe load (F.S. = 2.5). Tdke a = 0.45.

Solution. Total depth of the shaft = 25 - 1.5 = 23.5 m
Assuming no adhesion for a distance 2 B above the bell, the effective depth is 21.5 m.

cu at that depth - 100 + Q50^100) x 21.5 - 143 kN/m?

Therefore, Qu - (150 x 9) (n/4) x (2.5)2 + 0.45 x (100 + 143)/2 x n x 1 x 21.5

- 10319.5 kN

Qa . _ 4128kN
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Illustrative Example 25.8. A precast concrete pile (35 cm x 35 cm) is driven by a single-acting steam 
hammer. Estimate the allowable load using (a) Engineering News Record Formula (FS. = 6), (b) Hiley 
Formula (ES. = 4) and (c) Danish Formula (F.S. = 4).

Use the following data.
(i) Maximum rated energy
(ii) Weight of hammer
(iii) Length of pile
(iv) Efficiency of hammer
(v) Coefficient of resistitution
(vi) Weight of pile cap
(viz) No. of blows for last 25.4 mm
(vizi) Modulus of elasticity of concrete

= 3500 kN-cm
= 35 kN
= 15 ni
= 0.8
= 0.5
= 3 kN
= 6
= 2 x 107 kN/m2

Assume any other data, if required. 

Solution, (zz) From Eq. 25.22,

Qu -
3500 x 0.80

2.54/6 + 0.254
= 4133.9 kN .

Allowable load, Qa = 4133.9/6 = 689 kN

Weight of pile = 25 (035 x 0.35) x 24 - 73.5 kN 

P - 73.5 + 3.00 - 76.5 kN

eP = 0.5 X 76.5 - 38.2 kN

As W - 35 kN, W < eP

From Eq. 25.25,
W + e2P (W-eP

Tib “ W + P 1 W + P
j2

35 + (0.5)2 x 76.5 ( 35 - 0.5 x 76.5 \2
35 + 76.5 [ 35 + 76.5 J

or Tib - 0.484

(W»)
From Eq. 25.23, Qu -

(S + C/2)

3500 x 0.484 x 0.8 1358
or Qu -

2.54/6 + C/2 2.54/6 + C/2

Assuming driving is with dolly,

C = (9.05 + 0.657 D + 3.55) R/A

(9.05 + 0.657 x 15 + 355)/?
35 x 35

C = 0.018 R - 0.018 Qu

where Qu is in tonnes. For Qu in kN,

C = 0.0018 Qu

Thererore, Bq. («) gives Q, - foa'+ftaXBg-

Solving, Qu - 1016 kN

Allowable load, Qa - - 254 kN
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Determine the allowable load.

(W/t) X T|a(c) From Eq. 25.26, Q, » s ^/2

3500 x 0.8 2800
2.54/6 + 0.5 S„ 0.423 + 0.5 S„ ’

From Bq. 25.27. 5„ .

\l 2 x 0,8 x 3500 x 1500 .
= v----------------------~--------t = 1.85 cm

35 x 35 x 2 x 107 x IO-4

Therefore, Eq. (b) gives = o 423 + 0 5 x 1 85 ~ 2077 2 kN

2077 2Allowable load, Qa = 519.3 kN

Illustrative Example 25.9. A 30 cm diameter pile of length 12 m was subjected to a pile load test and 
the following results were obtained.

Load (kN) 0 500 1000 1500 2000 2500

Settlement during loading 
(cm) 0 0.85 1.65 2.55 3.8 6.0

Settlement during unloading 
(cm) 4.0 4.6 5.2 5.5. 5.8 6.0

Solution. Fig. E-25.9 shows the load settlement curve, and the rebound curve. The net settlements are 
calculated below. The figure also shows the net settlements.

Load (kN) 0 500 1000 1500 2000 2500

Gross settlement (cm) 0 0.85 1.65 2.55 3.80 6.00

Rebound (cm) 0 0.60 1.20 1.50 1.80 2.00

Net settlement (cm) 0 0.25 0.45 1.05 2.00 4.00

|lood (kN)

Fig. E-25.9
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The allowable load is determined using the following criteria.
(z) | of load corresponding to a gross settlement of 12 mm,

2. - | x 750 - 500 kN

(ii) | of load corresponding to a net settlement of 6 mm.

2. • | x 1125 .750kN

(iii) ± of load corresponding to a gross settlement of J3/10 ( ■ 3 cm),

2. - | x 1700.850kN

The allowable load is the least of the three values.
O, . 500 kN

Illustrative Example 25.10. A pile group consisting of 12 piles (Fig. E-25.10) is subjected to a total load 
of 4 MN, with eccentricity ex - 0.3 m, ey = 0.4 m. Determine the maximum load in an individual pile.

In this case, Z? - 6 x (OS)2 + 6 x (1J)2 ■ 1S.0
Zy2 ■ 4 x (1.0)2 . 4 x (1.0)4 - 8.0

The maximum load occurs in pile 4.
, ±0 4 .(4^x031 (4.0 x 0.4)

12 * is x ♦ 8 x 1U
- 0.6533 MN - 653.3 kN

Illustrative Example 25.11. A pile group consists of 9 friction piles of 30 cm diameter and 10 m length 
driven in clay (cu = 100 kN/m2, y = 20 kN/m3), as shown in Fig. E-25.11. Determine the safe load for the 

group (FS f 3, a = 0.6).

Solution. From Eq. 25.44, Qg(u) ■ qpAg + ac(PgD).
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or

From Eq. 25.45,

or

From Eq. 25.46,

Fig. E-25.11.

- (9 x 100) (1.8 x 1,8) + 0.6 * 100 x (4 x 1.8 x 10)
Qs(u) - 7236 kN

Qu = QpAp + ac(p x D)
= (9 x 100) x re/4 x (0.3)2 + 0.6 x 100 (re x 0.3) x 10

Qu = 628.8 kN

Qg(u) - NQU

- 9 x 628.8 = 5659.2 kN
As the ultimate load for individual pile failure.is less than the pile group load, the safe load is given by

e. - - 1886.4 kN

Illustrative Example 25.12. A 40 cm diameter pile, 11 m long, has a bell of 2 m diameter and 1 in 
height. If the soil has <j> = 25°, cu = 20 kN/m2 and y = 19 kN/m3, estimate the allowable pull out resistance 

(FS = 3).
Solution. From Table 253, H/By - 3.0,

Therefore,
As D> H, the pile is deep.
From Eq. 25.57,

where

or

From Table 25.3,

H -.3 x 2.0- 6m

Pu =.,nBicuH + szy(re/2 x Bi) (2D - H) HKU tan $ + W

W - re/4 x (2.0)2 x 11 x 19 + re/4 x (0.4)2 x 11 x (23 - 19)

W - 662 kN

sz - 1.3.
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K- - Hff (B"j - *)  - Hff (“f«
Therefore, Pu - n x 2.0 x 20 x 6 + 1.3 x 19 (n/2 x 2) (2 x 11 - 6) x 6 x 0.737 tan 25° + 662

or P„ = 3976 kN

Allowable pull, P„ = “ ^5 kN

Illustrative Example 25.13. A group of friction piles of 30 cm diameter is subjected to a net load of 
2000 kN, as shown in Fig. E-25.13. Estimate the consolidation settlement.

Fig. E-25.12.

Solution. o0 at point A, middle of I layer

- 3 x 16 + 2 x (19 - 10) + 8 x 10.0 = 146 kN/m2

oq at point B, middle of II layer - 3 x 16 + 2 x 9.0 + 13 x 10.0 + 5 x 11 ■ 251 kN/m2

Cross-sectional area at A » ^2.5 + 2 x 5 x - 75m2

4o. 2000 . 35.56 kN/m2
7.5 x 7.5

Cross-sectional area at B = ^2.5 + 15 x 2x = 17.5m2

40 -17^175- 6 53 .
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Settlement of I layer - Cc ( * j log g° * A°

10 146 + 35.56
■025 * r?oj5,og —146—" 0135 m

Settlement of II layer «■ 0.20 x । ^5 !oS —^"^33 ■ 0.014

Total settlement ■ 0.135 + 0.014 - 0.149 m

PROBLEMS

A. Numerical
25 .1. A 30 cm diameter concrete pile is driven in a normally consolidated clay deposit 15 m thick. Estimate the safe 

load. Take cu = 70 kN/m2, a = 0.9 and ES. = 2.5. [Ans. 375 kN]

252. A 10 m long concrete pile 30 cm diameter is driven into a medium dense sand (0 = 30°, y = 20 kN/m3, K = 
1.0, tan 6 = 0.5). Take Dt /B = 10.0. Estimate the safe load (ES = 2.5). [Ans. 130 kN]

253. A 40 cm diameter pile is installed by driving through a 7 m thick layer of normally consolidated silt. The cone 
tip resistance (qc) varies from 1500 kN/m2 at the surface to 2500 kN/m2 at 7 m depth. The silt layer overlies a 
dense sand (qc = 2000 kN/m2). If the tip is embedded 2 m into the dense sand, estimate the sate load (ES. = 

3.0) [Ans. 542 kN]
25.4 . A concrete pile, 40 cm diameter, 9 m long, is driven through a 6 m thick layer of silty sand (<j> = 20°, y = 17 

kN/m3) overlying a dense layer of sand ($ = 35°, y = 19.5 kN/m3). If the water table is at the ground surface, 

estimate the safe load (ES. = 3). Take K = 1.0, and 6 = 0.75 <p. [Ans. 168 kN]
(a) The design capacity of a pile is 400 kN with a factor of safety of 4. What should be the average penetration 

of the pile for the last few blows ?
(/>) How many blows would be required for the last one metre for the design capacity to be achieved ? Use 

following data:
Energy rating = 3500 kN-cm

25.6.

25.7.

254J.

25.9.

Efficiency of hammer 
Cross-sectional area of pile 
Young’s modulus of pile material 
Length of pile 

Use Danish formula.

= 0.80
= 100 cm2
= 2 x 108 kN/m2

= 10 m.
[Ans. 9.1 mm/blow; 110]

A precast concrete pile is driven with a 50 kN hammer, having a free fall of 1.0 m. If the penetration in the last 
blow is 0.5 cm, determine the load-carrying capacity of the pile using Engineering News Record formula. (F.S. 
= 6.0). [Ans. 274 kN]
The pile load test on a 40 cm diameter concrete pile in a deposit of sand indicates a settlement of 4 mm under 
a load of 400 kN. Estimate the settlement of a 4 x 4 pile group. The piles are driven at a spacing of 100 cm. 
The total load on the group is 6400 kN. [Ans. 20 mm]
A group of nine piles, 8 m long, is used as the foundation for a column. The piles are 30 cm diameter with 
centre to centre spacing of 90 cm The subsoil consists of day with unconfined compression strength of 180 
kN/m2. Estimate the safe load. (ES. = 3.0) [Ans. 1.8 MN, individual action]

A 30 cm diameter pile, 12 m long, is driven into a sand deposit. The details of the hammer are as under.
Total weight of hammer = 20 kN
Length of stroke = 100 cm
Energy per blow = 2000 kN-cm
Average penetration blow = 4 mm

Estimate ultimate resistance of pile using Hiley's formula, assuming that driving is without dolly and cushion is 
about 2.5 on thick. [Ans. 1150 kN]

25.10. A bored pile in a dayey soil failed at an ultimate load of 400 kN. If the pile is 40 cm diameter and 10 m long, 
determine the capadty of a group of nine piles, spaced 1 m centre to centre both ways. Take a - 0.5.

[Ans. 3.6 MN, individual action; 5.4 MN, group action]
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B. Descriptive and Objective Type
25.11. What are the conditions where a pile foundation is more suitable than a shallow foundation ?
25.12. Describe various types of pile foundations.
25.13. Discuss different methods for the installations of piles.
25.14. How would you estimate the load carrying capacity of a pile in (a) cohesionless soils, (fc) cohesive soils ?
25.15. What is negative skin friction ? What is its effect on the pile ?
25.16. Discuss various dynamic formulae. What are their limitations ?
25.17. Discuss the uses of penetration tests for the estimation of load- carrying capacity of piles.
25.18. How would you estimate the group capacity of piles in (a) sand (fc) clay ?
25.19. Discuss the method for die design of (a) tension piles, (b) inclined piles.
25.20. Write whether the following statements are true or false,

(a) Pile foundations are more economical than shallow foundation for moderate loads.
(fc) The load-carrying capacity of a bored pile is smaller than that of an equivalent driven pile.
(c) Negative skin friction occurs when the surrounding soil settles more than the pile.
(d) The most reliable method for determining the load- carrying capacity of a pile is the load test.
(e) The group capacity of a pile group for closely-spaced piles is generally limited by the behaviour of the 

group as a block.
(f) The group efficiency of the piles can be more than 100%.
(g) The load carrying capacity of tension piles depends upon the diameter of the bell.

[Ans. True, (fc), (c)t (d). (e)', (f), (g)]

C. Multiple Choice Questions
1. A pile foundation is used when

(a) the loads are heavy.
(fc) the soil stratum near ground surface is weak.
(c) both (a) and (fc)
(<■/) neither (a) nor (fc)

2. The load-carrying capacity of a pile depends upon the
(a) skin friction (b) point resistance
(c) both (o) and (b) (d) neither (a) nor (fc).

3. The negative skin friction on a pile develops when
(ci) the soil in which it is driven is sandy soil
(fc) the soil surrounding it settles more than the pile.
(c) the ground water table rises.
(</) the soil near the tip is clay.

4. The load-carrying capacity of a bored pile in sand is about ... times that of a driven pile.
(a) 1/2 to 2/3 (fc) 2/3 to 3/4
(<?) 3/4 to 1.25 (</) more than 1.25

5. The group efficiency of driven piles in sand at a close spacing may be
(a) equal to 100% (fc) greater than 100%
(c) well below 100% (r/j None of above

6. A 30 cm diameter pile is driven 10m into a homogeneous consolidated clay deposit. The safe load when the 
factor of safety is 2.50, unit cohesion is 40 kN/nr and adhesion factor is 0.70
(a) 150,8 kN (fc) 105.6 kN
(c) 215.4 kN (</)2ll.2kN

[Ans. 1. (c). 2. (c), 3. (fc). 4. (a), 5. (fc), 6. (fc)]
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Drilled Piers and Caissons

26.1. INTRODUCTION
(a) Drilled Pier. A driled pier is a large diameter concrete cylinder built in the ground. For construction 

of a drilled pier, a large diameter hole is drilled in the ground and subsequently filled with concrete. The 
difference between a drilled pier and a bored pile is basically of the size. Generally, bored piles are of 
diameter less than or equal to 0.6 m. The shafts of size larger than 0.6 m are generally designated as drilled 
piers. A drilled pier is a type of deep foundation constructed to transfer heavy axial or lateral loads to a deep 
stratum below the ground surface.

(b) Caisson. A caisson is a type of foundation of the shape of a hollow prismatic box, which is built 
above the ground level and then sunk to the required depth as a single unit. It is a watertight chamber used 
for laying foundations under water, as in rivers, lakes, harbours, etc. 'Ihe caissons arc of three types : (i) Open 
caissons, (zi) Pneumatic caissons, and (Hi) Floating caissons.

Open caissons are hollow chambers, open both at the top and the bottom. The bottom of the caisson has 
a cutting edge. The caisson is sunk into place by removing the soil from the inside of the shaft (chamber) 
until the bearing stratum is reached. Well foundations are special type of open caissons used in India, 
discussed in chapter 27.

Pneumatic caissons are closed at the top, but open at the bottom. A pneumatic caisson has a working 
chamber at its bottom in which compressed air is maintained at the required pressure to prevent entry of 
water into the chamber. Thus the excavation is done in dry.

floating caissons are open at the top but closed al the bottom. These caissons are constructed on land and 
then transported to the site, and floated to the place where these are to be finally installed. These are sunk at 
.hat place by filling them with sand, ballast, water or concrete to a levelled bearing surface.

This chapter deals with the design and construction of drilled piers and caissons.

26.2. DRILLED PIERS
'Ilie transfer of load to the soil from a drilled pier, like a pile, can take place through end bearing, skin 

friction or a combination of both. Drilled piers in cohesive soils are generally belled or under-reamed to 
increase the load-carrying capacity. Fig. 26.1 (a) shows a straight shaft pier, and Fig. 26.1 (b), a belled pier. 
Belled piers are generally used when the stratum does not have adequate bearing capacity.

'Die load-carrying capacity of a drilled pier can be estimated using a method similar to that for piles, as 
explained below.

(b) Drilled piers on sand. The analysis of drilled piers in sand is similar to that for bored piles in sand. 
As the excavation for a drilled pier is likely to lead to some loosening of the sand deposit, the strength of the 
sand is considerably reduced. The ultimate load of a drilled pier can be obtained from the following 
equations.

Qu - <lpAp + fsAs
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Fig. 26.1. Drilled Pieis.
Qu = + (K5vtan6)A, ...(26.1)

where qp = unit tip resistance, q = effective vertical pressure at the base, ov = effective vertical pressure at 
any depth, tan 5 = friction coefficient, K = lateral earth pressure coefficient, Ap = area of base, A^ = surface 

area of shaft.
As for piles, while calculating the effective vertical pressure at the base (q), the limits imposed by the 

concept of the critical depth should be considered, if applicable.
The value of K is approximately equal to the coefficient of earth pressure at rest (Ke). Thus

K = Ko = 1 - sin <(>

Generally, the value of K varies between 0.3 and 
0.75.

The value of tan 8 is taken equal to tan $ when the 
excavation is done dry. However, if slurry is used, some 
reduction should be applied to the value of tan 6.

The value of Nq for drilled piers is generally lower A
than that for driven piles. The values given by Vesic |

(1963) are approximately the lower bound, and are Nq 
generally recommended for drilled piers in sand (Fig. 
26.2). Alternatively, the values of the shallow foundations 
(chapter 23) can be used conservatively.

A factor of safety of 2.5 to 3.0 is generally applied 
to the ultimate load to obtain the safe load.

The allowable bearing capacity can also be obtained 
from N-value obtained from standard penetration test. 
The bearing capacity of a drilled pier is generally taken 
one half of the value of an open caisson in identical 
conditions, obtained from Eq. 26.5.

The settlement of a pier under a given net soil 
pressure is generally less than that of a comparable 

(After Vesic, 1963)

Fig. 26.2.
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shallow foundation because of the confining pressure of the surrounding soil. The allowable soil pressure can 
be obtained from the curves for the shallow foundations given in chapter 23, using the V-values uncorrected 
for the confining pressure. If the water table is high, the water table correction is made as in shallow 
foundations.

As the settlement due to self weight occurs before the pier is completed, it is not of much practical 
significance. The self weight of the pier is usually subtracted from the total load when determining the 
allowable load for the settlement. However, while computing the factor of safety against bearing failure, the 
weight of the pier must be considered. The settlement of the pier can be computed using the procedure 
developed for shallow footings.

According to Terzaghi and Peck (1967), the settlement of a drilled pier in sand at any depth is about one 
half the settlement of an equally loaded footing covering the same area. Eq. 23.83 can be used to determine 
the allowable soil pressure. The unit pressure for piers on sand is generally taken twice the value for a footing 
of the same size under identical conditions, obtained from Eq. 23.83.

(/>) Drilled piers on day. The analysis of a drilled pier in clay is similar to that of bored piles in day. 
The ultimate load is given by the following equations.

Qu = qPAp + ffA,

or Qu - cNcAp + acAs ...(26.2)

where c = undrained cohesion, c = average undrained cohesion on the shaft, a = adhesion factor, Nc = 
bearing capacity factor.

In the case of drilled piers, the value of the Nc depends upon the D/B^ ratio of the pier, where Bx is the 
diameter of the bottom (see Table 26.1).

Table 26.1. Values of Nc (After Teng, 1962)

D/Bi 0 06 1.0 15 2.0 2.5 3.0 4.0 and above

Nc 6.2 7T 7.7 8.1 8.4 8.6 8.8 9.0

The value of a generally varies between 0.15 and 0.50, depending upon the drilling method and the type 
of pier. An average value of 0.4 is usually taken. If the shaft is provided with a bell, only the straight portion 
is considered for friction (adhesion). For belled shaft drilled dry, the upper limit of unit adhesion is 40 kN/m2 
and that for the belled shafts drilled with slurry is 25 kN/m2. For straight shafts excavated dry, the upper limit 
is 100 kN/m2.

The safe load is determined by applying a suitable factor of safety to the ultimate load.

Qa - Qu/FS ...(263)

Generally, a factor of safety (FS) of 3 is taken.
Sometimes, the safe load is obtained by applying a factor of safety only to the tip resistance. Thus

Qa - Q/FS + Q,

(cNeAp)
or 0. ■ pse t acA, ...(26.4)

The settlement of a drilled pier in clay depends upon the load history of the clay. Settlement analysis can 
be done assuming the bottom of the pier as a footing and applying the consolidation theory (chapter 12). 
Drilled piers in normally consolidated clays are not economical, as the settlements are excessive. In actual 
practice, drilled piers are used only in over-consolidated clays. In which case, the settlements are generally 
small and within the permissible limits.

263. CONSTRUCTION OF DRILLED PIERS
Construction of drilled piers can be divided into 3 stages.
(11 Excavation of piers, (2) Providing supports, and (3) Concreting of piers.
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(1 ) Excavation of piers Drilled piers are generally excavated using an auger drill or some other type of 
drilling equipment. An auger is attached to a shaft and rotated under pressure to dig into the soil. When it is 
filled with soil, it is raised above the ground and emptied.

For formation of a bell, the auger is replaced by an under- reaming tool. The tool usually consists of a 
cylinder with the cutting blades that are hinged at the top. The cutting blades are in the folded position when 
the under-reamer is lowered into the hole. On reaching the bottom of the hole, the blades are spread outward 
by a mechanism. As the under-reamer is rotated, a bell is formed and the loose soil falls inside the cylinder, 
which is raised and emptied. The process is repeated till the bell is completely formed. The diameter of the 
bell is kept two to three times the diameter of the shaft. The angle of the bell is 30° to 45° with the vertical.

The above method of drilling is convenient for hard clays where the hole can be left open for a few 
hours without a support. In cohesionless soils below the water table, the hole is prevented from collapsing by 
providing a casing or by drilling in slurry. When rock is encountered during drilling, special machines are 
required. For boulders and holes socketed in hard rock, special drilling tools are required.

When excavation is in progress, the soil is exposed at the bottom and sides. It is examined carefully to 
check that the hole is straight and has been drilled to a stratum of adequate capacity. As the hole is of a large 
diameter, even a man can descend into the shaft for inspection.

2. Providing Supports (a) Chicago method. In this method, a circular hole is excavated upto the depth 
at which the soil will stand unsupported (about 0.5 m for soft clays and 2 m for stiff clay). Vertical boards, 
known as laggings, are then set in position around the excavated face and are held tightly against the soil by
steel rings [Fig. 26.3. (a)]. The shaft is 
then excavated further for 1 to 2 m and 
another setting of boards and rings is 
made. The process is repeated until the 
desired level is reached. Tire base of the 
shaft is then belled out.

(Z>) Gow method. In this method, 
excavation of the hole is done 
manually. Telescopic steel shells are 
used to support the soil [Fig. 26.3 (h)]. 
The telescopic shells are extended as 
the hole is deepened. The shells are 
removed as the concreting progresses. 
One section of the shell is removed at 
one time. The minimum diameter of the 
hole in this method is about 1.25 m.

(a) CHICAGO METHOD (b) GOW METHOD 

Fig. 26.3.

3. Concreting of piers. After the hole has been drilled to the required depth, the shaft is dewatered and 
the bottom is cleaned. The casing, if used, is removed before the concreting is done. The reinforcement cage 
is then inserted and concreting is done. As far as possible, concreting should bc done in dry. Concreting can 
be done in a dry hole by gravity pouring, provided the concrete does not strike the sides. However, if 
dewatering is not possible or slurry is used to support the shaft sides, concrete is placed using a tremie.

26.4. ADVANTAGES AND DISADVANTAGES OF DRILLED PIERS
Drilled piers have the following advantages and disadvantages, as compared with pile foundations:

Advantages.
(1) As a single drilled pier can take up the load of a group of piles, it is more convenient.
(2) Drilled piers have higher resistance to lateral loads than piles.
(3) Construction of drilled piers generally requires lighter equipment for drilling than that for pile 

driving.
There is no noise due to hammer blow in the case of drilled piers.
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(4) Piles driven by a hammer cause ground vibrations and ground heaving. Such conditions do not exist 
in the case of drilled piers.

(5) The base and the sides of the drilled pier can be inspected. This is not possible in case of driven 
piles.

(6) The base of a drilled pier can be enlarged to provide greater bearing capacity and also to provide 
greater resistance to uplift.

(7) Drilled piers can be used even when the soil contains boulders, etc.

Disadvantages
(1) The concreting operation requires stricter supervision. The quality of concrete obtained is generally 

inferior to that in precast piles.
(2) Deep excavation of the drilled pier, if not properly supported, can cause substantial subsidence and 

damage to adjoining structures.
(3) Strict supervision of drilling operation is required in drilled piers.
(4) Subsurface investigations required in the case of drilled piers are more than that in piles.
(5) Load tests in the case of drilled piers are difficult.

26.5 DESIGN OF OPEN CAISSONS
Caissons are carried to a hard stratum, such as compact sand, gravel, hard clay or rock. The 

load-carrying capacity can be estimated as in the case of drilled piers. As a caisson also acts like a rigid mat 
foundation, the equations for the bearing capacity given in chapter 24 for mats may also be used. The 
allowable soil pressure (<j„a) for an open caisson in cohesionless soils can be obtained from the following 
equation (F.S. = 3.0).

- 0.22 jV2BWy * 0.67(100 + N2)DfW, ...(26.5)

where q„a = allowable soil pressure (kN/m2), N = corrected standard penetration number, B = smaller 

dimension of the caisson, Df = depth of foundation, measured below scour level.

Wy and Wq are water table correction factors.

According to IS : 3955, the allowable bearing pressure can be determined using the following formula, 

qn, - 0.054 N2B + 0.16(100 + N2) Df kN/m2 .. .[26.3(a)]

If the caisson (well) rests on rock strata, the safe bearing pressure depends upon the crushing strength of 
rock. The crushing strength can be determined by taking the cores from the field and testing for compression. 
However, there may be fissures, faults and joints in the rock which would also affect the bearing capacity and 
which are not detected from the core samples.

Teng (1962) has suggested that the allowable bearing pressure of caissons on bed rock should not exceed 
that of concrete seal, which is normally taken as 3500 kN/m2 because the concrete seal is usually placed 

under water and the quality of concrete is poor.
In case of cohesive soils, undisturbed samples should be tested to determine the unit cohesion (c). The 

ultimate bearing capacity is determined as

Qu = cNc ...(26.6)

where Nc = bearing capacity factor.

The vertical loads acting on the caisson are the loads from the superstructure and the self weight. The 
buoyant forces should be determined for the lowest water level and deducted from the downward loads. The 
lateral loads acting on the caisson arc due to earth pressure, wind pressure, water pressure and earthquakes. 
The lateral forces may also act due to tractive forces from traffic, ice pressure, and currents of flow.

The skin friction should he estimated for the most critical condition when the soil has been removed to 
the maximum depth of scour. The total load is assumed to be carried by the base of the caisson if it penetrates 
a relatively shallow depth of soil.
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Besides the above-mentioned loads, a caisson may also bc subjected to large stresses during the sinking 
operation. When the caisson is hung up near the top by skin friction, the lower ponton is subjected to tension. 
Large stresses also develop if the caisson is dropped suddenly during sinking or when it is pulled to its 
correct position from the inclined position. If the caisson is supported on one side only or on two opposite 
comers at some stage during sinking, it is subjected to heavy stresses. The caisson must bc safe against all 
such conditions.

The exterior walls of the caisson arc designed to withstand the stresses due to vertical loads and the 
lateral forces.

Sinking Effort The caissons are designed to have sufficient self weight in each lift to overcome the skin 
friction. If the self weight is not sufficient, additional ballast is required during sinking. Occasionally, water 
jetting is used to reduce the friction.

If it is desired to proportion a circular caisson such that no ballast is required, an expression for the unit 
skin friction can be obtained by equaling the weight of concrete to the frictional force (Fig. 26.4). Therefore,

(.1/4) - O?) -(.tD.) Ox/ ,..[26,7(»)J

where Do = external diameter of caisson, 7),- internal diameter of caisson, = unit weight of concrete (= 24 
kN/m3 above water level, and 14 kN/m3 below water level), D = depth of penetration, f = unit skin friction.

Therefore, f - (Dj - D?) ...[26.7(l>)|

Similar equations can also be developed for caissons of other shapes.
If the actual unit friction (/) is greater than the value given by Eq. 26.7 (6), additional ballast would be 

required for sinking. Terzaghi and Peck (1948) give the following value of the unit friction.
Silt and soft clay = 7.3—29.3 kN/m2
Very stiff clay = 49—195 kN/m2
IXTOse sand = 12.2—34.2 kN/m2
Dense sand = 34.2—68.4 kN/m2
Dense gravel = 49.0—98 kN/m2

Thickness of concrete seal. Before dewatering the caisson, a concrete seal is placed at the bottom of the 
excavated shaft to plug it. The concrete seal is also known as the bottom plug. It forms the permanent base 
of the caisson. The thickness of the seal should be sufficient to withstand the upward hydrostatic pressure 
after dewatering is complete and before the concreting of the shaft has been done.

The seal may be designed as a thick plate subjected to a unit bearing pressure due to the maximum 
vertical loads. The thickness of concrete seal may be obtained from the following equations.

For circular caissons, r = 0.59D, V^/oc ...(26.8)

Fro rectangular caissons, t = 0.866B> ,, .
6 oc(l + 1.61a) 

...(26.9)

where t = thickness of concrete seal, £),• = internal diameter, Lit B-, = internal length, width, q = unit bearing 
pressure at the base, a = B/Lj, oc = allowable concrete flexural stress (j- 3500 kN/m2).

If 77 is the depth of water above the base (Fig. 26.4), the value of q can l>c found from the following 
equation.

q = Y»77 - 1'1
where q = unit bearing pressure (kN/m2) >

and H and t arc in metres.
Taking = 24 kN/m3 and yw = 10 kN/m3,

q = 10 H - 24 t 
The thickness of the seal should be safe against perimeter shear,

...(26.10)
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PLAN

(a) CIRCULAR CAISSON

Fig. 26.4.

v - (26 n)

where A; = inside area ( = it/AD? for circular caissons)

Pi = inside perimeter (= for circular caissons)
The perimeter shear v should be less than the allowable shear.
There should be overall stability of the caisson against buoyancy. For example, for circular caissons,
Total upward force, Fu = (jr/4Z^)Hyw ...(26.12)

Total downward force, Fd » We + W, + Qs ...(26.13)

where Wc = weight of empty caisson, W, = weight of seal, Qs = skin friction.

If Fd is greater than the caisson is safe against buoyancy. However, if Fd is smaller than Fu, the 
thickness of the seal should be increased to add weight.

Cutting Edge. The cutting edge is provided at the base of the open caisson to facilitate penetration. It 
also protects the walls of the caisson against impact and obstacles encountered in its path during penetration.

The inside bevel is generally made 2 vertical to one horizontal. The cutting edges are usually made of 
angles and plates of structural steel or reinforced concrete and steel. As the sharp edges are easily damaged, 
the blunt edges are commonly used. However, the angle of the edge should not be greater than 35°(Fig. 26.5).
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(a) SHARP EDGE (b) BLUNT EDGE

Fig. 26.5.

To avoid tearing off the cutting edge or any lower parts of the caisson, the caisson concrete must be anchored 
or tied to the cutting edge. The lower portion of the cutting edge is provided with a 12 mm thick steel plate 
anchored to the concrete by means of steel straps.

26.6. CONSTRUCTION OF OPEN CAISSONS
The sinking of an open caisson is generally done by penetrating it in the dry or from a dewatered 

construction area or from an artificial island. An artificial island of sand is made for the purpose of raising 
the ground surface above the water level Thus a >— DREDGE WELLS
dry area is obtained for sinking the caisson. The 
size of the sand island should be sufficient to 
provide working area around the caisson. (Fig.
26.6).

For the construction of a sand island, a 
wooven willow mattress is first sunk to the river 
bottom to provide protection against scour. A 
timber staging is then constructed around the 
periphery of the intended island. Sheet piles are 
driven to enclose the island area. The mattress is 
cut along the inside face of the shell formed by 
sheet piles and the inside mattress is removed. 
The shell is then filled with sand upto the 
required level.

In case it is not possible to sink the caisson 
in diy, it is constructed in slipways or barges 

SAND ' FILL

Fig. 26.6.

and towed to its final position by floating. False bottoms are provided for this purpose. Guide piles are 
generally required for sinking the first few lifts of caisson. Sinking is done through open water and then 
penetrating it into the soil.

The caisson is sunk by its own weight when the soil is excavated from the dredging well. As sinking 
progresses, additional lifts of caisson steining are installed. When a hard material is encountered, under-water 
blasting may be necessary. The excavation is done by dredging with grab buckets. The soil near the cutting 
edge is removed by hand if it does not flow into the excavation. The sinking operation is, of course, stopped 
during the period the concrete for the lift is cast and cured. To facilitate sinking, the exterior surface is 
applied with a film of grease. Alternatively, water jets are used.

When the caisson reaches the final depth, its bottom is plugged by a concrete seal. The concreting for the 
seal is done by tremie. After the concrete has matured, the water in the caisson is pumped out. The top of the 
concrete seal is cleaned and more concrete is placed over the seal

The caisson should be kept in the vertical position during the entire process of sinking. However, it is 
extremely difficult to sink the caisson perfectly straight and true to its position. Corrective measure are 
adopted when it becomes inclined (see chapter 27).
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26.7. PNEUMATIC CAISSONS
If the soil enclosed in an open caisson cannot be excavated satisfactorily through its shaft during sinking 

operation, a pneumatic caisson is required. This condition occurs when the soil flows into the open caisson 
faster than it can be removed. A pneumatic caisson is also used when there is a great influx of water or where 
difficult obstructions are anticipated during sinking. Pneumatic caissons are suitable in soft, running soils 
which cannot be excavated in dry or where there is a greater danger of scour and erosion.

A pneumatic caisson is a rigid, 
inverted box with its bottom open (Fig. 
26.7). A working chamber is provided 
at its bottom to keep the caisson free of 
water and mud by use of compressed 
air. The design of a pneumatic caisson 
is similar to that of an open caisson in 
many respects. The ultimate load 
carrying capacity, the design of walls, 
concrete seal and cutting edge are 
similar to that of open caissons. 
However, the following differences 
should be clearly noted.

(1) Working chamber. The 
working chamber is made of mild steel. 
Il is about 3 m high. It consists of a 
strong roof at its top. 'Ihe chamber is 
absolutely air tight. 'Ilie air in the 
chamber is kept at a specified pressure Fig. 26.7. Pneumatic Caisson.

to prevent entry of water and soil into it. The walls of the chamber should be thick and leak proof. To keep 
the frictional resistance low, the outside surfaces of the walls are made smooth. A cutting edge is provided at 
the bottom to facilitate the penetration of the caisson.

The air pressure must bc sufficient to balance the full hydrostatic pressure due to water outside. However, 
there is a maximum limit to air pressure. Working under a pressure of greater than 400 kN/m2 is beyond the 

endurance limit of human beings. Therefore, the maximum depth of water through which a pneumatic caisson 
can be sunk successfully is about 40 m. Working under a pressure greater than 400 kN/m2 may cause a 

special type of sickness, called caisson sickness.
(2) Air Shaft. An air shaft is a vertical passage which connects the working chamber with an air lock at 

the top. It provides an access to the working chamber for workmen. Il is also used for Ihe transport of the 
excavated materials to the ground surface. In larger caissons, two separate air shafts are provided, one for 
passage of workmen and one for transport of the materials. The shafts are made of steel tubes. The joints of 
the tubes are provided with rubber gaskets to make them leak proof. Each shaft is provided with its own air 
lock at its top.

As the caisson sinks, the air shaft is extended to keep the air lock always above water level. During this 
period, the working chamber is closed by a gate plate at the lower end of the shaft.

(3) Air Lock. An air lock is a steel chamber provided at the upper end of the air shaft above water level. 
The purpose of providing an air lock is to permit the workmen and materials to go in or to come out of Ihe 
caisson without releasing the air pressure in the caisson.

The steel chamber of the aiilock is provided with two airtight doors, one of which opens to the shaft and 
the other opens to the outside atmosphere. When a man enters the airlock through the outside door, the 
pressure in the chamber is kept equal to the atmospheric pressure. The outside door is closed and the pressure 
in the chamber is gradually raised till it becomes equal to that in the air shaft and the working chamber. ’Ihe 
door to the shaft is then opened and the man descends to the working chamber by a ladder provided inside 
the air shaft. The- procedure is reversed when a man comes out from the caisson. However, the decompression 
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is done much more slowly to prevent caisson disease. A period of about 30 minutes is necessary for 
decompression from a pressure of 300 kN/m2 to atmospheric pressure.

To prevent the air in the working chamber from becoming stale, fresh air is circulated into the working 
chamber by opening a valve in the air lock. The workers should not be kept inside the working chamber for 
more than two hours at a stretch.

(4) Miscellaneous equipment Miscellaneous equipment such as motors, compressors, and pressure pumps 
are usually located on the shore. Pressure to the working chamber is applied through compressed air pipe. In 
order to cope with an emergency, at least one stand-by unit consisting of all equipment must be provided.

26.8. CONSTRUCTION OF PNEUMATIC CAISSONS
Like open caissons, pneumatic caissons may be constructed at the site or floated and lowered from 

barges. Artificial sand islands may also be used. The cutting edge of the caisson is carefully positioned. 
Compressed air is introduced in the working chamber to expel water. After the working chamber has been 
dewatered, workmen descend through the air lock into the working chamber. The material is excavated by 
hand tools in dry. As the excavation progresses, the caisson gradually sinks. Concreting of the caisson is then 
done. The air pressure in the caisson is increased to equalise the increase in the head of water as the caisson 
goes down. The excavated material is removed by buckets through the air shaft. In granular soils, the 
excavated material can be removed by the blowout method through the blow-out pipe. When the valve in the 
blow pipe in opened, the granular material is blown out by high air pressure inside the working chamber.

After the caisson has attained its design depth, the working chamber is filled with concrete. Precautions 
must be taken to ensure full contact between the concrete fill and the underside of the roof of the working 
chamber. The fresh concrete is first lowered through the air shaft and a slab about 0.6 m thick is formed on 
the bottom and well packed under the cutting edge. The air pressure in the chamber is kept constant till the 
concrete has hardened. A stiff mix of concrete is then packed into the working chamber up to the roof level. 
Any space left between the roof and the concrete Surface is filled with cement grout. There should not be any 
empty space left in the chamber, as it would lead to settlement when the caisson is subjected to superimposed 
load. After concreting of the working chamber is completed, the shaft tubes are dismantled. The shaft itself is 
filled up with a lean concrete.

26.9. ADVANTAGES AND DISADVANTAGES OF PNEUMATIC CAISSONS
Pneumatic caissons have the following advantages and disadvantages, as compared with open caissons.

Advantages
(1) As there is an access to the bottom of the caisson, obstructions can be easily removed.

(2) The soil can be inspected and the soil samples can be taken, if required.
(3) Soil bearing capacity can be determined by conducting in-situ tests in the working chamber.
(4) Excavation and pouring of concrete is done in the dry.
(5) As the position of the ground water table remains unchanged, there is no flow of soil into the 

excavated area.
(6) There is no settlement of the adjoining structures as the water table is not lowered.

Disadvantages
(It Pneumatic caissons are highly expensive. Pneumatic caissons should be used only when open 

caissons are not feasible.
(2) The penetration depth below water table is limited to 30 to 40 m.
(3) There is a lot of inconvenience caused to the workmen while working under high pressure. 'Ihe 

workers may develop caisson disease.
(4) In pneumatic caissons, a large amount of manual work is required which increases the cost.
(5) Extreme care is required for the proper working of the system and to maintain the required air 

pressure. Any slackness may lead to an accident.
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26.10. FLOATING CAISSONS
Floating caissons are large, hollow 

boxes with top open but bottom closed. 
These are floated to the place where 
these are to be installed. The caissons 
are then sunk by filling them with 
ballast, such as sand, dry concrete, 
gravel. Unlike the open and pneumatic 
caissons, a floating caisson does not 
penetrate the soil. It simply rests on a 
levelled surface (Fig. 26.8). The load 
carrying capacity depends solely on the 
base resistance, as there is no side 
friction.

After the caissons has been sunk to 
its final position, it is completely filled 
with sand or gravel. A concrete cap is 
cast on its top to receive structural 
loads. To prevent scour underneath, rip 
rap is placed around its base.

Floating caissons are usually constructed of reinforced cement concrete or steel. The plan of the caisson 
may be circular, square, rectangular, or elliptical. It usually contains a number of cells formed by diaphragm 
walls. If the caisson is to be floated in rough waters, it is designed as a ship and suitable internal strutting is 
provided.

26.11. STABILITY OF FLOATING CAISSONS
The caisson must be stable during flotation. According to Archimedes’ principle, when a body is 

immersed in water, it is buoyed up by a force equal to weight of the water displaced.

For equilibrium, W - U = 0 ...(26.14)

where W = weight of the caisson, U = buoyant force.
The weight W acts through the centre of gravity (G) of the body. The buoyant force U acts through the 

centre of gravity of the displaced water, known as the centre of buoyancy (B) (Fig. 26.9). If the caisson is 
tilted through a small angle 9, the 
centre of gravity (G) remains at the 
same location with respect to the 
caisson itself, but the centre of 
buoyancy B changes its position as the 
position of displaced volume is 
changed. Some portion of the caisson 
which was not submerged during the 
vertical position becomes submerged in 
the inclined position. The point of 

(a) VERTICAL POSITION (b) TILTED POSITION

Fig. 26.9.

intersection of the vertical line passing 
through B and the centre line of the 
caisson is known as nietacentre (Af).
The caisson would be stable if the metacentre M is above G, Le., the metacentric height MG is positive.

The metacentric height can be determined analytically (see any text on Fluid Mechanics) as given below.

The distance BM between points B and M is given by 

BM ~ I/V ...(26.15)
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where / = second moment of area of the plan of the caisson at water surface, V = volume of water displaced. 
The metacentric height is computed as

MG - BM ± BG ...(26.16)
The plus sign in Eq. 26.16 is used when G is below B.
If the caisson is unstable, it should be either redesigned or ballast should be used to make it stable.
The free board when floating should be atleast 1 m.

26.12. ADVANTAGES AND DISADVANTAGES OF FLOATING CAISSONS
Floating caissons have the following advantages and disadvantages as compared with open caissons.

Advantages.
(1) The installation of the floating caisson is quick and convenient.
(2) As the floating caissons are prefabricated or precast, the quality of construction is good.
(3) Floating caissons are less expensive than open caissons.
(4) Floating caissons can be transported by floating at a relatively low cost.

Disadvantages.
(1) The load-carrying capacity of a floating caisson is much lower than that of an equivalent open 

caisson.
(2) The foundation bed has to be levelled before installation.
(3) The base of the floating caisson is to be protected against scour action.

ILLUSTRATIVE EXAMPLES

Illustrative Example 26.1. A straight-shaft drilled pier, 1.0 m in diameter, is constructed in a deposit 
consisting of loose sand overlying dense sand (Fig. E-26.1). Determine the allowable load (F.S. = 3.).

Solution. Let us take critical depth Dc - 10 B » 10 m
From Eq. 26.1, Qu - (qNq)Ap + (Kav tan 6) As 

where q = effective vertical pressure at the base

- 8 x 17 + 2 x 21 - 178 kN/m2
From Fig. 26.2, Nq - 140 for $ = 40°.

Therefore, Qu - 178 x 140 x re/4 x <1.0)2 + 0.5 x (re x 1.0) x 0.58 x 136 x 8.0 j

+ 0.4 x re x 1.0 x 0.84 [ |(136 + 178) x 2.0 + 178 x 2.ol

Fig. E-26.1.

Cloy loyer I 
Cu=35kN/m2 
■X = 0.30 
Tt =17 kN/m3

Cloy layer It 
Cu=100 kN/m2 
°<=0.30 
U =18 kN/m3

Fig. E-26.2.
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or Qu = 20740.00 kN

a, . . 69131tN

Illustrative Example 26.2. Determine the allowable load for the drilled pier constructed in a clayey 
deposit, shown in Fig. E-26.2. Take F.S. = 3.0.

Solution. D/Bl = 12/2 - 6

From Table 26.1, Nc = 9.0.

From Eq. 26.2, Qu = cNc Ap + acA,

= 100 x 9.0 x (jc/4) x (2.0)2 + (0.3 x 35) (x x 1.0 x 8.0)

+ (0.3 x 100) (n x 1.0 x 3.0) - 3374 kN

3374
From Eq. 26.3, Qa = - 1125 kN

(If Eq. 26.4 is used, the allowable load = 1488.4 kN)
Illustrative Example 26.3. Determine the outside diameter of an open caisson to be sunk through 40 m 

of sand and water to bed rock if the allowable bearing capacity is 2000 kN/m2. The caisson receives a load 
of 50 MN from the superstructure. The mantle friction is 30 kN/n?.

[■” Dps 6 m-----------

Fig. E-263.
From equilibrium in the vertical direction (when installed),

Load from superstructure + self weight — frictional resistance — uplift force — base reaction = 0.0 

or 50000 + (n/4) D2 (40) x 24 - (rcD0) x 40 x 30 - (V4)z£ x 40 x 10 - (^/4)L^ x 2000 = 0 

or D2 + 3.33 Do - 44.23 = 0 or Do = 5.19 m

Let us adopt outside diameter as 6.0 m

Feasibility of sinking
From Eq. 26.7 (a), (sr/4) (Dj - D-) x 40 x 24 = (xD„) x 40 x f

Taking f = 30 kN/m2 and Do » 6 m, we have

36 — £)? = 30 or D; = 2.4 m

Thickness of wall = - 1.8 m
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Thickness of sea!
From Eq. 26.8, t = 0.59 D/'Vg/a,.

= 0.59 x 2.4 V2000/3500

= 1.07 m say 1.10 m
Illustrative Example 26.4. Check the stability of a floating caisson 10.5 m high and having a 

rectangular base 20 ni x 9 m. The weight of the caisson is 9 MN and its centre of gravity is 4.0 m above the 
base. If the caisson is unstable, how would you make it stable ? Take unit weight of water as 10.25 kN/m2.

(l>) What is the maximum pressure on the soil when the caisson has been fully installed ? The base is at 
a depth of 9 m below the water level. The total weight is 50 MN, which acts' at an eccentricity of 0.1 nt.

Solution, (see Fig. E-26.4)

Immersed Volume, V = = 878.05 m3

Depth of immersion during flouting,

Height of centre of buoyancy B above base.

AB = 4.88/2 = 2.44 m

As the distance AG is 4 m, the distance BG is given by

BG = 4.0 - 2.44 = 1.56 m
From Eq. 26.15, BM = I/V

_ (1/12) x 20 x (9)3

878.05

Distance AM = AB + BM = 2,44 + 1.38 = 3.82 m
As the metacentre (M) is below the centre of gravity (G), the metacentric height MG is negative and the 

caisson is unstable. The caisson can be made stable by filling it with ballast, say sand (y = 22 kN/m3). Let 

the thickness of the sand layer be 0.5 m.
The height of the new centre of gravity (G') above the base is given by
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. 9000 x 4 4- (0.5 x 9 x 20) x 22 x 0.25 „ ...
AG ' 9000 + 0.5x 9 x 20 x 22 ‘ 3J2m

The new depth of immersion, d - 9000 *J°3 x 9 x 2° x 22^ - 5.95 m
10.25 x 9 x 20

AB' = height of new centre of buoyancy = 5.95/2 = 2.975 m

„ ™ (1/12) x 20 x (9)3 .
From Eq. 26.15, B M - v 9 x S 9j 7 - 1-134 m

Metacentric height, M' G' = (AB' + B' M') - AG'

= (2.975 + 1.134) - 3.32 - 0.789

As the metacentric height is positive (Le. M" is above G'), the caisson is stable.
(b) When the caisson has been fully sunk, with its base at a depth of 9 m below the water level, the 

upward force is given by
Fu = (9 x 20) x 9 x 10.25 = 16605 kN

As the upward force is more than the downward force of 9000 kN, ballast is required. Let A be the 
thickness of the ballast.

Therefore, (9 x 20 x h) x 22 + 9000 = 16605 or h = 1.92 m
The maximum and minimum pressures when the caisson has been fully installed and subjected to design 

loads are given by

Uplift pressure = 10.25 x 9 = 92.3 kN/m2 

Net maximum pressure = 296.3 - 92.3 = 204 kN/m2 

Net minimum pressure = 259.3 - 92.3 = 167 kN/m2

PROBLEMS

26.1 . A straight-shaft drilled pier of 1.2 m diameter is constructed in a dense sand deposit (<j> = 40°, K = 0.4, tan 6 = 
0.80 and y = 21 kN/m3). The total depth of the pier is 14 m. Estimate the allowable load (F.S. = 3.0).

[Ans. 165 MN]
26.2 . A drilled pier of 1 m diameter has a total depth of 15 m. The diameter of the bell is 2 m and its height is 1 m. 

If cu = 80 kN/m2, y = 20 kN/m3 and a = 0.3, determine the allowable load (F.S. = 3.0). [Ans. 850 kN]

263. An open caisson, 19 m deep, has external and internal diameters of 8 m and 6 m, respectively. If the water level 
is 2 m below the top of the well and the depth of the base below the scour level is 5 m, determine the minimum 
thickness of the seal that will enable complete dewatering of the caisson. Take oc = 2000 kN/m2, ye = 24 kN/m3 
and allowable perimeter shear of 650 kN/m2. [Ans. 1.0 m]

26.4 . Determine the allowable soil pressure for a pier, 3 m diameter, 10 m long, on sand with N = 30 for a factor of 
safety of 3 and for an allowable settlement of 40 mm. Assume full submergence. [Ans. 450 kN/m2]

B. Descriptive Types
265. What is the basic difference between a drilled pier and a caisson ? What are the conditions in which a drilled 

pier is more suitable than a caisson ?
26.6 . Describe various methods for the construction of drilled piers.
26.7 . How would you estimate the load carrying capacity of drilled pier in (a) sand, (b) clay ?
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26.8 . How would you estimate (he load carrying capacity of an open caisson ?
26.9 . Draw the sketch of an open caisson. How the various components are designed ?

26.10 . Describe the various components of a pneumatic caisson with the help of a sketch.
26.11 . What are the advantages and disadvantages of pneumatic caissons over open caissons ?
26.12 . How would you check the stability of floating caisson during flotation ?

C. Multiple Choice Questions
1. Pneumatic caissons are used where the soil How into the excavated area of an open caisson is

(a) faster than it can be removed
(£>) slower than it can be removed
(c) negligible
W) zero

2. The maximum depth of a pneumatic caisson is usually limited to
(fl) 10 m (/>) 20 m
(c) 80 m (d) 40 m

3. The adhesion factor for drilled piers on clay is usually taken as
(a) 1.0 0)0.80
(c) 0.60 (d) 0.40

4. The floating caissons generally
(a) have greater load-carrying capacity than open caissons
0) have greater depth below the ground surface than open caissons.
(c) are less expensive then open caissons
(d) have poorer quality of construction than open caissons.

[Ans. 1. (fl), 2. (4 3. (d), 4. (c)]

D. Objective Type Questions
Write whether the following statements are true or false :
(a) The drilled piers can be of diameter less than 0.5 m.
0) A pneumatic caisson is open at the top.
(c) The value of Nq for drilled piers is generally smaller than that for piles.
(d) The angle that the inclined walls of the belled pier make with the horizontal is usually 45°.
(e) The construction of drilled piers generally requires lighter equipment than that for pile driving.
(/) The angle of the cutting edge of the caisson with the vertical should not be greater than 35°.

(g) The air pressure in the air lock of a pneumatic caisson is usually limited to 600 kN/m2.

(h) Al the bottom of a pneumatic caisson, an in-situ can be conducted.
(z) For a floating qaisSon, the metacentric height must be positive.
(J) If the shaft is provided with a bell, only the bell portion is considered for friction.

[Ans. True (c). (e), (/), (A), (/)]



27
Well Foundations

27.1. INTRODUCTION
Well foundation have their origin in India. Well foundations have been used in India for hundreds of 

years for providing deep foundations below the water level for monuments, bridges and aqueducts. Taj Mahal 
at Agra (India) has got well foundations.

A well foundation is similar to an open caisson discussed in chapter 26. Well foundations can be 
constructed on the dry bed or after making a sand island. At locations where the depth of water is greater 
than 5 m to 6 m and the velocity of water is high, wells can be fabricated on the river bank and then floated 
to the final position and grounded. Great care is to be exercised while groundin'’ a well to ensure that its
position is correct. Once the well has touched 
the bed, sand bags are deposited around it to 
prevent scour. The well may sink into the river 
bed by 50 to 60 cm under its own weight. j—
Further sinking operation is similar tn the [_

sinking of wells on dry bed. The well is sunk 
into the ground to the desired level by y/ANYZAW 
excavating through the dredge holes.

Fig. 27.1. shows the section of a well. A 
strong cutting edge is provided to facilitate 
sinking. The tapered portion of the well above 
the cutting edge is known as well curb. The 
walls of the well are known as steining. Steining 
is made of brick masonry, stone masonry, plain 
or reinforced concrete. As the steining later 
becomes an integral part of the structure, it 
should be properly designed for the imposed 
loads. Further, it should be heavy enough to 
overcome frictional resistance during sinking.

After the well has been sunk to the final 
position, the bottom plug is formed by 
concreting. The bottom plug serves as the base 
of the well. The well is filled with sand partly or 
completely. At the top of the well, a top plug is 
formed by concreting. A R.C.C. well cap is 
provided at the top to transmit the load of the 
superstructure (pier or abutment) to the well.

------------- i------ -------- v-
[PIER OR ABUTMENT

R.C.C. SLAB

TOP PLUG

STEINING

CUTTING EDGE

Fig. 27.1. Well Foundation.

BOTTOM PLUG
•CEMENT CONC

SAND
FILLING

WELL CAP
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27.2. DIFFERENT SHAPES OF WELLS
Different shapes of wells that are commonly used are shown in Fig. 27.2.
(1) The most commonly used shape is circular [Fig. 27.2 (a)], as it has high structural strength and is 

convenient in sinking. The chances of tilting are also minimum in this shape. The shape is quite suitable for 
piers of the single-line railway bridges and the double-lane road bridges. However, when the piers are
excessively long, the circular shape becomes 
uneconomical. The maximum diameter of 
circular wells is generally limited to 9 m.

(2) Double-D wells [Fig. 27.2 (/>)] are 
generally used for the piers and abutments of 
bridges which are too long to be 
accommodated on a circular well of 9 m 
diameter. The wells of this shape can also be 
sunk easily. However, considerable bending 
moments are caused in the steining due to the 
difference in pressure between the outside and 
the inside of the well. Further, the square 
comers at the partition wall offer greater 
resistance to sinking.

(3) Double-octagonal wells [Fig. 27.2 (c)] 
are better than the double-D wells in many

(a) CIRCULAR

(c) DOUBLE OCTAGONAL

(e) RECTANGULAR

(b) DOUBLE-D

(d) TWIN CIRCULAR

(f) DOUBLE RECTANGULAR
Fig. 27.2, Diferent Shapes of Wells.

respects. The square comers are eliminated and bending stresses are considerably reduced. However, they 
offer greater resistance than double-D wells against sinking on account of increased surface area. Moreover, 
the construction is more difficult.

(4) Twin-circular wells [Fig. 27.2 (d)] are two independent wells placed very close to each other and 
having a common well cap. The wells arc sunk simultaneously. These wells are suitable where the length of 
the pier is considerable, which cannot be accommodated on a double-D or double-octagonal well. Twin 
circular wells are advantageous when the depth of sinking is small and the bearing capacity of the soil is 
high. The disadvantage of twin circular wells is that there is a possibility of the relative settlement of the two 
wells even if a heavy R.C.C top cap is provided unless the wells are founded on an incompressible soil.

(5) Rectangular wells [Fig. 27.2 (e)] arc generally used for bridge foundation having depths upto 7-8 m. 
For large foundations, double-rectangular wells [Fig. 27.2 (/)] are used. For piers and abutments of very large 
size, rectangular wells with multiple dredge holes (not shown in the figure) are used. Bending stresses in the 

steining are very high in rectangular wells.

273. GRIP LENGTH
The well should be sunk below the maximum scour level to sufficient depth such that the resistance from 

the sides is able to resist the lateral forces acting on the well. The depth of the bottom of the well below the 
maximum scour level is known as grip length. The depth of foundation should be chosen considering the grip 
length and the bearing capacity of the soil. The maximum and minimum base pressures under worst loading 
conditions should be within the permissible values.

The depth of scour in a stream can be ascertained through actual soundings at or near the site proposed 
for the bridge during or immediately after a flood. The maximum scour would be greater than the measured 
scour because the design discharge is greater than the flood discharge for which the soundings have been 
made. Moreover, there would be an increase in the velocity of water due to the obstruction of flow caused by 
construction of the bridge. An extra allowance should also be made in the measured scour due to the 
proximity of piers.

In case actual soundings cannot be made, the normal depth of scour in alluvial soils may be calculated 
by Lacey’s formula.
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d = 0.473 (Q/f)*  ...(27.1)
where d = normal scour depth, measured below high flood level (m), Q = design discharge (m3/sec), / = 

silt factor.
The silt factor may be calculated from the equation

/-1.76V4 ...(27.2)
where dm = mean size of particle (mm)

The regime width can be computed as

W =4.75Vg ...(273)

If the actual water way (L) is less than the regime width, the actual scour depth (<f) is given by

<f = d(W/L)°'61 ...(27.4)

Ilie maximum scour depth (<4inx)> as recommended by IRC (1966) and IS : 3955—1967 can be obtained 

from 'Ihble 27.1.
The grip length for wells on railway bridges is generally taken as 50% of the maximum scour depth. For 

road bridges, a grip length of 30% of the maximum scour depth is generally provided. Thus the base of the 
well is usually taken at a depth of 2.67 d below the high flood level.

Table 27.1. Maximum Scour Depth

S. No. River Section Maximum Scour 
(dmax)

1. Straight Reach 1.27 d'
2. Moderate Bend 1.50 d
3. Severe Bend 1.75 d'

Right-angled Bend or at nose of Pier 2.00 d‘
5. Upstream Nose of Guide Banks 2.75 d'
6. . Severe Swirls 2.50 d'

According to IS : 3955 — 1967, the depth of foundation should not be less than 133 times the maximum 
scour depth. The depth of the base of the well below the maximum scour level is kept not less than 2 m for 
piers and abutments with arches and 1.2 m for piers and abutments supporting other types of structures.

27.4. FORCES ACTING ON THE WELL FOUNDATION
The following forces should be considered in the design of a well foundation.

(1) Dead loads. The dead loads carried by the well include the weight of the superstructure and the self 
weight.

(2) Live loads. The design live loads for railway bridges are taken according to Indian Railway Bridges 
Rules. For road bridges, the live loads as specified by the Indian Road Congress Standard Specifications and 
Code of Practice for Road Bridges—Sect. II should be used.

(3) Impact loads. Impact effect due to live load is considered only in the design of pier cap and the 
bridge seat on the abutment. For all other members of the well, the effect of impact is ignored.

(4) Wind loads. Wind loads on the live load, superstructure and the part of the substructure located 
above the water level are calculated according to the provisions of IS : 875. Hie wind load acts on the 
exposed area in elevation and thus it acts laterally on the bridge.

(5) Water pressure. Water pressure due to water current acts on the part of substructure which lies 
between the water level and the maximum scour level. On piers parallel to the direction of the water, the 
intensity of water pressure is given by

p = KV1 ...(27.5)
where p = intensity of pressure (kN/m2), K = a constant, depending upon the shape of the well (= max. of
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0.788 for square ended pier to a minimum of 0.237 for piers with cut and ease water). V = velocity of current 
(m/sec).

It is assumed that V2 is maximum at the free surface of water and zero at the deepest scour level. The 
variation is assumed to be linear. The surface velocity is taken V2 times the average velocity.

Even when the flow is parallel to the pier, a transverse force equal to 20% of that acting parallel to the 
pier is taken to allow for oblique flow.

If the current makes an angle 0 with the axis of the pier, the pressure along the axis of the pier and 
transverse to it are given by

pa = pressure along axis = pcos2 (20° ± 0) ...(27.6)

Pt = transverse pressure = psin2 (20° ± 0) ...(27.7)

(6) Longitudinal Forces. Longitudinal forces occur due to tractive and braking forces. These forces 
depend upon the type of vehicles and bearings. These forces are transmitted to substructure mainly through 
fixed bearings and through friction in movable bearings. According to IRC code, a longitudinal force of fiW 
is taken on the free bearing and the balance on the fixed bearing, where W is the total reaction and p is the 
coefficient of friction.

(7) Centrifugal Force. A centrifugal force is transmitted through bearings if the bridge is curved in plan.
(8) Buoyant Forces. Buoyancy reduces the effective weight of the well. In masonry or concrete steining, 

15% buoyancy is considered to account for the porousness.
When the well is founded on coarse sand or shingle, full buoyancy equal to the weight of an equivalent 

volume of displaced water should be considered. For semi-pervious foundations, it is suitably reduced.

(9) Earth Pressure. The earth pressure is calculated according to Rankine’s theory or Coulomb’s theory. 
For the stability of foundations below the scour level, the passive earth pressure of the soil is considered.

To account for the effect of live load placed behind the abutment, an equivalent height of surcharge is 
considered if no approach s’lab is provided.

(10) Temperature Stresses. Longitudinal forces are induced due to temperature changes. The movements 
due to temperature changes are partially restrained in girder bridges because of friction at the moveable end.

(11) Seismic forces. For the wells constructed in the seismic zone, seismic forces should be considered. 
The forces act on all components of the structure. The force is usually specified as aW, where W is the 
weight of the component and a is the seismic coefficient. The value of a depends upon the seismic zone (IS 
: 1893). Its value is generally taken between 0.01 and 0.08. The seismic force acts through the centre of 
gravity of the component. It may act in any direction, but it is assumed to act in one direction only at a time. 
The seismic forces are considered separately along the axis of the pier and transverse to it.

Resultant Forces. The magnitude, 
direction and the point of application of 
all the above forces are found under the 
worst possible combinations. The 
resultant can be replaced by an 
'equivalent vertical force W, and two 
horizontal forces F and Q, as shown in 
Fig. 27.3.

The horizontal force Q acting in 
the transverse direction gives more 
critical condition for the lateral stability 
of the welL.

27.5. TERZAGHI’S ANALYSIS
Terzaghi’s solution for free rigid 

bulkheads can be used for an 

ELEVATION SIDE VIEW

Fig. 27.3. Forces on a pier.
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approximate analysis of the well foundation. When a rigid bulkhead embedded in sand moves parallel to its 
original position, the sand on its front is transformed into passive state whereas that on its rear, into active 
state. Assuming that both the active and passive resistances are fully mobilised, the net pressure at any depth 
z below the ground surface is given by

p = yz(Kp-Ka) ...(27.8)

A free rigid bulkhead depends for its stability solely on the lateral resistance. Let qmax' be the horizontal 
force per unit length acting on the bulkhead of total height 7/j (Fig. 27.4). The pressure distribution on both 
sides of the bulkhead at the instant of failure may be represented as shown in the figure. The bulkhead rotates 
about the point O above the base B. As the soil around the well is generally submerged, the submerged unit 
weight y' is used.

Fig. 27.4. Terzaghi’s Analysis.

The applied force per unit length is given by

9max’ = Area ABC - faeaFEC

- - KJ - 1(2//>)</<■,. - KJD,

where Dj is the height of point F above the bottom.

- p'D(K, - KJ(D - 2D,) ...(27.9)

Taking moments about the base B,

KJD/3 - 1 (2y'D)(K,-KJ D?/3

where = H + D.

Substituting the value of gmax' from Eq. 27.9,

j7'D(Kp-KJ(D-2D,)H, . iy (K,-K,)D3/3-l(2y' D) (K, - KJ D?/3

or (D - 2Dl)Hl = &/3 - 2 D?/3

or - 3D±Hi + (1.5DHr - 0.5 D3) = 0

Solving forD1( we have 2Dt = 3Ht ± ^911} - 2D{3Hi - D) ...(XIAO)

By substituting the above value of D{ in Eq. 27.9, the value of q^ can be computed. The coefficient 
Kp and Ka can be obtained from Rankine’s theory.

In the above simplified analysis, the moments due to side friction and the base reaction are neglected. 
The error is on the safe side.
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Heavy Wells. A heavy well embedded in cohesionless soil rotates 
about its base (Fig. 27.5). The force per unit length, qm!a', can be 

obtained by taking moments about the base.

or (K, - IQ ...(27.11)

Effect of Surcharge. The effect of surcharge due to the weight of 
soil above the scour line can be taken into account in the analysis. The 
soil below the maximum scour level is subjected to a surcharge of 
height Z of the unscoured soil (Fig. 27.6). The height Z may be taken 
equal to one-half the normal dep'h of scour, in case it is not possible 
to ascertain it by actual measurement.

The pressure distribution is shown in the figure. The maximum 
pressure at the base is equal to y' (Kp - Ka) (D + Z).

In this case, qmm' is given by

...(27.12)

Allowable Transverse Load. The total resisting force for the well is equal to the product of qmm' and 
the length L of the well. The allowable load (Qa) is equal to the resisting force divided by a suitable factor 

of safety.

Ulus 8. - ...(27.13)

The factor of safety (FS) should not be less than 2.
The length L of the well is generally taken equal to the diameter of the well. Balwant Rao and 

Muthuswamy (1963) recommend that the allowable load as obtained by Eq. 27.13 should be multiplied by a 
suitable shape factor. The shape factor is unity in the case of rectangular wells and equal to jt/4 for circular 
wells. However, for circular wells of the diameter larger than 4.5 m, the shape factor is taken as unity.
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Maximum Pressure at Base. If Q is the actual applied transverse horizontal force and Qa is the 
allowable equivalent resisting force, the unbalanced force (Q - Qa) acting at a height of H above the scour 
level would produce an overturning moment MB at the base, given by

Mb - (2 - 2a) (H + D)
The maximum and the minimum pressure at the base are

W Mb
" A„ * Z,

and
W Mb

<?min = A. 7.

where W = net vertical load on the well base, after making allowance for buoyancy and skin friction, Ab = 
area of the well base, Zb = section modulus of the well base.

The maximum pressure should not be more than the allowable soil pressure. The minimum pressure 
should not be negative (tensile). It is a general practice not to give any relief due to skin friction while 
calculating the maximum pressure in clays, but to consider it for calculating the minimum pressure.

Maximum Moment in Steining. The maximum moment Afmax on the steining occurs at point S at depth 
x below the scour line (Fig. 27.4) where the shear force is zero, i.e. the applied force and the earth pressure 
just balance each other. Taking a factor of safety F,

or

| ±y'(Kp -/Qx2Z.| -

2FQ 
'(Kp-Ka)L

Taking moments about point S,

Mnax = Q(H + x) - (Pressure Force) x x/3

Taking pressure force equal to Q,
M^- Q(H + x) - Q(x/3)

or - QH + jfix

If M is the applied moment at the scour-level, Eq. 27.15 becomes 

M™, - M + | Qx

...(27.14)

...(27.15)

.[27.15 (a)]

If the well rests squarely on rock or an unyielding stratum, no tilt about the base or rotation about a point 
above the base is possible. In such a case, the moment developed upto the base is transferred to the 
foundation bed.

27.6. BANERJEE AND GANGOPADHYAY’S ANALYSIS
Banerjee and Gangopadhyay (1960) derived equations for the lateral load capacity of wells, making the 

following assumptions:
' (1; The well is founded in a sandy stratum.

(2) The well is acted upon by a uni-directional horizontal force Q in a direction across the pier.
(3) The resultant unit pressure on soil at any depth is in simple proportion to the horizontal 

displacement.
(4) The ratio between the contact pressure and the corresponding displacement is independent of the 

magnitude of pressure.
(5) The coefficient of vertical subgrade reaction has the same value for every point of the surface acted 

by the contact pressure.
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The method of analysis can be divided into following 6 steps.

(i) Expression for Horizontal Soil Reaction. When a rigid well embedded in a sandy stratum moves 
parallel to its original position, the sand on the front face is transformed into passive state and that on the rear 
face, into active state (Fig. 27.7). The net pressure at a depths z is given by (shown by the firm line).

Pi - - Ko) ...(27.16)

Let p be the load per unit area of the vertical surface and p be the corresponding displacement. If pj is 
the displacement required to increase the value of the net pressure from zero to plt we have

p/p - pt/pi
Substituting the value of px from Eq. 27.16,

P

or

where
P “

<jz{Kp-Ko) 

Pi

piz{Kp - Ka) 

Pi

in pz

m - y {Kp - 2Q/P1

...(27.17)

...(27.18)

Net pressure

Passive pressure

'Ilie constant m is known as the coefficient of horizontal 
soil reaction. It is an empirical coefficient which depends 
upon the nature of soil, the size and shape of the loaded 
area.

(ii) Equations of Equilibrium. The stability of the well
can be checked assuming either no plastic flow or partial F'8’27,7'

plastic flow. The following analysis is based on the assumption of no plastic flow. For the other case, a 
reference may be made to the original paper. Fig. 27.8 shows a well of length L and width B, acted upon by

I TD(Kp-K0)| yD.(Kp-K0) 

(b)

Fig. 27.8.
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a horizontal force P per unit length at a height H above the scour line. The well is embedded to a depth D 
below the scour line.

When the well rotates about a point O located at a depth Dy below the scour line, the following equations 
can be written from statics.

P = P1-P2 ~ ...(27.19)
PH = M3 + M2 - Mi + pRD + p (Pi —P2) x B/2 ...(27.20)

and W - p (Pi + P2) + R ...(27.21)

where P = horizontal transverse force. Pi = resultant force on the front face, P2 = resultant passive force on 
the rear face, p Pi = skin friction on the front face, p P2 = skin friction on the rear face, R = resultant vertical 
soil reaction at the base, p R = frictional resistance of the soil at the base, Afi = moment at the scour line due 
to Pi, M2 = moment at the scour line due to P2, M3 = moment due to the vertical soil reaction at its base. 

Let pi = horizontal displacement of the centre line of the well at the scour level, p2 = horizontal displacement 

of the centre line of the well at the base level, p3 = downward vertical displacement of the well at the toe, 
p'3 = upward vertical displacement of the well at the heel(p3' ~ p3), p4 = uniform vertical displacement of 
the well due to resultant vertical force W.

From Fig. 27.8 (a), = p _ ’ ^2 ...(27.22)

(Hi) Evaluation of Pj and Afj. Let p be the horizontal displacement at depth z below the scour line. The 
pressure as given by Eq. 27.17 is

p = mpz
From Fig. 27.9, p » (pi/L>i) (£>i -z)
Therefore, p = mz(pl/Dl)(Dl - z) ...(27.23)

-
Force per unit length, Pi = J mz (pi/DJ (Di - z)dz

„ m pi £>?
or P1 - ...(27.24)

o.
Moment, A/t = J (pdz) z

- 'm(p1/D1)(Di - z)z2dz

or Mi - m pi (D?/12) ...(27.25)

Fig. 27.9. Fig. 27.10.
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(iv) Evaluation of P2 and Mi From Fig. 27.10,

p Pi
z - "Di

(z - Qi)
or p-------- £------ P1

(z - Di)
From Eq. 27.17, p - mz —------pj

Force per unit length, P2 - J z (z - Dj) dz

-^(2# -30^ + D?)

Moment, M2 - ~^~z (z ~Di) z &

...(27.26)

or M2 - (3D4-4D1D3+ Df) ...(27.27)

(v) Evaluation of /? and M3 Let Kv be the modulus of vertical subgrade reaction.

Kv - p/p ...(27.28)

where p = vertical deflection ( = p4) of soil corresponding to the vertical reaction p. 

Therefore, vertical reaction, 
B/2 an.

R - 2Jo p dz - 2 Kv p4 dx

or R~KvBpi ...(27.29)

The rotation of the well is resisted by a moment M3 acting at the base due to pressure developed on 

account of the downward deflection of the toe and the upward deflection of the heel. Fig. 27.11 shows the 
rotation of the base, with a maximum displacement of p3 at the ends. Let p be the deflection at a distance x 

from the centre of the base. Therefore,

From Fig. 27.28,

Moment
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or M3 - — ...(27.30)

Substituting the value of p3 from Eq. 27.22, 

IB/2\ K,l?
6 ’ 12D, -f2731’

Evaluation of m pj
The maximum soil pressure at depth z below the scour line is given by

(ftUc - Y*(^  - «-) ...(27.32)

If no plastic flow is allowed in the soil, the horizontal soil reaction p at any depth z must not exceed 
(Pz)max- Therefore,

dz
l(Kp - Ka) ...(2733)

The sand starts flowing as soon as the slope of the pressure parabola at scour level becomes equal to the 
slope of the line whose abscissa represents the value of (pj^ [see Fig. 27.8 (/>)].

From Eq. 27.24,
6P, 

mpl“ Df ...(27.34)

From Eq. 27.23,
Pi 

p = ffIZ A ~

Therefore,
z(Di - z) Z6PA 6?! (D —z)z

P D [pj

Hence,
dp 6P1(D1-2z) 

dz Di

At z = 0,
dp 6Pl Di 6Pi 
dz ” ...(2735)

From Eqs. 27.33 and 27.35, 6P,/D} - f(Kp - K.)

or
_ V(K„-K.)D?

...(2736)

Substituting the above value of 6P1/D1 in Eq. 27.34,

Pi “ Y (Kp - Ka) ...(27.37)

Substituting the above value of m pj in Eqs. 27.25, 27.26, 27.27 and 27.31,

Mt - V(A, - A'„)(Dj/12) ...(27.38)

~ 12D1 - ID^D1 + Z>?) ...(2739)

«2 " (3D* “ 4D'& * ...(27.40)

"J ’ m 12dJ ...(27.41)

(vj) Determination of Base Pressure. The total vertical reaction is given by (see Fig. 27.12)

K = 2 (P‘ + P/>) B ...(27.42)
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Fig. 27.12.

where pt = pressure at the toe, ph = pressure at the heel.

Moment Af3 can be expressed as

m, _ B2 ...(27.43)

The maximum pressure should not be more than the allowable soil pressure. The minimum pressure 
should not be negative (tensile).

27.7. SIMPLIFIED ANALYSIS FOR HEAVY WELLS
The analysis given in the preceding section is considerably simplified if the well is heavy. For such wells, 

the reaction R at base is very high, and, therefore, the sliding at the base does not take place (i.e. p2 = 0). 

The well however rotates at its base (Fig. 27.13).

As p2 = 0, and - D, Eqs. 27.39 and 27.40 give

P2 - 0 and M2 = 0

The equations of equilibrium (Eqs. 27.19 to 27.21) 
become

PH - M3 - Mi + FD + pPj (B/2) ...(27.45)

and W ‘ \iPi + R

where F = frictional resistance at the base 
sliding.

Also by substituting D - Dlt we have

Pt -1(Kp-Ka)Di/f>

Mi ‘y(Kp- Ka) tf/12

...(27.46) 

to prevent

...(27.47)

...(27.48)

and M3 -
m

B3

12 D
...(27.49)

Rotation exaggerated

Fig. 27.13.

5cour level

The above quantities are per unit length of the well 
and are applicable for a rectangular well. In case of a 
well with a non- rectangular base, the equations are modified as

and

PLH ‘Mb- M{L + F,D+ pPi (B/2)Z 

Wr - pPiZ + Ri

...(27.50)

...(27.51)

...(27.52)
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where L = maximum length of the well base, B = width of the well base, Mb = total moment induced in the 
base due to tilting, Fj = total horizontal reaction at the base, = total vertical reaction at the base, WT = 

total vertical load of the well.
The pressures at the toe and heel are given by

Fj Mb
P'~ Z„

K, M, 
and p„ . -j- -

where Zj, is section modulus.

--(27.53)

...(27.54)

Combining theabovc two equations,

Pt + Ph =
2Ri

...(27.55)

From Eqs. 27.41 and 27.43, M, . {Kp - K.) ...(27.56)

The values of pt and ph can be 
found from Eqs. 27.55 and 27.56.

Once the value of pt has been 
found, the moment MB can be found 
from Eq. 27.53, as

Mb - (p, - FjZA^Zb ...(27.57)

27.8. IRC METHOD
Indian Road Congress (IRC : 45— 

1972) gave recommendations for 
estimating the resistance of the soil 
below the maximum scour level. Ilie 
recommendations are based on the (d) Pressure 
observed behaviour of models of well Asides'00 

foundations and research. According to 
the recommendations, elastic theory can 
be used to determine the soil pressure at 
the side and at the base due to design 
loads. However, for estimation of the 
factor of safety against shear failure, the 
ultimate soil resistance is computed.

1. Elastic Theory.
The following assumptions are 

made in the elastic theory :

(1) The well behaves as a rigid 
body.

(2) The coefficient of horizontal 
subgrade reaction Kh increases 
linearly with depth.

(3) The unit soil reaction increases 
linearly with the lateral 
deflection. (f)Pressure distribution at bas«
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(4) The well is acted upon by an external horizontal force H and a moment Afo at the scour level.

Pressure Distribution on Sides. Fig. 27.14 (a) shows a rigid well with its base at a depth D below the 
scour level. The well may rotate at a point above the base, or at the base, or below the base. The base moves 
toward the centre of rotation if the point of rotation lies above the base and, therefore, the frictional force at 
the base acts in the direction of the horizontal force H. However, if the point of rotation lies below the base, 
the direction of the frictional force is in the direction opposite to that of H.

In general, the frictional force is given by

F - 0 pW ...(27.58)
where p = coefficient of friction, W = total downward load, 0 = a factor, which lies between -1 and + 1, 
depending upon the point of rotation.

If the well rotates at point C [Fig. 27.14 (&)], the horizontal deflection at any depth z is given ,by

pH-(D-z)0 ...(27.59)

Hie horizontal soil reaction at that level is

ax - Ka (z/D) (D - z)Q .. .(27.60)

or ox - mKv(z/D)(D - z)0

where m - KH/KV

Total horizontal soil recation acting on the sides.

- f LmKv(z/D)(D - z)Qdz
Jo

- (D3/6)

or P - — *v9 • Iv ...(27.61)

where /„ - L Cr’/12 = moment of inertia about the axis passing through the c.g. of the vertical projected area. 

Moment of P at the base level is given by

Mp = f L ax (D - z) dz
*'o

- f LmKv(z/D)(D-z)2Qdz
Jo

or Mp ~ mKv6Iv ...(27.62)

Pressure Distribution at Base. The vertical deflection at a distance (x + xc) from the centre of rotation 
is given by [see Fig. 27.14 (c)],

p -(x + xe) 0

Therefore, vertical soil reaction oz - Kv(x +xe) 0

+fl/2
Moment at the base, MB - j KJx + xc)8xdA

J+B/2 +B/2
/ dA + K, e f x.xM 

-B/2 J-B/2
As the reference axis is taken through the c.g. of the base, the second term is equal to zero. Therefore,

Mb - KvQIb ...(27.63) 
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where IB = moment of inertia of the base about an axis passing through the c.g. and perpendicular to the 
horizontal force H.

For equilibrium, the sum of all the horizontal forces is zero.

Thus H + ppW- ppp'P - P

or P(1 + Pup') - H + PpW
or ...(27.64) '

1 + Ppp.
Taking moments of all the forces about the base,

Mo + HD = MB + Mp + p'P(aD) ...(a) I

where a D is equal to the distance from the axis passing through the c.g. of the base to the point at which 
the resultant vertical frictional force on side acts normal to the direction of the horizontal force ( = P/2 for 
rectangular wells and 0.318 B for circular wells).

Eq. (a) can be written as 

Mo 

or Mo

or 

or 

or 

where 

and

/2mKvQ \

+ HD = Kv 0 [/B + m/v(l + 2 p' a)] 

Mo + HD

...(27.65)

Kv IB + mlv(l + 2p'a)

KG- M
...(27.67)

IB +m/y(l + 2p'a)

KVG - y ...(27.67)

M - Mo + HD

I <= IB + mly(l + 2 p'a) ,...(27.68)

From Eqs. 27.61 and 27.64, P -
1 + ppp d

As -1 < p < 1, we have

Using Eqs. 27.67, P _

or P = — ...[27.69 (a)]

where
r-2-jL; ...[27.69 (6)1

Also
M

h <■ ppiv- y (i + ppp')

On simplification, «+ )«»■■" + - y (1 + Phu’)

or 0 |

•1--H

or 0 - r M -..(27.70)

pW-y (pp')
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"(1 + jiji') - |xW < H < ^-(1 - pp') + pW

The vertical soil reaction is given by, 
a, = Kv 0 (x + xc)

Now W - pi'P = J azdA = Kv 0 J (x +xc) dA

or W- |x' P - KvQxcA

„ a W- p'P
or KyQxc -------- —

A

Therefore, az = Kv 0 x +

The pressures at the toe and heel are given by

A - + KvQ <B/2>

and ph - W AV‘ P - KyQ(B/2)

Substituting the value of Ky 0 from Eq. 27.67, 

W - p'P MB
Pl A + 21

W-p'P MB 
and A. - —~ -2f

...(27.71)

...(27.72)

..[27.73(a)]

.[21.73(b)]

...(27.74)

...(27.75)

For the soil to remain in elastic state, the maximum soil pressure at any depth should not exceed the 
maximum passive pressure, i.e., ax }• pp

or <n^](D-:) 0 } 1(KP-Ka)z

mKvQ(D-z) .
At z = 0, the term--------- —----------is a maximum.

Therefore, m Kv 0 } y (Kp - Ka)

or m y } y (Kp - Ka)

Eq. 27.76 should be satisfied. Further, the maximum base 
pressure a should not exceed the allowable soil pressure. The 
minimum pressure ph should not be negative to avoid tension.

2. Ultimate Soils Resistance
The frictional force mobilised along the surface of rupture 

can be determined assuming the surface to be cylindrical (Fig. 
27.15). For circular wells, the surface of rupture is assumed to be 
a part of sphere with its centre at the point of rotation and passing 
through the periphery of the base.

If W„ is the ultimate load, equal to the total vertical load 

multiplied by a suitable load factor, the load per unit width is 
Wu/B. It will also be equal to the upward pressure for a 

rectangular base.
Let us consider a small arc of length Rda at an angle a from . 

the vertical axis.

...(27.76)

Fig. 27.15. Ultimate Soil Resistance.
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Vertical force on the element = Rda cos a (W^B) and normal force developed on the element

dF„ = (W'b/®) da cos a cos a

Total normal force, F„ = 2 f (W^B) Raxfada
Jo

or F„ = —^~(0 + sin 0 cos 0) ...(a)

The moment of resistance of the base about the point of rotation is given by

Mb - (Fn tan $)R ...[27.78 (a)]

[Note. The right-hand side of Eq. 27.78 (a) is multiplied by a shape factor of 0.6 in the case of circular 
wells.]

Assuming the point of rotation at a height of 0.2 D above the base, the moment of resistance of the base 
is given by

Mb = C WB tan <|> ...[27.78(d)]

where <j> = angle of shearing resistance, B = width parallel to the direction of forces or equal to the diameter 
in circular wells, C = coefficient (see Table 27.2).

Table 27.2. Values of Coefficient C
D/B 0.5 1.0 1.5 2.0 2.5

Rectangular Well 0.41 0.45 0.50 056 0.64

Circular Well 0.25 0.27 0.30 0.34 0.38

Side-Resisting Moment
Fig. 27.16 shows the ultimate soil pressure distribution at the front and back faces of the well. As the

Fig. 27.16.
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point of rotation is assumed at a height of 0.2 D above the base, from the similarity of triangles, it can be 
shown that D[ = 1/3 D.

Taking moments of the forces about O,

Mt' - 0.096 D2 [y D (Kp - KJ]

M,' - 0.1 - Ka) per unit length

Taking submerged unit weight' - 0.1 y' D3 (Kp - Ka) per unit length

For a well of length L, Ms - 0.1 y' D3 (Kp - Ka)L ... .(27.79)

Resisting Moment due to friction on front and back faces
The frictional forces on the faces act in the vertical direction and produce resisting moment Mf.

Force/unit width, F - -y- y' D2 (Kp - Ka) sin 6

In the case of a rectangular well of length L,

M, - [-j- / rflK, - JQsinej | x I

or Mf - 0.183 y' (Kp - IQ LED2 sin 5

or Mf - 0.18y' (Kp - Ka)LBD2sin 6 ...(27.80)

For circular wells, taking shape factor as 0.60,
Mf - 0.11 y' (Kp - Ka) B2 D2 sin 6 .. .(27.81)

Total Resisting Moment
The total resisting moment is given by

Mr - Mb + M, + Mf ...(27.82)

IRC : 45—1972 recommends a reduction factor of 0.7 in the total resisting moment of soil. Thus

Mr - 0.7 (Mb + M, + Mf) ...(27.83)

The applied moment M should be less than Mr. Thus

M | 0.7(Mb + Ms + AQ ...(27.84)

For the computation of applied moments, the effects of moments due to tilt and shift of wells, if any, 
about the plane of rotation should also be considered.

If Eq. 27.84 is not satisfied, increase the grip length D and revise the calculations.

Check for maximum average pressure
Ihe maximum average pressure should not exceed one half the ultimate bearing capacity.

J } | -(27-85)

where qu = ultimate bearing capacity.

27.9. DESIGN OF INDIVIDUAL COMPONENTS OF THE WELL
The overall design of the well has been discussed in the preceding sections. The individual components 

are designed as explained below.
(1) Cutting Edge. The cutting edge should have a sharp angle for cutting through the soil. It should be 

strong enough so that it does not bend when penetrating through a soil containing boulders. A sharp vertical 
edge having an angle of 30° with the vertical or having a slope of one horizontal to two vertical is generally 
used [Fig. 27.17 (a)]. However, if the sharp edges are likely to be damaged, a cutting edge with a stub nose 
[Fig. 27.17 (b)] is used.
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(a) SHARP EDGE (b) STUB NOSE

Fig. 27.17. Cutting Edge.

The cutting edge should be properly anchored to the well curb.
(2) Well curb. Fig. 27.18 shows the curb of a well. Curbs are generally made of reinforced concrete. 

During sinking operation, the curb cuts through the soil. The figure shows the forces acting on the curb when 
the well has penetrated to a considerable depth below the scour level.

Fig. 27.18. Well Curb.

Forces acting tangentially to the bevel surface (inner surface),

Q~\kP ...(o)
where p. coefficient of friction between soil and concrete of the curb, P = forces acting normal to the 

bevel surface.

Resolving vertically, pF sin 8 + Feos 8 - N

P ' (KSine. <u«) ■'<c)
where N = vertical force on the curb, 8 = angle which the bevel edge makes with the horizontal.

Resolving horizontally, Fsin8 - pF cos 8 - H ...(d)/

where H = horizontal force on the curb per m .

From Eqs. (c) and (</),

Hoop tension, T - H x d/2,

Thus

H _ 7/ (sin 8 - p cos 8) 
(p sin 8 + cos 8) 

where rd is the diameter.

0.5N
sin 8 - p cos 6 ' 
psinQ + cos 8
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Sometimes, sand-blow may cause sudden descend of the well during sinking and an increase in the hoop 
tension. To account for such an eventuality, the hoop tension is increased by 50%. Thus

...(27.87)
I p sin 0 + cos 0 I

Suitable reinforcement should be provided to resist the hoop tension T developed.

When the cutting edge is not able to move downward due to reaction developed at the curb and the 
bottom plug, the hoop tension developed is given by

T - i ...(27.88)

where q = pressure at the base - tQtal weight
area of nltitr

In case of granular soils, the hoop tension is relieved by active earth pressure around the curb. The net 
hoop tension is given by

T' ■ f [47--P7-89) 

where Pi - &

and p2 - ^Kay'(D-b)2

in which b = height of the curb, D = depth of the curb below the scour level.
At the junction of the curb and steining, a moment M„ develops due to the horizontal force H caused by 

bevelled action, given by
Mo - H x 6/2 ...(27.90)

Suitable reinforcement is provided at the inner comer to take care of this moment and is anchored into 
the steining.

IRC : 21—1972 recommends a minimum reinforcement of 72 kg/m3 in a well curb. The reinforcement 

should be properly arranged.
The slope of the inner face of the curb should be such as to push forward easily. The angle with the 

vertical should preferably be not more than 30° in ordinary soil and 45° for sandy soils.

(3) Well Steining. The thickness of the steining should be adequate for the stresses developed during 
sinking and after installation. The thickness t of the steining may be obtained from the following equation :



742 SOIL MECHANICS AND FOUNDATION ENGINEERING

jc B (H - h)f - re (B - I) ye t H + P ...(27.91)

where H = depth to which the well has progressed, h = height at which it has got suspended, B = external 
diameter, P = weight added for sinking.

The design of steining reinforcement depends upon the skin friction and the unit weight of well. It is 
usual practice to provide reinforcement of about 5 to 6 kg/m3 of the brick and concrete steining. About 75% 

of the total reinforcement is in the form of vertical reinforcement and 25% in the shape of laterals or hoop 
rings. The vertical reinforcement is spread near both (the outer and inner) feces. The laterals should be 
checked for the moment developed due to eccentric kentledge and half the weight of the well at an 
eccentricity of one-fourth the width of well in any direction. This Condition is generally critical when the well 
has sunk to about half the designed depth.

The thickness of the steining is usually fixed empirically. For railway bridges in India, it is generally 
taken as one-fourth of the outside diameter. For road bridges, it is kept as one-eighth of the outside diameter 
if it is in brick masonry and one-tenth of the outside diameter if in cement concrete. However, the thickness 
is increased by 12 cm per 3 m of depth after the first 3 m of steining in brick masonry and 15 cm per 6 m 
of depth after the first 6 m for cement concrete.

A thumb rule commonly used is

l = K(B/S + 7//100) ...(27.92)
where B = external diameter of well, H = depth below low water level, K = a constant (= 1.0 for sandy soils; 
1.1 for soft clay and 1.25 for hard clay and boulders).

(4) Bottom Plug. The bottom plug should be strong enough to transmit the load to the soil below. It is 
designed as a thick plate subjected to unit bearing pressure under the maximum vertical load, as already 
discussed in the case of open caissons in chapter 26.

The bottom plug is given the shape of an electric bulb to produce an arch action, to reduce hoop tension 
in the curb and to provide larger base area. The bottom plug is constructed in (1 : 2 : 4) cement concrete laid 
by means of a tremie or a skin box. About 10% extra cement is added because some cement is washed away 
on account of water. The water in the well must be still and at its normal level. Bottom plugging should 
always be done in one continuous operation.

While founding the well on rock, it should be properly anchored by taking it 25 cm to 30 cm deep into 
the rock bed. Adequate dowel bars should be provided.

(5) Well Cap. The bottom of the well cap is generally kept at the low water level It is designed as a 
slab resting on the well. The well cap may be extended as cantilevers to accommodate piers of slightly larger 
size than that of the well.

If the width of the pier is greater than the size of the dredge hole, it is assumed that the weight of a cone of 
concrete having an apex angle of 60° is carried by the slab and the remaining load is transmitted to the steining.

The well cap should have a minimum reinforcement of about 80 kg/m3.

(6) Top Plug. The function of the top plug is to transmit the load of the pier to the well steining. If a 
well cap is provided, there is no need of a top plug. However, it is generally provided as an extra safety 
precaution. Offsets are provided at the top of the steining to provide bearing to the plug.

Cement concrete (1 : 2 : 4) is used for the construction of the top plug.

(7) Sand filling. The main purpose of sand filling is to provide stability to the well by increasing its 
weight and to reduce the tensile stresses caused at the base by bending moment. However, sand cannot be 
depended upon for transmitting the weight of the pier to the bottom plug and, therefore, it does not contribute 
towards the structural strength of the well.

On the Indian railways, the practice is to do the sand filling upto the top plug. Some of the highway 
engineers recommend that the sand filling should be done upto the lowest scour level. The actual depth of the 
filling should be fixed considering the requirement of the dead weight for the stability.

27.22. SINKING OF WELLS
The sinking operation consists of the following steps :
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(1) Laying the Weil Curb. It the river 
bed is dry, the cutting edge over which the 
well curb is to be built is placed at the 
required position after excavating the river bed 
to about 15 cm. When the depth of water is 
upto 5 m, a sand island is made before placing 
the curb. The size of island should be large 
enough to accommodate the well with 
adequate working space all around (Fig. 
27.20). In the case of depth of water more Fig. 27.20. Sand Island.

than 5 m, it is generally more economical to build the curb on dry ground at the river bank and float it to the 
site.

It is useful to insert wooden sleepers below the cutting edge at regular intervals to distribute the load 
evenly over the ground. The shuttering of the well curb is then erected. The outer shuttering is generally made 
of steel (or wood) and the inner shuttering of brick masonry. The reinforcement of the curb is then placed in 
proper position such that the vertical bars project about 2 m above the top of the curb. Concreting of the curb 
is done in one continuous operation. The curb concrete is allowed to set at least for one week before the 
shuttering is stripped off. The sleepers are also then removed.

(2) Weil Steining. After sinking the well curb, the steining is raised by about 1.5 m at a time and its 
sinking done after allowing atleast 24 hours for setting. The steining is built using straight edges, preferably 
of angle iron. The lower portion of the straight edges is kept butted with the steining of the earlier stages. 
The steining must not be built in plumb at any intermediate stage when the well has tilted to one side. Once 
the well has acquired a grip of about 6 m in ground, the steining can be raised by about 3 m at a time. The 
height of steining built at any stage should be such that the well does not lose stability.

(3) Sinking Process. Sinking process is begun after having cast the curb and the first stage of steining 
and allowing enough time for curing. The well is sunk by excavating material from inside the curb manually
or mechanically. When the depth of water 
inside the well is upto 1 m, dredging can be 
done manually. However, beyond this depth of 
water, excavation is done with the help of 
‘jhams’ (a type of spade). The ‘jharn’ is tied to 
a rope moving over a pulley. It is pulled by 
the men. Every time, a diver dives and pushes 
the jham into the soil and comes up. The jham 
is then pulled out. In an improved version, the 
jham has been replaced by an automatic grab 
operated by diesel (or steam) winches. Straight 
chisels are used for breaking hard material so 
that is can be taken out by grab. Under-cutting Fig. 27.21. Kentledge on the Well.

chisels are used to loosen the material which lies under the steining. Explosives are used for sinking through
rock.

As the well sinks, the friction on the sides increases. To accelerate the process of sinking, additional 
loading, known as kentledge, is applied on the well. Kentledge is generally in the form of sand bags (Fig. 
27.21) placed on a suitable platform erected on its top such that it does not interfere with the excavation. 
Sometimes, even kentledge is not sufficient to sink the well. In such cases, the frictional resistance developed 
on its outer periphery is reduced by forcing jets of water on the outer face. However, this method is effective 
only in the case of wells sunk in sandy strata.

In some cases, pumping out the water from inside the well is effective in well sinking. However, this 
method should be discouraged in early stages when the depth is shallow. It is not desirable to resort to 
pumping out water unless the well has gone deep enough or has passed through a clayey strata so that the 
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chances of tilt and shift are reduced. Dewatering is not allowed after the well has sunk to about 10 m. After 
this stage, the sinking is done by usual methods of grabbing, chiselling, applying kentledge or blasting.

Great precaution is necessary if dewatering of the well is done when it is at a shallow depth to avoid 
blowing of sand from under the cutting edge. If blowing of sand occurs, it results in the loss of time and 
labour in removing the sand. It also presents danger to the men working inside,- as the well may get filled 
upto a height of a few metres if the blow is large. The well may also tilt suddenly. Scrap gunny bags and 
grass bundles are placed around the periphery of the well on the outside into the funnel formed. It blocks the 
passage through which the blow of sand is taking place.

27.23. MEASURES FOR RECTIFICATION OF TILTS AND SHIKI'S
The well should be sunk straight and at the correct position. However, it is not an easy task to achieve 

this objective. Sometimes, the well tilts on one side or it shifts away from the desired position. The following 
precautions must be taken to avoid tilts and shifts.

(1) The outer surface of the well curb and steining should be regular and smooth.
Die diameter of the curb should be kept about 4 to 8 cm lager than the outer diameter of steining, and 

the well should be symmetrically placed.
(3) The cutting edge should be of uniform thickness and sharpness.
(4) Dredging should be done uniformly on all sides in a circular well and in both pockets of a twin well.
Tilts and shifts must be carefully checked and properly recorded. The correct measurement of the tilt is an 

important field observation required during well sinking. It is not possible to specify the permissible limits of 
tilts and shifts. Each case should be examined 
individually. IS : 3955 — 1967 recommends 
that till should generally be limited to 1 in 60. 
The shift should be restricted to one percent 
of the depth sunk. In case they exceed the 
above limits, the following measures are 
taken for their rectification:

(1) Regulation of Grabbing. To rectify 
the tilt, the higher side is grabbed more by 
regulating the dredging. However, this 
method is effective in initial stages of 
sinking. In case of tilted wells, dredging 
does not work satisfactorily. In such a case, 
a hole is made in the steining on the higher 
side and the rope of the grab is pulled through the hook [Fig. 27.22 (/>)]. Thus dredging with hooking is done.

Alternatively, the well may bc dewatered, if possible, and open excavation may be carried out on the
higher side.

(2) Eccentric loading. To provide 
greater sinking effort on the higher 
side, eccentric loading is applied by 
adjusting the kentledge. A suitable 
platform is constructed on the higher 
side for this purpose (Fig. 27.23). As 
the sinking progresses, heavier 
kentledge with greater eccentricity 
would be required to rectify the tilt.

(3) Water Jetting. If the water jets 
are applied on the outer face of the 
well on the higher side, the side friction 
is reduced and the tilt is rectified.
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(4) Excavation under cutting 
edge. A tilted well in a hard clayey 
stratum docs not straighten due to 
unbroken hard stratum on the higher 
side. If dewatering of the well is 
possible, open excavation is done under 
the cutting edge. In case dewatering is 
not possible, divers can be sent to 
loosen the strata.

(5) Inserting wooden Sleeper 
under the cutting edge. Sometimes 
wooden sleepers are inserted 
temporarily below the cutting edge on 
the lower side to avoid further tilt [Fig. 
27.24 (a)]. Alternatively, a hook is 

Fig. 27.24.

inserted below the cutting edge on the lower side and pulled with a wire rope and kept strained [Fig. 27.24 (&)].
(6) Pulling the well. In early stages of sinking, pulling the well towards the higher side, by placing one 

or more steel ropes around the well with vertical sleepers packed in-between to distribute the pressure over 
larger areas of well steining, is quite effective (Fig. 27.25).

Fig. 27.25.

(7) Strutting the well. Tire well is strutted on its tilted side with suitable logs of wood to prevent further 
tilt. The well steining is provided with sleepers to distribute the load from the strut. The other ends of the logs 
rest against a firm and non-yielding base having driven piles (Fig. 27.26).

Fig. 27.26.
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Fig. 27.27.

(8) Pushing the wells by jacks. The tilt can be rectified by pushing the well with a suitable arrangement 
through mechanical or hydraulic jacks. Fig. 27.27 shows a tilted well being pushed by a jack resting against 
the vertically-sunk well.

In actual practice, a combination of several methods discussed above is generally used.

ILLUSTRATIVE EXAMPLES

Illustrative Example 27.1. A circular well of 6 m external diameter and 4 m internal diameter is 
embedded to a depth of 15 m below the maximum scour level in a sandy soil deposit. The well is subjected 
to a horizontal force of800 kN acting at a height of 8 m above the scour level. Determine the allowable total 
equivalent resisting force due to earth pressure, assuming (a) the rotation is about a point above the base, (b) 
the rotation is at the base. Take ytol = 20 kN/m3, <|> = 30°; factor of safety for passive resistance = 2.0.

Use Terzaghi’s analysis.

Solution. (See Fig. E-27.1) Kp - 3.0, Ka - 0.333

(a) (b)

Fig. E-27.1.

(a) Rotation above the base. Tbtal height, Hi - 8 + 15 « 23 m

From Eq. 27.10, 2D[ - 3 Hi ± Vw? -20(3111 - D) '

or 2 Di = 3 x 23 ± V9 x 232 - 2 x 15,(3 x 23 - 15) «= 12.96

or Di = 6.48 m

From Eq. 27.9, 9^ - ^'D(Kp - Ka)(D - 2Di)
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- | x 10.0 x 15 x (3.0 - 0.333) (15-2 x 6.48) - 408.1 kN/m

From Eq. 27.13, the allowable transverse load,

C“ ■ ^~FS L ' 408'*2  “ 6 ' 1224-2

1 D3
(Z>) Rotation at base. From Eqs. 27.11, qmsx' - - f (Kp - K^ jj-

1 (15)3
» x 10 x (3.0 - 0.333) x = 652.3 kN/m

Iherefore, 2. - 652 2 * 6 - 19S6.9 kN

Illustrative Example 27.2. Fig. E-27.2 shows a well. Determine the base pressure and the lateral load 
per unit length of the well. The well is subjected to a net downward force of 10 MN. Assume that the 
horizontal deformation of the well cap at the scour level is 20 mm.

Use Banerjee and Gangopadhay’s simplified analysis. Take p = 0.50; f = 11 kN/m3; <|> = 30°; Kv = 

25000 kN/m3.

Solution. Area of cross-section, Ab - Jt/4 (62 - 42) - 15.70 m2

Moment of inertia, I - jr/64 (64 - 44) » 51.03 m4

Section modulus, Zb ■ - j“ 17.01m3

f (K„ - KA
From Eq. 27.18, m . -J-AJL---------

- 11 x (3-0 - 0 333). _ 1466 9
20 x IO-3

From Eq. 27.47, P, ■

. IL- £0^0333) Kj? . M29tN

From Eq. 27.48, Mv - 7 ^Ke.7K^
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_ 11.0 x (3.0 - 0.333) x 8*  _

From Eq. 27.49, 

11 x 25000 x (3.0 - 0.333) 63 ________
‘ ------------------1466^9---------------- X 1278'1125kN’m

From Eq. 27.52, WT = \lPyL + Rr

or 10000 - 0.5 x 312.9 x 6 + Rx

or Rt - 9061.3 kN

From Eq. 27.55, p, + ph = 3 “ 1154.3 kN/m2

From Eq. 27.56, p, - ph - - 12 * 112S - 375 kN/m2
" (6)

Solving the above two equations, p, = 764.65 kN/m2; ph = 389.65 kN/m2

From Eq. 27.57,

From Eq. 27.50,

Mb - (p, - Rv/Ab) Zb - J 764.65 - x 17.01 = 3189.38 kN-m 

PL = PiL - Fi

or P x 6.0 =» 312.9 x 6.0 - Fi •■■(°)

From Eq. 27.51, PLH ~ MB - M^L + F^D + pPi (B/2)L

or P x 6.0 x 4.5 = 3189.38 - 1251.7 x 6 + Fi x 8 + 0.5 x 312.9 x (6/2) x 6

or 27P - - 1504.72 + 8Fj ...(b)

Solving (a) and (b), P - 180.2 kN
Illustrative Example 273. Design a well foundation for the following site conditions using IRC method.
High flood level = 103.50, Bed level = 100.00, Scour level = 88.20, Base level = 78.00, External 

diameter = 8 m, Width of pier at top = 1.5 m, Total vertical load = 5000 kN, Total horizontal load at bed 
level = 750 kN, Moment on well at scour level = 3000 kN-m, Horizontal water pressure on well = 650 kN.

Take q„a = 600 kN In?; ysat - 20 kN/m3; <j> = 30°; K = 1.25; 6 = 20°; seismic coefficient = 0.10; Kp = 
6.105, Ka - 0.297; qu - 1800 kN/m2

Solution. (See Fig. E-273)
Let us assume that the low water level is at bed level.
From Eq. 27.92, t - K(B/8 + 77/100)
or t - 1.25(8/8 + 22/100) - 1.53 say 1.6 m

Internal diameter » 8 - 2 x 1.6 = 4.8 m

Design of Well Cap. Let us assume that the thickness of the well cap is 75 cm. 

Weight of the well cap - w/4 x (8.0)2 x 0.75 x 24 - 904.3 kN 

Assuming a buoyancy of 15%, the upward force

- 0.15 x n/4 x (8.0)2 x 0.75 x 10 - 56.5 kN

Area of cross-section - Jt/4 x (82 - 4.82) - 32.15 m2

Moment of inertia (IB) = at/64 (S4 - 4.84) - 174.92m4

Section modulus
174.92

4.0
43.73 m3
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Total vertical load, neglecting buoyancy = 5000.0 + 904.3 = 5904.3 kN
The maximum and minimum pressures are given by

5904.3 3000
9max “ 32.15 + 43.73 - 252.2 kN/m2

5904.3 _ 3000
9min “ 32.15 43.73 “ 115 kN/m2

Average pressure fa) ■ (252-2 ; 11501 - 183.6kN/m2

Pressure at the face of the pier [see Fig. E-27.3 (fr)].

4, - 115.0 * I252'2 ~ 115 0) x 4.75 - 196.5 kN/m2
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Intensity of pressure due to self weight,

_ 904.3
' n/4 x (S)2 18 kN/m3

In Fig. E-273, let the angle AOD be 0j and BOC be 02.

cos 0/2 - or 0j - 158.38°

cos02/2 - or 02 - 143.58°

Chord AD - 2 x 4.0 x sin 0/2 - 7.86 m

Chord BC - 2 x 2.4 x sin 02/2 - 4.56 m

Area of outer segment, ‘A1 “ 2 “ sin

. | x 4.02 ( * - 0368 j - 19.16m2

Area of inner segment, A2 - i x 2.42 143- 0.594 j = 5.50 m2 

The distances of the centroids of these areas are obtained as under.

4/? sin3 (0/2) 4 x 4 x (0.982)3
1 “ 3(0j - sin0i) “ 3(2.763 - 0368) “ m

_ 4 x 2.4 x (0.95)3 , . . m
712 “ 3 (2.505 - 0.594) “ 1,44

Moment about face AD - <?fl[Ai(Zi - 0.75) - A2(Z2 - 0-75)] - q^A^Zi- 0.75)]

or M - 183.6 [19.16 (2.1 - 0.75) - 5.5 (1.44 - 0.75)] - 18 x 19.16 (2,1 - 0.75)

= 35883 kN-m

Maximum shear force - qa (^i - A2) - qcAt

- 183.6(19.16 - 5.5) - 18 x 19.16- 2163.1 kN

It can be checked that the overall thickness of 75 cm of cap is sufficient from the consideration of 
moment and shear stresses (see any text on R.C.C. design) for M 15 concrete.

Design of Steining

Total vertical load - 5000 + 9043 - 59043 kN
Horizontal load - 750 kN

Moment at scour level - 3000 kN-m
Weight of steining upto scour level

- (jt/4) (S2 - 4.82) x 24 x 11.05 - 8527.1 kN

Seismic force on steining - 0.1 x 8527.1 - 852.7 kN

Water pressure on well = 650 kN
Total horizontal force at scour level

Q - 750 + 852.7 + 650.0 - 2252.7 kN

Moment at scour level, M - 3000 + 750 x 11.8 + 852.7 x (11.8/2) + 650 x (2/3) x 11.8 

- 21994.2 kN
The depth of the point of zero shear below the scour level is given by Eq. 27.14.



WELL FOUNDATIONS 751

Taking F - 2,

[___ 2F2___
[Y'(*p ~Ka)L

[ 2 x 2 x 2252.7
| 10 x (6.105 - 0.297) x 8.0 4.4 m

From Eq. 27.15 a, Mmax~ M + 2/3 Qx

Let us assume a tilt of 1 in 60.
- 21994.2 + 2/3 x 2252.7 x 4.4 - 28602.1 kN-m

Eccentricity due to tilt at the top ■ I. [L%7 m
Eccentricity at scour level

Moment due to tilt
Let us assume a shift of 1%.
Total shift

Moment due to shift

Total moment

10 2= 0.367 x ^=- - 0.17 m 
22

= (5904.3 + 8527.1) x 0.17 - 2453.3 kN-m

- 0.01 x 22 - 0.22 m

- (5904.3 + 8527.1) x 0.22 - 3174.9 kN-m

- 28602.1 + 2453.3 + 3174.9 - 34230.3 kN-m

Buoyancy on the well portion upto the point of zero shear

- (ji/4) x (8.0)2 (11.80 + 4.4) x 10 x 0.15 - 1220.8 

Weight of steining upto the point of zero shear
- 8527.1 x (11^1^‘U0) -119225 kN

Total vertical weight 5904.3 + 11922.5 - 1220.8 - 16606 kN
The maximum and minimum stresses are given by 

= 16606 34230.3
9max = 32.15 + 174.92 X

16606 34230.3 x 4
<?min “ 32.15 174.92

Cement concrete (1:3:6) can be used for steining.

1299.3 kN/m2

= -266.3 kN/m2

Lateral Stability of the Well
Total weight of the steining - ^05 X 21-25 " I6398-3 kN

Weight of water in the weft - (n/4) x (4.8)2 x 10 x (11.05 - 1.0) = 1817.7 kN

Weight of intermediate plug (1 m) thick
- (at/4) x (4.8)2 x 1.0 x 24 - 434 kN

Weight of bottom plug (2.5 m thick)
= n/4 x (4.8)2 x 24 x 2.50 - 1085.2 kN

Weight of sand fill upto scour level
- 3t/4 x (4.8)2 x 20 x 7.7 - 2785.3 kN

Total weight at the base - 5904.3 + 16398.3 + 1817.7 + 434 + 2785.3 + 1085.2 

- 28424.8 kN
Buoyancy on well - re/4 x (8.0)2 x 22 x 10 - 11052.8 kN
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Net downward force, W = 28424.8 - 11052.8 = 17372 kN 
Weight of water and intermediate plug

Horizontal seismic force
- 1817.7 + 434 - 2251.7 kN
- 0.1 x 2251.7 - 225.2 kN

Moment of seismic forces about scour level
- 181.77 (1.75 + 10.05/2) + 43.4 x 0.50 - 1253.2 kN 

Total horizontal force at scour level,

Moment at scour level

Moment at base level,

H - 2252.7 + 225.2 - 2477.9 kN

- 21994.2 + 1253.2 = 23247.4 kN-m

M = 23247.4 + 2477.9 x 10.2 + 2453.3 + 3174.9

- 54150.2 kN-m

Elastic Analysis
The design forces and moments acting at the base are as under.

Vertical forces (W) 
Horizontal force (fit) 
Moment (M)

= 17372 kN
= 2477.9 kN
= 54150.2 kN-m

In this case, the grip length, D = 10.2 m.
L = 0.9 x 8 = 7.2m

Now

From Eq. 27.68,

Taking m = 1.0,

I - Ib + tn 4(1+ 2 p' a)

I - 174.92 + 1.0 x 636.72(1 + 2 x tan 20° x a)

where
0.318 B 0.318 x8 ___

D ’ 10.2 -025

Therefore, I = 174.92 + 636.72 (1 + 2 x tan 20° x 0.25) - 927.51 m4

From Eq. 27.69 (£>),
D I

r 2 m /„ 

10.2 927.51 _
2 X 1.0 x 636.72 “ ‘43m

From Eq. 27.71, y (1 ♦ !•!>■) -

541 SO 2
> 7 43 (1 + ,an 300 Un 20°) " ,an30° x 17372

H > -1205

As H of 2477.9 is greater than -1205, the above condition is statisfied.

H<y(l -pp') + pW

* ^7 43 2 “ tan300131120°> + tan300 x 1737,2

or 2477.9 < 6760 (satisfied)

From Eq. 27.76, taking submerged unit weight,

” 7 I / («, - «
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or 58.4

From Eq. 27.69 (o), P

From Eq. 27.74, p,

or P,

From Eq. 27.75, ph

°r Ph

Ultimate Resistance

From Eq. 27.85, j

Taking qu * 1800 kN/m2,

17372
,n/4 x (8.0)2

or 345.8

From Eq. 27.84, M

From Tabic 27.2, C

From Eq. 27.78 (b), Mb

} 10 (6.105 - 0.297)

| 58.2 (almost satisfied)

= —

. 72S8kN
7.43

(W- h'P) mb
A + 21

(17372 - 0.364 x 7288) 54150.2 x8
n/4 x (8.0)2 + 2 x 927.51

= 526.5 kN/m2 < 600 kN/m2 (safe)

IV - H'P MB
A 21

= (17372 - 0.364 x 7288) _ 54150.2 x8 
n/4 x (8.0)2 2 x 927.51

= 59.5 kN/m2

I *7u
* 2

, 1800
* 2

} 900 (satisfied)

| 0,7 (Mb + M, + Mf)

= 0.29 for DIB = 10.2/8 = 1.23

= CW B tan <|>

- 0.29 x 17372 x 8 tan 30°

- 23254.9 kN-m

From Eq. 27.79, Ms = 0.1 7' D3 (Kp - Ka) L

- 0.1 x 10 x (10.2)3 x (6.105 - 0.297) x 7.2

- 44377.3 kN-m

From Eq. 27.81, M{ - 0.1 7' (Kp - Ka) B2 D2 sin 6

- 0.1 x 10(6.105 - 0.297) x 82 x (10.2)2 sin 20° 

= 13226.9

Now, 0.7 (Mb + M, + Mf) = 0.7 (23254.9 + 44377.3 + 13226.9)

= 56601.4 kN-m

M - 54150.2 kN-m

M } 0.7 (Mb + Ms + M/) (satisfied)
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PROBLEMS

A. Numericals
27.1. A well foundation has the following particulars.

Outer diameter
Inner diameter
Depth below scour level
Moment
Horizontal force acting at 8 m above the scour level
Factor of safety

= 12.0 m
= 5000 kN-m
= 600 kN
= 2.0

Assuming that the well tilts about a certain point above the base, compute the allowable, total equivalent 
resisting force due to earth pressure. Take = 20 kN/m3, <|> = 30°. [Ans. 710.5 kN]

27.2. The following data refer to a well foundation:
(a) Net downward load, including self-weight = 12000 kN
(b) Height of point of application of horizontal force above the scour level = 4 m
(c) Depth of well below scour level
(dj External diameter
(e) Internal diameter
(/) Vertical subgrade reaction
(g) Poisson’s ratio
(A) Horizontal deformation of well cap at the scour level (pi)
(») Allowable soil pressure

= 10 m
= 7.0 m

3 x 104 kN/m'

= 20 mm
= 600 kN/m2

Assuming the well to rotate about its base, determine the base pressure and lateral load per unit length of 
the well. Take fsa = 20 kN/m3 and <f> = 30°.

B. Descriptive "type
273. Discuss the situations where a well foundation is more suitable than the other types of foundations.
27.4 . What are different shapes of wells ? Discuss the characteristics of each type.

273. Discuss the various forces acting on a well foundation.
27.6 . What do you understand by grip length ? What is its importance in well foundations ?
27.7 . Describe various methods for the design of well foundations. What are their relative merits ?
27.8 . What are the various components of a well foundation ? What are their uses ?
27.9 . Describe the procedure for construction of wells. Discuss the causes and remedies for tilts and shifts.

27.10 . Discuss IRC method for the design of well foundation.
27.11 . Explain Terzaghi’s analysis for rigid bulkhead applied to well foundation.
27.12 . Discuss Banerjee and Gangopadhyay’s method for the design of well foundations.

C. Multiple Choice Questions
1. A well foundation is a type of

(a) open caisson (b) pneumatic caisson
(c) floating caisson (d) drilled pier

2. The grip length below the maximum scour level for the railway bridges is usually
(a) 0.5 R (b) 0.25 R (c) R (d) 2 R
where R is the maximum scour depth.

3. In some well foundation, the following is not provided :
(a) R.C.C. well cap (b) Top plug
(c) Bottom plug (c) Curb

4. The most commonly used shape of a well foundation is
(a) Double-D well (b) Circular well
(c) Double octagonal well (d) Rectangular well.

5. The thickness of steining for railway bridges is usually kept as.............of outside diameter.
(a) one-eight (b) one tenth
(c) one-sixth (d) one-fourth. [Ans. 1. (a), 2. (a), 3. (b), 4. (b), 5. (d)]



28
Machine Foundations

28.1. INTRODUCTION
Foundations subjected to static loads have been discussed in the preceding chapters. In some cases, the 

foundations are subjected to dynamic loads. These loads may result from various causes such as vibratory 
motion of machines, movement of vehicles, impact of hammers, earthquakes, winds, waves, nuclear blasts, 
mine explosions, and pile driving. The dynamic loads transmitted to the foundations and their effect on the 
strata below can be determined using the principles of soil dynamics and theory of vibrations. The analysis 

is, however, very complex.
Machine foundations are subjected to the dynamic forces caused by the machine. These dynamic forces 

are transmitted to the foundation supporting the machine. Although the moving parts of the machine are 
generally balanced, there is always some unbalance in practice which causes an eccentricity of rotating parts. 
This produces an oscillating force. The machine foundation must satisfy the criteria for dynamic loading, in 
addition to that for static loading already discussed.

Basically, there are three types of machines:
(i) Machines which produce a periodic unbalanced force, such as reciprocating engines and 

compressors. The speed of such machines is generally less than 600 r.p.m. In these machines, the 
rotary motion of the crank is converted into the translatory motion. The unbalanced force varies 
sinusoidally.

(ii) Machines which produce impact loads, such as forge hammers and punch presses. In these machines, 
the dynamic force attains a peak value in a very short lime and then dies out gradually. The response 
is a pulsating curve. It vanishes before the next pulse. The speed is usually between 60 to 150 blows 
per minute.

(Hi) High speed machines, such as turbines and rotary compressors. The speed of such machines is very 
high; sometimes, it is even more than 3000 r.p.m.
This chapter is devoted mainly to the design of foundation for the machines of the first type.

28.2. TYPES OF MACHINE FOUNDATIONS
The following 4 types of machine foundations are commonly used.
(1) Block Type. This type of machine foundation consists of a pedestal resting on a footing [Fig. 28.1 

(a)]. The foundation has a large mass and a small natural frequency.

(2) Box Type. The foundation consists of a hollow concrete block [Fig. 28.1 (&)]. The mass of the 
foundation is less than that in the block type and the natural frequency is increased.

(3) Wall Type. A wall type of foundation consists of a pair of walls having a top slab. The machine rests 
on the top slab [Fig. 28.1 (c)].

(4) Framed Type. This type of foundation consists of vertical columns having a horizontal frame at their 
tops. The machine is supported on the frame [Fig. 28.1 (d)].
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Fig. 28.1. Type of Machine Foundation.

Suitability of various types. Machines which produce periodical and impulsive forces at low speeds are 
generally provided with a block type foundation. Framed type foundations are generally used for the machines 
working at high speeds and for those of the rotating types.

Some machines which induce very little dynamic forces, such as lathes, need not be provided with a 
machine foundation. Such machines may be directly bolted to the floor.

283. BASIC DEFINITIONS
The following terms are used in the dynamic analysis of machine foundations.
(1) Vibration (or oscillation). It is the time-dependent, repeated motion of translational or rotational 

type.
(2) Periodic motion. It is the motion which repeats itself periodically in equal time intervals.
(3) Period (T). The time period in which the motion repeals itself is called the period of motion or 

simply period.
(4) Cycle. The motion completed in the period is called the cycle of motion.
(5) Frequency (/). The number of cycles of motion in a unit of time is known as the frequency of 

vibration. It is usually expressed in hertz (Le. cycles per second).

The period (7) and the frequency (/) are inter- related as

T - 1// ...(28.1)
Circular frequency (co) is in radians per second.
(6) Free vibration. Free vibrations occur under the influence of forces inherent in the system itself, 

without any external force. However, to start free vibrations, some external force or natural disturbance is 
required. Once started, the vibration continue without an external force.

(7) Forced vibration. Forced vibrations occur under the influence of a continuous external force.
(8) Natural frequency. The system under free vibrations vibrates at the frequency known as natural 

frequency. The natural frequency is the characteristic of the system. A system may have more than one natural 
frequency.
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(9) Resonance. When the frequency of the exciting force is equal to one of the natural frequencies of the 
system, the amplitudes of motion become excessively large. This condition is known as resonance.

10. Damping. The resistance to motion which develops due to friction and other causes is known as 
damping.

Viscous damping is a type of damping in which the damping force is proportional to the velocity. It is 
expressed as

F-c^ ...(28.2)

where c = damping coefficient, and = velocity

(11) Degree of Freedom. 'Hie number of independent co-ordinates required to describe the motion of a 
system is called the degree of freedom.

Fig. 28.2. (a) shows a system with one degree of freedom, and Fig. 28.2 (b) shows a system with two 
degrees of freedom. An elastic rod has an infinite degree of freedom. However, for convenience, the rod is 
divided into segments. The degree of freedom is made finite by considering the masses of these segments.

(12) Principal modes of vibrations. A system with more than one degree of freedom vibrates in complex 
modes. However, if each point in the system follows a definite pattern of common natural frequency, the 
mode is systematic and orderly and is known as the principal mode of vibration.

A system with n degrees of freedom has n principal modes and hence n natural frequencies.

28.4. DEGREE OF FREEDOM OF A BLOCK FOUNDATION
A rigid block foundation has 6 degree of freedom (Fig. 28.3). Any displacement can be resolved into 6 

independent displacements as under.
(1) Translation along X-axis, (2) Translation along X-axis, (3) Translation along Z-axis, (4) Rotation about 

X-axis, (5) Rotation about X-axis, (6) Rotation about Z-axis.
Translation along Z-axes and rotation about Z-axis can occur independently of any other motion. However, 

translations and rotation about X-and X-axis are coupled, as these cannot occur independent of one another.
X-, X- and Z-axes are called, respectively, pitching, rocking and yawing axes.
The discussions in this elementary text are limited to one-degree of freedom.

293. GENERAL CRITERIA FOR DESIGN OF MACHINE FOUNDATIONS
A good machine foundation should satisfy the following criteria.
(1) Like ordinary foundations, it should be safe against shear failure caused by superimposed loads, and
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Ing. 283. Degree of Freedom.

also the settlements should be within the safe 
limits.

The soil pressure should normally not exceed 
80% of the allowable pressure for static loading.

(2) There should be no possibility of 
resonance. The natural frequency of the foundation 
should be either greater than or smaller than the 
operating frequency of the machine.

(3) The amplitudes under service conditions 
should be within the permissible limits for the 
machine.

(4) The combined centre of gravity of the 
machine and the foundation should be on the 
vertical line passing through the centre of gravity 
of the base plane.

(5) Machine foundation should be taken to a 
level lower than the level of the foundation of the 
adjacent buildings and should be properly 
separated.

(6) The vibrations induced should neither be 
annoying to the persons nor detrimental to other 
structures.

Richart (1962) developed a plot for vertical 
vibration, which is generally taken as a guide for 
various limits of frequency and amplitude (Fig. 
28.4).

(7) The depth of the ground-water table should 
be at least one-fourth of the width of the 
foundation below the base plane. Fig. 28.4. Rchart's Chart.
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28.6. FREE VIBRATIONS
The free vibrations may be damped or undamped.
(a) Undamped Vibrations. Fig. 28.5 (a) shows a rigid mass (m) resting on a spring of stiffness k. The 

system has one degree of freedom. Let us assume that the system has been set in motion and it vibrates in 
the vertical direction.

...(28.3)

The solution of Eq. 28.3 is given by
z = A cosa>„ t + B sin w„ t

where A and B are arbitrary constants, and <o„ is the natural circular frequency (radians/sec). 

The solution can also be written as
z - Asin (a>„r + a) ...[28.4 (a)]

where A and a are constants.
Alternatively, z = A cos(a>„ t - a) ...[28.4 (b)]

From Eq. 28.4 (a), - A w„ cos (a>„ t + a)

and = -A ci)^ sin (ti>ff r + a) ...(28.5)
dr

Substituting these values in Eq. 28.3, -m A cousin (o)„ t + a) + kA sin (a>„ t + a) - 0

or mm2 = k

or a>„ » 'Jk/m ...(28.6)

It may be noted that the greater the mass m, the smaller is the frequency.

If fn is the natural frequency in cycles per second,

f. ■ % - ...(28.7)

If T is the time period, Eq. 28.1 gives

T - l/f„ - 2u/Vk7m ...(28.8)

Fig. 28.5 (b) shows the response curve of the system. As it is evident, the cycle repeats after time T.
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Fig. 28.6.

(a)

(b) Damped Vibration. Fig. 28.6 (a) shows a rigid mass m resting on a spring of stiffness k and 
connected to a viscous damper with a damping coefficient c. In this case, there is an additional force due to 
damping. The equation of motion can be written as

It can be shown that the general solution is of the form

z = C1es,/ + C2eSz‘ ...(28.10)

where $i - wn(-Z) + Vo2 - 1) ...[28.11(a)]

s2 = (- D - Vi)2 - 1) .. .[28.11 (b)]

and <o„ = natural frequency, D = damping factor ( = c/cc), and cc = critical damping ( = 2 Vmk.)

If D > 1, the system is overdamped and the 
motion is aperiodic, If D = 1, the system is 
critically damped, which also gives aperiodic 
motion. If D < 1, the system is underdamped 
and the response is periodic, as shown in Fig. 
28.6 (b). Only underdamped systems are of 
practical importance in the design of machine 
foundations.

Eq. 28.11 can be written as

Sj - co„(-D + i Vl - D2) ...[28.12(a)]

s2 = <»„(-£) - i Vl - D2) ...[28.12(b)]

where i = = i

Eq. 28.10 can be written as

z - e^10"' ^C1e^1-D2)V2<0"t + ...(28.13)

l^ct us make the following substitution.

co^ = co„Vl—jD2 ...(28.14)

Therefore, z = e~D(Ont |(Cie*°^V  +

or z = e4*0" ‘ ^(Cj + C?) cos t + i (Q - Cf) sin t j

or z = ' [ Ai cos t + A2 sin 11 .. .(28.15)

The term is known as damped natural frequency. Eq. 28.1 can also be written as

z - e~Dmn 1 [ A cos (cond t - gt) j ...(28.16)

The term e“DG’"'' gives an aperiodic exponential response; whereas, the term A cos (co^t-a) indicates a 

periodic sinusoidal response. The net result is a periodic but gradually decreasing motion [Fig. 28.6 (b)].

For the undamped system, as D = 0,

z - A cos (co„ t - a)

This is the same Eq. 28.4 (b).
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28.7. FORCED VIBRATION
Fig. 28.7 shows a rigid mass with a single degree of freedom. Die system is damped and subjected to an 

exciting force F (t). The equation of motion can bc written as

'M$ + C ^dt +kZ“ FW -(28.17)

Fig. 28.7.

Let us assume that the exciting force is sinusoidal of the form

where Fo = magnitude of the exciting force, 
co = circular frequency of exciting force.

Dius
cfz dz
dt2 + C dt ...(28.18)

Die solution of Eq. 28.18 is

_n(I) , r, , ., F„ sin (cot - B)
" 13 cos (ou t - a)] + - p \ £±

N(k - m co2)2 + c2
...(28.19)

The first part of the solution is transient and dies out after some time. Die second part is the steady-state 
response. Dius

Fo sin (cot - P) 

V(*  - m m2)2 t c2
...(28.20)

Substituting co„ = y/k/m, and D = —7=, 
2 n km

Fo sin (cot - |3)

Vl-2(l-r2)2 .4O2r242 

where r = frequency ratio = co/con .

For undamped system, c = 0 and D = 0. Therefore,

...(28.21)

...(28.22)

When r = 1.0,i.c., co = co„, response is inifinitc. Die condition is known as resonance.

As an ideal undamped system is non-existent, damping always exists and the response is finite. However, 
when operating frequency (co) is close to the natural frequency (co„), the response is very high. To avoid this
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condition, the operating frequency should not be close to the natural frequency. For a safe design, the 
frequency ratio is normally kept outside the critical range of 0.4 to 1.50.

The magnitude of the displacement is given by

|z| = ------ -------------- --------- F2—F ...[28.23(a)]
k (1 - r2) m (®2 - <»2) ' ‘

Fo/k
In a general case, zI - . - ...[28.23(i>)l

V(1 - r2)2 + 4D2?

The static displacement under a force Fo is given by

...(28.24)

The ratio of the magnitude of the steady-state displacement of a forced system to the static displacement 
is known as magnification factor (M). Thus

m.M______ ,
z“ (F,/4) V(1 - r2)2 ♦ itfr1

or M - 1 ~ ~ (28.231
V(1 - r2)2 4 4D2,2 ‘ ’

Thus z - Mzst

Fig. 28.8 shows the variation of the magnification factor M with r for different values of D. It may be 
noted that the magnification is high for the value of r between 0.4 and 1.5.

Fig. 28.8.

Force Transmissibility T. A damped forced vibratory system derives its support from the foundation. 
The force transmitted can be expressed as

FT - c + la ...(28.26)

(Fo/k) sin(co t - 6)
Let us express z - - — as B sin (co t - B) ,

V(l-r2)2 + 4O2?

where B - , f,/t -------
V(l - ?)2 + 4OV

...(28.27)
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Eq. 28.26 can be written as
FT =• c B <o cos (o> t - P) + k B sin (co t - P)

or Ft = B '/k2' + c2o? [cos (co t - p - y)]

where y - tan-1 (A/cco),

The magnitude of FT is given by

|Fr| - B 7* 2 + c2 co2

or |FT| - FoM 71 + (2Dr)2 ...(28.29)

Force transmissibility (T) is defined as the ratio of the force transmitted to the applied force Thus

= A/71+ (2 Dr)2 ...(28.30)

Like magnification factor (Af), the transmissibility is also a function of r and D. The plot is similar in 
shape to that shown in Fig. 28.8.

28.8. VIBRATION ANALYSIS OF A MACHINE FOUNDATION
Although a machine foundation has 6 degree of freedom, it is assumed to have a single degree of 

freedom for a simplified analysis. Fig. 28.9 shows a machine foundation supported on a soil mass. In this 
case, the mass My of the system lumps together the mass of the machine and the mass of foundation. The total 
mass nif acts at the centre of gravity of the system. The mass is under the supporting action of the soil. The 
elastic action can be lumped together into a single elastic spring with a stiffness k. Likewise, all the resistance 
to motion is lumped into the damping coefficient c. Thus the machine foundation reduces to a single mass 
having one degree of freedom, as shown in Fig. 28.7. The analysis of damped, forced vibration, discussed in 
Sect. 28.7, is, therefore, applicable to the machine foundation.

Determination of Parameters. For vibration analysis of a machine foundation, the parameters m, c and 
k are required. These parameters can be determined as under.

(1) Mass (m). When a machine vibrates, some portion of the supporting soil mass also vibrates. The 
vibrating soil mass is known as the participating mass or in-phase soil mass. Therefore, the total mass of the

Fig. 28.9.
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system is equal to the mass of the foundation block and machine (ay) and the mass (mJ of the participating 

soil. Thus

m - mf + ms ...(28.31)

Unfortunately, there is no rational method to determine the magnitude of ms. It is usually related to the 

mass of the soil in the pressure bulb. The value of ms generally varies between zero and mf. In other words, 
the total mass (m) varies between mf and 2 in most cases.

(2) Spring stiffness (k). Tire spring stiffness depends upon the type of soil, embedment of the foundation 
block, the contact area and the contact pressure distribution. The following methods are commonly used.

(o) Laboratory test. A triaxial test with vertical vibrations is conducted to determine Young’s modulus 
E. Alternatively, the modulus of rigidity (G) is determined by conducting the test under torsional vibration, 
and E is obtained indirectly from the relation E = 2 G (1 + p), where p is Poisson’s ratio.

The stiffness (k) is determined as

k - AE/L ...(28.32)

where A = cross-sectional area of the specimen, L = length of the specimen.

(b) Barkan’s method. The stiffness can also be obtained from the value of E using the following relation 
given by Barkan.

i pi p __
k - ...(28.33)

where A = base area of the machine, Le. area of contact.

(c) Plate load test. A repeated plate load test is conducted and the stiffness of the soil in the test (kJ is 
found as the slope of the load-deformation curve. The spring constant k of the foundation is determined as 
under.

(i) For cohesive soils

k - kp(B/Bp) ...(28.34)

(ii) For cohesionless soils
2

k “ kp + 03 j ...(28.35)

where B is the width of foundation and Bp is the diameter of the plate.

Alternatively, the spring constant can be obtained from the subgrade modulus (kJ, as

k = ks ■ A ...(28.36)

where A = area of foundation.
(d) Resonance test. The resonance frequency (fj is obtained using a vibrator of mass m set up on a steel 

plate supported on the ground. The spring stiffness is obtained from the relation

- 1 7F7-or fn = — W/n

or k = ...(28.37)

(3) Damping constant c. Damping is due to dissipation of vibration energy, which occurs mainly 
because of the following reasons.

(i) Internal friction loss due to hysterisis and viscous effects.
(ii) Radiational loss due to propagation of waves through soil.

The damping factor D for an underdamped system can be determined in the laboratory. Vibration 
response is plotted and the logarithmic decrement 6 is found from the plot, as
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6-log(2^/zj) ...(28.38)

where Zj and z2 are amplitudes of two consecutive cycles of an amplitude-response curve.

The damping factor D and the logarithmic decrement 6 are related as

6 - ...(28.39)
VI - D2

or D - ...(28.40)

The damping factor D may also be obtained from the area of the hysterisis loop of the load displacement 
curve, as

D . ...(28,41)

where IV = total work done, A IV = work lost in hysterisis.
The value of D for most soils generally varies between 0.01 and 0.1.

28.9. DETERMINATION OF NATURAL FREQUENCY
The natural frequency of the foundation-soil system can be determined using the theory of vibrations 

discussed in Sect. 28.7. The equation of motion, neglecting damping, is
.2

in ■—?- + kz = Fosin tot ...(28.42)
dr

where m = mass of machine, foundation and the participation soil, k = equivalent spring constant of the 
soil.

The methods for determination of k and m have been discussed in the preceding section. 

The natural frequency of the system is given by

<o„ = i/k/m ...(28.43)

where co„ is in radians per second.

Also f„ = ■^-'Jk/m ...(28.44)
Z 31

where /„ is in cycles per second.

Thus f, . -L V—...(28.45)

z it nir + ms

where nif = mass of machine and foundation, 

and in, = mass of the participating soil mass. 

Barken (1962) gave the following relation for the natural frequency.

...(23.46)

where Cu = coefficient of clastic uniform compression, A = contact area of foundation with soil.

Comparing with Eq. 28.43, k - Cu x A 

The maximum amplitude is given by

where Fo = exciting force.

...[28.46(a)]

...(28.47)
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The coefficient of elastic uniform compression (Cu) depends upon the type of soil. It can be obtained 
from the following relation.

1.13 —‘ 
(1 - F2) ...(28.48)

As it is evident, the coefficient varies inversely proportional to the square root of the base area of the 
foundation. Thus

(Cu)2 
(C„h ...(28.49)

Table 28.1 gives the recommended value of Cu for A = 10 m2 for different soils (Barkan, 1962).

Table 28.1. Coefficient of Elastic Uniform Compression

Soil 
Category Soil type

Allowable soil 
pressure (qw) 

kN/m2

Coefficient of elastic 
uniform compression 

(Cu) kN/m3

I Weak soils (clays and silty clays with sand in a 
plastic state; clayey silts; soils of categories II 
and 111 with laminae of organic silts and of peat).

upto 150 upto 3 x 104

II Soils of medium strength (clays and silty clays 
with clays and silty clays with sand close to the 
plastic limit; sand)

150—350 3 x 104 - 5 x 104

in Strong soils (clays and silty clays with sand of 
hard consistency; gravels and gravelly sands; 
loess and loessial soils).

350—500 5 x 104 - 105

IV Rocks > 500 >10=

28.10. DESIGN CRITERIA FOR FOUNDATIONS OF RECIPROCATING MACHINES
The following design criteria for the foundation of reciprocating machines should be satisfied (IS : 2874 

(I)—1982).
(1) The machine foundation should be isolated at all levels from the adjoining foundations (See Sect. 

28.13).
(2) The natural frequency of the foundation-soil system should be higher than the highest disturbing 

frequency and the frequency ratio should be less than 0.4, as far as possible.
However, if it is not possible to satisfy above criterion, the natural frequency should be lower than the 

lowest disturbing frequency and the frequency ratio should not be less than 1.50.
(3) The amplitude of vibration should be within the permissible limits, as given in Fig. 28.4 or any 

specified permissible limits (For example, chart given in IS : 2874 (I) — 1982).
For most soils, the limiting amplitude for low speed machines is usually taken as 200 micron ( = 0.2 

mm).
According to another criterion, the amplitude in mm is limited to 4/f for frequencies less than 30 hertz 

and 125// for higher frequencies, where f is frequency in hertz (cycles/sec).

(4) Concrete block foundations should be used. However, when the soil is not suitable to support block 
foundation, cellular foundation may be used.

(5) The size of the block in plan should be larger than the bed plate of the machine. There should be a 
minimum all-round clearance of 15 mm.

The total width of the foundation measured at right angles to the shaft should be least equal to the 
distance between the centre of the shaft and the bottom of the foundation.

(6) The eccentricity of the foundation system along X-X and Y-Y axes should not exceed 5% of the length 
of the corresponding side of the contact area.
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(7) The combined centre of gravity of machine and foundation should be as much below the top of 
foundation as possible. In no case, it should be above the top of foundation.

(8) The depth of foundation should be sufficient to provide the required bearing capacity and to ensure 
stability against rotation in the vertical plane.

(9) The stresses in the soil below the foundations should not exceed 80% of the allowable stresses under 
static loads. The base pressure is limited to half the normal allowable pressure (q„a) in extreme cases.

(10) Where it is not practicable to design a foundation to give satisfactory dynamic response, the 
transmitted vibrations may be reduced by providing anti-vibration mountings either between the machine and 
the foundation or between the foundation and the supporting system.

(11) The machine should be anchored to the foundation block using a base plate and anchor bolts. Bolt 
holes should be backfilled with concrete and the space below the plate should bc filled with 1 : 2 cement 
mortar.

(12) A number of similar machines can bc erected on individual pedestals on a common raft. The analysis 
for such machines can be made assuming that each foundation acts independently with an area of foundation 
equal to that obtained by dividing up the raft into sections corresponding to separate machines.

28.11. REINFORCEMENT AND CONSTRUCTION DETAILS
(1) The reinforcement in the concrete block should not be less than 25 kg/m3.

For machines requiring special design consideration of foundations, such as machine pumping explosive 
gases, the minimum reinforcement is 40 kg/m3.

(2) Steel reinforcement around all pits and openings shall be at least equal to 05 to 0.75% of the 
cross-sectional area of the pit or opening.

(3) The reinforcement shall run in all the three directions.
'Ihe minimum reinforcement shall usually consist of 12 mm bars at 200 to 250 mm spacing extending both 

vertically and horizontaly near all faces of the foundation block. The ends of all bars should always be hooked.
(4) If the height of the foundation block exceeds one metre, shrinkage reinforcement shall be placed at 

suitable spacing in all the three directions.
(5) The cover should be a minimum of 75 mm at the bottom and 50 mm on sides and the top.
(6) The concrete shall be at least M-15 with a characteristic strength of 15 N/mm2.

(7) The foundation block should be preferably cast in a single, continuous operation.
In case of very thick blocks (exceeding 5 m), construction joints can be provided.

28.12. MASS OF FOUNDATION
Heavy foundations eliminate excessive vibrations. Manufactures of machines sometimes recommend the 

mass of foundation required for the machines. However, the mass recommended are generally empirical and 
based largely on experience.

Couzens (1938) gave the ratios of foundation mass to engine mass suitable for various types of machines 
(See Table 28.2). These ratios can be used for rough estimates.

28.13. VIBRATION ISOLATION AND CONTROL
Vibrations may cause harmful effects on the adjoining structures and machines. Besides, these vibrations 

cause annoyance to the persons working in the area around the machine. However, if the frequency ratio is 
kept outside the critical range of 0.4 and 1.50, and the amplitude is within the permissible limits, the harmful 
effects are considerably reduced, especially if the system is damped.

Transmission of vibrations can be controlled and the deterimental effects considerably reduced by 
isolating either the source (active isolation) or by protecting the receiver (passive isolation). The following 
measures are generally adopted.

(1) The machine foundation should be located away from the adjoining structures. This is known as 
geometric isolation.
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'Ihble 28.2. Ratio of Foundation mass to Engine mass

S.No. Types of Engine Ratio

1; Gas Engines
1—Cylinder 3.0

2—Cylinder 3.0

4—Cylinder 2.75
6—Cylinder 2.25
8—Cylinder 2.0

2. Diesel Engines
2—Cylinder 2.75
4—Cylinder 2.4
6—Cylinder 2.1
8—Cylinder 1.9

3. Rotary converter 0.5 to 0.75
4. Vertical compound steam engine coupled to generator 3.8
5. Vertical triple-expansion steam engine coupled to 

generator
3.5

6. Horizontal cross-compound coupled to generator 3.25
7. Horizontal steam turbine coupled to generator 3.0 to 4.0
8. Vertical gas engine coupled to generator 3.5
9. Vertical diesel engine coupled to generator 2.6

The amplitude of surface waves (R-waves) reduces with an increase in distance. A considerable reduction 
in the amplitude is achieved by locating the foundation at a great depth, as the 7?-waves also reduce 
considerably with an increase in depth.

(2) Additional masses known as dampers are attached to the foundations of high frequency machines to 
make it a multiple degree freedom system and to change the natural frequency.

In reciprocating machines, the vibrations are considerably reduced by counterbalancing the exciting 
forces by attaching counterweights to the sides of the crank.

(3) Vibrations are considerably reduced by placing absorbers, such as rubber mountings, felts and corks 
between the machine and the base.

(4) If an auxiliary mass with a spring is attached to the machine foundation, the system becomes a 
two-degree-freedoni system. The method is especially effective when the system is in resonance.

(5) If the strength of the soil is increased by chemical or cement stabilisation, it increases the natural 
frequency of the system. The method is useful for machines of low operating frequency.

(6) The natural frequency of the system is modified by making structural changes in foundation, such as 
connecting the adjoining foundations, changing the base area or mass of foundation or use of attached slabs.

(7) The propagation of waves can be reduced by providing sheet piles, screens or trenches.

ILLUSTRATIVE EXAMPLES

Illustrative Example 28.1. Determine the natural frequency of a machine foundation having a base area 
2 mx2 m and a mass of 15 Mg, including the mass of the machine. Taking Cu = 4 * Iff1 kN/m3.

Solution. From Eq. 28.46, - V —i!-

Expressing Cu in N/m3 and m in kg,
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1/ 4 x 107 x (2 x 2) ____
or co. = V -------------- i-----L =■ 103.28 rad/sec

15 x 103
. 103.28 ,, ,, sor f - —----  «■ 16.43 cps (hertz)

2 31
Illustrative Example 28.2. The natural frequency of a machine foundation is 4 hertz. Determine its 

magnification at the operating frequency of 8 hertz. Take damping factor (D) as 0.30.

Solution. From Eq. 28.25, M - . * =

V(1 - r2)2 + 4Z)2r2
In this case, r = 8/4 = 2. Therefore,

m = . -= uji.
V(1 - 22)2 * 4 x (03)2 x (2)2

Illustrative Example 28-3. The exciting force of a machine is 100 kN. Determine the transmitted force 
if the natural frequency of the machine foundation is 3.0 Hz. Take D = 0.40 and the operating frequency as 
5 Hz.

Solution. From Eq. 28.29, |Fr| - FOMV1 + 2Dr)2
.. _______ 1________where M = . ... ... —

V(l - r2)2 t 4L>V

V [1 - (5/3)2]2 + 4 x (0.4)2 x (S/3)2

Therefore, [/-7| - 100 x 0.45 V 1 + (2 x 0.4 x 5/3)2 - 75 kN
Illustrative Example 28.4. Determine the coefficient of uniform compression if a vibration test on a 

block Imxlmxlm gave a resonance frequency of 30 Hz in the vertical direction. The mass of the 
oscillator used was 60 kg.

Solution. Mass of foundation block
= (1 x 1 x 1) x 2400 = 2400 kg

Total mass - 2400 + 60 - 2460 kg

From Eq. 28.46,

T u. 1 \/Cu x (1 x 1)In tins case, 30 - — V ■

Cu - 8.74 x 107 N/m3 - 8.74 x 104 kN/m3
Illustrative Example 283. A 2.50 Mg vertical compressor- foundation system is operated at 40 Hz. The 

soil at the site is medium stiff clay (Cu - 4 x 104 kN/m3). Determine the natural frequency and the 
magnification factor, assuming ms = 0.2 mf. The base area is 2.5 m2. Take D = 0.

Solution. Total mass = 2.5 + 0.2 x 2.5 = 3.0 Mg = 3 x 103 kg

From Eq. 28.46,
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or
-\JcuA _ 1 yja, x 107 x~Z5~ 

m ~ 2n 3 x 103 = 29.06 Hz

From Eq. 28.25,
V (1 - r2)2 + 4D2/2

Illustrative Example 28.6. In a test block of the size 1.5 m x 1.0 m x 0.75 m, resonance occurs at a 
frequency of 20 cycles per second in the vertical vibration. Determine the coefficient of elastic uniform 
compression (Cu) if the mass of oscillator is 70 kg and the force produced by it at 15 cycles per second is 

1000 N. Also compute the maximum amplitude at 15 cycles per second.

Solution. wn>*2a:/^-23tx  20 - 40jt

Mass of oscillator = 70 kg

Mass of block = 1.5 x 1.0 x 0.75 x 2400 = 2700 kg

Total mass = 70 + 2700 = 2770 kg
Contact area = 1.5 x 1.0 = 1.5 m2

From Eq. 28.46, co„ - 'JCuA/m

or 40 Jt - VC„x 1.5/2770

or Cu - 29.16 x 106N/m2 - 29.16 x 103 kN/ m3

From Eq. 28.47, maximum amplitude 

_ r. _______________urn______________
2770 x (40 «)2 [1 - (15/20)2]

- 5.23 x HI'5 m - 0.0523 mm
Illustrative Examples 28.7. A foundation block of weight 30 kN rests on a soil for which the stiffness 

may be assumed as 25000 kN Im. The machine is vibrated vertically by an exciting force of 3.0 sin (30 t) kN. 
Find the natural frequency, natural period, natural circular frequency and the amplitude of vertical 
displacement. The damping factor is 0.50.

Solution. The exciting force Fo sin tot is 3.0 sin (30/).

Therefore, Fo = 3.0 kN and co = 30 radian/second

Now from Eq. 28.43, 

or

From Eq. 28.44,

<o„ - 'Jk/m

\/ 25000 x 10s _____ . .
co„ = V---------------,---------- - 90.42 rad/s

(30 x 103/9.81)

VA/m - 14.39 cycles/sec

T » j- = 0.069 second 

r = <o/(o„ = 30/90.42 - 0.33
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From Eq. 28.25, M = ------------—----------- —
V (1 - r2)2 + 4Z)2r2

- ■ — - 1.05
V [1 - (033)2 f + 4 x (0.5)2 X (0.33)2

Static deflection, &st - F„/k - “ 0-012 cm
ZdlKJO

Amplitude - Af6„ - 1.05 x 0.012 - 0.013 cm

PROBLEMS

A. Numerical
28.1 . Determine the natural frequency of a machine foundation having a base area 2 m x 2 m and a mass of 10 Mg, 

assuming that the soil mass participating in the vibration is (a) negligible (fc) 20% of the mass.
Take Cu = 104kN/m2. [Ans. 17.43 cps, 15.92 cps]

28.2 . Resonance occurs at a frequency of 20 cps in the vertical vibration of a test block (Im x 1 m x 1 m). Calculate 
the coefficient of elastic uniform compression (Cu). The mass of the oscillator is 50 kg.

[Ans. 3.87 x 104 kN/m3]

283. In Problem 28.2, if the force produced by the oscillator at 10 cps was 1000 kN, compute the maximum 
amplitude in the vertical direction at 10 cps. [Ans. 3.4 x 10" mm]

28.4 . 'Ilie foundation for a gas engine with a vertical cylinder and vertically oscillating parts has the following data.

Total mass of engine = 5 Mg
Speed of rotation = 300 r.p.m.
Mass of block = 20 Mg
Mass of participating soil = 25 Mg
Spring stiffness = 60 x 104 kN/m

Determine the natural frequency and maximum amplitude. Take D = 0.1. The unbalanced vertical force is 12 kN.
[Ans. 17.43 cps; 0.022 mm]

B. Descriptive Type
28.5. Explain the following terms:

Natural frequency; period; resonance; magnification.
28.6. Discuss the use of single-degree-freedom system in the analysis of machine foundations. What are its 

limitations?
28.7. Describe the methods for the determination of the mass, spring constant, damping factor and the mass of 

participating soil.
28.8. Briefly explain the Barkan method of machine foundation design.
28.9. What is meant by vibration isolation ? How is it done ?

28.10. Discuss criteria for the design of foundation in the following cases.
(a) Free vibration without damping.
(6) Free vibration with damping.
(c) Forced vibration without damping.
(4) Forced vibration with damping.

C. Multiple Choice Questions
1. If the circular frequency (<o) is 30 n radians per second, the time period is

(a) 1 second (fc) 2 seconds
(c) 4 seconds (<Z) none of above.

2. The frequency of a system increases with
(a) an increase in stiffness of system
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(fe) a decrease in the mass of system
(c) both (<t) and (fe)
(r/) neither («) nor (fe)

3. Magnification factor (M) is very high if the value of frequency ratio (r) is
(a) less than 0.4
(fe) between 0.4 and 1,50
(c) greater than 1.50
(</) unity.

4. For most soils, the limiting amplitude for low speed machines is usually
(a) 0.1 mm (fe) 0.2 mm
(c) 0.5 nun (</) 1.0 mm

5. For diesel engines, the ratio of foundation mass to engine mass is
(a) less than 2.0 (fe) between 2.0 and 3.0
(c) between 3.0 and 4.0 Id) greater than 4.0

[Ans. 1. (c), 2. (c), 3. (fe), 4. (fe), 5. (fe))

Objective type
Write whether the following statements are true or false
(a) The speed of turbines and rotary compressors is usually less than 600 r.p.m.
(fe) For lathes, generally block-type foundation is provided.
(<?) In general, a rigid block foundation has 6 degrees of freedom.
(</) The stresses in the soil below the machine foundation should normally be less than 50% of the allowable 

stress under static loads.
(<?) The minimum quantity of reinforcement in machine foundation is 15 kg/m3.

(/) The minimum cover for reinforcement at the bottom of the machine foundation is 75 mm.
(g) The depth of ground water table below the machine foundation should not be less than the width of 

foundation.
(fe) The machine foundations are taken lower than the level of the foundation of adjacent buildings.

[Ans. True (c), (/), (ft)]
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Pavement Design

29.1. TYPES OF PAVEMENTS
A pavement is a hard crust constructed over the natural soil for the purpose of providing a stable and 

even surface for the vehicles. Die pavement supports and distributes the wheel loads and provides an 
adequate wearing surface. Pavement are basically of 3 types : (1) Flexible pavements, (2) Rigid pavements 
and (3) Semi-flexible pavements.

(1) Flexible Pavement Die flexible pavement is built up in several layers, as shown is Fig. 29.1 (a). Die 
natural soil beneath the pavement is known as subgrade. Sub-base is built over the sub-grade and the base is 
constructed over the sub-base. The top layer is known as surfacing, which is usually bitumen.

The flexible pavement can resist only very small tensile stresses because of limited rigidity. Any 
derformation of the sub-grade results in a corresponding change in the surface of the pavement.

SURFACING-.-'.

0 o9°o Oaoodooc0

SUB-GRADE

(a)

£la|NT conc 

base

SUB-GRADE

(b)

Fig. 29.1 (a) Flexible Pavement. (fc) Rigid Pavement

(2) Rigid Pavement. Die rigid pavement is made of cement concrete. As the concrete layer is quite 
strong, the sub-base may not be required [Fig. 29.1 (b)]. The rigid pavements have high flextural strength and 
can resist very high tensile stresses. The pavements are capable of bridging small depressions in the subgrade.

(3) Semi-flexible pavement A semi-flexible pavement has flexural rigidity in-between that of a rigid 
pavement and a flexible pavement. Such pavements are usually made of pozzolanic concrete, lean concrete, 
or soil-cement in the base course or sub-base. As the flexural strength of such layers is limited, the pavement 
can resist only moderate tensile stresses.

The chapter deals with the methods of construction and the design of various types of pavements. As the 
space is limited, the treatment is necessarily elementary. For more details, a reference may be made to 
advanced works on pavement design.

292. BASIC REQUIREMENT OF PAVEMENTS
The basic requirement of a good pavement is to provide a stable, non-yielding surface for the movement 
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of heavy vehicles. The pavement surface should be even along the longitudinal profile to have least rolling 
resistance so that fast, heavy vehicles can move safely and comfortably. Unevenness of the surface causes 
vertical oscillations and thus increases wear and tear and the fuel consumption of vehicles. It also adds to the 
discomfort and fatigue to the passengers of fast moving vehicles.

The pavement carries the wheel loads and distributes it over a wide area on the subgrade. Consequently, 
the stresses transferred to the subgrade are considerably smaller than the contact pressure. The distribution of 
the load depends upon the thickness and the characteristics of the material used in the pavement. A pavement 
layer that distributes the wheel load through the largest area per unit thickness of the layer is the most 
efficient.

The pavement layers should not be over-stressed. Even for a well- designed pavement, there would be a 
small, temporary deformation when loads pass over it. These deformations must be kept within the 
permissible limits. If the pavement is not properly designed, repeated applications of loads may cause 
excessive deformations, compaction and consolidation of the subgrade and even failure of the whole 
pavement.

The pavement may be constructed over an embankment or in a cutting. The pavement should be 
constructed above the maximum level of the ground water table to keep it dry. Moisture variation and frost 
action are the main causes of deterioration of the subgrade. On the other hand, when the water content is 
decreased, shrinkage cracks develop, which cause differential movement in rigid pavements and cracks in 
flexible pavements. The pavements should be provided with a suitable drainge system.

In case of rigid pavements, the temperature and shrinkage stresses should be properly controlled.
In case of flexible pavements, there should be a good bond between the individual particles of the 

materials used and also between the surfacing and the base to check stripping or breaking up of the 
pavement.

293. FUNCTIONS OF DIFFERENT COMPONENTS OF A PAVEMENT
Different components of a pavement have the following characteristics and functions.
(1) Subgrade. The subgrade is a layer of natural soil prepared to receive the layers of the pavement. The 

subgrade should be strong enough to take up the stresses imposed due to loads without shear failure or 
excessive deformations. It is the general practice to compact atlcast top 50 cm layer of the subgrade under 
controlled conditions of optimum water content at the maximum dry density (see chapter 14).

It is essential to evaluate the strength properties of the subgrade required. As the loads are ultimately 
received by the subgrade, if it is weak, it will fail. The soil is generally treated to increase its strength and to 
improve its properties.

(2) Sub-base and Base Courses. These courses provide a medium to spread the wheel loads to the 
subgrade. The courses usually consist of broken stones, bricks or aggregates. Boulder stones, bricks on edges 
and stabilised soils arc also used for sub-bases. However it is preferable to use small size graded aggregates 
because large stones and bricks have a tendency to penetrate the wet soil and cause undulation and 
unevenness in the pavement. As the stresses in a sub-base arc much lower than those in the base, the material 
used is inferior to that in the base. The sub-base is also known as soling.

The base and sub-base in a flexible pavement improve the load- supporting capacity of the subgrade by 
distributing the load over a large area. In a rigid pavement, the base course helps in preventing pumping out 
of the soil from below. These also protect the subgrade against frost action.

(3) Surface Course. The purpose of the surface course, also known as a wearing course, is to give a 
smooth riding surface and to resist pressure exerted by wheels. The surface course also provides a water-tight 
barrier against the infiltration of surface water.

In flexible pavements, a surface course usually consists of a bituminous surfacing. In rigid pavements, the 
cement concrete may act as a base course as well as a surface course.

There are various types of surface treatments, depending upon the availability of materials, and plants and 
the magnitude of the load.
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29.4. FACTORS AFFECTING PAVEMENT DESIGN
The factors affecting the design of pavements are discussed below.
(1) Wheel Load. The thickness of the pavement depends upon the design wheel load. The design wheel 

load is selected after considering the actual wheel loads of the various vehicles, contact pressure, load 
repetition, the dynamic effects and many other factors. The design wheel load will depend upon the 
multiple-wheel load assembly, as in the dual or multiple wheel loads.

(2) Subgrade. The thickness of the pavement depends upon the properties of the subgrade. A thicker 
pavement is required over a weaker soil. The thickness also depends upon the stress-strain characteristics of 
the soil under static and repeated loads.

As the strength and the volume change of the soil depend upon the moisture changes, the worst 
conditions should be considered in the design.

(3) Climate. The climatic factors, such as rainfall and temperature changes, affect the properties of the 
soil. The rainfall affects the moisture changes in the soil which affect the strength. The temperature changes 
affect the pavement. In flexible pavements, the choice of the bituminous binder depends upon the 
temperature. In rigid pavements, the warping stresses are caused by temperature changes.

If the temperature is likely to fall to the freezing point, the possibility of the frost action is to be 
considered.

(4) Pavement materials. The stress distribution in the pavement layers depends upon the behaviour of 
the materials used. The fatigue behaviour of the pavement materials and their durability under adverse 
conditions should be considered.

Aggregates bear the stresses occurring in the pavement and have to resist wear due to abrasive action of 
traffic. The aggregate should be hard, strong and of the required size and gradation to bear the stresses.

(5) Location. The design of the pavement should be done considering its location with respect to the 
ground surface. The height of embankment, the depth of cutting and the level of water table should also be 
considered. All these factors affect the performance of the pavement.

(6) Miscellaneous factors. There are some special factors which affect the design of pavements. For 
example, in case of semi-rigid pavements, the formation of shrinkage cracks, the crack pattern and the mode 
of their propagation should be considered in its design.

29-5. CALIFORNIA BEARING RATIO TEST
California bearing Ratio (CBR) test is a type of 

test developed by the California Division of Highways 
in 1929. The test is used for evaluating the suitability 
of subgrade and the materials used in sub-base and 
base courses. The test results have been correlated with 
the thickness of the various materials required for 
flexible pavements.

The test may be conducted on a prepared 
specimen in a mould or on the soil in-situ condition. 
The laboratory CBR apparatus consists of a mould 150 
mm diameter and 175 mm high, having a separate base 
plate and a collar (Fig. 29.2). The load is applied by a 
loading frame through a plunger of 50 mm diameter. 
Dial gauges are used for measurement of the 
expansion of the specimen on soaking and for 
measurement of penetration.

It may be noted that with the displacer disc inside 
the mould, the effective height of the mould is only
125mm. Fig. 29.2. C.B.R. Test Appratus.
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The test consists of causing the plunger to penetrate the specimen at the rate of 1.25 mm per minute. The 
loads required for a penetration of 2.5 mm and 5.0 mm are recorded by a proving ring attached to the 
plunger. The load is expressed as a percentage of the standard load at the respective deformation level, and 
is known as the CBR value. Standard load values are for crushed stone and are given in Table 29.1. The CBR 
value is determined corresponding to both 2.5 mm and 5.0 mm penetration, and the greater value is used for 
the design of flexible pavement.

CBR value - „ T<? 1°i*11 x 100 ...(29.1)
Standard load v '

Table 29.1. Standard Load Values

S. No. Penetration (mm) Standard Load (kN)
1. 2.5 13.44
2. 5.0 20.16
3. 7.5 25.80
4. 10.0 31.20
5. 12.5 35.32

The load-penetration curve is drawn as shown in Fig. 29.3. The load corresponding to 2.5 mm and 5.0 
mm penetration values are taken from the plot curve (1), and the value of CBR determined using Eq. 29.1.

Generally, the CBR for 2.5 mm penetration is high. However, if the CBR for 5.0 mm penetration is greater 
than that for 2.5 mm penetration, the test is repeated. If the results are unchanged, the value for 5.0 mm 
penetration is used for defining CBR value.

In some tests, there is an upward concavity of the load- penetration curve. This may be due to the 
following reasons. *

(z) The plunger surface does not come in full contact with the top of specimen.
(ii) The top layer of the soil is very soft.
In the case of the initial upward concavity, the corrected zero is obtained by drawing a tangent to the 

curve at the point of the greatest curvature, as shown for curve-2 in Fig. 293. The points corresponding to 
2.5 mm and 5.0 mm penetration are measured from the corrected zero.

To simulate worst conditions in the field, the soil specimen is kept submerged in water for about 4 days 
before testing. If the test is to be conducted on an unsoaked specimen, the moulding water content should be 
equal to the equilibrium water content which the soil is likely to attain after the construction of the pavement.

To simulate the effect of overlying materials, the specimen is covered with surcharge mass in the test.
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The minimum surcharge mass for the tests in the mould is specified as 4.5 kg. The annular surcharge mass 
of 147 mm diameter are used for this purpose.

[See Chapter 30 (Sect. 30.19) for laboratory experiment].

29.6. DESIGN OF FLEXIBLE PAVEMENTS
A flexible pavement consists of a number of layers in which the stress is transmitted by point-to-point 

contact. The maximum intensity of stress occurs in the top layer of the pavement. Therefore, the superior 
materials are used in the top layer.

There is no perfect rational method for the design of flexible pavements. The design methods can be 
classified broadly as empirical or semi-empirical.

1. Empirical methods
(a) Group index method, (b~) California Bearing Ratio Method, (c) California R-value Method, (cl) 

McLeod Method.

2. Semi empirical methods
(a) Triaxial test Method, (i>) Burmister Method.
All these methods are discussed briefly in the following sections.

29.7. GROUP INDEX METHOD
The group index (GI) is a parameter used in the classification of soils by A ASI ITO system (Chapter 5). 

The group index is used in the grading of soils. The higher the value of the group index, the poorer is the 

subgrade.
In the group index method (Steel, 1945), the thickness of the base and surfacing is related to the volume 

of the traffic. Depending upon the number of vehicles, the traffic volume is divided into 3 categories.

Light volume : Less than 50 vehicles/day
Medium volume : 50 to 300 vehicles/day
Heavy volume : over 300 vehicles/day

To determine the thickness of the pavement by this method, the group index and the anticipated traffic 
volumes are found. The appropriate design curve (B, C or D) is used according to the traffic volume (Fig. 
29.4) and the total thickness of the pavement (surfacing, base and sub base) is determined. Curve A gives the 
thickness of the sub-base required. Curve E gives the additional base thickness which may be substituted for 
sub-base thickness of curve A.

The method is essentially empirical, which assumes that the soil with identical group indexes possess

Fig. 29.4.
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identical strength after compaction in the field. The method assumes that the subgrade would be compacted 
to a density not less than 95% of the maximum Proctor density. For base and sub-base materials, the density 
should not be less than 100% of the maximum Proctor density. The water table should be at least 1 m below 
the surface.

29.8. CBR METHOD
In this method, the CBR values are used to determine the total thickness of the flexible pavement and the 

thickness of various layers. Fig. 29.5 give the design curves for different wheel loads and traffic conditions. 
The design curves are based on the data 
collected on a large number of pavements 
which performed satisfactorily. The curves 
give the required thickness of construction 
above a material of a certain CBR value. As 
it is evident, the required thickness of 
construction above a material decreases as 
the CBR value increases.

The Indian Road Congress (IRC) has „ 
recommended the design chart given in Fig. | 

29.6. The chart is similar to one used in ”
U.K. The soaked CBR value of the |
subgrade is evaluated and the volume of the | 
traffic is estimated. The total thickness of £ 
the pavement is determined using the _
appropriate curve. Likewise, the CBR value | 
of the sub-base materia] is used to j
determine the thickness of construction over °- 
that material. Obviously, the thickness of I 
the sub-base is equal to the total thickness 1 

above the subgrade minus the thickness of ’ 
construction above the sub-base Likewise, 
the thickness of the base is determined.

The CBR method is based on strength 
parameter of the material and is, therefore, 
more rational than the group index method.
The basic assumption in the method is that a layer of pavement is of superior quality than the layer below it. 
The shortcoming of the method is that it gives the same total thickness above a material irrespective of the 
quality of the overlying layers.

IRC : 37—1970 gives some important recommendations for the determination of CBR value and its use.

29.9. CALIFORNIA RESISTANCE VALUE METHOD
The method uses the California Resistance value, called the R-value.
The R-value is determined by placing the specimen in the stabilometer and by applying the lateral and 

vertical pressures as specified. The R-value is given by

« = 1(in _ _____________ _______________
(2.5/D?)(p„/A - 1) + 1

...(29.2)

where pv = vertical pressure applied (1120 kN/m2), Ph = horizontal pressure transmitted, D2 = displacement of 
stabilometer fluid required to increase the horizontal pressure from 35 kN/m2 to 700 kN/m2, measured in 

number of revolutions of the calibrated pump handle.
Hveem and Carmany (1948) gave the following expression for the total thickness of the pavement
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t _ KT(90 - R) (293) CBR ,*/*) ------ ►

2 3 4 5 6 8 10 20 40 60 80 100
where t = thickness (cm), K = 
numerical constant ( = 0.166), T = 
traffic index, R = stabilometer 
resistance value, C = cohesiomctcr 
value, determined from the 
cohesiometer test.

The traffic index T has been 
empirically provided to estimate the „ 
traffic volume, as |

T - 1.35 (EM.)°“ ...(29.4) = 

where EWL = equivalent wheel load. ® 

29.10. MCLEOD METHOD |
McLeod gave the following 8 

formula for the thickness. 's

t - Klog10(P/S) ...(295) £ 

where t = thickness of gravel base £ 
(cm), P = gross wheel load (kN), S । 
= total subgrade support (kN), K = 
base course constant (varying w 
non-linearly from 75 for bearing 
plate of diameter of 12.5 cm to 210 
for diameter of 125 cm)

The repetitive plate bearing tests 
are conducted using plates of 
different sizes.

The subgrade support (5) is 
determined from the unit support measured or computed for 30 cm diameter plate at 0.5 cm deflection and 
ten repetitions. Fig. 29.7 can be used for determining the ratio (r) of the unit sub-grade support (S£ for the 

Fig. 29.7.
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design wheel diameter to Si that on 30 cm diameter plate. The curves for different deflections between 0.25 
cm and 1.75 cm are shown. Thus

S2 - rSi ...(29.6)

The design subgrade support S is obtained by multiplying the value of S2 by the contact area of the 

wheel. Thus

S - S2 x a ...(29.7)
where a = contact area of the wheel (cm2).

29.11. TRIAXIAL TEST METHOD
The triaxial compression test is conducted on a soil specimen under a lateral pressure of 140 kN/m2 and 

the value of the modulus of elasticity is determined from the stress-strain curve.
The thickness of the pavement in cm can be determined using the formula given by the Kansas Highway 

Deptt.

where P = wheel load (kN), E = modulus of elasticity (kN/cm2), x = traffic coefficient (0.5 to 2.0), y 
saturation coefficient ( = 0.5 to 1.0), a = area of contact (cm2), A = design deflection ( = 0.25 cm).

29.12. BURMISTER’S METHOD
Burmister developed a method considering the pavement as a layered system. The Burmister theory is 

based on the following assumptions.

(1) The material in each layer is homogeneous, isotropic and elastic.
(2) The surface layer is infinite in the horizontal direction and finite in the vertical direction. The 

underlying layer is infinite in both directions.

(3) The layers are in continuous contact.
(4) The top layer is free of shearing stresses and normal stresses outside the loaded area.

The displacement equation given by Burmister can be written as, assuming - np = 0.50,

A - 1.5^^2 for flexible plates ...(29.9)

paF-)
and A = 1.18 ■ for rigid plates ...(29.10)

where p = uniform pressure, a = radius of plate, F2 = deflection factor, and Es = modulus of the soil

Fig. 29.8 gives the values of the deflection factor F2. It depends upon the ratio of the modulus of the 
subgrade (E,) and the modulus of pavement layer Ep. The ratio (h/a) is equal to the thickness of the base layer 

divided by the radius of the load. It may be noted that for a single layer, h = 0 and Es/Ep = 1.0, and hence 
F2 = 1.0 and the solution reduces to Boussinesq’s settlement equation.

The design procedure can be summarised as under.
(1) Determine Es by conducting a plate bearing test on a 30 cm diameter plate over the subgrade.

£< - 11’f“ ...(29.11)

(2) Calculate F2 by conducting a plate bearing test on the pavement, 

„ A x Es
F* - -(29'12>

(3) For the computed value of F2 and the given value of (h/a) ratio, determine E, /Ep from Fig. 29.8.



PAVEMENT DESIGN 781

Fig. 29.8.

(4) Determine the contact radius of the design load, as

a - y/—

np
where P = design load and p = tyre pressure.

(5) Compute the new value of F2 for the design deflection A ( = 0.5 cm or 0.25 cm).

_ A
2 1.5 pa

(6) For the computed values of F2 and Es /Ep ratio, determine the h/a ratio from Fig. 29.8.

(7) Determine h from the h/a ratio.

...(29.13)

...(29.14)

29.13. COEFFICIENT OF SUBGRADE REACTION
For the design of rigid pavements, the coefficient of subgrade reaction is required. As discussed in 

chapter 24, the coefficient of subgrade reaction (k) is defined as the pressure per unit deformation of the 
subgrade at a specified deformation or pressure level. Thus

‘ ...(29.15)

where k = modulus of subgrade reaction (kN/cm3), p = pressure (kN/cm2), and A = deformation (cm)

[Note. In this chapter, k, is also used for i].

The test set-up for the determination of the coefficient subgrade reaction is similar to that in a plate load 
test (chapter 23). It consists of a loading frame which has a hydraulic jack, a proving ring and a reaction 
beam (Fig. 29.9). The dial gauges are used for the measurement of the settlement of the plate. These gauges 
rest on a separate datum frame. The standard size of the plate is 75 cm diameter.

The test site is levelled and the plate is properly seated on the prepared surface. The stiffening plates of
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Fig. 29.9. Set-up for Determination of Coefficient of Subgrade Reaction.

progressively decreasing diameters are placed over the plate. The jack and proving ring assembly are fitted to 
provide reaction. Three or four dial gauges are fixed on the periphery of the plate from the datum frame.

A seating load of 7 kN/m2 is first applied and 

released after a few seconds. Ure load is then applied on 
the plate to cause a settlement of approximately 0.25 
mm. When there is no perceptible increase in settlement 
or when the rate of settlement is less than 0.025 mm per 
minute, the dial gauge readings are taken and the average 
settlement is found. The procedure is repeaed till the 
settlement is about 0.175 cm.

A graph is plotted between the mean bearing 
pressure (p) and the settlement (Fig. 29.10). The pressure 
corresponding to a settlement of 0.125 cm is read from 
the plot, and the value of A: is determined as

or

‘ - ofe kN/a”1 

, p X 106 .... < 
k “ ^I25~ kN/m'

...(29.16)

...[29.16(a)]

Fig. 29.10.

To allow for the effect of possible future softening of subgrade, the value of k obtained is corrected for 
full saturation. Two specimens are prepared for the consolidation test, one without soaking and the other 
fully soaked. The consolidation tests are conducted and the pressures required for a deformation of 0.125 cm 
are determined for the two specimens. The corrected modulus of subgrade reaction is given by

k - *(tCSt)  x y 

where p = pressure for the unsoaked specimen, 
and ps = pressure for the soaked specimen.

...(29.17)

29.14. WESTERGAARD’S ANALYSIS
The rigid pavements are constructed of cement concrete, which may or may not have reinforcement. 

These pavements develop slab action due to their high tensile strength. The stresses in the subgrade below a 
rigid pavement are greatly reduced due to the load-spreading capacity. The failure of rigid pavements usually 
occurs by overstressing of the concrete and not by overstressing of the subgrade. The thickness determination 
is generally based on the calculation of stresses in the concrete.

The stresses in the concrete slab due to wheel loads are determined using Wcstergaard’s theory. 
Westergaard considered the rigid pavement as a thin elastic plate resting on soil subgrade. The upward 
reaction at any point is assumed to be proportional to the deflection at that point. The slab deflection depends
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upon the stiffness of the subgrade and the flexural strength of the slab. Thus the pressure-deformation 
characteristics of a rigid pavement depend upon the relative stiffness of the slab and the subgrade. 
Westergaard defined the radius of relative stiffness as

[12(1 - K2)‘] ...(29.18)

where I = radius of relative stiffness (cm), E = modulus of elasticity of cement concrete (kN/cm p. = 
Poisson’s ratio of cement concrete, h = slab thickness (cm), k = modulus of subgrade reaction (kN/cm3).

As the pavement slab has a finite length and width, the intensity of maximum stress induced due to a 
wheel load depends upon the location of the load. The following three locations are critical.

(1) Interior loading. When the load is applied in the interior of the slab at any point away from all 
edges.

(2) Edge loading. When the load is applied on an edge of the slab at any point away from a comer.
(3) Corner loading. When the centre of the load is located on the bisector of the comer angle formed 

by two intersecting edges of the slab, and the loaded area is at the comer touching the edges.
Westergaard gave the following equations for the critical stresses based on the assumption that the 

cement concrete slab is homogeneous and has uniform elastic properties. It is further assumed that the vertical 
subgrade reaction is proportional to Ihe deflection.

Interior loading

Edge loading

Comer loading

o_ _ 03±6P [41ogio(//d) + L069]

oe - [41og10(Z/b) + 0359]

...(29.19)

...(29.20)

...(29.21)

where P wheel load (kN), h = slab thickness (cm), I = radius of effective stiffness (cm), a = radius of wheel 
load distribution (cm), b = equivalent radius of resisting action (cm).

The value of b is given by b - V1.6a2 + h2 - 0.675 h for a < 1.724 h .. .[29.22(a)]

and b-a fora a 1.724h ...(29.22(b)]
Ihe above equations require trial and error solution if the slab thickness A is to be found for the given 

allowable values of stresses. Bradbury gave a simplified solution in the form of charts.
Westergaard’s equations as given above have been modified by various investigators. The stresses at the 

edge and the comer are generally found to be critical for the design of rigid pavements. IRC recommends the 
following equation for the determination of stresses at the edges and the comers.

For edge loading (Teller and Sutherland, 1943)

a,- 0.529 p (1 + 03411) [4log10(1/b) t tog105 - 0.4048] ...(29.23)

For comer loading (Kelley, 1939)

The above equations are presented in the form of stress charts (Figs. 29.11 and 29.12). Ihe charts ^iven 
are applicable for a particular set of design parameters, viz; P = 41 kN; a = 15 cm; E = 3 x 103 kN/cm ; and 

H = 0.15. However, different curves are given for different value of the coefficient of subgrade reaction (Ar) 
between 60 N/cm3 and 300 N/cm3. The design curves are for slab thickness from h = 15 to 25 cm.
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Fig. 29.11.
Slab thickness (cm)- 

Fig. 29.12.

29.15. TEMPERATURE STRESSES IN RIGID PAVEMENTS
A cement concrete slab expands when the temperature increases and contracts when the temperature 

decreases. If the slab is free to change its length, there would be no stresses due to temperature changes. In 
rigid pavements, the slab is restrained against free deformation either by its own weight or by action of 
frictional forces. Consequently, the stresses are induced due to temperature changes. The stresses due to 
temperature changes can be divided into two categories.

(1) Warping stresses, (2) Frictional stresses.
1. Warping Stresses. These stresses develop due to differential changes in the top and bottom surfaces 

of the slab. The temperature change that occurs on the top surface is not transmitted immediately throughout 
the entire thickness. The temperature difference causes different changes in the top and bottom surfaces and 
a warping or bending in the slab occurs during this period.

Bradburry gave the following equations for warping stresses.

At interior, a,(i) - + -fi) ...(29.25)

CtE at (LEat
At edges, G,(e) ----------------- or o,(e) - —, whichever is higher. ...(2926)

At comers, o,(c) - ...(29.27)

where a coefficient of linear expansion (10 x KT*  per °C) and Cx and Cy are warping stress coefficients (Fig. 

29.13).
2. Frictional stresses. If the temperature of the concrete remains constant for a long time, the 

temperatures of the top surface and the bottom surface become equal. At that stage, there is a uniform 
lengthening or shortening of the slab and there is no warping. As the slab is in contact with the subgrade, the 
slab movements are restrained due to the friction between the bottom surface of the pavement and the 
subgrade.

The frictional stresses are given by

°'-£w
where = frictional stress (kN/cm2), L = length of the slab (m). = unit weight of concrete (kN/cm3), / = 

coefficient of subgrade restraint (- 1.5).
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Fig. 29.13.

To reduce temperature stresses, expansion joints, contraction joints and warping joins are provided in the 
pavement.

29.16. COMBINED STRESSES IN RIGID PAVEMENTS
For proper design of a rigid pavement, it is necessary to consider the most critical combinations of the 

stresses due to loads and temperature stresses.
(1) During summer, the critical combination for interior and edge regions occurs during mid-day when 

the slab tends to warp downward.

Maximum stress at the bottom fibre = load stress + warping stress — frictional stress ...(29.29)
(2) However, during winter, the critical combination for the above regions occurs when the slab contracts 

and the slab warps downward during mid-day.

Maximum stress at the bottom fibre = load stress + warping stress + frictional stress ...(29.30)
Generally, Eq. 29.29 governs, as the differential temperatures are more in summer than in winter.
(3) For comer regions, the most critical combination occurs during the midnight when the slab warps 

upward.
Maximum stress at top fibre = load stress + warping stress ...(29.31)

ILLUSTRATIVE EXAMPLES

Illustrative Example 29.1. A sample of subgrade has a group index of 8. Design the pavement for the 
anticipated traffic volume of over 300 commercial vehicles per day.

Solution. As the traffic is heavy, curve D of Fig. 29.4 is applicable.

Total thickness = 500 mm
From Curve A, the thickness of sub-base = 200 mm
Therefore, thickness of base and surfacing = 500 — 200 = 300 mm.
Illustrative Example 29.2. The CBR value of subgrade is 10%. Determine the total thickness of the 

pavement using IRC method. There are more than 4500 vehicles per day.
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Solution. From Fig. 29.6, using curve G, 

total thickness = 360 mm
Illustrative Example 293. Determine the stresses at interior, edge and corner regions of a rigid 

pavement using Wcstergaard’s method. Take P = 41 kN; E = 3 x 103 kN/cm2, h = 20 cm, p = 0.15, k = 40 
N/cnt3 and a = 15 cm.

Solution. From Eqs. 29.18, I - 

or / -

From Eq. 29.22 (a), b =

From Eq. 29.19, G; =

a,- ■

From Eq. 29.20, ae -

From Eq. 29.21, ac =

12(1 - p2)*  ]

3 x 103 x (20)3 V 

12 (1 - 0.152) x 0.04 ]

71.6a2 + h2 - 0.675 A

- 84.57 cm

71.6 x 152 + (20)2 - 0.675 X 20 - 14.07 cm

[41ogl0 (//A) + 1.069]

0316 x^41.0 [4 iogj0 (84.57/14.07) + 1.069] = 0.1355 kN/cm2

0 572 P
[41og10(//h) + 0.359]

"W1'09'1410810 (84-57/14-07) + °-359i - °-2037 kN/cra2

PROBLEMS

A. Numerical
29.1. A sample of subgrade gave the following results.

(a) Soil portion passing 0.074 mm sieve
(A) Liquid Limit

= 55%.
= 45

29.2.

293.

(c) Plastic Limit = 25
Design the pavement by group index method for an anticipated traffic volume of over 300 commercial 

vehicles per day. [Ans. Total thickness = 50 cm, Sub-base = 10 cm]
The CBR value of subgrade is 8 percent. Determine the total thickness of flexible pavement using design charts 
recommended by IRC. There are more than 4500 vehicles per day. [Ans. 40 cm]
Determine the stresses at interior, edge and corner of a cement concrete pavement by Wcstergaard’s equations, 
(a) Modulus of elasticity of concrete = 3 x 103 kN/cm2
(A) Poisson’s ratio
(c) Thickness of concrete pavement
(d) Modulus of subgrade reaction
(e) Wheel load
(f) Radius of loaded area

= 0.03 kN/cm3

= 41.0 kN
= 12 cm

[Ans. ci = 0.1265, Qe = 0.1946, ac = 0.1652 kN/cm2]
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29.4. Determine the warping stresses for a concrete pavement of thickness 20 cm with transverse joints at 15 m 
spacing and longitudinal joints at 3.5 m spacing. For concrete, E = 3 x 10’ kN/cm , p = 0.15. Take the modulus 
of subgrade reaction as 30 N/cm". Assume temperature differential for day conditions to be 1 °C per cm of slab 
thickness and the coefficient of linear expansion of concrete as 10 x 10~6 per °C. The radius of load area is 
15cm.

B. Descriptive Type and Objective Type
29.5. What are different types of pavements ? Explain their salient characteristics.
29.6. What are the various factors that affect the design of pavement ?
29.7. Describe the following methods of the design of flexible pavement.

(a) Group index method
CBR method

(c) Burmister’s Method.
29.8. Discuss Westergaard’s analysis for the rigid pavements.
29.9. Explain the following terms.

(a) Modulus of subgrade reaction.
(/>) Radius of relative stiffness.

29.10. Discuss the effect of temperature stresses on the design of rigid pavements.
29.11. Write whether the following statements are true or false

(a) The flexible pavements are capable of bridging small depressions in the subgrade.
(£>) Generally, the CBR for 5.0 mm is greater than that for 2.5 mm.
(c) The higher the value of the group index, the poorer is the subgrade.
(<■/) The units for the coefficient of subgrade reaction are kN/cm2.

(e) For comer regions of the rigid pavements, the critical stresses usually occur during the midnight.
[Ans. True (c), (e)J

C. Multiple Choice Questions
1. For rigid pavements, generally the'following component (is omitted

(a) Surfacing (/>) Base
(c) Sub base (</) Subgrade

2. The minimum surcharge load for the C.B.R. test is
(a) 2.5 kg (/>) 3.5 kg
(c) 4.5 kg Id) 5.5 kg

3. The standard size of the plate for the coefficient of subgrade reaction lest is
(a) 50 cm (h) 75 cm
(c) 100 (d) 125 cm

[Ans. 1. (c), 2. (c), 3. (6)]



30
Laboratory Experiments

Some of the more commonly conducted laboratory experiments are described below.
30.1. Experiment No. 1. To determine the water-content of a soil sample by oven-drying method.

Theory. The water content (w) of a soil sample is equal to the mass of water divided by the mass of solids.

where Mi = mass of empty container, with lid,
M2 = mass of the container with wet soil and lid, 
M$ = mass of the container with dry soil and lid.

Equipment. (1) Thermostatically controlled oven, maintained at a temperature of 110° ± 5°C; (2) 
Weighing balance, with accuracy of 0.04% of the mass of the soil taken; (3) Desiccator, with any suitable 
desiccating agent; (4) Airtight container made of non-corrodible material, with lid; (5) Tongs.

Soil Specimen. The soil specimen should be representative of the soil mass. The quantity of the specimen 
taken would depend upon the gradation and the maximum size of particles. For more than 90% of the 
particles passing 425 p IS sieve, the minimum quantity is 25 g.

Procedure: (1) Clean the container, dry it and weight it with lid (Mfi.

(2) Take the required quantity of the wet specimen in the container and close it with lid. Take the mass (Af^.

(3) Place the container, with its lid removed, in the oven till its mass becomes constant (normally for 24 
hours).

(4) When the soil has dried, remove the container from the oven, using tongs.

Replace the lid on the container. Cool it in a desiccator.

Data Sheet for Water content by Oven-drying Method

Result. The water content of the sample = 14.91%.

S.No. Observations and calculations
Determination No.

' 1 2 3

(1)
(2)
(3)
(4)

(5)
(6)
(7)

Observations
Container No.
Mass of empty container (Mi)
Mass of container + soil (M2)
Mass of container + dry soil (M3) 
Calculations
Mass of water^Vfw = M2 - M3
Mass of solids, Ms = M3 - Mi
Water content, w - (5)/(6) x 100

401
20.12 g
44.32 g
41.18 g

3.14g
21.06 g

14.91

402 403
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(5) Find the mass (M3) of the container with lid and dry soil sample.

Observations and calculations. Observations and calculations are shown in the data sheet.

302 Experiment No. 2. To determine the water content of a soil sample by pycnometer method.
Theory. A pycnometer is a glass jar of about 1 litre capacity, fitted with a brass conical cap by means 

of a screw-type cover. The cap has a small hole of about 6 mm diameter at its apex.
The water content (w) of the sample is obtained as

where Afj = mass of empty pycnometer;
Af2 = mass of pycnometer and wet soil;
M3 = mass of pycnometer and soil, filled with water;

Mu = mass of pycnometer filled with water only;
G = specific gravity of solids.

Equipment (1) Pycnometer; (2) Weighing balance with an accuracy of 1.0 g; (3) Glass rod.
Procedure. (1) Wash and clean the pycnometer and dry it.
(2) Determine the mass of the pycnometer, with brass cap and washer (Mi), accurate to 1 g.

(3) Place about 200 to 400 g of wet soil specimen in the pycnometer and weigh it with its cap and 
washer (M2).

(4) Fill water in the pycnometer containing the wet soil specimen to about its half height.
(5) Mix the contents thorougly with a glass rod. Add more water and stir it. Fill the pycnometer with 

water, flush with the hole in the conical cap.
(6) Dry the pycnometer from outside and take its mass (M3).

(7) Empty the pycnometer. Clean it thoroughly. Fill it with water, flush with the hole in the conical cap 
and weigh (A/4).

Observations and calculations 

See the data sheet.
Data sheet for water-content by pycnometer method

Specific gravity of solids = 2.67

Result. Water content of the sample = 21.32%.

SJVo. Observations and calculations
Determination No.

1 2 3

1.
2.
3.
4.

5.
6.
7.

8.

Observations
Mass of empty pycnometer (Afi)
Mass of pycnometer and wet soil (M2)
Mass of pycnometer soil, filled with water (M3) 
Mass of pycnometer filled with water only (Ma) 
Calculations
M2 - Mi
M3 - Ma
(G - 1)/G

580 g 
844 g 
1606 g
1470 g

264 g
136 g 
0.625

21.32%

303. Experiment No. 3. To determine the specific gravity of solids by the density bottle method.
Theory. The specific gravity of solid particles is the ratio of the mass density of solids to that of water. 

It is determined in the laboratory using the relation
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" (M2 - w,) - (M3 - M4)

where Afj = mass of empty bottle;
M2 = mass of the bottle and dry soil;
M3 = mass of bottle, soil and water,
Af4 = mass of bottle filled with water only.

Equipment. (1) 50 ml density bottle with stopper; (2) Oven (105° to 110°C); (3) Constant temperature 
water bath (27°C); (4) Vacuum desiccator; (5) Vacuum pump; (6) Weighing balance, accuracy 0.001 g; (7) 
Spatula.

Procedure.
(1) Wash the density bottle and dry it in an oven at 105°C to 110°C. Cool it in the desiccator.
(2) Weigh the bottle, with stopper, to the nearest 0.001 g (M^.

(3) Take 5 to 10 g of the oven-dried soil sample and transfer it to the density bottle.
Weigh the bottle with the stopper and the dry sample (Mj).

(4) Add de-aired distilled water to the density bottle just enough to cover the soil. Shake gently to mix 
soil and water.

(5) Place the bottle containing the soil and water, after removing the stopper, in the vacuum desiccator.
(6) Evacuate the desiccator gradually by operating the vacuum pump. Reduce the pressure to about 20 

mm of mercury. Keep the bottle in the desiccator for at least 1 hour or until no further movement of air is 
noticed.

(7) Release the vacuum and remove the lid of the desiccator.
Stir the soil in the bottle carefully with a spatula. Before removing the spatula from the bottle, the 

particles of soil adhering to it should be washed off with a few drops of air-free water.
Replace the lid of the desiccator and again apply vacuum.
Repeat the procedure until no more air is evolved from the specimen.

[Note. In case a vacuum desiccator is not available, the entrapped air can be removed by heating the density 
bottle on a water bath or a sand bath.]

(8) Remove the bottle from the desiccator. Add air-free water until the bottle is full. Insert the stopper.
(9) Immerse the bottle upto the neck in a constant-temperature bath for approximately 1 hour or until it 

has attained the constant temperature.
If there is an apparent decrease in the volume of the liquid in the bottle, remove the stopper and add 

more water to the bottle and replace the stopper. Again place the bottle in the water bath. Allow sufficient 
time to ensure that the bottle and its content attain the constant temperature.

(10) Take out the bottle from the water bath. Wipe it clean and dry it from outside.

Fill the capillary in the stopper with drops of distilled water, if necessary.
(11) Determine the mass of the bottle and its contents (M3).

(12) Empty the bottle and clean it thoroughly. Fill it with distilled water. Insert the stopper.
(13) Immerse the bottle in the constant-temperature bath for 1 hour or until it has attained the constant 

temperature of the bath.
If there is an apparent decrease in the volume of the liquid, remove the stopper and add more water. 

Again keep it in the water bath.

(14) Take out the bottle from the water bath. Wipe it dry and take the mass (Af4).

Observations and calculations
See the data sheet.
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Data Sheet for Specific Gravity by Density Bottle

SJVb. Observations and calculations
Determination No.

1 2 3

Observations
i. Density Bottle No. 301 302 303
2. Mass of emply density bottle (Mi) 41.302 g
3. Mass of bottle dry soil (Mj) 54.103 g
4. Mass of bottle, soil and water (M3) 99.082 g
5. Mass of bottle filled with water (M4) 91.112 g

Calculations
6. M2 - Mi 12.801 g
7. M3 - M4 7.970 g

8.
r <6)

(6) - (7) 2.65

Result. Specific gravity of solids = 2.65.

30.4. Experiment No. 4. To determine the specific gravity of solids by pycnometer method.
Theory. The pycnometer method can be used for the determination of the specific gravity of solid 

particles of both fine-grained and coarse-grained soils. The specific gravity of solids is determined using the 
relation

(M2 - MQ_____
' (M2 - M,) - (M3 - M4)

where = mass of empty pycnometer,
M2 = mass of pycnometer and dry soil;
M3 = mass of pycnometer, soil, and water;

= mass of pycnometer filled with water only.

Equipment (1) Pycnometer of about 1 litre capacity; (2) Weighing balance, with an accuracy of 1 g; (3) 
Glass rod; (4) Vacuum pump.

Procedure. (1) Clean and dry the pycnometer. Tightly screw its cap. Take its mass (A/x) to the nearest 
0.1 g.

(2) Mark the cap and pycnometer with a vertical line parallel to the axis of the pycnometer to ensure that 
the cap is screwed to the same mark each time.

(3) Unscrew the cap and place about 200 g of oven-dried soil in the pycnometer.

Screw the cap. Determine the mass (Mj).

(4) Unscrew the cap and add sufficient amount of de-aired water to the pycnometer so as to cover the 
soil. Screw on the cap.

(5) Shake well the contents. Connect the pycnometer to a vacuum pump, to remove the entrapped air, for 
about 20 minutes for fine- grained soils and for about 10 minutes for coarse-grained soils.

(6) Disconnect the vacuum pump. Fill the pycnometer with water, about three fourths full.

Reapply the vacuum for about 5 minutes, till air bubbles stop appearing on the surface of the water.
(7) Fill the pycnometer with water completely, upto the mark. Dry it from outside. Take its mass (AJj).

(8) Record the temperature of contents.
(9) Empty the pycnometer. Clean it and wipe it dry.
(10) Fill the pycnometer with water only. Screw on the cap upto the mark. Wipe it dry. Take its mass (M4).
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Data Sheet for Specific Gravity by Pycnometer Method

Result. Specific gravity of solids at 26°C = 2.65.

S.No. Observations and calculations
Determination No.

1 2 3
Observations

1. Pycnometer No. 401 402 403
2. Room temperature 26°C
3. Mass of empty phenometer (Afi) 580 g
4. Mass of pycnometer and dry soil (Afa) 800g
5. Mass of pycnometer, soil and water (M3) 1707 g
6. Mass of pycnometer and water (W4) 1570 g

Calculations
7. M2 - Mi 220 g
8. M3 - M4 137 g

9. 2.65

30.5. Experiment No. 5. To determine the dry density of the soil by core cutter methods.
Theory. A cylindrical core cutter is a seamless steel tube. For determination of the dry density of the soil, 

the cutter is pressed into the soil mass so that it is filled with the soil. The cutter filled with the soil is lifted 
up. Tlie mass of the soil in the cutter is determined. The dry density is obtained as

= V = (M/v)
P 1 + w 1 + w

where M = mass of the wet soil in the cutter;
V = internal volume of the cutter; w = water content.

Equipment (1) Cylindrical core cutter, 100 mm internal diameter and 130 mm long; (2) Steel rammer, 
mass 9 kg. overall length, with the foot and staff about 900 mm; (3) Steel dolley, 25 mm high and 100 mm 
internal diameter, (4) Weighing balance, accuracy 1 g; (5) Palette knife; (6) Straight edge, steel rule, etc.

Procedure. (1) Determine the internal diameter and height of the core cutter to the nearest 0.25 mm.
(2) Determine the mass (M[) of the cutter to the nearest gram.

Data Sheet for Dry Density by Core Cutter Method

Result. Dry density = 1.666 g/ml.

SWo. Observations and calculations
Determination No.

1 2 3

1.
2.
3.

4.
5.

6.
7.

8.

9.

Observations
Core cutter No.
Internal diameter
Internal height

Mass Of empty core cutter (Afi)
Mass Of core cutter with soils (Afa)

Calculations
Mass of wet soil, Af = Afa - Afi
Volume of cutter, V
Water content (determined as in Experiment 30-1), 
say.

Dry density =

501
100 mm

129.75 mm

1130 g
3120 g

1990 g
1019.05 ml

17.75 %

1.66 gm/ml

502 503



LABORATORY EXPERIMENTS 793

(3) Expose a small area of the soil mass to be tested. Level the surface, about 300 mm square in area.
(4) Place the dolley over the top of the core cutter and press the core cutter into the soil mass using the 

rammer.
Stop the process of pressing when about 15 mm of the dolley protrudes above the soil surface.
(5) Remove the soil surrounding the core cutter, and take out the core cutter. Some soil would project 

from the lower end of the cutter.
(6) Remove the dolley. Trim the top and bottom surface of the core cutter carefully using a straight edge.
(7) Weigh the core cutter filled with the soil to the nearest gram (M^.

(8) Remove the core of the soil from the cutter. Take a representative sample for the water content 
determination.

Determine the water content, as described in Experiment 30.1.

30.6. Experiment No. 6. To determine in-situ dry density by the sand replacement method.
Theory. A hole of specified dimensions is excavated in the ground. The mass of the excavated soil is 

determined.
The volume of the hole is determined by filling it with clean, uniform sand whose dry density (p,) is 

determined separately by calibration. The volume of the hole is equal to the mass of the sand filled in the 
hole divided by its dry density.

The dry density of the excavated soil is determined as

where M - mass of the excavated soil; V = volume of the hole; and w = water content.

Equipment. (1) Sand—pouring cylinder; (2) Calibrating container, 100 mm diameter and 150 mm height; 
(3) Soil cutting and excavating tools, such as a scraper tool, bent spoon; (4) Glass plate, 450 mm square, 9 
mm thick; (5) Metal container to collect excavated soil; (6) Metal tray, 300 mm square and 40 mm deep with 
a hole of 100 mm in diameter at the centre; (7) Weighing balance; (8) Moisture content cans; (9) Oven; (10) 
Desiccator.

Clean, uniform sand passing 1 mm IS sieve and retained on 600 micron IS sieve in sufficient quantity.

Part—I Calibration
Procedure (1) Determine the internal volume of the calibrating container by filling it with water and 

determining the mass of water required. The mass of water in grams is approximately equal to the volume in 
millilitres. The volume may also be determined from the measured dimensions of the container.

(2) Fill the sand-pouring cylinder with sand, within about 10 mm of its top. Determine the mass of the 
cylinder (<Wj) to the nearest gram.

(3) Place the sand-pouring cylinder vertically on the calibrating container.
Open the shutter to allow the sand run out from the cylinder into the calibrating container till it fills the 

cone of the cylinder and the calibrating container. When there is no further movement of the sand in the 
cylinder, close the shutter.

(4) Lift the pouring cylinder from the calibrating container and weigh it to the nearest gram (A/3).

(5) Again fill the pouring cylinder with sand, within 10 mm of its top.
(6) Open the shutter and allow the sand to run out of the cylinder. When the volume of the sand let out 

is equal to the volume of the calibrating container, close the shutter.
(7) Place the cylinder over a plane surface, such as a glass plate. Open the shutter. The sand fills the cone 

of the cylinder. Close the shutter when no further movement of sand takes place.
(8) Remove the cylinder. Collect the sand left on the glass plate.
Determine the mass of sand (M?) that had filled the cone by weighing the collected sand.

(9) Determine the dry density of sand, as-shown in the data sheet, part-I.
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Part—II. Dry Density
Procedure. (1) Expose an area of about 450 mtn square on the surface of the soil mass.
Trim the surface down to a level surface, using a scraper tool.
(2) Place the metal tray on the levelled surface.
(3) Excavate the soil through the central hole of the tray, using the hole in the tray as a pattern.
The depth of the excavated hole should be about 150 mm.
(4) Collect all the excavated soil in a metal container, and determine the mass of the soil (Af).
(5) Remove the metal tray from the excavated hole.
(6) Fill the sand-pouring cylinder within 10 mm of its top. Determine its mass (Afj).

(7) Place the cylinder directly over the excavated hole. Allow the sand to run out of the cylinder by 
opening the shutter.

Close the shutter when the hole is completely filled and no further movement of sand is observed.
(8) Remove the cylinder from the filled hole. Determine the mass of the cylinder (Af4).

(9) Take a representative sample of the excavated soil. Determine its water content, as explained in the 
experiment 30—1.

Determine the dry density of soil as shown in the data sheet, Part—II.

Data Sheet for Sand Replacement Method
Part—I. Calibration for Dry Density of Sand

SWo. Observations and calculations
Determination No.

1 2 3

1.
2.

3.

4.

5.

6.

Observations
Volume of calibrating cone (Vc)
Mass of pouring cylinder (Afi), filled with sand
Mass of puring cylinder after pouring sand into 
the calibrating container and cone (M3)
Mass of sand in the cone (M2)

Calculations
Mass of sand in the calibrating container
Mc - (2) - (3) - (4)
Dry density of sand
pi - Mc/Vc

980 ml 
11040 g

9120 g

450 g

1470 g

1.5 g/ml

Part—IL Dry Density of soil.

Result Dry density = 1.72 g/ml.

S.No. Observations and calculations
Determination No.

1 2 3

1.
2.
3.

4.
5.

7.

Observations
Mass of excavated soil (Af)
Mass of pouring cylinder (Afi), filled with sand

Mass of pouring cylinder after pouring into the 
hole and cone (Afi)

Calculations
Mass of sand in the hole M, = Mi - M4 - M2
Volume of sand in the hole V - Ms/ pt
Bulk density, p - M/V
Water content, determined as in experiment 
30-1 (w), say, 
_ . . p M/V

2310 g 
11040 g

8840 g

1750 g
1166.67 ml
1.98 g/ml

15%

8. ury density = ~ ~— — y—y— 1.72 g/ml
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30.7. Experiment No. 7. To determine the dry density of a soil sample by water- displacement method.
Theory. A soil specimen of regular shape is coated with paraffin wax to make it impervious to water. 

The total volume (V,) of the waxed specimen is found by determining the volume of water displaced by the 

specimen. The volume of the specimen (V) is given by

y^y
' Pp

where M, = mass of waxed specimen; M = mass of the specimen without wax; pp = density of paraffin.

Dry density of specimen •=

Equipment. (1) Water-displacement apparatus; (2) Weighting balance, accuracy 1 g; (3) Paraffin wax; (4) 
Cutting knife; (5) Heater; (6) Oven; (7) Measuring jar; (8) Brush; (9) Water content container.

Pro cedure. (1) Take the soil specimen. Trim it to a regular shape. Avoid re-entrant comers. Weigh the 
specimen (M).

(2) Take some paraffin wax and melt it on a heater. Apply a coat of melted paraffin wax to the specimen 
with a brush. When it has hardened, apply another coat.

Take the mass of the waxed specimen (M,).

(3) Fill the water-displacement apparatus with water. When the overflow occurs, close tire valve.
(4) Place a measuring jar below the overflow tube of the apparatus. Open the valve.
(5) Immerse the waxed specimen slowly into the water in the apparatus. Water overflows. Collect the 

overflowed water in the jar.

Determine the volume of the water collected (V,).

(6) Take out the waxed specimen from the apparatus. Dry it from outside.
(7) Remove the paraffin wax by peeling it off.
(8) Cut the specimen into two pieces. Take a representative sample for the water content determination. 

Determine the water content, as in Experiment 30.1.

Data sheet for Water-displacement Method
Density of paraffin (pp) = 0.91 g/ml.

Result. Dry density of soil = 1.75 g/ml.

S.No. Observations and calculations
Determination No.

1 2 3

Observations
1. Mass of specimen (M) 650 g

2. Mass of waxed specimen (Mi} 681 g

3.
Volume of waxed specimen by water-displacement 
(V.) 362 g

Calculations
4. Mass of wax = Mi - M 31 g

5. Volume of wax (Vp) = (Mt - M}/pp 34.06 ml

6. Volume of specimen (V) - V, - Vp 327.06 ml

7. Water-content, as in experiment 30-1, (h>) 13%

8.
„ . .... M/V 
Dry density (pa) = ( 1.75 g/ml
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30.8. Experiment No. 8. To determine the particle size distribution of a soil by sieving.
Theory. The soil is sieved through a set of sieves. The material retained on different sieves is determined. 

The percentage of material retained on any sieve is given by

Mn
ft - « 1°°

where M„ = mass of soil retained on sieve

and M - total mass of the sample.

The cumulative percentage of the material retained,

C„ - Pl + P2 + — +P0

where pi,P2> etc, are the percentages retained on sieve *1 ’, ‘2’, etc. which are coarser than sieve ‘n’. The 
percentage finer than the sieve *n ’,

N„ - 100 — Cn

Equipment. (1) Set of fine sieves, 2 mm, 1 mm, 600 p, 425 p, 212 p, 150 p. and 75 p; (2) Set of coarse 
sieves, 100 mm, 80 mm, 40 mm, 20 mm, 10 mm and 4.75 mm; (3) Weighing balance, with accuracy of 0.1% 
of the mass of sample; (4) Oven, (5) Mechanical shaker; (6) Trays; (7) Mortar, with a rubber covered pestle; 
(8) Brushes; (9) Riffler.

Part—I. Coarse sieve Analysis
Procedure. (1) Take the required quantity of the sample. Sieve it through a 4.75 mm IS sieve. Take the 

soil fraction retained on 4.75 mm IS sieve for the coarse sieve analysis (part I) and that passing through the 
sieve for the fine sieve analysis (part II).

(2) Sieve the sample through the set of coarse sieves, by hand.
While sieving through each sieve, the sieve should be agitated such that the sample rolls in irregular 

motion over the sieve. The material retained on the sieves may be rubbed with the rubber pestle in the mortar, 
if necessary. Care shall be taken so as not to break the individual particles. The quantity of the material taken 
for sieving on each sieve shall be such that the maximum mass of material retained on each sieve does not 
exceed the specified value.

(3) Determine the mass of the material retained on each sieve.
(4) Calculate the percentage of soil retained on each sieve on the basis of the total mass of the sample, 

taken in step (1).
(5) Determine the percentage passing through each sieve.

Part—II. Fine sieve analysis
(6) Take the portion of the soil passing 4.75 mm IS sieve. Oven dry it at 105° to 100°C. Weigh it to 0.1% 

of the total mass.

(7) Sieve the soil through the nest of fine sieves. The sieves should be agitated so that the sample rolls 
in irregular motion over the sieves. However, no particles should be pushed through the sieve.

(8) Take the material retained on various sieves in a mortar. Rub it with rubber pestle, but do not try to 
break individual particles.

(9) Resieve the material through the nest of sieves.

A minimum of 10 minutes of shaking is required if a mechanical shaker is used.

(10) Collect the soil fraction retained on each sieve in a separate container. Take the mass.

(11) Determine the percentage retained, cumulative percentage retained, and the percentage finer, based 
on the total mass taken in step (1).
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Data Sheet for Sieve Analysis
Total mass of dry soil = 400 g
Mass of soil retained on 4.75 mm sieve = 200 g
Mass of soil passing 4.75 mm sieve = 200 g.

5. No.
Observations Calculations

IS Sieve
Size of 

Opening
Mass of soil 

retained
Percentage 

retained
Cumulative 
% retained % finer

Coarse Fraction Part I)
1. 100 mm 100 mm — —
2. 80 mm 80 mm — —
3. 40 mm 40 mm — —
4. 20 mm 20 mm 30.0 g 7.50 7.50 92.50
5. 10 mm 10 mm 62.0 g 15.50 23.00 77.00
6. 4.75 mm 4.75 mm 108.0 g 27.00 50.00 50.00

Fine Fraction (P rt II)
7. 2 mm 2 mm 30.5 g 7.62 57.62 42.38
8. 1 mm 1 mm 24.0 g 6.00 63.62 36.38
9. 600 p 0.600 mm 17.5 g 4.38 68.00 32.00
10: 425 p 0.425 mm 16.0 g 4.00 72.00 28.00
11. 300 p 0.300 mm 14.0 g 3.50 75.50 24.50
12. 212 p 0.212 mm 18.0 g 4.50 80.00 20.00
13. 150 p 0.150 mm 22.0 g 5.50 85.50 14.50
14. 75 p 0.075 mm 36.0 g 9.00 94.50 5.50
15. Pan — 22.0 g 5.50 100.00

Result. Percentage finer given in the last column can bc used to plot the particle size distribution curve 
with particle size as abscissa on log scale and the percentage finer as ordinate.
[Note. If the fine fraction contains an appreciable amount of clay particles, the wet sieve analysis is required. 
Alternatively, the following method may be used.

Before conducting step (7), add the water containing sodium hexa- metaphosphate at the rate of 2 g per 
litre of water to the soil fraction. Stir the mix thoroughly and leave for soaking. Wash the soaked specimen 
on a 75p IS sieve until the water passing the sieve is clear. Take the fraction retained on the sieve and dry it 
in an oven. Sieve the oven dried soil through the nest of sieves as discussed in step (7). Perform further steps, 
as before.

Obviously, the mass of material which would have been retained on pan is equal to the original mass of 
the soil before washing minus the dry mass of the soil retained on 75p IS sieve after washing.]

30.9. Experiment No. 9. To determine the particle size distribution by the hydrometer method.
Theory. Hydrometer method is used to determine the particle size distribution of fine-grained soils 

passing 75p sieve. The hydrometer measures the specific gravity of the soil suspension at the centre of its 
bulb. The specific gravity depends upon the mass of solids present, which, in turn, depends on the particle 
size. The particle size (D) is given by

D -

in which, q = viscosity of water (poise), G = specific gravity of solids; pw =

density of water (gm/ml); g = 981 cm/sec2, Hc = effective depth (cm);

observation is taken, reckoned with respect to the beginning of sedimentation.
= time in minutes at which

The percentage finer than the size D is given by
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N " x m * 10010—11 Ms

where R = corrected hydrometer reading; M, = mass of dry soil in 1000 ml suspension.

Equipment (1) Hydrometer; (2) Glass measuring cylinder (jar), 1000 ml; (3) Rubber bung for the 
cylinder (jar); (4) Mechanical stirrer; (5) Weighing balance, accuracy 0.01 g (6) Oven (7) Desiccator; (8) 
Evaporating dish; (9) Conical flask or beaker, 1000 ml; (10) Stop watch; (11) Wash bottle; (12) Thermometer; 
(13) Glass rod; (14) Water bath; (15) 75 p sieve; (16) Scale; (17) Deflocculating agent.

Procedure.
Part—I Calibration of hydrometer

(1) Take about 800 ml of water in one measuring cylinder. Place the cylinder on a table and observe the 
initial reading.

(2) Immerse the hydrometer in the cylinder. Take the reading after the immersion.
(3) Determine the volume of the hydrometer (Vw), which is equal to the difference between the final and 

initial readings.
Alternatively, weigh the hydrometer to the nearest 0.1 g. The volume of the hydrometer in ml is 

approximately equal to its mass in grams.
(4) Determine the area of cross-section (A) of the cylinder. It is equal to the volume indicated between 

any two graduations divided by the distance between them. The distance is measured with an accurate scale.
(5) Measure the distance between the hydrometer neck and the bottom of the bulb. Record it as the 

height of the bulb (h).
(6) Measure the distance (H) between the neck to each of the marks on the hydrometer (Rh).

(7) Determine the effective depth (He), corresponding to each of the mark (Rh), as

[Note. The factor VH/A should not be considered when the hydrometer is not taken out when taking readings 
after start of the sedimentation at 1/2, 1, 2 and 4 minutes].

(8) Draw a calibration curve between Hc and Rh. Alternatively, prepare a table between Hc and Rh.

The curve may be used for finding the effective depth He corresponding to reading Rh.

Part—II Meniscus correction
(1) Insert the hydrometer in the measuring cylinder containing about 700 ml of water.
(2) Take the readings of the hydrometer at the top and at the bottom of the meniscus.
(3) Determine the meniscus correction, which is equal to the difference between the two readings.
(4) The meniscus correction (Cm) is positive and is a constant for the hydrometer.

(5) The observed hydrometer reading (Rh') is corrected to obtain the corrected hydrometer reading (Rh) as

= Rh + C„

Part—III Pretreatment and Dispersion
(1) Weigh accurately, to nearest 0.01 g, about 50 g air-dried soil sample passing 2 mm IS sieve, obtained 

by riffling from the air-dried sample passing 4.75 mm IS sieve.
Place the sample in a wide mouthed conical flask.
(2) Add about 150 ml of hydrogen peroxide to the soil sample in the flask.
Stir it gently with a glass rod for a few minutes.
(3) Cover the flask with a glass plate, and leave it to stand overnight.
(4) Heat the mixture in the conical flask gently after keeping it in an evaporating dish.
Stir the contents periodically. When vigorous frothing subsides, the reaction is complete. Reduce the 
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volume to 50 ml by boiling. Stop heating and cool the contents.
(5) If the soil contains insoluble calcium compounds, add about 50 ml of hydrochloric acid to the cooled 

mixture.
Stir the solution with a glass rod for a few minutes. Allow it to stand for one hour or so. The solution 

would have an acid reaction to litmus when the treatment is complete.
(6) Filter the mixture and wash it with warm water until the filtrate shows no acid reaction.
(7) Transfer the damp soil on the filter and funnel to an evaporating dish, using a jet of distilled water. 

Use the minimum quantity of distilled water.
(8) Place the evaporating dish and its contents in an oven, and dry it at 105° to 110°C.
Transfer the dish to a desiccator, and allow it to cool.
(9) Take the mass of the oven dried soil after pretreatment, and And the loss of mass due to pretreatment.
(10) Add 100 ml of sodium hexa-metaphosphate solution to the oven-dried soil in the evaporating dish 

after pretreatment.
(11) Warm the mixture gently for about 10 minutes.
(12) Transfer the mixture to the cup of a mechanical mixer. Use a jet of distilled water to wash all traces 

of the soil out of the evaporating dish. Use about 150 ml of water. Stir the mixture for about 15 minutes.
(13) TYansfer the soil suspension to a 75 p IS sieve placed on a receiver (pan).
Wash the soil on this sieve using a jet of distilled water. Use about 500 ml of water.
(14) Transfer the soil suspension passing 75 p sieve to a 1000 ml measuring cylinder.
Add more water to make the volume exactly equal to 1000 mL
(15) Collect the material retained on 75 p sieve. Dry it in an oven. Determine its mass. If required, do 

the sieve analysis of this fraction.

Part—IV. Sedimentation Test
(1) Place the rubber bung on the open end of the measuring cylinder containing the soil suspension.
Shake it vigorously end-over-end to mix the suspension thoroughly.
(2) Remove the bung after the shaking is complete. Place the measuring cylinder on the table and start 

the stop watch.
(3) Immerse the hydrometer gently to a depth slightly below the floating depth, and then allow it to float 

freely.
(4) Take hydrometer reading (Rh') after 1/2, 1, 2 and 4 minutes, without removing the hydrometer from 

the cylinder.
(5) Take out the hydrometer from the cylinder, rinse it with distilled water.

(6) Float the hydrometer in another cylinder containing only distilled water at the same temperature as 
that of the test cylinder.

(7) Take out the hydrometer from the distilled water cylinder and clean its stem.
Insert it in the cylinder containing suspension to take the reading at the total elapsed time interval of 8 

minutes. About 10 seconds should be taken while taking the reading. Remove the hydrometer, rinse it and 
place it the distilled water cylinder after reading.

(8) Repeat the Step (7) to take readings at 15, 30, 60, 120 and 240 minutes elapsed time interval.
(9) After 240 minutes (4 hours) reading, take readings twice within 24 hours. Exact time of each reading 

should be noted.
(10) Record the temperature of the suspension once during the first 15 minutes, and thereafter at the time 

of every subsequent reading.
(11) After the final reading, pour the suspension in an evaporating dish. Dry it in an oven and find its 

dry mass.
(12) Determine the composite correction before the start of the test, and also at 30 minutes, 1, 2 and 4 

hours. Thereafter, just after each reading, composite correction is determined.



800 SOIL MECHANICS AND FOUNDATION ENGINEERING

(13) For the determination of the composite correction (C), insert the hydrometer in the comparison 
cylinder containing 100 ml of dispersing agent solution in 1000 ml of distilled water at the same temperature. 
Take the reading corresponding to the top of meniscus. The negative of the reading is the composite 
correction.

Data Sheet for Hydrometer Test
Mass of dry soil (Ms) = 50 g; Meniscus correction (C„) = +0.4

Result. Particle size distribution curve can be plotted using the last two columns.

30.10. Experiment No. 10. To determine the liquid limit of a soil specimen.
Theory. The liquid limit of a soil is the water content at which the soil behaves practically like a liquid, but 

has a small shear strength. It flows to close the groove in just 25 blows in Casagrande’s liquid limit device.
As it is difficult to get exactly 25 blows in a test, 3 to 4 tests arc conducted, and the number of blows 

(N) required in each test is determined. A semi-log plot is drawn between log N and the water content (w). 
The liquid limit is the water content corresponding to N = 25, as obtained from the plot.

Equipment. (1) Casagrande’s liquid limit device; (2) Grooving tools of both Standard and ASTM types; 
(3) Oven; (4) Evaporating dish or glass sheet; (5) Spatula; (6) 425 p IS sieve; (7) Weighing balance, accuracy 
0.01 g; (8) Wash bottle.

Procedure. (1) Adjust the drop of the cup of the liquid limit device by releasing the two screws at the 
top and by using the handle of the grooving tool or a gauge.

The drop should be exactly 1 cm at the point of contact on the base. Tighten the screw after adjustment.
(2) Ihkc about 120 g of the air-dried soil sample passing 425 p IS sieve.
(3) Mix the sample thoroughly with distilled water in an evaporating dish or a glass plate to form a 

uniform paste. Mixing should be continued for about 15 to 30 minutes, till a uniform mix is obtained.
(4) Keep the mix under humid conditions for obtaining uniform moisture distribution for sufficient 

period. For some fat clays, this maturing time may be upto 24 hours.
(5) Take a portion of the matured paste and remix it thoroughly. Place it in the cup of the device by a 

spatula and level it by a spatula or a straight edge to have a maximum depth of the soil as 1 cm at the point 
of the maximum thickness.
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The excess soil, if any, should be transferred to the evaporating dish.
(6) Cut a groove in the sample in the cup by using the appropriate tool. Draw the grooving tool through 

the paste in the cup along the symmetrical axis, along the diameter through the centre line of the cam. Hold 
the tool perpendicular to the cup.

(7) Turn the handle of the device at a rate of 2 revolutions per second.
Count the number of blows until the two halves of the soil specimen come in contact at the bottom of 

the groove along a distance of 12 mm due to flow and not by sliding.
(8) Collect a representative specimen of the soil by moving spatula width-wise from one edge to the 

other edge of the soil cake, at right-angles to the groove. This should include the portion of the groove in 
which the soil flowed to close the groove.

Place the specimen in an air-tight container for the water content determination. Determine the water 
content.

(9) Remove the remaining soil from the cup. Mix it with the soil left in the evaporating dish.
(10) Change the water content of the mix in the evaporating dish, either by adding more water if the 

water content is to be increased, or by kneading the soil, if the water content is to be decreased.
In no case, the dry soil should be added to reduce the water content.
(11) Repeat steps 4 to 10, and determine the number of blows (N) and the water content in each case.
(12) Draw the flow curve between log N and w, and determine the liquid limit corresponding to N = 25.

Data Sheet for Liquid Limit Test

SJfo. Observations and calculations
Determination No.

1 2 3
Observations

1. No. of blows (N) 15
2. Water content can No. 101
3. Mass of empty can (Afi) 25.15 g
4. Mass of can + wet soil (Af2) 36.93 g
5. Mass of can + dry soil (Afa) 33.81 g

Calculations
6. Mass of water = Af 2 - Afa 3.12 g
7. Mass of dry soil = Afa - Afi 8.66 g

8. Water content, w = x 100 36 %

Result. Draw a flow curve between log N and w. Liquid limit (for N = 25) = ...

30.11. Experiment No. 11. To determine the plastic limit of a soil specimen.
Theory. The plastic limit of a soil is the water content of the soil below which it ceases to be plastic. It 

begins to crumble when rolled into threads of 3 mm diameter.
Equipment. (1) Porcelain evaporating dish, about 120 mm diameter or a flat glass plate, 450 mm square 

and 10 mm thick; (2) Ground glass plate, about 200 mm x 150 mm; (3) Metallic rod, 3 mm dia. and 100 mm 
long; (4) Oven; (5) Spatula or palette knife; (6) Moisture content can.

Procedure. (1) Take about 30 g of air-dried soil from a thoroughly mixed sample of the soil passing 
425|i sieve.

(2) Mix the soil with distilled water in an evaporating dish or on a glass plate to make it plastic enough 
to shape into a small ball.

(3) Leave the plastic soil mass for some time for maturing. For some fat clays, this period may be even 
upto 24 hours.

(4) Take about 8 g of the plastic soil, and roll it with fingers on a glass plate. The rate of the rolling 
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should be about 80 to 90 strokes per minute to form a thread of 3 mm diameter, counting one stroke when 
the hand moves forward and backward to the staring point.

(5) If the diameter of the thread becomes less than 3 mm without cracks, it shows that the water content 
is more than the plastic limit. Knead the soil to reduce the water content, and roll it again into thread.

Repeat the process of alternate rolling and kneading until the thread crumbles, and the soil can no longer 
be rolled into thread.
[Note. If the crumbling occurs when the thread has a diameter slightly greater than 3 mm, it may be taken as 
the plastic limit, provided the soil had been rolled into a thread of 3 mm diameter immediately before 
kneading. Do not attempt to produce failure exactly at 3 mm diameter.]

(6) Collect the pieces of the crumbled soil thread in a moisture content container.
(7) Repeat the procedure at least twice more with fresh samples of plastic soil each time.

Data Sheet for Plastic Limit Test

S.No. Observations and calculations
Determination No.

1 2 3
Observations

1. Moisture content container No. 101 102 103
2. Mass of empty container (Mi) 24.12 g
3. Mass of container + wet soil (M2) 30.28 g
4. Mass of container + dry soil (M3) 29.12 g

Calculations
5. Mass of water = M2 - M3 116 g
6. Mass of dry soil = M3 - Mi 5.00 g

7. Water Content, w = x 100 
(6) 23.2%

Result. Plastic limit of soil = 23.2%.

30.12. Experiment No. 12. To determine the shrinkage limit of a specimen of the remoulded soil.
Theory. The shrinkage limit is the water content of the soil when the water is just sufficient to fill all 

the pores of the soil, and the soil is just saturated. The volume of the soil does not decrease when the water 
content is reduced below the shrinkage limit. It can be determined from the relation

(M, - Ms) - (V, - _
w5 = ------------------- —-------------------- X 100

Ms

where My = initial wet mass; Vj = initial volume; Ms = dry mass; Vj = volume after drying.

Equipment. (1) Shrinkage dish, having a flat bottom, 45 mm diameter and 15 mm height, (2) Two large 
evaporating dishes about 120 mm diameter, with a pour out and flat bottom; (3) One small mercury dish, 60 
mm diameter; (4) Two glass plates, one plain and one with prongs, 75 mm x 75 mm x 3 mm size, (5) Glass 
cup, 50 mm diameter and 25 mm high; (6) IS sieve 425 p; (7) Oven; (8) Desiccator; (9) Weighing balance, 
accuracy 0.01 g; (10) Spatula; (11) Straight edge; (12) Mercury.

Procedure. (1) Take a sample of mass about 100 g from a thoroughly mixed soil passing 425 p sieve.
(2) Take about 30 g of the soil sample in a large evaporating dish. Mix it with distilled water to make a 

creamy paste which can be readily worked without entrapping the air bubbles.
(3) Take the shrinkage dish. Clean it and determine its mass.
(4) Fill mercury in the shrinkage dish. Remove the excess mercury by pressing the plain glass plate over 

the top of the shrinkage dish. The plate should be flush with the top of the dish, and no air should be 
entrapped.

(5) Transfer the mercury of the shrinkage dish to a mercury weighing dish and determine the mass of the 
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mercury to an accuracy of 0.1 g. The volume of the shrinkage dish is equal to the mass of mercury in grams 
divided by the specific gravity of mercury (viz. 13.6).

(6) Coat the inside of the shrinkage dish with a thin layer of silicon grease or vaseline.
Place the soil specimen in the centre of the shrinkage dish, equal to about one-third the volume of the 

shrinkage dish.
Tap the shrinkage dish on a firm, cushioned surface and allow the paste to flow to the edges.

(7) Add more soil paste, approximately equal to the first portion and tap the shrinkage dish as before, 
until the soil is thoroughly compacted.

Add more soil and continue the tapping till the shrinkage dish is completely filled, and excess soil paste 
projects out about its edge.

Strike out the top surface of the paste with a straight edge. Wipe off all soil adhering to the outside of 
the shrinkage dish. Determine the mass of the wet soil (Mi).

(8) Dry the soil in the shrinkage dish in air until the colour of the pat turns from dark to light. Then dry 
the pat in the oven at 105° to UQ°C to constant mass.

(9) Cool the dry pat in a desiccator. Remove the dry pat from the desiccator after cooling, and weigh the 
shrinkage dish with the dry paHo determine the dry mass of the soil (Ms).

(10) Place a glass cup in a large evaporating dish and fill it with mercury. Remove the excess mercury 
by pressing the glass plate with prongs firmly over the top of the cup. Wipe off any mercury adhering to the 
outside of the cup.

Remove the glass cup full of mercury and place it in another evaporating dish, taking care not to spill 
any mercury from the glass cup.

(11) Take out the dry pat of the soil from the shrinkage dish and immerse it in the glass cup full of 
mercury. Take care not to entrap air under the pat. Press the plate with prongs on the top of the cup firmly.

(12) Collect the mercury displaced by the dry pat in the evaporating dish, and transfer it to the mercury 
weighing dish. Determine the mass of the mercury to an accuracy of 0.1 g. The volume of the dry pat (V^) 
is equal to the mass of the mercury divided by the specific gravity of mercury.

(13) Repeat the test atleast 3 times.

Data Sheet for Shrinkage Limit Test

SJVo. Observations and calculations
Determination No.

1 2 3

1.
Observations

Mass of empty mercury dish 74.2 g
2. Mass of mercry dish, with mercury equal to

361.1gvolume of the shrinkage dish
3. Mass of mercury = (2) - (1) 286.9 g

4. Volume of shrinkage dish, Vi -
13.6

21.1 ml

5. Mass of empty shrinkage dish 23.5 g
6. Mass of shrinkage dish + wet soil 68.4 g
7. Mass of wet soil, Mi - (6) - (5) 44.9 g
8. Mass of shrinkage dish + dry soil 57.3 g
9. Mass of dry soil, Ms = (8) - (5) 33.8 g
10. Mass of mercury dish + mercury equal in

304.3 gvolume of dry pat
11. Mass of mercury displaced by dry pat, = (10) - (1) 230.1 g

12. Volume of dry pat, Vz - 16.92 ml
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Result. Shrinkage Limit = 20.5%.

S.No. Observations and calculations
Determination No.

1 2 3

13.

Calculations

Shnnkage limit, Wj - 2--------------—------------ 20.5 %

14. Shrinkage ratio, SR - 2.0

15.
(Vx - V?\

Volumetric shrinkage, VS - ——— x 100 24.70

30.13. Experiment No. 13. To determine the permeability of a soil specimen by the coastant-head 
permeameter.

Theory. The coefficient of permeability is equal to the rate of flow of water through a unit 
cross-sectional area under a unit hydraulic gradient. In the constant head permeameter, the head causing flow 
through the specimen remains constant throughout the test. The coefficient of permeability (k) is obtained 
from the relation

where q = discharge; Q = total volume of water, t = time period; h = head causing Dow; L = length of 
specimen; A = cross-sectional area.

Equipment. (1) Permeameter mould, internal diameter = 100 mm, effective height = 127.3 mm, 
capacity = 1000 ml; (2) Detachable collar, 100 mm diameter, 60 mm high; (3) Dummy plate, 108 mm diameter, 
12 mm thick; (4) Drainage base, having a porous disc; (5) Drainage cap, having a porous disc with a spring 
attached to the top; (6) Compaction equipment, such as Proctor’s rammer or a static compaction equipment; (7) 
Constant- head water-supply reservoir; (8) Vacuum pump; (9) Constant-head collecting chamber; (10) Stop 
watch; (11) Large funnel; (12) Thermometer; (13) Weighing balance, accuracy 0.1 g; (14) Filter paper.

Procedure. (1) Remove the collar of the mould. Measure the internal dimensions of the mould. Weigh 
the mould, with dummy plate, to the nearest gram.

(2) Apply a little grease on the inside to the mould.
Clamp the mould between the base plate and the extension collar, and place the assembly on a solid base.
(3) Take about 2.5 kg of the soil sample, from a thoroughly mixed wet soil, in the mould. Compact the 

soil at the required dry density, using a suitable compacting device.
(4) Remove the collar and base plate. Trim the excess soil level with the top of the mould.
(5) Clean the outside of the mould and the dummy plate. Find the mass of the soil in the mould.
(6) Take a small specimen of the soil in a container for the water content determination.
(7) Saturate the porous discs (stones).
(8) Place a porous disc on the drainage base, and keep a filter paper oh the porous disc.
(9) Remove the dummy plate, and place the mould with soil on the drainage base, after inserting a 

washer in between.
(10) Clean the edges of the mould. Apply grease in the grooves around them.
(11) Place a filter paper, a porous disc and fix the drainage cap using washers.
(12) Connect the water reservoir to the outlet at the base, and allow the water to flow upwards till it has 

saturated the sample. Let the free water collect for a depth of about 100 mm on the top of the sample.
[Alternatively, the soil of low permeability can be saturated by subjecting the specimen to a gradually 

increasing vacuum with bottom outlet closed so as to remove air from the voids. Increase the vacuum 
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gradually to 700 mm of mercury and maintain it for 15 minutes or more, depending upon the type of soil. 
Follow the evacuation by a process of slow saturation of the sample from the bottom upward under full 
vacuum. When the sample is saturated, close both the lop and bottom outlets].

(13) Fill the empty portion of the mould with deaired water, without disturbing the soil.
(14) Disconnect the reservoir from the outlet at the bottom.
(15) Connect the constant-head reservoir to the drainage cap inlet.
(16) Open the stop cock, and allow the water to flow downward so that all the air is removed.
(17) Close the stop cock, and allow the water to flow through the soil till a steady state is attained.
(18) Start the stop watch, and collect the waler flowing out of the base in a measuring flask for some 

convenient time interval.
(19) Repeat this thrice, keeping the interval the same. Check that the quantity of water collected is 

approximately the same each time.
(20) Measure the difference of head (h) in levels between the constant head reservoir and the outlet in 

the base.
(21) Repeat the test for at least 2 more different intervals.

Data Sheet for Constant Head Permeameter
Diameter = 100 mm; Length = 120 mm; Volume = 942.48 ml, G = 2.67; Area = 7854 mm2.

S.No. Observations and calculations
Determination No.

1 2 3

1.
Observations

Mass of empty mould with base plate 5101 g
2. Mass of mould, soil and base plate 6918 g
3. Hydraulic head (A) 150 mm
4. Time interval (t) 600 s
5. Quantity of flow (Q) 1210 ml

(a) First time in period t 1205 ml
(b) Second time in period t 1215 ml
(c) Third time in period t 1210 ml

Average Q 1210 x 103 mm3

6.
Calculations

Mass of soil = (2) - (1) 1817 g

7.
,, „ . . Mass
Bulk density, p - —------

■ Volume
1.93 g/ml

8. Water-content, w, determined as in Test 30-1 14 %

9. Dry density, pd - -- 1.69 g/ml

10. Vbid Ratio, e - - 1 0.58

11.

pd

Aht 0.205 mm/sec.

Result Coefficient of permeability = 0.205 mm/sec.

30.14. Experiment No. 14. To determine the permeability of a soil specimen by the variable-head 
permeameter.

Theory. The variable-held permeameter is used to measure the permeability of relatively less pervious 
soils. The coefficient of permeability is given by

, 2.30 aL ,
* - A, logio 
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where /q = initial head; h2 = final head; t - time interval; a - cross sectional area of the stand pipe, A = 

cross-sectional area of the specimen, L = length of specimen.
Equipment All the equipment required for the constant-head permeability test (Experiment 30—13), and 

the following.
(1) Graduated glass stand pipe, 5 to 20 mm diameter.
(2) Supporting frame for the stand pipe, and the clamp.

Procedure. Steps 1 to 14, same as in Experiment 30-13.
(15) Connect the stand pipe of suitable diameter to the inlet at the top. Fill the stand pipe with water.

(16) Open the stop cock at the top, and allow the water to flow out till all the air in the mould is 
removed.

(17) Close the stop cock, and allow the water from the stand pipe to flow through the soil specimen.
(18) Select the heights hY and h2 measured above the centre of the outlet such that their difference is 

about 300 to 400 mm.

Mark the level corresponding to a height V/qA2.

(19) Open the valve and start the stop watch. Record the time interval for the head to fall from /q to 
V/q 7x2, aQd also fr°m ^1 ^2 to hi- These two time intervals will be equal if the steady conditions have 

established.
(20) Repeat the step (19) atleast twice, after changing the heights hx and h2.

(21) Stop the flow of water. Disconnect all the parts.
(22) Take a small quantity of the soil specimen for the water content determination.

Data Sheet for Variable-head Permeameter Test
Length of specimen

Area of specimen 

Volume of specimen 

Water content

Diameter of stand pipe 

Area of stand pipe, 

Specific gravity of solids

= 120 mm. Diameter = 100 mm

= jt/4 x (100)2 = 7853.98 mm2.

= ti/4 x (100)2 x 120 - 942.48 x 103 mm 3

= 18%

= 10 mm

a = ir/4 x (10)2 = 78.54 mm2

= 2.67.

S. No. Observations and Calculations
Determination No.

1 2 3

1.
Observations

Mass of mould + base plate 5090 g
2. Mass of mould + base plate + soil 7120 g
3. Initial head, hi 500 mm
4. Final head, hi 200 mm
5. Head V Ai Az 316 mm

6. Time Interval

Ai to VAi hi 25 s
'Jhi hi to hi 25s
hi to hi 50 s

7.
Calculations

Mass of soil = (2) - (1) 2030 g
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Result. Coefficient of permeability = 0.022 mm/sec.

S. No. Observations and Calculations
Detei •nination No.

1 2 3

8.
- „ j Mass
Bulk density, p - —- ------J r Volume 2.15 g/rnl

9. Dry density, p<z - j + H, 1.83 g/ml

10.
G Pw>

Void ratio, e = —*— - 1 0.46

11.
, 2.30 a £ . .. ,
k = ——— logro (/11//12) 0.022 mm/s

30.15. Experiment No. 15. To determine the consolidation characteristics of a soil sample.
Theory. Consolidation of a saturated soil occurs due to expulsion of water under a static, sustained load. 

The consolidation characteristics of soils are required to predict the magnitude and the rate of settlement. The 
following characteristics arc obtained from the consolidation test. As per usual notations (sec chapter 12),

Coefficient of compressiblty,

Coefficient of volume change,

Compression index,

av = -he/ha

Cv = Tv d*/tCoefficient of consolidation,

Equipment. (1) Consolidometer, with a loading device; (2) Specimen ring, made of a non-corroding 
material; (3) Water reservoir to saturate the sample; (4) Porous stones; (5) Soil trimming tools, like fine wire 
saw, knife, spatula, etc.; (6) Weighing balance, accuracy 0.01 g; (7) Oven; (8) Desiccator; (9) Pressure pad; 
(10) Steel ball; (11) Dial gauge, accuracy 0.002 mm; (12) Water content cans; (13) Large container.

Procedure. (1) Clean and dry the metal ring. Measure its diameter and height. Take the mass of the 
empty ring.

(2) Press the ring into the soil sample contained in a large container at ihe desired density and the water 
content. The ring is to be pressed with hands.

(3) Remove the soil around the ring. The soil specimen should project about 10 mm on either side of the 
ring.

Any voids in the specimen due to the removal of large size particles should be filled back by pressing 
the soil lightly.

(4) Trim the specimen flush with the top and bottom of the ring.
(5) Remove any soil particles sticking to the outside of the ring. Weigh the ring with the specimen.
(6) Thke a small quantity of the soil removed during trimming for the water content determination.
(7) Saturate the porous stones by boiling them in distilled waler for about 15 minutes.
(8) Assemble the consolidometer. Place the bottom porous stone, bottom filter paper, specimen, top filter 

paper and the top porous stone, one by one.
(9) Position the loading block centrally on the lop porous stone.
Mount the mould assembly on the loading frame. Centre it such that the load applied is axial. In the case 

of the lever-loading system, counterbalance the system.
(10) Set the dial gauge in position. Allow sufficient margin for the swelling of the soil
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(11) Connect the mould assembly to the water reservoir having the water-level at about the same level as 
the soil specimen.

Allow the water to flow into the specimen till it is fully saturated.
(12) Take the initial reading of the dial gauge.
(13) Apply an initial setting load to give a pressure of 5 kN/m2 (2.5 kN/m2 for very soft soils) to the 

assembly so that there is no swelling.
Allow the setting load to stand till there is no change in the dial gauge reading or for 24 hours.
(14) Take the final gauge reading under the initial setting load.
(15) Apply the first load increment to apply a pressure of 10 kN/m2, and start the stop watch.

Record the dial gauge readings at 0, 0.25, 1.0, 2.25, 4.0, 6.25, 9.00, 12.25, 16.00, 20.25, 25.00, 36, 49, 
64, 81, 100, 121, 144, 169, 196, 225, 256, 289, 324, 361, 400, 500, 600 and 1440 minutes.

(16) Increase the load to apply a pressure of 20 kN/m2, and repeat the step (15). Likewise, increase the 
load to apply a pressure of 40, 80, 160, 320 and 640 kN/m2 or upto the desired pressure.

(17) After the last load increment had been applied and the readings taken, decrease the load to 1/4 of 
the last load, and allow it to stand for 24 hours. Take the dial gauge reading after 24 hours.

Further reduce the load to 1/4 of the previous load and repeat the above procedure. Likewise, further 
reduce the load to 1/4 of the previous load and repeat the procedure. Finally, reduce the load to the initial 
setting load, and keep it for 24 hours, and take the final dial gauge reading.

(18) Dismantle the assembly. Take out the ring with the specimen. Wipe out the excess surface water 
using a blotting paper.

(19) Take the mass of the ring with the specimen.
(20) Dry the specimen in the oven for 24 hours, and determine the dry mass of specimen.

Data Sheet for consolidation Test
Specific gravity of solids, G = 
Area of ring (A) = 
Mass of ring + wet soil = 
Mass of water =
Water content before test =

M, 
Height of solids, Hs = —-—

Height of ring =

Degree of saturation S =

(a) Coefficient of Compressibility

Diameter of ring =
Volume of ring =
Mass of ring + dry soil =
Initial height, Ho =
Mass of dry soil (Ms) =

Initial void ratio, e0 •> - 1

Mass of ring =

Water content after test =

a (kN/m2)
Initial dial 

Reading
Final dial 
Reading

Change in 
hight (&H)

Height
H - Ho±

Height of voids
IflrH,)

Final void ratio 
e - (H-Hs)/Hs

10
20
40
80
160
320
640

Plot a curve between o as abscissa and final void ratio (e) as ordinate for determination of av and 

Plot a graph between log o as abscissa and final void ratio as ordinate for determination of Ce.
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(b) Coefficient of consolidation

Now Cv = 0.848d%)0

30.16. Experiment No. 16. To determine the shear parameters of a sandy soil specimen by direct shear test.
Theory. Shear strength of a soil is its maximum resistance to shearing stresses. The shear strength is 

expressed as
s - c' + a tan <}>'

where c' = effective cohesion; o = effective stress; and <|>' = effective angle of shearing resistance.
The shear tests can be conducted under three different drainage conditions. The direct shear test is 

generally conducted on sandy soils as a consolidated-drained test.
Equipment. (1) Shear box, divided into two halves by a horizontal plane, and fitted with locking and 

spacing screws; (2) Box container to hold the shear box; (3) Base plate having cross grooves on its top 
surface; (4) Grid plates, perforated, 2 nos; (5) Porous stones, 6 mm thick, 2 nos; (6) Loading pad, (7) Loading 
frame; (8) Loading yoke; (9) Proving ring, capacity 2 kN; (10) Dial gauges, accuracy 0.01 mm, 2 nos.; (11) 
Static or dynamic compaction device; (12) Spatula.

Procedure. (1) Measure the internal dimensions of the shear box. Also determine the average thickness 
of the grid plates.

(2) Fix the upper part of the box to the lower part using the locking screws. Attach the base plate to the 
lower part.

(3) Place the grid plate in the shear box keeping the serrations of the grid at right angles to the direction 
of shear. Place a porous stone over the grid plate.

(4) Weigh the shear box with base plate, grid plate and porous stone.

(5) Place the soil specimen in the box. Tamp it directly in the shear box at the required density. When 
the soil in the top half of the shear box is filled upto 10 to 15 mm depth, level the soils surface.

(6) Weigh the box with the soil specimen.
(7) Place the box inside the box container, and fix the loading pad on the box. Mount the box container 

on the loading frame.
(8) Bring the upper half of the box in contact with the proving ring. Check the contact by giving a slight 

movement.
(9) Fill the container with water if the soil is to be saturated; otherwise omit this step.
(10) Mount the loading yoke on the ball placed on the loading pad.
(11) Mount one dial gauge on the loading yoke to record the vertical displacement and another dial gauge 

on the container to record the horizontal displacement.
(12) Place the weights on the loading yoke to apply a normal stress of 25 kN/m2.
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Allow the sample to consolidate under the applied normal stress. Note the reading of the vertical 
displacement dial gauge.

(13) Remove locking screws. Using the spacing screws, raise the upper part slightly above the lower part 
such that the gap is slightly larger than the maximum particle size.

Remove the spacing screws.
(14) Adjust all the dial gauges to read zero. The proving ring should also read zero.
(15) Apply the horizontal shear load at a constant rate of strain of 0.2 mm/minute.
(16) Record readings of the proving ring, the vertical displacement dial gauge and the horizontal 

displacement dial gauge at regular time intervals. Take the first few readings at closer intervals.
(17) Continue the test till the specimen fails or till a strain of 20% is reached.
(18) At the end of the test, remove the specimens from the box, and take a representative sample for the 

water content determination.
(19) Repeat the test on identical specimens under the normal stresses of 50, 100, 200, 400 kN/m2, etc. 

(The range of stresses selected should correspond to the actual field conditions).

Data Sheet for Direct Shear Test
Size of box =
Thickness of specimen = 
Mass of soil specimen = 
Water content = 
Void ratio = 
Mass on hanger = 
Normal stress =

Area of box =
Volume of specimen =
Bulk density =
Dry density =
Tare mass of hanger =
Total mass =

Mass of box + base plate + porous stones + grid plate =
Mass of box + base plate + porous stone + grid plate + soil specimen =

S. No.
Observations Calculations

Elapsed 
time

Horizontal 
dial gauge

Vertical dial 
gange

Proving 
ring

Shear 
displacement

Vertical 
displacement

Shear 
force

Shear 
Stress

Use separate data sheet for tests under different normal stresses. Determine the shear stress at failure in 
each case. Summarise the results as follows.

Test No.
Normal 
Stress

Shear Stress 
at failure

Shear displacement 
at failure

Initial water 
content

Final water 
content

1. 25 kN/m2

2. 50
3. 100
4. 200
5. 400

Pick the Coulomb envelope between the normal stress as abscissa and shear stress at failure as ordinate.

Result From the plot, d = ; <j>' =
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30.17. Experiment No. 17. To determine the unconfined compressive strength of a cohesive soil.
Theory. The unconfined compressive strength (qu) is the load per unit area at which the cylindrical 

specimen of a cohesive soil fails in compression.

where P = axial load at failure; A = corrected area ■ -, where Ao initial area of the specimen; e = axial

strain = change in length/original length.
The undrained shear strength (s) of the soil is equal to one half of the unconfined compressive strength, 

s = qu/2.

Equipment. (1) Unconfined compression apparatus, proving ring type; (2) Proving ring, capacity 1 kN, 
accuracy 1 N; (3) Dial gauge, accuracy 0.01 mm; (4) Weighing balance; (5) Oven; (6) Stop watch; (7) 
Sampling tube; (8) Split mould, 38 mm diameter, 76 mm long; (9)Sample extractor; (10) Knife; (11) Vernier 
callipers; (12) Large mould.

Procedure. (1) Prepare the soil specimen at the desired water content and density in the large mould.
(2) Push the sampling tube into the large mould, and remove the sampling tube filled with the soil For 

undisturbed samples, push the sampling tube into the clay sample.
(3) Saturate the soil sample in the sampling tube by a suitable method.
(4) Coat the split mould lightly with a thin layer of grease. Weigh the mould.
(5) Extrude the sample out of the sampling tube into the split mould, using the sample extractor and the 

knife.
(6) Trim the two ends of the specimen in the split mould.
Weigh the mould with the specimen.
(7) Remove the specimen from the split mould by splitting the mould into two parts.
(8) Measure the length and diameter of the specimen with a vernier callipers.
(9) Place the specimen on the bottom plate of the compression machine.
Adjust the upper plate to make contact with the specimen.
(10) Adjust the dial gauge and the proving-ring gauge to zero.
(11) Apply the compression load to cause an axial strain at the rate of 1/2 to 2% per minute.
(12) Record the dial gauge reading, and the proving ring reading every thirty seconds upto a strain of 

6%. The reading may be taken after every 60 seconds for a strain between 6% to 12%, and every 2 minutes 
or so beyond 12%.

(13) Continue the test until failure surfaces have clearly developed or until an axial strain of 20% is 
reached.

(14) Measure the angle between the failure surface and the horizontal, if possible.
(15) Take the sample from the failure zone of the specimen for the water content determination.

Data Sheet for Unconfined Compression Test
Initial length of the specimen, Lo = 
Initial area of the specimen, Ao = 
Mass of empty split mould = 
Mass of the specimen, M = 
Water content, w =

Specific gravity of solids, G =

w G
Degree of saturation, S =------  x 100

Initial diameter of the specimen, Do = 
Initial volume of the specimen, Vo = 
Mass of split mould + specimen = 
Bulk density, p = M/Vo

Dry density, pd =

Void ratio, e - — - 1
Pd
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S. No.

Observations Calculations

Elapsed 
time

Dial gauge Proving ring Strain 
AL

' “ Lo

Corrected 
area A ^Atil 

(1 - e)

Compressive 
stress 

(o) = P/AReading
Deformation 

(AL) Reading
Load 

(P)

Plot a curve between the compressive stress as ordinate, and axial strain, as abscissa. 
Results. From the plot, unconfined compressive strength, qu =

Shear strength, s = y =

20.18. Experiment No. 18. To determine the compaction characteristics of a soil specimen by Proctor’s 
test.

Theory. Compaction is the process of densification of soil by reducing air voids. The degree of 
compaction of a given soil is measured in terms of its dry density. The dry density is maximum at the 
optimum water content. A curve is drawn between the water content and the dry density to obtain the 
maximum dry density and the optimum water content.

r, A M/V
Dry density = j

where M = total mass of soil; V = volume of soil; and w = water content.
Equipment. (1) Compaction mould, capacity 1000 ml; (2) Rammer, mass 2.6 kg; (3) Detachable base 

plate; (4) Collar, 60 mm high; (5) IS sieve 4.75 mm; (6) Oven; (7) Desiccator; (8) Weighing balance, 
accuracy 1 g; (9) Large mixing pan; (10) Straight edge; (11) Spatula; (12) Graduated jar; (13) Mixing tools, 
spoons, trowels, etc.

Procedure. (1) Take about 20 kg of air-dried soil. Sieve it through 20 mm and 4.75 mm IS sieves.
(2) Calculate the percentage retained on 20 mm sieve, and 4.75 mm sieve, and the percentage passing 

4.75 mm sieve. Do not use the soil retained on 20 mm sieve. Determine the ratio of fraction retained and that 
passing 4.75 mm sieve.

(3) If percentage retained on 4.75 mm sieve is greater than 20, use the larger mould of 150 mm diameter. 
If it is less than 20%, the standard mould of 100 mm diameter can be used. The following procedure is for 
the standard mould.

(4) Mix the soil retained on 4.75 mm sieve and that passing 4.75 mm sieve in the proportions determined 
in Step (2) to obtain about 16 to 18 kg of soil specimen.

(5) Clean and dry the mould and the base plate. Grease them lightly.
(6) Weigh the mould with the base plate to the nearest 1 gram.
(7) Take about 16—18 kg of soil specimen. Add water to it to bring the water content to about 4% if the 

soil is sandy and to about 8% if the soil is clayey.
(8) Keep the soil in an air-tight container for about 18 to 20 hours for maturing. Mix the matured soil 

thoroughly. Divide the processed soil into 6 to 8 parts.
(9) Attach the collar to the mould. Place the mould on a solid base.
(10) Take about 2| kg of the processed soil, and place it in the mould in 3 equal layers.

Take about one-third the quantity first, and compact it by giving 25 blows of the rammer. The blows 
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should be uniformly distributed over the surface of each layer.
The lop surface of the first layer should be scratched with a spatula before placing the second layer. The 

second layer should also be compacted by 25 blows of rammer. likewise, place the third layer and compact

The amount of the soil used should be just sufficient to fill the mould and leaving about 5 mm above the 
top of the mould to be struck off when the collar is removed.

(11) Remove the collar, and trim off the excess soil projecting above the mould using a straight edge.
(12) Clean the base plate and the mould from outside. Weigh it to the nearest gram.
(13) Remove the soil from the mould. The soil may also be ejected out.
(14) Take the soil samples for the water content determination from the top, middle and bottom portions. 

Determine the water content, as in Experiment 30—1.
(15) Add about 3% of the water to a fresh portion of the processed soil, and repeat the steps 10 to 14.

Data Sheet for Compaction Test

Diameter of mould = 100 mm Height of mould = 127.3 mm
Volume of mould, V = rt/4 x (10.0)2 x 12.73 = 1000 ml

Specific gravity of solids, G = 2.67

S.
No. Observations and Calculations

Determination No.

1 2 3 4 5 6

1.
2.

3.

4.

5.

6.

7.

8.

9.

Observations
Mass of empty mould + base plate
Mass of mould + base plate + compacted soil 

Calculations
Mass of compacted soil, M - (2) - (1)

Bulk density, p -

Water content, w (Determined as in Sect. 30-1)

Dry density, pd -

Void ratio, e - G - 1
pj

Dry density at 100% saturation

(pd) theomax =

vpG
Degree of saturation, S - — x 100

5105 g 
6710 g

1605 g

1.61 g/ml 

9 %

1.48 g/ml

0.80

2.15 g/ml

30 %

Plot a curve between w, as abscissa, and pd as ordinate.

Result Max. dry density (from plot) =

Optimum water content (from plot) =

30.19. Experiment No. 19. To determine the California Bearing Ratio (CBR) of a soil specimen.
Theory. The California Bearing Ratio test is conducted for evaluating the suitability of the subgrade and 

the materials used in sub-base and base of a flexible pavement
The plunger in the CBR test penetrates the specimen in the mould at the rate of 1.25 mm per minute. 

The loads required for a penetration of 2.5 mm and 5.0 mm are determined. The penetration load is expressed 
as a percentage of the standard loads at the respective penetration level of 2.5 mm or 5.0 mm.
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CBR value =
Penetration load *
Standard load

The CBR value is determined corresponding to both penetration levels. The greater of these values is 
used for the design of the pavement.

Equipment. (1) CBR mould, inside diameter = 150 mm, total height = 175 mm, with detachable 
extension collar, 50 mm high, and detachable base plate, 10 mm thick.

(2) Spacer disc, 148 mm diameter, 47.7 mm high.
(3) Rammers, light compaction, 2.6 kg, drop 310 mm; heavy compaction, 4.89 kg, drop 450 mm.
(4) Slotted masses, annular, 2.5 kg each, 147 mm diameter, with a hole of 53 mm diameter in the centre.
(5) Cutting collar, steel, which can Gt flush with the mould both outside and inside.
(6) Expansion measuring apparatus, consisting of a perforated plate, 148 mm diameter, with a thread 

screw in the centre and an adjustable contact head to be screwed over the stem, and a metal tripod.
(7) Penetration piston, 50 mm diameter, 100 mm long.
(8) Loading device, capacity 50 kN, equipped with a movable head (or base) at a uniform rate of 1.25 

mm minute.

(9) Two dial gauges, accuracy 0.01 mm.
(10) IS sieves, 4.75 mm and 20 mm size.
Procedure. (1) Sieve the sample through 20 mm IS sieve. Take the material passing 20 mm IS sieve for 

the test. However, make allowance for large size material by replacing plus 20 mm size material by an equal 
amount of material which passes 20 mm IS sieve, but is retained on 4.75 mm IS sieve.

(2) Take about 4.5 to 5.5 kg of the material, as obtained in step (1). Mix it thoroughly with the required 
quantity of water.

If the sample is to be compacted at optimum water content and the corresponding dry density, as found 
by compaction test (light compaction or heavy compaction), take exact quantity of water and the soil to make 
sure that the water content is equal to the optimum water content.

(3) Fix the extension collar to the top of the mould. Also fix the base plate to the bottom.
(4) Insert the spacer disc over the base, with the central hole of the disc at the lower face. Place coarse 

filter paper disc on the top of the displacer disc.
(5) Take the soil sample in the mould. Compact it using either the light compaction rammer or the heavy 

compaction rammer, as desired. For light compaction, the soil is to be compacted in 3 equal layers, each layer 
is given 56 blows by 2.6 kg rammer with drop of 310 mm. For heavy compaction, the soil is compacted in 
5 equal layers, each layer is given 56 blows by 4.89 kg rammer with drop of 450 mm.

(6) Remove the extension collar. Trim even the excess compacted soil carefully with a straight edge with 
the top of the mould. Any hole that may form on the surface of the compacted soil by the removal of the 
coarse particles should be patched with small size particles and levelled.

(7) Loosen the base plate. Remove the base plate and the spacer disc.
(8) Weigh the mould with the compacted soil.
(9) Place a filter paper disc on the base plate. Invert the mould with the compacted soil. Clamp the base 

plate. Place a perforated disc fitted with an extension stem on the specimen top after placing a filter disc.
(10) Place annular masses to produce a surcharge equal to the mass of the base material and wearing cost 

of the pavement expected. Each 2.5 kg annular mass is equivalent to 70 mm of construction material. 
However, a minimum of two annular masses should be placed.

(11) Immerse the mould assembly in a tank full of water. Allow free access of water to the top and 
bottom of the specimen.

(12) Mount the tripod of the expansion measuring device on the edge of the mould, and take the initial 
reading of the dial gauge.

(13) Keep the mould in the tank undisturbed for 96 hours. Take the readings of the dial gauge every 24 
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hours, and note the time of reading.
Maintain water level constant in the tank. Take the final reading at the end of 96 hours.

(14) Remove the tripod. Take out the mould from the tank. Allow the specimen to drain off for 15 
minutes. Remove all the free water on the mould, without disturbing the surface of the specimen.

(15) Weigh the mould with the soaked specimen.

(16) Place the mould containing the specimen, with the base plate in position but the top face exposed, 
on the lower plate of the loading machine. Place the required surcharge masses on the top of the soaked 
specimen.

To prevent upheaval of soil into the hole of the surcharge mass, one 2.5 kg annular mass shall be' placed 
on the soil surface prior to seating the penetration plunger. After that the remaining masses are placed.

(17) Seat the penetration plunger at the centre of the specimen to establish full contact between the 
plunger and the specimen. The seating load should be about 40 N.

(18) Set the load dial gauge and the displacement dial gauge to zero. The initial load already applied to 
the plunger should be considered as zero.

(19) Apply the load on the plunger. Keep the rate of penetration as 125 mm/minute.

Record the load corresponding to penetrations of 0.0, 05, 1.0, 1.5, 2.0, 2.5, 3.0, 4.0, 5.0, 75, 10.0 and 
125 mm. However, record the maximum load and the corresponding penetration if it occurs at a penetration 
of less than 12.5 mm.

(20) At the end of the test, raise the plunger, and remove the mould from the loading machine.

(21) Take about 20 to 50 g of soil specimen from the top 30 mm layer for the water content 
determination. If the water content of the whole specimen is required, take soil specimens from the entire 
depth.

Data Sheet for California Bearing Ratio Test

Optimum water content =
Mass of mould + compacted soil =
Bulk density =

Mass of empty mould = 
Mass of compacted soil =
Dry density =

Soaking and Swelling
Dry density before soaking = 
Bulk density before soaking =
Bulk density after soaking = 
Surcharge mass during soaking =

Date and 
time

Dial gauge 
reading

Total 
expansion

n. , Final reading - initial reading
Final expansion ratio - --------------r ....—:-----------------

Initial height

Penetration Test
Surcharge mass used =

Water content after penetration test =
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S. NO.
Penetration dial gauge Load dial gauge

Corrected 
loadDial gauge 

reading
Penetration 

(mm)
Dial gauge 

reading
Load 
(kN)

1. 0.0 mm
2. 0.5
3. 1.0
4. 1.5
5. 2.0
6. 2.5
7. 3.0
8. 4.0
9. 5.0
10. 7.5
11. 10.0
12. 12.5

Plot the load-penetration curve. Find the corrected loads, after zero correction, corresponding to 
penetrations of 2.5 mm and 5.0 mm.

Result
rnn o < Corrected load at 2.5 mm
CBR (2.5 mm)  --------------——-----------------

CBR(5.0mm) -
Corrected load at 5.0 mm

20.16 100



31
Introduction to Rock Mechanics

31.1. INTRODUCTION
Rock mechanics is the science which deals with the properties of rocks and the special methods related 

with the design and construction of engineering works on the rock, through the rock and below the rock. The 
basic knowledge of rock mechanics is useful for civil engineers. Some of the common civil engineering 
applications are bridges, dams and buildings constructed on the rock foundations, various underground 
installations and tunneling, deep cuts for spillways, stone quarries, etc.

Rock mechanics is an inter-disciplinary subject covering various disciplines such as geology, mining, 
petroleum industry and civil engineering. As defined in chapter 1, rock is the consolidated, coherent and 
relatively hard portion of the earth’s crust. It is a naturally formed, solidly bonded mass of mineral matter 
which cannot be readily broken by hand, and which does not disintegrate on its first wetting and drying cycle.

In general, rocks are strong materials and can take up much more loads as compared to that by soils. 
However, the strength of the rocks is also limited. The rock may fail when the loads are excessively high. 
'The actual behaviour of a rock mass subjected to a change in stress is governed by the mechanical properties 
of the rock material and the geological discontinuities such as faults, joints, fissures, etc.

Large bridges, high dams, tall buildings, long tunnels and deep mines induce large stress changes in the 
rock mass. For exact analysis and proper prediction of the rock behaviour, a complete understanding of the 
engineering properties and the behaviour of rock masses under different loading conditions is essential. This 
chapter gives a brief introduction to the engineering properties and behaviour of rocks.

31.2. GEOLOGICAL CLASSIFICATION OF ROCKS
According to the geological classification, the rocks can be broadly classified into 3 groups.

1. Igneous rocks
2. Sedimentary rocks
3. Metamorphic rocks.

1. Igneous rocks. Igneous rocks are formed by solidification of molten or liquid material called magma. 
The igneous rocks have the minerals augite, feldspar, home blende, mica, quartz, etc. Before solidification 
into rocks, all these mineral are in the molten state. The igneous rocks may be crystalline or glossy (vitreous) 
or a combination of both. The igneous rocks may be further subdivided according to the grain size and colour.

Example of igneous rocks are granite, basalt, diorite, etc.
2. Sedimentary rocks. Sedimentary rocks are formed from mineral particles which had been transported 

by water, wind, etc., or which had been precipitated in water and then solidified. Thus the sedimentary rocks 
are formed by the deposition of fragments of materials like sand, clay, disintegrated rocks, etc. on the 
pre-existing rocks. The process of deposition continues in regular layers. In due course of time, the deposited 
mass becomes a sedimentary rock. Because the sediments get consolidated in horizontal or nearly horizontal 
layers, the sedimentary rocks show characteristic different layers distinctly. The sedimentary rocks can be 
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easily split up along the bedding planes. Sedimentary rocks come from many sources and include distinctly 
different families.

Examples of sedimentary rocks are sand stone, shale, lime stone, etc.
3. Metamorphic rocks. Metamorphic rocks are formed from igneous and sedimentary rocks by very 

large heat and pressure. Sometimes, metamorphic rocks are also formed from already existing metamorphic 
rocks. The process of change to metamorphic rock due to heat and pressure is called metamorphism. Due to 
metamorphism, the original rocks change their character and the resulting mass of rock change into a hard 
and durable foliated material.

Examples of metamorphic rocks are quartzite, marble, gneiss, slate, schist, etc.

313. BASIC TERMINOLOGY
The following terms are commonly used.
1. Rock material. The consolidated aggregate of mineral particles which form the solid material of the 

rock is called rock material. In other words, rock material is the matrix of the solid phase of the rock mass.
2. Intact rock. The intact rock consists of rock material which is free from major discontinuities. An 

intact rock is generally quite strong. Moreover, it can be readily sampled and tested in the laboratory.

3. Major discontinuity. The major discontinuity is a relatively large discontinuity in the rock which is 
fairly well-developed and continuous. However, the shear failure along a major discontinuity does not involve 
any shearing of intact rock material.

4. Structural discontinuity. The structural discontinuity of the rock is a fracture which makes the rock 
mass a discontinuous mass and separates solid blocks of a rock mass.

The structural discontinuities are generally is the form of joints, bedding planes, fissures, faults, shear 
zones, cleavage planes, and solution cavities. These are planes of weakness due to which the strength of rock 
mass is considerably reduced.

5. Rock mass. The rock mass is defined as the aggregate of regular or irregular blocks of rock material. 
These blocks are separated from one another by structural features such as bedding planes, joints, cavities and 
fissures. The rock mass has anisotropy and structural discontinuity.

The rock mass is conceived of discrete intact blocks separated by thin joints. The behaviour of the rock 
mass is governed by a combination of blocks and joint characteristics.

6. Block size. The block size is defined as the average diameter of a typical rock. It is usually expressed 
as a range and a typical values. For example, the block size (10-40 cm), 25 cm.

The concept of block size in rock mechanics is analogous to that of grain size on a microscopic scale.

7. Joint Set. A joint set consists of individual joints which have similar physical and mechanical 
characteristics and which occur in a nearly parallel array. The joints of a rock mass are usually subdivided 
into two or more such sets, which together constitute the jointing system. The characteristics of different joint 
sets are generally different because of different geological origin and history.

8. Faults and shears. These are joints along which there has been shearing movement in the rock mass.
9. Rock quality designation. Rock quality designation (RQD) is frequently used to indicate the quality 

of rock mass. The rock quality designation is defined as the sum total of lengths of the cores of the length 
10 cm and longer recovered from the drilling, expressed as a percentage of the total length of the hole drilled 
(Deere et al, 1967). Thus

D _ Total length of cores in pieces of 10 cm and longer *
Length of run ’

Eq. 31.1. is for core sticks of NX cores (57.2 mm diameter).
The RQD of a rock mass indicates the quality of the rock. It is a measure of the degree of fracturing and 

the amount of weathering in the rock mass. The rocks with RQD from 100 to 90 are classified as excellent 
rocks, and those with RQD from 90 to 75 as good rocks. The rocks with RQD from 75 to 50 are fair rocks, 
whereas those with 50 to 25 are poor rocks. The rocks with RQD less than 25 are very poor rocks.
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10. Joint and Bedding Description. As already mentioned, the strength of a rock mass is considerably 
reduced due to the presence of discontinuities. In general, the greater the number of discontinuities, the more 
is the reduction in strength. Moreover, the degree of such reduction depends upon the spacing, orientation and 
size of the discontinuities.

Table 31.1. gives the general quality of rock mass depending upon the spacing of discontinuities in the 
form of joints and bedding (Deere, 1968 and Singh, 1990).

TABLE 31.1. Quality of rock based on spacing of discontinuities.

Average 
spacing of 

discontinuties
Description

Bedding 
Description

Rock 
quality

Greater than 3m Very wide Very thick Solid rock
1 to 3 m Wide Thick Massive rock
0.3 to 1 m Moderately close Medium Blocky (seamy) rock
0.05 to 0.30 m Close Thin Fractured rock
Less than 0.05 m Very close Very thin Crushed rock

31.4. INDEX PROPERTIES OF ROCKS
Because of a vast range in properties of rocks due to different structures, fabrics and materials, it is 

difficult to determine the properties and to describe rocks quantitatively. Certain properties that are relatively 
easy to measure are used to classify the rocks. These properties are known as the index properties of rocks.

The following are the main index properties of rocks :
1. Unit weight (or mass density) 2. Porosity
3. Permeability 4. Point-load index
5. Slaking and durability 6. Sonic velocity
All these properties are discussed in the following sections.

31.5. UNIT WEIGHT (OR MASS DENSITY)
The mass density (p) of a rock is the mass per unit volume. It is expressed as kg/m3. In rock mechanics, 

the term unit weight is commonly used. The unit weight (y) is the weight per unit volume. It is expressed as 
kN/m3. Sometimes, the term density is also used for unit weight.

The specific gravity of solids (G) is the ratio of the mass density of the rock to the mass density of water. 
The mass density of water is usually taken as 1000 kg/m3. The specific gravity of solids is also equal to the 
ratio of the unit weight of rock to the unit weight of water. The unit weight of water is 9.81 kN/m3 or 
approximately 10 kN/m3. Thus the rock with a specific gravity of the solids of the rock of 2.7 will have a 
unit weight of 27 kN/m3. The specific gravity of the grains of the rock material can be determined by 

grinding it and using the methods discussed in chapter 3 for soil particles.
Rocks show a wider range of unit weights as compared to soils. The unit weight of the rock can be 

determined from the volume and the weight of a carefully drilled core specimen. Table 31.2. gives the 
average values of the dry unit weights of some common rocks.

TABLE 31.2. Dry unit weights of some common rocks

Rock Gabbro Diorite Basalt Marble Granite Shale Gypsum Dense lime 
stone

Dry unit 
weight 

(kN/m3)

29.4 na 27.1 27.0 26.0 22.1 
to

25.7

22.5 20.9

The dry unit weight can be obtained from the wet unit weight by the relation
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YlOSwbWntRJ 81 -22Gffl r ibtn S .10 :T-' ’-l -'Y............................... y.i = -—1— ...(31.2)
stock at)j ,8aiHuaUno3&:U I" !-•'. ? • 1 +'w . -, . '
brtief6>^isahe4fy°Gfiit height,-y is the1 wet unit weight and w is thd’ water content.

A knowledge of unit weight of rock is important for various engineering applications. -For example, 
S^mShf’^iohtiiiitiS ’itiade from heavy 'aggregates would require a smaller volume of concrete in a retaining wall 

than that from light aggregates. In oil shale deposits*  thC unit weight indicated the amount of the mineral 
commodity, as the oil yield is related directly to the unit weight. In coal deposits, the unit weight is related 
to the ash content. ..is/.. • - «.» ■

31.6. POROSITY
lite pdfbSity (ri) of a rock is defined as the ratio iof the void space to the total volume in the rock. It is 

expressed, as a percentage. Thus___  ________________ I_________________ .

jfoca wkaA' ■■ n = y x 1Q0 : _,blw - .,.@1.3)

where F„ is''^''vdlhn?elibf i voids (or pores) arid V is the total volume.
The porosjiy o|"a rocki depends upon a number of1 factors, such as particle-size distribution, sorting, grain 

shape^_degrce.'''m._compaction -and_cementatidri^I<i>ric, solution effects and 'mineralogical composition. The 

porosity is high when all the particles are of the same size. However, in the- case of irregularly shaped 
particles,^tijere is a wide, r^inge of gjrosity.^,^^ &
^.Jjnpigrij^uijwto. polity is. usuallyOnllW 'Y^th^fing hits occurred. As weathering

lakes place, the porosity gradually increases and may become 2071 or even more. Hence, the value of porosity 
in igneous rocks selves’as an index to the quality of Yoclc.

In sedimentary rocks, porosity is.us^tjly. high’ It may vary from almost zero to,as much as 90% in some 
extreme cases. For an averagc^.^nd?.stphc,( its’typical value is 15%. Chalk is one of the mpst porous pf all 

rocks, with a porosity in some..qa^es even greater than 50%. In sedimentary , rpeks, .porosity , generally 
decreases with the age of rock. It also decreasjesLydtb an. increase ^with the .depth below,the..sprfa.cc.,

In unweathered rocks, the mechanical properties such as the unconfined compressive strength and the 
modulus of elasticity can be related to porosity, but there is a Eifgestbftter. and ctirtelhtibn 'is Hot‘perfect.

' The porosity (n)rof:a rock can- be determined from the wntef content by the relation
28 barz.'Hqxa tf il omutov jinu isq Mlgiow . . j imratn z i ^.j.- n» nns*  , "

« " 1 +‘ ^1/?*  0 ,0^ ‘ 1 ‘
ra’vity of’sdli

s avBd lii-w V.£ ’in jfoqj aril to ebiloa ori* ? . , rtfsi
yd banimisjub ‘x.< nso Jooi xil t+*(wwmG/(?^).'  > x;.-' □:?i '-u'-'T T2 i,--. -*(9  

.iqtew fo vjiznab aasm. aril vril ; > oom ,(0) ebdoi !.. ..•

with, mercury, tfie porosity can be determined from the relation

where wm is the mercury content, £^e®ed!;as a ‘proportion' df fhef weight ^bf^ry'weight'Of fhe^rrickTyefotie 
^ef<5^'if?jb^i6n:,oaHfeijrX' iirfiHe^^^b'^vi'ty'h£®<!ifctjry (hSu^lly' taken'asil3.;546):'’- ‘
srii zsvig .£.!€ olddf .tiamiooqa tnoo IwFnb viluiaico c lo ■•ign-.v jri! hns umuku, uiu moii U;n;mii.:ob
31.7. PERMEABILITY r;om

As already defined ir^^enc^np^gi^J.Kt^^q^^(yty;j§,the pascrwith-which a fluid can flow through 
.iiJI])g.jl^^O)LQfjrQck.de^^_upon. the interconnections' ofits pores'aid fissures. Ilhas.becn found that 
^rcyis-hiw is.vafia>fcr mdstVOf rpcksUFc® flbwsoftwater atiabotit Z^GydhdidiSchargcvf#) can be obtained

froftf-JHe relation___ ______________ । i I
«os €ss S oisSI ore-“I TH [ K : mF" j

I r.a: J ' ' i’o •.«
where * is ihe coefficienrof permeability, z^is’the hydrauirchead acting on the distance dx and A is the area 

of cross-section normal totfoc.'direelion;®fi!flpw:'dn:which-4r:jsim6asured.mG sd nso jrigiaw tinu vib orff
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For flow of water at a temperature much different from 2Q°C or flowiof fluids atlneT;lhani;water^.Fqn31'.6 
is modified as h'.abrm-z -j;, .< ii .asawpuq noarnsqrnoo aoT .iiitiiOf oi

lk\ldp\ ^nsite bi:ol Jnioq srii ttoq-n •»i!otnq
9 ’ u dr r ■' ? 3fil orb II .701arf>Biif3foi?7

' ' ' a rnm C‘? moi)
where K is the coefficient of absolute permeability, with a dimension of (I ].’As already'mentioned in ich^pler 
8, K is independent of the properties of the permeant (fluid). It is usually. expressed in,termsA darcy, where 
1 darcy = 0.987 x 10-8 cm. >

p is the coefficient of viscosity of the permeant. For water 
dp is the change in pressure (Note, p = tf).

The coefficient of permeability (ft) of a rock specimen can be de;(enpjne^j^,^)l^^ofia.t,Q5yflb.y jnea^qrpng
the volume (Q) of fluid passed through the specimen under a congtagj^jr pjESSur^^ting.p.Yer.^he surface of 
the fluid for a known period of rime i (Le q = Qll). . ,rti or bsi^Sriod sd bludrte

Alternatively, the permeability of the rock can be determfr^dby U}0.ti)digl-goj^ !gs/f-.In?1t|iis.te^L a,follow 
cylindrical specimen of the rock is prepared by drilling a coaxial central hole in a core. The coefficient of 
permeability is determined from the relation.

tflOgJ/fcZRi)
ft = —2n£ A A—" '■ dignsnia biiol inioq orii «i lxSi--.

where L is the length of the specimen, Aft is the difference Of hehd'!r^l8n,x7?j is ihe' innef 
radius of the specimen and J?2 is the outer radius df 83yfBV fe>iqifi omoa aavig KlE aidr-I

In the radial permeability test, a very large flow, g^adjent c^bji-.easily generated to measure even very 
small permeabilities quite accurately. Fissured rocks show higher permeability for outward flow as_compared 
to that for inward flow. It is due to the fact that when thq,flpw is outward,-^..t^psile body foreq. is,developed 
which opens out the fissures. On the other.hand, ^jvhen .frie-floWt is inward, a compressive force is developed 
which closes the fissures. ---------- - — ----~--------------------------------- ------------ ;----------- ---

The measurement of permeability of the rock is. useful' fdL^tim^gJfiow.oi^aierlail^^

of rock formation. It is also useful for determining the water tightness of the reservoir, dewatering a deep 
chamber and predicting the flow of water into a tunneL TI IJlflASUff 014A .Q.lt

Table 31.3. gives some typical valueS-df thc doeffidehUdffp&rni^biHty',df,diffb^tyfb<M: f&£iiw£ter at
20°C. joi; TOdtnun ni sgifil -sdup as .then orh io yiliidGnib orii gni holla

TABLE 31.3. Topical values of the coefficient of perhieability'1 adnoa9b '^loiolqrnon
--------------xnalipnitryjp nnhftanrffm 3iiohBV i61 leiJnsaaa ar to aril io iflilidtemCI_________

of 
rock

Basalt . ■i :^S^e-rf f‘ji
jtoiJBtio'lxo as rtoiia .Sudan n

igalnili^on bl 
anrrfteSb aza:

joda SoHrfciinuL' 
c«q z vd

Coefficient of 
permeability 
(cm/sec.)

1 x 10'12 1 x 10“9
' tO > 3f!!(
5 x lQ7&.pi

1 x IO-7 
to 1

oii..^»l5.s

1 x 10“® 
Inornmoo sis ;

1 x 10"5 
9xsbnit6>'.vi gni

KflbiXi

3 x 10-3;S)® 
voflo'i ©fr 
ih '.8,'ixKlO)'8

o pnrNT , nAn CTRFNCTH ni ®,aB 1

I, “ rnuibagitii bsnirdsi XmX' , . ...(31.9)
ton adrlo ftigisw vtb iiitoT "

where P is the load at rupture and D is.the distance between the point, loads,^Fig^31,l)^,..ti . jf
The length'of the pieces of drili!1cofe"used for fh’e ’test should Be at least 1.4 times the''diameter. It-tas 

been found that the strength depends upon the size of the specimen. The point load strength reduces to 1/2 to

M&ruiNiMMUMK£m.iu e,.-<v.t, 1 sibnuri'.) bna m. -nm-l pi
The point load strength is frequently used to estimate, the strength of .t)iq,fqck. Tpcpqipj toaq.|Slg;ngtb is 

usually determined by a test given by Broch and Franklin (1972). In . this test*  a rpek ^ec^en Js jjjaded 
between hardened steel cones till failure occurs by the development of'tensile cr^cks’paralipl^itKtlie axis qf 
loading. The point load strength or point load index (f.) is given by J J ‘ J'.'

b 6i~ v.«/ b r :2w>I10i as bofiimioinb at (vp) xsbnt
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1/3 as the diameter of the core is increased from 10 mm 
to 70mm. For comparison purposes, it is the standard 
practice to report the point load strength for a core of 50 
mm diameter. If the diameter of the test specimen is 
different from 50 mm, a suitable size-correction is 
applied.

For reliable results, it is essential that the specimen 
should be carefully prepared. The results are highly 
sensitive to the method and style of loading. The point 
load strength test is quick and simple and is fairly 
reliable. It can even be conducted in the field at the site Fig. 31.1.

of drilling. For rocks with strong anisotropy, such as slates, shales, schists and laminated stones, the test 
should be conducted to determine the strength along as well as perpendicular to the bedding planes.

The point load strength is related to the unconfined compressive strength by the relation

qu - 24 Is(50) ...(31.10)

where qu is the unconfined compressive strength of a cylinder of rock with a length to diameter ratio of 2 to 
1, and 7^50) is the point load strength corrected to a diafiieter of 50 mm. Eq. 31.10 does not give correct 

results for weak rocks for which special correlation studies are required.

Table 31.4 gives some typical values of the point load index for different rocks.

TABLE 31.4. Point Load Index

Type of rock Dolomite Volcanic 
flow rocks

Lime Shale Tertiary sand stone 
and clay stone

Point load index 6.0-11 MPa 3.0-15 MPa 0.25-8 MPa 0.2-8 MPa 0.05-1 MPa

31.9. SLAKING AND DURABILITY
To indicate the durability of a rock, some sort of index is required. However, because natural processes 

affecting the durability of the rock are quite large in number and they are also varied, no index can 
completely describe the durability.

Durability of the rock is essential for various engineering applications. For long life, the rock should be 
durable. It should not disintegrate; otherwise its life and strength would be reduced. The rock may disintegrate 
by various process occurring in nature, such as exfoliation, hydration, slaking, solution, oxidation, abrasion, 
etc.

The following two indexes are commonly used to determine the durability of a rock.

1. Slake durability index 2. Change in liquidity index.

1. Slake durability index. The slake durability index can be determined using the apparatus suggested 
by Franklin and Chandra (1972). It consists of a drum 140 mm in diameter and 100 mm in length. A sieve 
mesh forms the cylindrical walls, with a 2 mm size openings in it.

About 500 g of rock is broken into 10 lumps and placed inside the drum. The drum in turned at 20 r.p.m. 
in a water bath for about 10 minutes. The rock retained inside the drum is then weighed. The slake durability 
index (7d) is determined as follows:

, Rock retained in the drum
4 ” i a----- • u. c.u—zr x 100 ...(31.11)Total dry weight of the rock ' '

Table 31.5 gives the classification of rocks based on the slake durability index, as proposed by Gamble 
(1971)-
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TABLE 31.5. Gamble’s Slake Durability Classification

Durability Slake durability index 
after one 

10-minute cycle

Slake durability index 
after two 

10-minute cycles
Very high Greater than 99 Greater than 98

High 98 — 99 95 — 98
Medium high 95 — 98 85 — 95

Medium 85 — 95 60 — 85
Low 60 — 85 30 — 60

Very low Less than 60 Less than 30

2. Change in Liquidity Index. Morgenstern and Eigenbrod (1974) used a water absorption test to 
determine the amount arid rate of slaking of argillaceous materials. They came to the conclusion that 
non-cemented claystone or shale absorbed water faster than other materials. Moreover, all materials eventually 
attained a final water content equal to their liquid limits. It has been established that the materials with high 
liquid limit arc more severely affected by slaking as compared to those with low liquid limit.

Table 31.6 gives the amount of slaking for different values of liquid limit.

TABLE 31.6. Amount of slaking for different liquid limits

Liquid 
Limit

Less than 
20%

20 — 50% 50 — 90% 90—140% Greater than 
140%

Amount 
of slaking

Very low Low Medium High Very high

The rate of slaking depends upon the change in the liquidity index (A IL) after immersion in water for 2 
hours from the relation

A.4 - ...(31.12)WL wp
where Aw = change in water content of the rock after soaking for 2 hours on filter paper in a funnel, 

wL = water content at the liquid limit, 

wp = water content at the plastic limit.
All the water contents in Eq. 31.12 must be expressed as a percentage of dry weight, The methods for 

the determination of Aw, wL and wp arc the same as those for soil, discussed in chan’cr 4. Based on the rate 

of slaking, the rocks are classified slow if AIL is less then 0.75, fast when AIL is between 0.75 and 1.25 and 
very fast when A 4 is greater than 1.25.

31.10. SONIC VELOCITY
The sonic velocity is the velocity with which stress waves travel through an intact rock. The sonic 

velocity for an intact rock depends upon its elastic properties and density (unit weight). If there are fissures 
in the rock, the sonic velocity is reduced. Therefore, the extent of fissures and discontinuities in a rock mass 
can be assessed by comparing the in-situ wave velocity with the sonic velocity of an intact rock core obtained 
from the same rock mass as determined in the laboratory.

Fourmaintraux (1976) gave a classification system based on longitudinal wave velocity to indicate 

fissuring in rock specimens. The theoretical longitudinal wave velocity (V?) that the specimen could have if 

there were no pore or fissures can be estimated from the mineral composition of the rock from the relation

1 " C:
k ■ f n; -<13-13> 
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where Vlti is the longitudinal wave velocity in mineral constituent i which has a volume proportion C-t in the 

rock and n is the number of such minerals.

Table 31.7. gives the typical values of Vt * for a few rocks?

TABLE 31.7. 'typical values of longitudinal velocity

Rock Gabbro Basalt, 
dolomite

Lime stone Sand stone, 
quartzite

Granite

Longitudinal 
Velocity 

(Vf) (m/s)

7000 6500 — 7000 6000 — 6500 6000 5500 — 6000

The actual longitudinal wave velocity (ty) in the rock specimen as determined in the laboratory is less 

than the theoretical velocity (V?)- The quality index (IQ) is the ratio of the actual velocity to the theoretical 

velocity, expressed as a percentage. Thus

...(31.14)

Founnaintraux established that IQ is affected by pores (spherical holes) in the rock, and can be expressed 
as percentage 

where np is the porosity of the 
non-fissured rock expressed as a 
percent.

It may be noted that Eq. 
31.15 does not give reliable 
results even when there is a 
small fraction of flat cracks 
(fissures) in the rock. Based on 
laboratory measurements and 
microscopic observations of 
fissures in the rock, 
Fourmaintraux proposed a plot 
between IQ and porosity n 
which can be used to determine 
the degree of fracturing of a 
rock specimen (Fig. 31.2).

There are 5 zones in the 
plot. For example, zone I is for 
non- fissured to slightly fissured 
rocks, and zone II for slightly 
fissured to moderately fissured 
rocks.

31.11. CLASSIFICATION OF ROCKS FOR ENGINEERING PURPOSES
Bieniawski (1974) gave the geomechanics classification system, which is commonly used for engineering 

purposes; It provides rock mass rating (RMR) values for different rocks. The RMR value depends upon the' 
rock quality and it may vary from 0 to 100. The RMR is derived from 5 universal parameters given below 
(Gbddihan, 1980).
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1. Strength of rock 2. Drill core quality 3. Joint spacing
4. Joint characteristics 5. Ground water conditions

Sometimes, orientation of joints is also considered as the sixth parameter, especially for specific 
applications in tunneling, mining and foundations.

Increments of rock mass rating corresponding to each of the above parameters are determined. These 
depend upon the characteristics of the rock as explained below. All these increments are added up to 
determine the RMR value.

1. Strength of rock. The RMR value depends upon the unconfined compressive strength of the rock. The 
unconfined compressive strength (<?„) of the rock can be determined from a laboratory compression test on a 
prepared core of the rock. However for the classification of rocks, an approximate value of the compressive 
strength as determined from the point-load test on intact pieces of drill core can be used. The following 
equation is commonly used.

...(31.15)

where Is is the point load strength.

Table 31.8 gives the rock mass rating increments depending upon the point load index and unconfined 
compressive strength of the rock. The increments vary from 15 to 0.

TABLE 31.8. Rock mass rating increments depending upon compressive strength

Point load Index
I, (MPa)

Unconfined Compressive 
Strength (MPa)

Rock mass rating 
increment

Greater than 8 Greater than 200 15
4 — 8 100 — 200 12
2 — 4 50 — 100 7
1—2 25—50 4

__ 10 25 2
— 3 — 10 r Do not use this rock.

— Less than 3 o'

2. Drill core quality. The drill core quality is related to the rock quality designation (RQD). As already 
discussed, the RQD of a rock is determined from the percentage recovery of core in lengths greater than 10 
cm for NX cores (57.2 mm diameter). For other types of cores, the percentage recovery is determined in 
lengths greater than twice the corresponding diameter.

The rock mass rating increments for drill core quality depend upon the RQD value. The increments vary 
from 20 to 3 (see Table 31.9).

TABLE 31.9. Rock mass rating increments for drill core quality

RQD (%) 91 — 100 76 — 90 51 —75 25 — 50 Less than 25

Rating increment 20 17 13 8 3

3. Joint spacing. The rock mass rating depends upon the spacing of joints. The rating increment should 
reflect the joint set which is the most critical for a particular application. If the rock mass has fewer sets of 
joints, the rating is increased.

The rock mass rating increment depends upon the spacing of the most influential joint (Table 31.10). The 
increments vary from 30 to 5.

TABLE 31.10. Rock mass, rating increment for spacing of joints

Joint 
spacing (tn)

Greater than
3

1 —3 03 — 1 0.005 — 0.3 Less than
0.005

Rating increment 30 25 20 10 5
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4. Joint characteristics. The rock mass rating also depends upon the characteristics of joints. The condition 
of joint sets most likely to influence a particular application should be considered for the rating. The increment 
of rock mass rating for joint characteristics depends upon the roughness of the joint. The description of joint 
surface rougness and coating material is weighed towards the smoothest and weakest joint set.

Table 31.11 gives the rating increments depending upon the joint characteristics. The increments vary 
from 25 to 0.

TABLE 31.11. Rock mass rating increment for joint condition

S.No. Joint Description Rating increment
L Very rough surfaces of limited extent; hard wall rock 25
2. Slightly rough surface; aperature less than 1 mm; hard wall rock 20
3. Slightly rough surface; aperature less than 1 mm; soft wall rock 12
4. Smooth surface, or gauge filling 1-5 mm thick or aperatut. of 1-5 mm; joints 

extending more than several meters.
6

5. Open joints filled with more than 5 mm of gouge, or open more than 5 mm; 
joint extending more than several metres

0

5. Ground water condition. Ground water conditions can influence the rock mass behaviour to a large 
extent. The rock mass rating depends upon the general condition of the rock, which, in turn, depends upon 
the ground water. The rock is assigned the category dry, moist, water under moderate pressure or severe water 
problems and the rating increments vary from 10 to 0 (Table 31.12).

The rating increment can also be related to the inflow per 10 m length in lit/min if an exploratory adit 
or pilot tunnel is available at the site for measurement of water inflow. It can also be related to the joint water 
pressure divided by the major principal stress, as given in Table 31.12. It varies from 10 to 1.

TABLE 31.12. Increments of rock mass rating due to ground water condition

S. No. General 
condition

Inflow per 10 m tunel 
length (lit/min)

Joint water pressure 
divided by major 

principal stress

Rating 
increment

1. Completely dry None 0 10
2. Moist 25 0.0 — 0.2 7
3. Water under Moderate 

pressure
25 — 125 0.2 — 0.5 4

4. Severe water problems 125 0.5 1

6. Orientation of joints. The orientation of the joints relative the the work under consideration can have 
an effect on the behaviour of the rock. Accordingly, the sum of the first 5 rating numbers discussed above is 
adjusted. If the orientation of joints is very favorable for the work under consideration, no points are 
subtracted from the sum. However, for unfavorable orientations, there are negative ratings as given in Table 
31.13. For tunnels, the rating decrements are from 0 to 12 and for foundation, the rating decrements are from 
0 to 25, depending on the orientation of joints. For assessment of influence of orientation of the joints for a 
particular work, the advice of an engineering geologist is usually required.

TABLE 31.13. Adjustments in rock mass rating for joint orientation
Assessment of Influence of ■ 

orientation of the work
Rating increments 

for tunnels
Rating increments for 

foundations
Very favourable 0 0
Favourable -2 -2
Fair -5 -7
Unfavourable - 10 - 15
Very unfavourable - 12 -25



INTRODUCTION TO ROCK MECHANICS 827

Rock mass Rating (RMR). As already mentioned, the rock mass rating is obtained by adding up the 
rating increments given in Tables 31.8 to 31.12 and adjusting the sum for orientation of joint as per Table 
31.13. Table 31.14 gives the geomechanics classification of rock masses based on RMR.

For example, a rock mass with the particulars given below will have the RMR of 84, and the rock will 
be classified as very good rock as per Table 31.14.

1. Point load index of 6 MPa =12 (Table 31.8)
2. RQD of 80% =17 (Table 31.9)
3. Joint spacing 2 m =25 (Table 31.10)
4. Very rough surface = 25 (Table 31.11)
5. Moist condition = 7 (Table 31.12)

Total = 86
6. Favourable orientation for foundation = -2 (Table 31.13)

RMR = 84

TABLE 31.14. Geomechanics classification of Rock masses

Class Description of Rock mass RMR
I Very good rock 81 — 100
II Good rock 61 — 80
III Fair rock 41 — 60
IV Poor rock 21 — 40
V Very poor rock 0 — 20

31.12. STRENGTH CLASSIFICATION OF INTACT ROCKS
Intact rocks can be classified according to the uniaxial compressive strength. Deere and Miller (1966) 

suggested the classification given in Table 31.15. The uniaxial compressive strength is determined by testing 
a rode specimen with a length to diameter ratio of 2.

TABLE 31.15. Strength classification of Intact rocks

Uniaxial compressive 
strength (MPa)

Class Description

Greater than 224 A Very high strength
112 — 224 B High strength
56 —112 C Medium strength
28 — 56 D Low strength

Less than 28 E Very low strength

Deere and Miller also classified the intact rocks according to the modulus ratio. The modulus ratio is the 
ratio of the modulus of elasticity to the uniaxial compressive strength. The modulus of elasticity used in the 
classification is the tangent modulus obtained from the stress-strain curve of the specimen in the uniaxial 
compression test at a stress level equal to one half the ultimate strength of the rock. Table 31.16 gives the 
classification based on the modulus ratio.

TABLE 31.16. Rock Classification Based on Modulus Ratio

Modulus 
ratio

Class Description

Over 500 
200 — 500 

Less than 200

H 
M

High modulus ratio 
Medium modulus ratio 
Low modulus ratio
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Combined classification based on strength and modulus ratio
The classification based on compressive strength and that on the modulus ratio can be combined to 

indicate the quality of rock. Two letters are used for classification. The first letter indicates the strength rating 
and the second letter indicates the modulus ratio rating. For example, a high strength rock with a medium 
modulus ratio will be designated as BM. _

31.13. LABORATORY TESTS FOR DETERMINATION OF STRENGTH OF 
ROCKS

The following laboratory tests are commonly used for determination of the strength 
of rocks :

1. Unconfincd compression test 2. Triaxial compression test
3. Splitting tension test 4. Beam bending test
5. Ring shear test
All these tests are briefly described below (Goodman, 1980)
1. Unconfined compression test. The unconfined compression test is the most 

commonly used strength test on rocks. For accurate results, the test should be performed 
carefully. The specimen should be in the form of a cylinder of length to width ratio varying 
from 2 to 2.5. The ends of the specimen should be fiat, smooth and parallel. The ends should 
be exactly perpendicular to the axis of the cylinder. Cores obtained during explorations are 
usually trimmed for this purpose. The specimen is subjected to compression between the 
cross-head and the platen of a compression testing machine (Fig. 31.3)

According to IS : 9143-1979, the specimen should preferably have a diameter of 45 
mm. In no case, the diameter should be less than 35 mm. The load should be applied 
continuously with a stress rate of 0.5 to 1.0 MPa per second.

Table 31.17 gives some typical values of compressive strength of some rocks.
The compressive strength (g„) is determined from the relation

Fig. 31,3.

<?u = P/A ...(31.16)
where P is the peak load and A is the initial area of cross-section of the specimen.

2. Triaxial compression Test The triaxial compression test in principle is similar to that used for soils 
(chapter 13). The cylindrical specimen is first subjected to the lateral pressure and then deviatoric stress is 
applied. As the stresses are quite large, a special type of equipment 
is required for conducting the test (Fig. 31.4).

The usual procedure is to first apply the confining pressure 
(p) all around the cylinder and then to apply the deviatoric stress 
when the confining pressure is kept constant.

The all round pressure p increases the strength of the rock. 
However, the increase in strength is realised only when the 
specimen is enclosed in an impervious jacket. Normally, hydraulic 
oil is used as a confining fluid. The jacket is usually made of 
oil-resistant rubber such as polyurethane.

3. Splitting Tension Test. The splitting tension test is also 
called the Brazilian test. In this test, the rock specimen is split by 
applying the load along the diametric plane. The rock core having 
a length-diameter ratio of unity when loaded on its side in a 
compression testing machine splits along the diameter and parallel 
to the cylindrical axis (Fig. 31.5). The horizontal stresses 
perpendicular to the loaded diameter are uniform and tensile. The 
tensile stress is given by

2P
- S57 -P117) 
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where P is the applied load, d is the diameter of the cylinder 
and t is the thickness of the disc (Le. the length of the cylinder).

IS : 10082-1981 recommends that the diameter of the 
specimen should be at least 45 mm and the thickness of the disc 
shall be approximately equal to half the diameter. The load 
should be applied at the rate of 0.2 kN/sec. The load should be 
measured at least to an accuracy of 1%.

The splitting tension test generally gives a value of tensile 
strength higher than that obtained from a direct tension test. This 
is probably due to the less effect of fissures in the splitting 
tension test as compared to that in a direct tension test.

4. Beam Bending Test. The beam bending test is also 
called the flexural test. In this test, the rock beam is subjected to 
bending till failure occurs, It is psbally condiicTed on rock cores 

Obtained from the site exploration, Generally, 4-point flexural 
loading system is used (Fig. 31.6)' The bottom surface of the 
beam is supported at two points, one near each end. The top of 
the beam is loaded at the third points. This system produces 
pure bending (without shear) in the middle third of the beam.

The flexural strength (or modulus of rupture) is the 

SIDE VIEW
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Fig. 31.8.

the slope of the tangent drawn to the curve at the origin. The secant modulus in a particular range is obtained 
by joining the stress point with the origin and determining the slope of that line. The tangent modulus at any 
stress is equal to the slope of the tangent drawn at that point. The initial tangent modulus, the secant modulus 
and the tangent modulus are shown in Fig. 31.8. Generally, the modulus of elasticity is taken equal to the 
50% tangent modulus, Le. the slope of the tangent drawn at one-half the failure stress.

IS : 7317-1974 gives a method for the determination of the modulus of elasticity.
Farmer (1968) gave the following three types of elastic behaviour in rocks.

1. Quasi-elastic behaviour 2. Semi-elastic behaviour 3. Non-elastic behaviour
1. The quasi-elastic behaviour is observed in fine-grained compact and massive rocks. The stress-strain 

curve in this case is almost linear right upto failure. The initial tangent modulus ranges from 6 x 104 
to 11 x 104 MPa.

2. The semi-elastic behaviour is observed in coarse grained igneous rocks and also in fine-grained 
compacted sediments. In this case, the stress-strain curve shows a decrease in slope with increasing 
stress. The initial modulus ranges from 4 x 104 to 7 x 104 MPa.

3. The non-elastic behaviour is observed in rocks which are less cohesive and which have large pore 
space. The initial modulus is usually less than 5 x 104 MPa. Table 31.17 gives some typical values 

of modulus of elasticity of some rocks.

TABLE 31.17. Typical values of the compressive strength and 
modulus of elasticity of some rocks.

Type of rock Compressive strength (qu) 
(MPa)

Modulus of elasticity (E) 
(MPa)

Diabase 490.0 1,00,000
Quartzite 460 — 200 78,000
Dolerite 330 84,000
Granite 230.0 56,000
Lime stone 225.0 53,000
Shale 170.0 68,000
Marble 153 — 77 48,000 — 65,000
Sand stone 37.0 9,700

2. Poisson’s ratio. The Poisson ratio (v) is the ratio of the lateral strain to the axial strain of a rock. Thus 

= —

where ed is the diametric strain (or circumferential strain) of the rock and aa is the axial strain. The value of 
v generally varies between 0.125 and 034Q.for most rocks.

In rocks subjected to uniaxial compression, v remains more or less constant with an increase in stress, 
and it reaches the theoretical maximum value of 050 at failure.
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The laboratory uniaxial compression test can be conducted on a rock to obtain the circumferential and 
axial strain. For the measurement of strains various devices, such as electrical resistance strain gauge, 
compressometcr, optical instruments, are used.

IS: 9221-1979 recommends that at least,two circumferential strain and two axial strain measurements 
should be taken for each increment of load. Moreover, the gauge length should be at least 5 times the grain 
size diameter.

31.15. MODES OF FAILURE OF ROCKS
The following modes of failure may occur in rock (Goodman, 1980):
1. Flexure failure 2. Shear failure
3. Direct tension failure 4. Crushing or compression failure

However, in actual practice, there are a large number of load configuration and no single mode of failure 
predominates. The actual failure pattern is usually highly complex in which two or more modes of failure 
may occur simultaneously.

1. Flexure failure. The flexure failure occurs because of the bending action in the rock. Because of 
bending, tensile cracks develop and propagate and cause failure. For example, flexure failure occurs in the 
rock layers above the roof of a mine [Fig. 31.9 (a) j. A gap is formed in the roof of the mine and a beam of 

rock sags downward under its own weight. As the sag increases, the tensile cracks at the bottom surface of 
the beam propagate upward and the beam ultimately fail. It causes the rock to become loose and fait

2. Shear failure. This type of failure occurs when a surface of rupture is formed in the rock because of 
the shear stresses becoming critical. After the formation of the rupture surface, there is release of shear 
stresses as the rock suffers a displacement along the rupture surface. This type of failure may occur in slopes 
cut in weak rocks such as weathered clay shale and crushed rock of fault zones. Fig 31.9 (b) slows shear 
failure in a mine which has a stiff ore and a softer (soil-like) roof. The shear stresses developing in the roof 
or pillar base allow the pillar to punch relatively upward in the roof. If the floor is weak, the pillar may punch 
relatively downward into the floor.

3. Direct tension failure. Direct tension occasionally occurs in rock. For example, the rock layers resting 
on convex upward slope surfaces are subjected to direct tension [(Fig. 31.9 (c)]. In this case, the layers at the 
base of the slope are inclined more steeply than what is allowed by friction. To resist the gravity forces, the 
balance of support is provided by the stable part of the slope above by direct pull. As the pull is increased in 
the rock layers, the tension failure may occur in which two adjacent parts of the rock arc pulled apart.
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When the rock breaks in direct tension, a surface of rupture is formed. The rupture surface is quite rough 
and free from the crushed rock particles and fragments. The surface is quite different from that found in shear 
failure, which is slick and has more powder formed from the crushing of rock.

4. Crushing or compression failure. Very high direct compression occurs in intensely shortened rock 
when penetrated by a stiff punch. When the compressive stresses reach the limiting value, the crushing failure 
may occur.

The crushing failure mode is highly complex. It includes formation of tensile cracks and their growth and 
interaction through flexure. Fig. 31.9 (d) shows an example of crushing and tensile cracking which is 
followed by shear failure.

31.16. MOIIR-COULOMB CRITERION FOR ROCKS
The Mohr-Coulomb criterion is commonly used for determining the shear strength of rocks. As discussed 

in chapter 13, the Mohr-Coulomb criterion represents a linear envelope which touches all Mohr’s circles 
drawn for critical combination of principal stresses (O) and o3) at which failure occurs (Fig. 31.10). The

tp = Sz + o tan <|» ...(31.20)

where xp is the peak shear stress or shear strength, S, is the shear strength intercept, o is the normal shears 
on the shear plane, and <|> is the angle of internal friction.

The Mohr-Coulomb envelope is extrapolated into the tensile stress region upto the point where o3 
becomes equal to the uniaxial tensile strength (To). The minor principal stress (o3) can never be less than To.

In terms of the principal stresses at peak load condition, the Mohr-Coulomb criterion can be written as

O1., - q. + o3lan2(45" + */2)  ...(31.21)
where <j$p is the major principal stress corresponding to the peak of the stress-strain curve and qu is the 

unconfincd compressive strength.

- The unconfined compressive strength (<74) is given by

qM = 2S,lan(45° + ^) ...(31.22)

,, From Eqs. 3121,•,and 31,22,

- 1 + (—1 lm2(45”’ + */2)  ...(31.23)
9u \Qu)

In general,

or -XX !C 4 . Af (a/^r .. .(31.24)
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The constants M and N in Eq. 31.24 can be determined by fitting a curve to the ftmily of points drawn 
between (aa/rfo) and (oj/<ju -1) obtained from the test.

The maximum tension criterion must be superimposed on the Mohr- Coulomb criterion (Eq. 31.21). It 
means that the failure will occur because of tensile stress wherever the minor principal stress u3 becomes 
equal to -To, whatever may be the value of cq.

Empirical Failure Envelope
The Mohr-Coulomb criterion is quite simple and easy to use. But it gives unconservative results when 

one of the principal stresses is negative (Le. tensile) A more accurate failure criterion can be obtained by

namely, direct tension test, Brazilian test, unconfined compression test and triaxial test. Fig. 31.11 shows the 
empirical failure envelope. The envelope is generally curved downward and the shape is in-between a straight 
and a parabola.

Il may be noted that the empirical failure envelope lies beneath the Mohr-Coulomb criterion with the 
superimposed tension cutoff (shown dotted). Inside the hatched portion, the Mohr-Coulomb criterion with 
tension cutoff overestimates the strength. Therefore, it is necessary to reduce the tensile strength To and the shear 
strength intercept Sj when applying the Mohr-Coulomb criterion to practical problems involving such conditions.

31.17. SHEAR STRENGTH OF ROCKS
The shear strength of rocks is generally found from the triaxial compression test and adopting the 

Mohr-Coulomb criterion (Eq. 31.20). As already mentioned, the peak stresses are considered for drawing the 
envelope. Hence the shear strength parameters S; and in Eq. 31.20 are for the peak strength.

As in the case of dense sands discussed in chapter 13, the Mohr-Coulomb criterion can also be adopted 
for the residual stresses, i.e. the stresses at the ultimate failure conditions which occur after the peak stresses. 
The residual shear strength is the minimum strength reached by the rock when subjected to deformations 
beyond the peak stress. In this case, the subscript r is generally used to identify them as parameters for the 
residual strength. Tnus Eq. 31.20 becomes

rr - Sj,r + atan<j>r ...(31.25)

The1 residual shear strength intercept (%) may approach a value of zero. However, the value of the 

residual frictional angle <j>f usually lies between zero and the peak friction angle (<|>).

When water is added to some rocks, the strength is considerably reduced because of the chemical 
deterioration of cement or clay binder of the rocks. Friable sand stone may even lose 15% of its strength by 
mere saturation.

A substantial reduction in shear strength occurs when pore water pressure (pw) develops inside the pores 
and fissures of the rock. For such cases, Terzaghi’s effective stress law (as discussed in chapter 13) can be 
used. Thus Eq. 31.20 becomes



834 SOIL MECHANICS AND FOUNDATION ENGINEERING

rp - S,- + otan<j> ...(31.26)

where a is the effective stress ( = a - pw).

Eq. 31.26 indicates that the pore water pressure pw will cause the same reduction in the peak normal 
stress as that caused by a reduction of confining pressure by an equal amount of p^

31.18. HARDNESS OF ROCKS
Hardness of a material is its ability to resist scratching. The relative hardness is used as an index for the 

identification of minerals. Moh’s hardness scale is commonly used for this purpose. The use of hardness for 
identification of rocks is however quite complex and not well-established. In fact, rock hardness indicates the 
combined resistance to displacement and penetration. It is also observed that both hardness and toughness of 
rock depend on the same factors.

Sometimes, the concept of hardness is applied to rocks as a synonym for strength (e.g. soft rock, hard 
rock). Actually, hardness is a property of the rock-forming minerals and metals. Attempts have been made in 
the past to determine the hardness of rocks. Various tests have been suggested. Depending upon the test, the 
hardness has been defined as scratch, indentation, abrasion, impact and rebound hardnesses. However, only 
the rebound tests such as Shores test and Schmidt test have been used for the characterisation of rocks.

Deere and Miller (1966) analysed the data obtained from Shores’ and Schmidt’s tests. They gave 
correlation charts between the uniaxial compressive strength and the Schmidt hardness. These charts can be 
used to predict the uniaxial compressive strength of rock with a fairly high degree of confidence limits.

Abrasion hardness and impact toughness measurements are useful for the evaluation of building stones and 
for the suitability of the rock drilling and cutting equipment. The hardness of a rock also affects drillability.

31.19. IN-SITU STRESSES IN ROCKS
At a point below the rock surface of the undisturbed rock mass, there are stresses due to weight of the 

overlying materials, and also due to the confinement and past stress history. These stresses are known as 
in-situ stresses. The in-situ stresses vary considerably from one point to the other. The in-situ stresses may be 
almost zero at some points, whereas at some other points, they may be very high, even approaching the 
failure stress. When the in-situ stresses are almost zero, rock mass may fall from the surface and underground 
excavations because joints are open and weak. On the other hand, when the in-situ stresses are very high, any 
small disturbance to the stress field by tunneling or even excavation may trigger violent release of stored 
energy in rock and cause failure.

The in-situ stresses may be approximated and the order of their magnitude determined by various 
methods, but the accuracy of estimating is always doubtful. Accurate field measurements are usually required 
to ascertain the margin of error. Field measurements of in-situ stresses are quite common in the mining 
practice. However, in the civil engineering practice, the field measurement are rarely done because of high 
cost of measurements.

A basic knowledge of the in-situ stresses in quite useful in several civil engineering problems such as 
follows (Goodman, 1980).

1. Orientation for a cavern. While selecting the orientation for a cavern, care is taken to avoid 
alignment along the longer dimension perpendicular to the major principal stress cq.

2. Selection of shape. The shape is selected to minimise the stress concentration if the initial stresses are 
very high.

3. Layout of complex underground works. Cracks in rocks tend to extend in the plane perpendicular to 
the minor principal stress o3. A knowledge of the direction of the stresses is useful in selecting a layout to 

reduce the risk.
4. Saving in lining of tunnels. If the in-situ stress in the rock in which a pressure tunnel (or penstock) 

is constructed, is greater than the internal water pressure, lining need not be provided.
5. Large surface excavation. Substantial economy can be effected when making large surface excavation 

with pre-splitting technique by orienting the excavation perpendicular to the minor principal stress.
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In-situ Stresses
1. Vertical Stress. The in-situ vertical stress at any point in the rock can generally oe taken equal to the 

weight of the overlying rock per unit area. Thus
Vertical stress, o,, - yz ...(31.27)

where z is the depth of the point and y is the unit weight of the rock, which is usually taken as 27 kN/m3.

When the ground surface is 
horizontill, the principal stress 
directions are vertical and 
horizontal at points near the 
surface. It is generally assumed 
that the directions are the same 
even for points at large depths 
below the surface, although the 
actual directions are somewhat 
different. However, this assump­
tion is not justified in the case of 
hilly terrains. Beneath a valley 
side, there is one principal stress 
normal to the slope, which is 
equal to zero as the stresses 
normal to a free surface cannot 
exist. The other two principal stresses lie in the plane of slope (Fig. 31.12). These stresses approach zero 
when the rock slope is convex upward, but have high values when the slope is concave upward. In the case 
of a steep, V-shaped valleys, these stresses may even approach the failure stress or the strength of the rock.

2. Horizontal stress. The magnitude of the horizontal stress (aA) is usually estimated from the relation

- Kav ...(31.28)
where K is the lateral stress coefficient.

• In the case of recent sedimentation, the value of K can be taken equal to v/(l - v), as obtained from the 
theory of elasticity (chapter 11). In general, the value of K usually lies between Ka and Kp, where Ka 
corresponds to conditions for normal faulting and Kp corresponds to conditions for reverse faulting.

In the normal faulting, the vertical stress is the major principal stress and failure occurs due to horizontal 
extension. (This is similar to the active conditions discussed in chapter 19). Assuming Coulomb’s law, the 
value of Ka is given by

K, - cot2(45° + ,/2)-|[yjc<»2(45" + *Z2)1  X | ...(31.29)

In the reverse faulting, the vertical stress is the minor principal stress and the failure occurs due to horizontal 
compression. (This is similar to the passive conditions discussed in chapter 19). The value of Kp is given by

K, - tanz(45° + 4/2) » — x | ...(31.30)

In case there is no existing fault, the range of possible values of K is quite wide. However, qu can be 
assumed as zero near a pre-existing fault and the range of K is considerably reduced.

Brown and Hoek (1978) suggested a hyperbolic relation for the limits of K According to them,

(o.3 + <K< (o.S * ...(31.31)

where z is the depth of the point in metres and K is the ratio of the average horizontal stress to the vertical stress.
The range of values of K is considerately less than the range of K given by Eqs. 31.29 and 31.30 even 

when qu is not zero. It may be noted that in Eq. 31.31, the average horizontal stress is considered, whereas 
in Eqs. 31.29 and 31.30, the maximum and minimum values of the horizontal stresses are considered.
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31.20. MEASUREMENT OF IN-SITU STRESSES
The following methods are commonly used for the measurement of in-situ stresses in rocks (Goodman, 

1980).
1. Hydraulic fracturing method
2. Flat jack method
3. Over-coring method

1. Hydraulic fracturing method. In this method, water pressure is used to create a crack in a bore hole. 
Water is pumped into a section of the bore hole isolated between two packers. As the water pressure is 
increased, the initial compressive stresses existing in the rock at the walls of the bore hole start reducing, and 
at some stage become tensile. When the tensile stresses become equal to the tensile strength of the rock (-To), 
a crack is formed in the wall. If the pumping is continued, the crack extends further, and eventually the 
pressure down the hole falls to a steady value, called the shut-in pressure.

Knowing the orientation of the hydraulically induced fracture and using the equations of the theory of 
elasticity, the in-situ stresses can be estimated.

The method can be used to estimate the in-situ stresses in the rock only when the point is at considerable 
depth below the surface.

2. Flat jack method. In this method, a slot is first cut in the rock. The deformation occurs in the rock 
surrounding the slot. After the deformations have taken place, a flat jack is inserted into the slot and load is 
applied. The in-situ stress is related to the pressure needed to balance the deformations which occur as a 
result of slot cutting.

The first step is to mark the location of the slot on the wall of the rock. Then one or more sets of the 
measuring points are installed such that the location of the slot is 
midway between them. The spacing d of the measuring points is kept 
equal to the gauge length of the extensometer, which is generally 
15.24 cm (6").

A deep slot is then cut perpendicular to the rock face between 
the measuring points (Fig. 31.13). As a result of the slot cutting, the 
pins installed at the measuring points move and the spacing between 
them is reduced if the rock was under initial compression normal to 
the plane of slot.

The flat jack is now inserted into the slot and cemented in place. Fig. 31.13.

The pressure in the jack is gradually increased. When the pins have been returned to the initial spacing, the 
pressure in the jack is equal to the in-situ stress.

The method can be used only when there is an access to a rock face; for example, in an underground 
gallery in the rock.

3. Over-coring method. In this method, a small diameter bore hole is first drilled into the rock. A 
suitable deformation gauge is then inserted into the bore hole to measure the change in diameter. A larger
diameter hole is then cored concentrically over the small diameter deformation 
bore hole (Fig. 31.14). Thus a thick cylinder of rock is formed, GAUGE 
which is detached from the rock mass and which is free of stress.
If the rock was under initial compression, there would be 
enlargement of diameter, which is measured with the help of the 
deformation gauge. Analytical methods based on the unloaded 
thick-walled cylinder model are used to determine the in-situ 
stresses.

The over-coring method can be used only to measure the 
in-situ stresses at some distance away from the rock face. The test 
is normally discontinued beyond about 5 m from the rock face.

LARGE 
DRILL
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PROBLEMS

A. Descriptive type
31.1. Define rock mechanics. What is its importance for a civil engineer ?
31.2. Discuss geological classification of rocks. Give at least 3 examples of each type of rock.
313. Explain the following terms :

(a) Rock material (b) Intact rock
(c) Discontinuity (d) rock mass
(e) Joint set (/) Rock quality designation (RQD)

31.4. What are different index properties of rocks ? How would you determine them ? What is their importance ?
31.5. Explain the geomechanics classification of rocks. How would you determine the rock mass rating (RMR) of a 

given rock ?
31.6. Discuss the strength classification of rocks.
31.7. Explain various laboratory tests for the determination of the strength of rocks.
31.8. Draw a typical stress-strain curve of a rock. How would you determine the modulus of elasticity and the Poisson 

ratio ?
31.9. What are different modes of failure of rocks ? Give one example of each.

31.10. Discuss the Mohr-Coulomb criterion for rocks. What is an empirical failure envelope ?
31.11. Write short notes on

(«) Shear strength of rocks
(b) Hardness of rock.

31.12. What is the importance of in-situ stresses in rock ? How would you measure them ?

B. Objective Type
Write whether the following statements are true or false.
(a) Slate is a sedimentary rock.
(b) Faults are joints along which there had been shearing movements.
(c) The RQD of a rock cannot be greater than 100%.
(</) The point load strength of a rock specimen is independent of the diameter.
(8) The RMR value is reduced because of unfavourable joint orientation.
(/) The shear strength of the specimen as determined by the ring shear test is equal to P/2A.
(g) Generally, the modulus of elasticity of the rock is taken equal to the 50% secant modulus.
(/i) The empirical failure envelope is based on four different types of tests.
(0 The in-situ stresses in rocks are not significant for mining operations.

[Ans. True (b), (c), (e), (/), (b).[



32
Geotechnical Earthquake Engineering

32.1. INTRODUCTION
An earthquake is sudden shaking of the earth surface caused by a source of disturbance inside the earth. 

Earthquakes occur due to sudden mass shifting in bedrock caused by forces within the earth. Shifting in 
bedrock occurs along faults. Such earthquakes are called tectonic earthquakes. Besides tectonic earthquakes, 
there are other types of earthquakes such as volcanic earthquakes, nuclear explosion earthquakes and mine 
collapse earthquakes, but such earthquakes are small. The discussions herein are limited only to tectonic 
earthquakes. There is sudden release of strain energy in the zone where the shifting in bedrock occurs. Shock 
waves are generated due to release of energy. These shock waves are propagated outward from the earthquake 
source. When these waves reach the earth surface, its shaking occurs.

The movement of the bedrock along the fault 
occurs at a point called the focus (or hypocenter) 
(Fig. 32.1). The focus is generally 5 to 50 km 
below the earth surface but may be deeper in some 
cases. The epicenter is the point on the earth 
surface vertically above the focus. The distance 
between the epicenter and the focus is called the 
focal depth. The distance between any po.int on the 
earth surface and the epicenter is known as the 
epicentral distance.

Earthquakes cause one of the most destructive Fig. 32.1. Basic Terminology

natural disasters leading to heavy losses of life and property. Unfortunately, the earthquakes are, so far, 
unpredictable and unpreventablc. The only course left to engineers is to design and construct the structures in 
such a manner that the damages caused by the earthquakes are minimum.

Earthquake engineering deals with the design and construction of structures that are earthquake resistant. 
The various structural components are designed to withstand the earthquake forces. Geotechnical earthquake 
engineering is a young branch of earthquake engineering that developed in the last two decades or so. It is 
concerned with geotechnical aspects of earthquake engineering, such as the type and depth of foundation soil, 
amplification of earthquake’s intensity by soil deposits, liquefaction of soils, etc.

This chapter discusses the basic concepts of the geotechnical earthquake engineering.

32.2. HISTORY OF EARTHQUAKES IN INDIA
India is one of the seismic countries of the world. Some of the severe earthquakes of the world occurred 

in India. The earthquake of the highest magnitude, represented as M and defined later, occurred in Assam 
(India) on the 12th of June, 1897. The earthquake was of a magnitude of 8.7 on Richter’s scale. That earth­
quake caused extensive damages in Assam.

In the period from 1905 to 1950, four severe earthquakes of magnitude greater than 8.0 occurred in India.
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(Redrawn after IS : 1893 - 2002 )

Fig. 32.2. Seismic zones of India 
Courtesy: The Bureau of Indian Standards. New Delhi-110002.
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These earthquakes occurred in Kangra in 1905 (M = 8.6), Bihar in 1934 (M = 8.4), Andaman in 1941 and 
Assam in 1950 (M = 8.6). Besides these earthquakes,' there were some less severe earthquakes. In the period 
from 1951 to 2000, seven moderate earthquakes of magnitude between 6 and 7 occurred. These earthquakes 
occurred at Anjar in 1956 (M = 6.1), Koyna in 1967 (M = 6.5), Bihar-Nepal border in 1988 (M = 6.6), 
Uttarkashi in 1991 (M = 6.4), Killari (Latur) in 1993 (M = 6.2), Jabalpur in 1997 (M = 6.0), and Chamoli in 
1999 (M = 6.6). The Killari (Latur) earthquake was the worst, which caused about 10,000 deaths.

In the beginning of this century, on 26th January, 2001, a strong earthquake with a magnitude of 7.9 
occurred in Bhuj (Gujarat). It caused heavy damages and more than 20,000 persons died and about 1,67,000 
persons were injured. About 3,00,000 houses were destroyed and huge losses of property occurred.

The Bhuj earthquake has demonstrated the vulnerability of various Indian regions to earthquakes. It has 
very clearly shown that most construction in the seismic regions do not comply with the required safety 
requirements, The general public has become more concerned about earthquakes and the great damage they 
can cause. It is a major challenge to ensure that our constructions arc made earthquake resistant to limit the 
damages in future.

32.3. SEISMIC ZONES OF INDIA
The severity of earthquakes in different parts of India is different. The seismicity at a placed is assessed 

by its distance from the active fault in the rock formation. It is also decided from the earthquakes already 
occurred in that region. In general, the seismic zoning of a country depends upon the seismic history of 

•different regions unless some significant changes in tectonic features occur.
As per IS: 1893 (Part I): 2002, India has been divided into four zones, designated as Zone II, III, IV and 

V (Fig. 32.2). The erstwhile zone I has now been merged in zone II. The zone numbers increase as the 
seismic severity increases. Titus zone II has the lowest seismicity and zone V has the highest seismicity. 
Zones IV and V are located in the northern and north eastern regions of the country, the Kutch and 
Maharashtra area and Andaman. The rest of the country has only zones II and III.

Various zones indicate the regions in which the seismicity would bc approximately same. However, the 
severity of the earthquake in a zone may be different because of local site conditions.

32.4. MAGNITUDE OF AN EARTHQUAKE
The magnitude (M) of an earthquake is a qualitative measure of its strength in terms of energy released 

at focus. It has a unique value for an earthquake.
Charles Richter developed the first scale for magnitude in 1935. Magnitude is defined as the logarithm 

(to base 10) of the maximum trace amplitude (A) of the ground motion recorded in microns ( = 10-6m) at a 

distance of 100 km from the epicenter on a Wood-Anderson Type Torsion Seismograph having damping equal 
to 80% of the critical damping, natural period Of 0.8s and magnification of 2800. Thus

M = logl0A ...(32.1)

where,
M is magnitude on Richter's scale,
A is amplitude of ground motion at a distance of 100 km from the epicenter, in microns.

Since the distance of the instrument from the epicenter may not be always 100 km, the following 
modified equation can be used to estimate the magnitude.

M = log10A - log)0A0 ...(32.2 a)

or M = log|0A + distance correction ...(32.2 b)

where A and Ag are usually measured in millimetres ( = IO” m).

The quantity :(— IbgioAo) is known as the distance correction. The distance correction can be obtained 

from Fig. 32.3. For a distance of 100 km, the distance correction is +3. Alternatively, the following equation 
may be used:
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Fig. 32.3. Distance Correction

M = logl0A - 2.48 + 2.76 log A ...(32.3)

where A is the epicentral distance (km)
For illustration, if the amplitude of the ground motion at a distance of 100 km is 104jlm ( = 10 mm),

From Eq. 32.1, M = logjo 104 = 4.0

From Eq. 32.2 (/>), M = log10 10 + 3.0 = 4.0

From Eq. 32.3, M = log)0 10 - 2.48 + 2.76 logio 100 = 4.04

Table 32.1 gives a typical classification of earthquakes based on their magnitudes. The table also gives 
the annual average number of earthquakes across the Earth in each of these groups.

Table 32.1. Global occurrence of earthquakes of different magnitudes

Magnitude Group Annual average number of global occurrence
8 and higher Great 1

7 — 7.9 Major 18
6 — 6.9 Strong 120
5 — 5.9 Moderate 800
4 — 4.9 Light 6200 (estimated)
3 — 3.9 Minor 49,000 (estimated)

Less than 3 Very Minor About 9000 per day ( = 3.285 x 106 per year)

Earthquakes with a magnitude of 3 or less are not felt. Earthquakes with a magnitude less than 5 
normally do not cause significant damage. The maximum magnitude of the earthquake occurred so far was 
8.7 (Assam, 1897).

The magnitude corresponding to the original formulation proposed by Richter is also called the local 
magnitude In addition to the local magnitude, three more magnitude scales have been proposed. The 

body wave magnitude (Mb) is based on the compressional body waves (or P-waves). The surface wave 
magnitude (Ms) is based on the surface or Rayleigh (R) waves. The seismic moment magnitude or the wave 
energy magnitude (Mw) is based on the seismic moment.
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For small earthquakes, all the four magnitude scales give almost the same value, but for large earth­
quakes, the values of magnitudes on different scales may be different. For example, for the 1964 Alaska 
Earthquake, the estimated magnitudes were Mh = 6.8, Ms = 8.6 and Mw = 9.2. Although there are some 
advantages in these magnitude scales, probably the Richter scale is still quite popular and is commonly used 
in practice.

Energy released in an earthquake
A relationship between the amount of the strain energy released by an earthquake and its magnitude is 

given by Richter as

logiof = 11.4+ I.5M ...(32.4)

where E is the energy released in ergs (I erg = IO-7 J)

and M is the magnitude of the earthquake.

Earthquakes release huge amount of energy. An earthquake of magnitude 6.3 would release energy equal 
to about 8x IO20 ergs, which is equal to that of the atomic bomb dropped at Hiroshima in 1945. Fortunately, 

the most of energy released by an earthquake is dissipated inside the earth into heat and fracturing of rocks. 
Only a small fraction of the energy goes into seismic waves that cause shaking of the ground surface.

It may be noted that with an increase of one on the magnitude scale would result in an increase in 
amplitude of ten times and an increase in energy of 31.6 times.

The affected area and the duration of the earthquake increase with an increase in magnitude of the 
earthquake. The affected area depends upon a number of factors such as the depth of focus, type of strata, 
etc. The affected areas by the earthquakes of magnitudes 6, 7 and 8 respectively would be of the order of 
60,000, 120,000 and 200,000 square kilometres. The corresponding duration of earthquakes would be of the 
order of 15, 30 and 45 seconds. For example, the Koyna earthquake of 1967 (M = 6.5) affected an area of 
about 400 km radius, with an area of about 126000 sq. km.

32.5. INTENSITY OF EARTHQUAKES
The intensity of an earthquake is measured qualitatively in terms of damages caused by it at a particular 

location. In general, the larger the earthquake, the greater is the intensity. For the same earthquake, the 
intensity decreases as the epicentral distance of the location increases. Thus the maximum intensity of an 
earthquake is near its epicenter.

Several intensity scales have been proposed by different investigators. Generally, modified Mercalli 
Intensity (MMI) scale is used in practice. IS: 1893-2002 also recommends the use of Comprehensive Intensity 
Scale (MSK 64). Both MMI and MSK' 64 scales are similar. However, MSK 64 scale gives more detailed and 
specific descriptions of the damages caused. Both the scales categorise the damages in twelve classes or 
degrees. The intensity is usually expressed in Roman Numerals, I, II, ...XII. Sometimes, the intensity is also 
expressed in grades I, 2, ...12. In general, the greater the intensity at a location, the greater would be the
damage caused by the earthquake. Table 32.2 gives 
an abridged version of the MMI scale.

An isoseismal map represents the affected 
regions with the same intensity . asj contours. 
On-the-spot study of the damages caused by an 
earthquake is made soon after its occurrence. The 
locations with different intensities are marked on 
the plan of the area. The isoseismal lines are then 
drawn by joining the points of the same intensity. 
The procedure is similar to that of drawing of 
elevation contours from the elevations of different 
points. Fig. 32.4 shows the isoseismal map of the
Bhuj earthquake of 2001. The maximum intensity Fig. 32.4. Isoseismal map of the 2001 Bhuj (India) Earthquake 

(MSK intensity)



GEOTECHNICAL EARTHQUAKE ENGINEERING

Table 32.2. Modified Mercalli Intensity (MM1) Scale

Intensity 
Class

Evaluation Description Magnitude on
Richter's scale

I Insignificant Not felt by humans, detected by instruments only 1 — 1.9
II Very light Fell only by sensitive humans; delicately suspended objects may 

swing
2 — 2.9

III Light Felt noticeably indoors; small vibratory motion 3—3.9
IV Moderate Felt by many persons; windows and doors make cracking sounds. 4 — 4.9
V Slightly strong Felt by almost everyone; some panic; minor damages 5 — 5.9
VI Strong Felt by all; many frightened; some damage to ordinary structures 5—5.9
VII Very strong Everbody runs outdoors; negligible damage to well-built structures; 

considerable damge to other structures
5 — 5.9

VIII Destructive Slight damage to well-built structures; serious damage to ordinary 
structures

6 — 6.9

IX Ruinous Considerable damage to well-built structures 6 — 6.9
X Disastrous Serious damage to well-built structures; almost total destruction of 

non-seismic resistant structures
7 — 7.9

XI Extremely disastrous Almost total destruction; broad fissures in ground 7—7.9
XII Catastrophic Total damage; waves seen on ground; objects thrown into the air. 8 — 8.6

observed was X. The contours of intensity IX, VIII, VII are also marked. From the MMI scale, it can be 
observed that the earthquake was of intensity classified as disastrous.

The difference between the magnitude and the intensity should be carefully noted. While the magnitude 
of an earthquake has a unique value, the intensity decreases as the distance from the epicenter increases. In 
other words, for a certain earthquake, the intensity varies with the distance. Sometimes, a sound source (or an 
electric bulb) analogy is used to demonstrate the difference between the magnitude and the intensity. While 
the strength of the sound source (or electric bulb) is constant, the intensity of sound (or light)1 decreases as 
the observer moves away from the source.

1. Relationship between magnitude and maximum intensity
The Gutenberg-Richter relation is commonly used in practice; according to which, the magnitude and 

intensity are approximately related as

M =1.3 + 0.6 /0 ...(32,5)

where M is the magnitude of the earthquake, and /0 is the maximum intensity on MMI scale (expressed in 
Arabic numerals).

Table 32.3 gives the commonly used values of intensities for different magnitudes of earthquakes.

Table 32.3. Values of the maximum intensities for different magnitudes bf earthquakes.

Magnitude (M) 2 3 4 5 6 7 8
Maximum intensity on 
MMI scale

1. II III IV, V VI, VII VII, VIII IX, X XI

2. Relationship between peak ground acceleration and intensity
The earthquake engineers require the value of the maximum ground acceleration so that they can design 

the structures and assess the liquefaction characteristics of soils. The exact value of the maximum seismic 
acceleration cannot be theoretically determined with present state of knowledge.

The following expression is sometimes used to estimate the peak ground acceleration from the intensity 
of the earthquake at any location:
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•ogiofl = | I - 0.5 ...(32.6)

where a is the peak ground acceleration in cm/s2, and / is the intensity on MMI scale (expressed in Arabic 

numerals).
It is the usual practice to represent ground accelerations in terms of the acceleration due to gravity (g).
Table 32.4 gives the approximate values of the peak ground acceleration for different intensities of 

earthquake as given by Bolt (1993).

Table 32.4. Peak ground accelerations for different intensities of earthquakes

Intensity on MMI scale V VI VII VIII IX X

Peak ground acceleration 
(PGA) (in terms of g)

0.03-0.04 0.06-0.07 0.10-0.15 0.25-0.30 0.50-0.55 > 0.60

According to IS: 1893: 2002, the basic zone factors (z) given in the code are reasonable estimates of 
effective peak ground acceleration for the design of various structures. Table 32.5 gives the zone factors for 
different seismic zones. The intensity as per MSK 64 broadly associated with the various zones is also given.

Table 32.5. Intensity and Zone factors for different seismic Zones

Seismic zone II III IV V

Intensity as per MSK 64 scale VI or less Vil VIII IX and- above
Zone factors (in terms of g) 0.10 0.16 0.24 0.36

32.6. EFFECT OF GROUND MOTION ON STRUCTURES
An earthquake produces seismic waves that cause the earth's crust to vibrate. These waves impart a 

momentary acceleration to the earth’s crust and it starts moving in the direction in which the wave is 
travelling at that instant. The characteristics of vibration, such as intensity, duration, etc., at any location 
depend upon a number of factors, including the following:

(0 the magnitude of earthquake
(ii) the depth of focus

(Hi) the epicentral distance
(iv) the characteristics of the material through which the seismic waves travel.

Inertia Force
When the ground motion occurs, the foundation of the structure must also move with it to avoid its 

rupture. When the foundation moves, the structure on it tends to stay back because of inertia. Consequently, 
the structure is subjected to inertia forces. In the earthquake-resistant design of structures, the inertia forces 
due to earthquake are considered in addition to the normal loads and forces.

To get a clear idea about the inertia forces, let us consider that a person is sitting upright in a railway 
train not in motion. When the train suddenly starts moving, his lower body on the seat moves, with the train 
but his upper body tends to stay back because of inertia. An inertia force acts on his upper body in the 
backward direction and his head may strike the back of the seat.

According to Newton’s second law of motion, the inertia force is equal tp the product of the mass and 
acceleration, and it acts in a direction opposite to that of the acceleration. Thus the horizontal inertia force is 
given by the expression

F), = Mass x acceleration 
( uz >

or Fh = y (A„ g) = WAh ...(32.7)

where Atl is the seismic coefficient in the horizontal direction, and W is the seismic weight.
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When the horizontal shaking 
of the ground occurs, the hori­
zontal inertia forces are generated 
at the level of the mass of the 
structure, which is usually assumed 
to be concentrated al the floor 
levels (Fig. 32.5). These inertia 
forces are transferred from the 
floor slab, through the walls (or 
columns), to the foundation, and 
finally to the strata below the 
foundation. In the earthquake- 
resistant design, it is ensured that 
each of the structural elements, 
including floor slabs, walls, 
columns and foundations, can 
safely transfer the inertia forces 
through them. Moreover, the 
connections between the various 
structural elements arc properly 
designed and constructed.

Response spectrum
If the building were rigid, then 

every point on it would move by 
the same amount as the ground, 
and consequently, the inertia force

EARTHQUAKE SHAKING
Fig. 32.5. Inertia force on a simple structure 

would be equal to the mass multiplied by the ground acceleration. But the buildings are flexible, and different 
parts move back-and-forth by different amounts during ground shaking.

The natural period of vibration of a structure is the time period of its undamped, free vibration. The 
fundamental natural period of vibration is that for the first (or fundamental) mode of vibration of that 
structure. Each structure has a unique fundamental period of vibration at which it tends to vibrate when it is 
allowed to vibrate freely without any external excitation. The fundamental natural period depends upon the 
form and configuration of structure, the stiffness (or flexibility) of the various structural members, the type 
and material of construction, etc. Methods for the determination of the fundamental period of a structure are 
outside the scope of this text. However, IS: 1893-2002 gives the empirical formulae for the estimation of 
fundamental natural period of vibration for buildings that can be used (see Seen. 32.8).

For the estimation of seismic forces in structures, the response spectra are commonly used in practice. 
The response spectrum of a structure shows the maximum response induced in the structure by the ground 
motion. It is usually plotted in terms of the maximum absolute acceleration against natural period, although 
sometimes the maximum relative velocity or the maximum relative displacements are also used. While 
plotting the response spectrum, it is assumed that the structure has single degree of freedom and it may have 
different damping. In other words, the maximum response spectrum represents the maximum acceleration of 
an idealised single degree freedom systems having a certain natural period of vibration and damping when it 
is subjected to earthquake ground motion.

Fig. 32.6 shows the maximum response spectrum for a typical structural system with a certain natural 

period and damping.

The following points may be noted:
1. The response of the system decreases as the damping of the system increases.

In buildings, usually 5% damping is assumed.
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2. As the natural period 
increases, the accele­
ration first increases 
to a maximum value 
and then it decreases. 
For the structural 
system shown, the 
greatest acceleration 
occurs when natural 
period is about 0.3 s.

3. It is the usual practice 
in the earthquake­
resistant design to 
represent the struc­
tural response by the 
response factor or 
spectral coefficient in 
the normalised form 
as Su/g. Fig. 32.6. The maximum response spectrum of n typical structural system

4. The response spectrum helps the earthquake engineer to predict how a particular structure with a 
certain natural period will respond to the earthquake.

5. The response spectra are commonly used in the estimation of seismic forces, as discussed later.

32.7. GENERAL PRINCIPLES OF EARTHQUAKE-RESISTANT DESIGN
Some of the general principles of the design of earthquake-resistant design of structures are briefly 

discussed below. For more details, a reference may be made to IS: 1893-2002.
1. Design basis earthquake. In the earthquake-resistant design, it is not the objective to make the 

structure absolutely earthquake proof that will not suffer any damage during the rarest of the earthquakes. A 
fully earthquake-proof structure will be very huge and highly expensive. Instead, an attempt is made that the 
structure should be able to withstand the minor earthquakes that occur frequently in that region. Moreover, 
the structure should be able to resist moderate earthquakes, called design basis earthquakes (DBE), without 
significant structural damage. Such earthquakes could occur once during the life of the structure. Even a 
major earthquake, called the maximum considered earthquake (MCE), with its intensity greater than that of 
the design basis earthquake, would not cause complete collapse of a properly designed and constructed 
structure and the losses would be limited.

2. Pseudo-static analysis. Earthquakes cause dynamic loading on structures. However, for the design of 
earthquake-resistant structures, the dynamic analysis is usually not carried out. Instead, a pseudo-static 
analysis is used in which the earthquake forces are replaced by equivalent static forces. These forces are 
considered in addition to the normal loads on the structure for its design.

It is assumed that the forces due to earthquake are not likely to occur simultaneously with other 
occasional forces such as wind loads, maximum Hood forces or maximum sea waves forces.

3. Components of acceleration. Earthquakes can cause acceleration in any direction. It is the usual prac­
tice to consider the components of acceleration in the vertical direction and in two perpendicular horizontal 
direction. Moreover, the acceleration components can be either positive or negative in these three directions.

Since the three components of earthquake acceleration may not act at the same time with their maximum 
magnitude, the code recommends that when the maximum response from one component occurs, the response 
from the other two components can be 30 percent of their maximum values. All possible combinations, 
including plus or minus signs, should be considered in the design.

Generally, the horizontal acceleration is the most predominant.
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4. Increase in permissible stresses. The vertical component of acceleration can increase the normal 
vertical loads on the structure. Because of the provision of adequate factors of safety used in the normal 
design of structures, most of the structures arc able to resist the additional momentary vertical loads due to 

earthquakes.
According to the code, when earthquake forces are considered along with the normal design forces, the 

permissible stresses in materials in the elastic method of design can be increased by one-third. However, for 
steels having a definite yield stress, the increased stress may be limited to the yield stress, and for steels 
without a definite yield point, the stress may bc limited to 80 percent of the ultimate strength or 0.2 percent 
proof strain, whichever is smaller.

5. Increase in allowable bearing pressure. The allowable bearing pressure in soils can be increased by 
25 to 50%, depending on the type of soil and type of foundation as per details given in the code.

However, for soils that are liable to liquefaction, this increase is not applicable. Soils falling under Indian 
Standard Classification category SP (i.e., poorly graded sands), with standard penetration test (SPT) N-values 
less than 15 in seismic zones III, IV and V and less than 10 in zone II may become liquefied. Suitable 
measures for prevention of liquefaction, as discussed later, are adopted.

6. Horizontal and Vertical inertia forces. The predominant direction of ground motion is usually 
horizontal. Therefore, the horizontal seismic forces are most important for the earthquake-resistant design. The 
methods for the estimation of horizontal seismic forces are discussed in the next section.

According to the code, the vertical inertia forces are to be considered in the design unless checked and 
proveq that they are not significant. When effects due to vertical earthquake loads are to be considered, the 
design vertical acceleration spectrum is taken as two-thirds of the design horizontal acceleration spectrum.

Vertical inertia forces are important for structures in which stability is a criterion for design, such as 
retaining walls, cantilevered members and prestressed horizontal members. Reduction in gravity forces due to 
vertical component of ground motion can be detrimental in some structures.

7. Resonance. According to the code, resonance of the type as visualized under steady-slate conditions 
will not occur because the earthquakes have irregular motion of short duration in which there is not adequate 
time to build up the required amplitudes.

However, if the structure’s fundamental period is close to that of site, resonance may occur. Such 
conditions have been observed for some tall buildings on deep soft soils.

8. Base shear. Inertia forces generated in the structure due to an earthquake arc assumed to be transferred 
to the base of the structure as the base shear. The base transfers these forces to the foundation, which, in turn, 
transfers them to the ground.

All the components of the structure and foundations are designed to resist these forces in addition to the 

normal forces.
The distribution of the seismic forces in different structural elements is done by the methods of structural 

analysis beyond the scope of this text.

32.8. DESIGN SEISMIC COEFFICIENT
According to IS: 1893-2002, the design horizontal coefficient Ah for a structure can be determined from 

the following expression:

Z = Zone factor of the seismic zone (For seismic zones II. Ill, IV and V, the values of zone factor are, 
given as 0.10, 0.16, 0.24jind 0.36. respectively).

/ = Importance factor. It depends upon the functional use of the structure. The value of 1 is 1.5 for 
important service community buildings, such as hospitals, schools, railway stations, fire stations 
cinema halts, etc.
For all other buildings, its value is 1.0.
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R - Response reduetion factor. Il 
depends on the perceived seismic 
damage performance of (he struc­
ture. The value of R varies from 1.5 
to 5.0 for different types of builr 
dings. For ordinary R.C. moment­
resisting frames, its value is 3.0.
The ratio I/R should not be greater 
than 1.0.

= Average response acceleration 
coefficient. It indicates the average 
smoothened plot of maximum acce­
leration. It depends upon the type of 
strata and natural period.

Fig. 32.7 gives the values of (S,/g) for 
rock (or hard soil), medium soil and soft Soil 
sites for 5% damping. For other values of 
dampings, the code gives the multiplying 
factors. The maximum value of S,/g is 2.50.

PERIOD ( s ) 
(Redrawn atter IS : 1893 - 2002)

Natural period
For determining the value of (S,/g) for a Fi8- 32-7- Response spectra lor rock and soil sites for 5 percent damping 

given structure. its natural period of vibration Tl’c °f lna“" s“‘l*ra‘. New Delhi.

is required. The code gives the following approximate formulae for the computation of the fundamental 
natural period of vibration (Tx).

(a) Moment-resisting frame buildings without brick infd-panels
(i) R.C. frame buildings

Tx = 0.075 A075 ...(32.9)

(ii) Steel frame buildings
T, = 0.085 A0'75 ...(32.10)

(A) All other buildings, including moment-resisting frames with brick infil-panels

= ...(32.il)

where,
Tx = natural period of vibration. in seconds.

A = height of building, as specified in the code, in metres.
d = base dimension of the building at the plinth level along the direction of the lateral force, in metres.

The code specifies that for any structure with Tx < 0.1 s, the value of Ah will not be taken less than 

(272), whatever be the value of 1/R.

32.9. DESIGN SEISMIC FORCES
The design seismic forces are computed as explained below:

(a) Design lateral force
The total design lateral force acting on the structure is equal to the product of the design horizontal 

coefficient (Ah) and the seismic weight of the structure. The seismic weight of a building is equal to the sum 

of the seismic weights of all the floors of the building. The seismic weight of each floor is equal to its full 
dead load plus an appropriate fraction of the imposed load, as specified in the code. While computing the 
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seismic weight of any floor, the dead weight of columns and walls in any storey is equally distributed to the 
floors above and below them.

The design seismic base shear acting on the structure is equal to the total design lateral force and is given 
by the expression

Vfi = Ah W ...(32.12)

where
Ah = design horizontal seismic coefficient

W = seismic weight of the building
Vb ~ design base shear

The design base shear is distributed to different floor levels, as specified in the code. The horizontal force 
acting on the foundation is equal to the design base shear.

(b) Design vertical force
Since the design vertical coefficient is equal to the iwo-lhirds of the design horizontal coefficient (Ah), 

the design vertical force is given by the expression

F, = ^AhW ...(32.12«)

where W is the seismic weight of the building, and Fv = design vertical force.

The design vertical force is transferred from the structure to its foundations.

(c) Design of structure
Buildings and portions thereof should be designed and constructed to resist the effect of design seismic 

forces. Since the seismic forces occur suddenly and without warning, it is essential to avoid construction 
practices that lead to brittle failure. The members should be designed to behave in a ductile manner so that 
complete collapse of the structure is avoided even during severe earthquakes. Actual design is beyond the 
scope of this text.

(d) Design of foundation
Since the earthquake-resistant designs are generally performed by pseudo-static analysis, the seismic 

loads on the foundation are considered as static loads. These loads are capable of producing settlements like 
other loads.

The code permits increase in allowable bearing pressure depending on the soil-foundation system. The 
increase in allowable bearing pressure is 25 or 50 percent. In soil-foundation systems, where small settlements 
are likely to occur during earthquake, the increase in allowable bearing pressure is larger, and vice- versa. For 
example, for all types of foundations on rocks or hard soil, the permissible increase is 50%. For soft soils, the 
permissible increase for piles resting on hard rock or hard soils and the raft foundations is 50%;, whereas that 
for other types of foundations, it is 25%.

32.10. SITE-SPECIFIC RESPONSE SPECTRA
The response spectra of a structure arc site-specific,, as they depend upon the type of strata at the site. 

Seismic waves travel differently through soils and rocks. Therefore, the ground shaking at sites underlain by 
soil is different from those underlain by rock.

It was observed during the 1989 Loma Prieta Earthquake that the sites underlain by deep deposits of soft 
soils experienced peak ground acceleration two to three times greater than that at nearby sites on stiff soils or 
rock. The structures founded on soft soils collapsed, whereas adjacent buildings founded on stiffer soils 
withstood the shock without collapsing.

Similarly, in the 1985 Michoacan Earthquake, the damages to buildings in Mexico city, 350 km from the 
epicenter, were much worse than in other cities that were much closer. The reason for this difference is 
attributed to the difference in site conditions. The buildings in Mexico city were underlain by deep deposits 
of soft clay.
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Peak horizontal acceleration in bedrock (g) 
(Redrawn after Idriss, 1990)

Fig. 32.8. Effect of site conditions on the peak horizontal acceleration

Fig. 32.8 gives a simplified, approximate relationship for different soils (Seed, et al 1976, and Idriss, 

1990).
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(Redrawn after Seed et at, 1987)

Fig. 32.9. Acceleration response spectra in Mexico citv during the 1985 earthquake
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Even in Mexico city, the 
spectral acceleration for diffe­
rent sites was different (Fig. 
32.9). The observed response 
at rock and hard /soils was 
fairly low, and the damage 
caused was negligible.

At the central market site 
(CAO site), spectral accele­
rations were amplified at 
periods of 1.3 s and within the 
range of 3.5 s to 4.5 s. How­
ever, the damages were fairly 
minor, since the buildings at 
the CAO site did not have 
fundamental periods within 
these ranges and reson- ance 
did not oceur.

However, near the SGT 
building sites, the soil depo­
sit’s fundamental period at 
which amplification of spectral 
acceleration occurred matched 
with those of structures and 
major damages occurred due 
to resonance. Fig. 32.10. 1991 UBC Normalised acceleration response Spectra

Uniform Building Code (1991) gives the normalised acceleration response spectra for different site 
conditions (Fig. 32.10). The spectral acceleration of a structure can be estimated if the following parameters 
are known:

(z) System’s fundamental period (T)
(ii) Peak ground acceleration of the design earthquake

(iii) Type of the soil at the site.
It may be noted that for fundamental periods greater than about 0.5 5, die spectral acceleration for deep 

soil sites are considerably higher than that for rock and stiff soils.

32.11. HAZARDS DUE TO EARTHQUAKES
There are many hazards due to earthquakes. The hazards related to geotechnical engineering include the 

following:
1. Liquefaction of soils. In saturated, cohesionless soils, earthquakes may cause liquefaction (or quick­

sand) conditiphs when the shear strength is reduced to almost zero.
Liquefaction of soils can lead to many types of failures, such as bearing capacity failures, sinking or 

tilting of buildings, land slides, lateral spreads, flotation of underground structures.
Liquefaction of soils is discussed later.
2. Ground shaking. Shaking of ground occurs during an earthquake. The intensity, duration and wave 

form of ground shaking depend upon a number of factors such as the magnitude of earthquake, the depth of 
focus, the epicentral distance, the energy absorbing nature of the strata, etc.

The intensity of ground shaking at a given location is usually specified in terms of peak ground accelera­
tion (PGA). There is an approximate relationship between the PGA and intensity on MMI scale, as discussed 
earlier. To predict the response of soils and foundations, the characteristics of ground shaking are required.

3. Surface rupture. For earthquakes of small magnitudes, the rupture zone occurs deep inside the earth 
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and il docs not extend to the ground surface. However, for the earthquakes of magnitudes greater than about 
6.0, the rupture surface usually appears at the ground. Moreover, as the magnitude of the earthquake 
increases, the length of rupture surface also increases.

Surface rupture creates a number of problems for buildings, bridges, railways, highways, water supply 
lines, etc. that are located directly above the fault. It is the usual practice to locate the buildings and structures 
susceptible to heavy damage not directly over the active faults.

4. Land slides. Earthquakes can cause land slides and failure of slopes. Even when the slope failures do 
not occur, tension cracks may appear in the soil. These tension cracks may lead to the formation of water 
channels, causing softening and saturation of soils.

5. Lateral spreading, Lateral spreading of soil is the massive horizontal movement of soil layers in a 
direction parallel to the ground slope. Lateral spreading due to earthquakes is usually observed on very gentle 
slopes.

If the lateral spreading occurs beneath a structure, it can tear it apart, causing heavy damages. In the 
design of such structures, suitable provisions are made to withstand tensile stresses.

6. Shear failure of foundations. Seismic loads acting on a structure are transmitted to the ground 
through the foundation. This results in an increase in the stresses acting on the soil. However, the soils can 
withstand seismic stresses without failure if they are not very large. In some cases, when the stresses exceed 
the shear strength of the soil, the bearing capacity failure may occur.

However, shear failures of foundation are not common so long as liquefaction of the soil does not occur.
7. Settlements of structures. The earthquakes cause cyclic loading on soils, which may lead to large 

settlements. Loose sandy soils often compact during the earthquake.
Differential settlements can also be substantial. Adequate provisions should be made in the design of 

structures so that differential settlements do not cause damage.
8. Failure of retaining walls. If the movements caused by the earthquake are large, the retaining walls 

may fail. When a retaining wall fails, the support it was providing to the soil mass is removed. It may result 
in heavy damage to adjacent structures such as ports, etc.

9. Tsunamis and Seiches. A tsunami is’a huge wave generated in the ocean by an earthquake. These 
waves travel very fast and cannot be easily detected in open sea. However, when they approach the beach, 
they suddenly appear as tall waves. These tall waves may cause heavy damages to onshore structures and can 
lead to loss of life.

A seiche is similar in nature to a tsunami, but it is of much smaller size and it occurs in lakes or rivers. 
The seiche usually occurs when resonant conditions occur in the lake due to an earthquakes, i.e., when the 
natural frequency1 of the lake and that of the earthquake are equal. Sometimes a seiche occurs in a lake when 
the rupture surface is beneath the lake bed.

Early warning systems should be installed so that suitable actions may be taken by the people at the 
places where tsunamis and seiches can occur.

32.12. LIQUEFACTION PHENOMENON
Liquefaction is a state of saturated 

cohesionless soil when its shear strength is 
reduced to zero due to pore water pressure 
caused by vibration during an earthquake. 
The soil starts behaving like a liquid. To 
understand the liquefaction phenomenon, lei 
us consider a soil element of the soil deposit 
at a depth of z below the ground surface 
(G.S.). Let the depth of water table (W.T.) be 
h below the ground surface (Fig. 32.11).

As discussed in Chapter 10, the'effec- Fig. 32.11. Stresses in a soil element

-
y [h ^w.t.

SOIL ELEMENT 
□
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tive stress (represented as o' in this chapter) at a depth z below the G.S. is>given by

tf = YA + Y„„ (z-A) - Y„.(z-A)

o' = YA + Y' (z-A)
where y' is the submerged density ( = Yw».-Yu)

The shear strength of a cohesionless soil is due to internal inction and is given by

s = o' tan 0'
If the soil deposit is subjected to ground vibrations, it tends to compact and decrease in volume. 

However, if the drainage of pore water is prevented, this tendency to decrease in volume results in an increase 
in pore water pressure. Let u,/ be the excess dynamic pore water pressure developed due to ground vibration. 
The dynamic shear strength is expressed as

Sd = (o' - «,/) tan 0'

For sandy soils, the angle of internal friction in the dynamic conditions is almost equal to that in static 
conditions.

The dynamic shear strength (s,/) will become zero when

o' = u,i

or

Expressing Uj in terms of the dynamic hydraulic head (A(/),

Thus liquefaction in a cohesionless soil will occur when the dynamic pore water is equal to the effective 
stress.

It may be noted that because of the dynamic pore water pressure, the shear strength of soil is decreased. 
It results in transfer of intergranular stress to pore water pressure. If this transfer of stress is incomplete, there 
is partial loss of strength and partial liquefaction occurs. However, if the transfer of stress is complete, the 
shear strength becomes zero and complete liquefaction occurs. The sand-water mixture behaves like a viscous 
liquid after complete liquefaction.

Large settlements occur after liquefaction and die structures resting on such a soil deposit start sinking. 
This sinking process continues till the sand remains in the liquefied state.

It may be summarised that for liquefaction to occur, all the following five conditions must be satisfied 
(Coduto, 1999).

1. The soil is cohesionless.
2. The soil is loose.
3. The soil is saturated.
4. There is shaking of ground of the required intensity and duration.
5. The undrained conditions develop in the soil due to its limited permeability.
It is worth noting that liquefaction can occur in the soil deposit at any depth where these conditions are 

satisfied. Once liquefaction occurs al some depth, the flow of water occurs in the upward direction, and it 
may cause an indirect liquefaction in the soil layers above.

It is observed that liquefaction normally occurs in the soil classified as SP according to Indian Standard 
Classification when the SPT number N is less than 15. However, sometimes liquefaction may also occur in 
the soils classified as SW, SM and ML.

Fine-grained soils do not compress readily under dynamic loadings to cause a high dynamic pore water 
pressure. Moreover, they also possess the shear strength due to cohesion. Therefore, liquefaction does not 
occur in the fine-grained soils. However, in quick clays, there is a possibility of liquefaction because their 
structure is destroyed by shaking.
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When liquefaction occurs, sand boils (or mud spouts or sand fountains) appear al the ground surface. A 
large number of sand fountains were observed during the Dhubri Earthquake in Assam (1934), the Bhuj 
Earthquake in Gujarat (2001), and many other earthquakes throughout the world.

Liquefaction of soil is responsible for many failures of earth structures, slopes, foundations. It may also 
lead to land slides, lateral spreads, sinking of structures and flotation of underground structures.

32.13. FACTORS AFFECTING LIQUEFACTION
The following factors mainly affect the liquefaction of soils in the field.
1. Soil type. As already discussed, liquefaction usually occurs in cohesionless soils, especially soils of 

type SP.
On the other hand, liquefaction does nol occur in fine-grained, cohesive soils. However, highly sensitive, 

quick clays may liquefy.
2. Particle size and gradation. Fine, uniform sands are more prone to liquefaction than coarse, well- 

graded sands. Since the permeability of coarse sands is greater than that of fine sands, the pore water pressure 
is rapidly dissipated in such sands and liquefaction normally does not occur.

Liquefaction potential of sands depends on percentage of fines (size <0.075 mm) present in it. For a sand 
of a given initial relative density, as the percentage of fine increases, the liquefaction potential is decreased.

3. Initial relative density. Liquefaction of sands depends to a large extent on the initial relative density 
(or density index). In dense sands, both pore water pressure and settlements are considerably less than those 
in loose sands. Hence the proneness of sand to liquefaction is reduced with an increase in relative density 
indicated by SPT number (or cone penetration resistance).

4. Length of drainage path. If the length of drainage path is large, a sand deposit would behave as 
undrained when the pore water pressure is suddenly increased due to earthquake and the liquefaction may 
occur.

The length of the drainage path is sometimes reduced by providing drains of highly pervious materials in 
sand deposits.

5. Surcharge loads. The initial effective stress in the sand deposit can be increased by the application of 
a surcharge load on it. With an increase in the effective stress, the transfer of stress from the soil particles to 
the pore water is delayed. Thus the sand deposit would require higher intensity vibrations for greater duration 
when the surcharge loads are applied to it.

6. Characteristics of vibration. The main characteristics of vibration are its acceleration, frequency, 
amplitude and velocity. For liquefaction of soils, the first two characteristics, namely, acceleration and 
frequency, are more dominant.

Acceleration during vibration is the most important characteristics affecting liquefaction of soils. In 
general, the greater the acceleration, the greater are the chances of liquefaction. Liquefaction usually occurs 
only after a certain number of vibration cycles are repeated.

Frequency of vibration is importanil if it is close to the natural frequency of the soil-foundation system 

and resonance occurs.
7. Age of soil deposit. If the soil peposit is very old, its proneness to liquefaction is relatively low as 

compared to that of a recent soil deposit. In old deposits, some form of cementation occurs at the contact 
points of sand particles and the transfer of interparticle stresses to pore water is delayed.

8. Trapped air. If air is trapped in a sand deposit, a part of the pore water pressure is dissipated due to 
its compression. Therefore, the possibility of liquefaction is reduced to some extent.

9. Miscellaneous factors. Some miscellaneous factors such as soil structure, method of Soil deformations, 
etc. also affect the liquefaction characteristics of soils but their effect is not significant.

32.14. ASSESSMENT OF SUSCEPTIBILITY OF A SOIL TO LIQUEFACTION
It is important to known whether the soil at the site is susceptible to liquefaction or not, so that suitable 

measures may be adopted, if required. Recent research has been directed in this direction. Various methods 
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have been proposed by different investigators. The cyclic stress approach is general!} used in most of the 
methods.

The cyclic stress ratio is defined as the ratio of the cydiic shear stress (t) to the initial effective stress 
(o0'). The cyclic stress ratio produced by the earthquake (t/q0')(/ is compared with that required to induce 
liquefaction in the soil (t/Oq')/. The factor of safety (F) against liquefaction is estimated as

(T/Oo,)f
...(32.13)

Liquefaction would occur if F is less than unity. However, it has been observed that significant pore 
water pressures occur even at the values of F slightly greater than 1.0. Generally, a minimum factor of safely 
of 1.25 to 1.50 is specified.

The proneness of a soil deposit to liquefaction is assessed at various depths in a soil deposit. The factors 
of safety at al! the points should be within the required limit.

(a) Estimation of the cyclic stress ratio produced by the earthquake
The average cyclic shear stress imparted by the earthquake in the top 12 m of a soil deposit can be 

estimated as (Seed and Idriss, 1982)

where,
otniax — maximum horizontal acceleration (MHA) at the ground surface 

g = acceleration due to gravity (= 9.81 m/s2)

CTo = total vertical stress at the point of interest

Go' = effective vertical stress at the same point
(t/Go') ,i - cyclic stress ratio produced by the design earthquake.

r,i = stress reduction factor.

The main problem is in the 
estimation of the maximum hori­
zontal acceleration, (ocmax)- It 
depends upon a number of factors 
such as the magnitude of the earth­
quake. the focal depth, the distance 
to the fault trace, the response of 
the site, etc.

The energy released by an 
earthquake attenuates as the waves 
travel away from the zone of 
fracture. Consequently, the maxi­
mum horizontal acceleration dec­
reases as the epicentral distance 
increases. Fig. 32.12 shows a 
typical attentuation curve for the 
rock sites in the central U.S. 
regions (Nuttli and Herrmann, 
1989).

The values of the maximum 
horizontal acceleration (MHA) al 
rock sites get further modified due

EPICENTRAL DISTANCE (km) 
(Redrawn after Nuttli and Herrmann, 1984) 

Fig. 32.12. MHA attenuation relationship for mg = 1.5
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to local soil conditions. Fig. 32.8 (see Sect. 32.10) 
shows the variation of MHA at different soil sites with 
respect to that at rock sites, both the accelerations are 
expressed in terms of acceleration due to gravity. It 
may be noted that the MHA at sites on deep clay depo­
sits may be upto 3 times greater than that at rock sites.

The stress reduction factor (r,j) depends upon the 
depth of the point of interest below the ground surface. 
The average curve (Fig. 32.13) is generally used in 
practice (Seed and Idriss, 1971).

The relationship can be approximate as
r,i = 1-0.008 x depth in metres ...(32.15)
According to IS: 1893-2002. the basic zone factors 

(z) are reasonable estimate of effective peak ground 
acceleration in different seismic zones of India.

(b) Cyclic stress ratio to induce liquefaction in a soil
The cyclic stress ratio (x/c0")i required to induce 

liquefaction in a given saturated sand deposit depends 
upon a number of factors. In the simplified analysis 

(Redrawn after Seed, et at, 1971)
Fig. 32.13. Variation of stress reduction factor with depth

D
ep

th
 (m 

)

given below, only the following three fac­
tors are considered (Seed, et al., 1985).

1. The corrected standard penetration 
test (SPT) number indicated as 
0V|)&). obtained from the SPT 
number (A)™ measured in the field.

•x / ion
W)6O = /V6o -.(32.16)

where
(N\)eo = standard SPT Number corrected 

for overburden pressure
(Mr>o = standard SPT Number measured 

in the field (duly corrected for 
field procedures)

<J-' = vertical effective stress at the 
test section (kPa).

2. The particle size distribution, 
expressed as percentage of fines 
i.e., percent passing the US No. 
200 sieve ( = 0.075 p). Alter­
natively, the mean grain size (£>so) 
can be used.

Soils with less than 5 percent 
fines are most susceptible to lique­
faction. As the percent of fines 
increases, the liquefaction potential 
decreases.

(Redrawn after Seed et at, 1985)
Fig. 32.14. Cyclic stress ratio to cause liquefaction as a function of

corrected SPT (Ni)«).
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3. The duration of shaking or the magnitude of the earthquake. As the duration of the earthquake 
increases, the susceptibility of a soil to liquefaction also increases. In other words, the possibility of 
liquefaction is increased as the magnitude of the earthquake is increased because the duration 
increases with the magnitude.

Fig. 32.14. gives relationship between the cyclic stress ratio causing liquefaction (t/o0')z and the SPT 
Number (Wi)6o values for different values of fines for an earthquake of magnitude 7.5.

If the magnitude of the earthquake is not 7.5, the value of (t/g0')/ obtained is to be corrected using the 
relation

Magnitude

Fig. 32.15. The variation of sealing factor with the 
magnitude of the earthquake.

where (T/a0')w is the cyclic stress ratio for the magnitude M and (T/tJo'h.s >-s that for the magnitude 7.5 

obtained from Fig. 32.14.
t|/ is known as the magnitude scaling factor. 

Fig. 32.15 gives the value of t|/ for different 
magnitudes as given by various investigators. For 
the earthquakes of magnitude greater than 7.5, 
generally the value given by Ambraseys is used, as 
it gives the minimum value of \|/ in most cases. For 
the earthquakes of magnitudes less than 7.5, the 
value given by Seed and Idriss may bc used as it 
gives conservative values.

It is more appropriate to use the surface wave 
magnitude (Af,.) for earthquakes of magnitudes 
greater than 6.5.

Once the values of (T/<50'),/ and (t/Cq')/ have 
been obtained, the factor of safety against 
liquefaction can be estimated from Eq. 32.13. Thus 
the zone where the soil is likely to liquefy can be 
located. Suitable measures can be adopted to 
prevent liquefaction, if required.

32.15. PREVENTION OF LIQUEFACTION
It is extremely difficult and impractical to 

prevent liquefaction of soil in the field when the 
susceptible zone extends to a large depth. It is generally best not to construct buildings and other structures 
at sites prone to liquefaction. Because the remediation of the liquefaction hazard is quite expensive, it would 
be cost effective only at the sites where the land cost is extremely high.

Remediation is sometimes necessary al sites that have been developed and the buildings already exist and 
later it has been found that the soil is prone to liquefaction. This generally happens when adequate site 
investigations were not made prior to the construction of buildings.

The following measures can be adopted to prevent liquefaction or to limit the damages caused by 
liquefaction.

1. Providing deep foundations. The structures should be supported on deep foundations, such as piles, 
that extend through the liquefiable soil to deeper strong and stable strata.

Since such piles will not be able to resist lateral loads in the liquefiable soil, other measures should be 
adopted to resist lateral loads.

2. Compaction of soils. The liquefaction of a soil can be prevented by compacting the soil and 
increasing its relative density. Compaclion is usually done by means of vibratory rollers, compaction piles.
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vibroflotation, blasting, etc. (see Chapter 14).
The extent to which the compaction should be done is ascertained by estimating the required SPT No. to 

prevent liquefaction for that soil for the design earthquake.
3. Replacing the liquefiable soil. If the depth of the liquefiable soil is limited, it can be excavated and 

replaced with a well compacted soil.
However, if the depth of the liquefiable soil is large, it becomes impractical to replace the soil because 

it requires extensive dewatering systems.
Titis method is however sometimes adopted at the sites of critical projects such as earth dams.
4. Gjouting the soil. In this method, the soil is stabilised by injecting chemicals or cement grout into the 

soil (see Chapter 15).
This method is sometimes used at sites where buildings already exist and other methods cannot be used.
5. Ground water pumping. As already discussed, the effective stress at a point increases as the water 

table is lowered. By restoring to extensive ground water pumping, the liquefaction can be prevented to some 
extent. However, this method is cost effective only when the water that is pumped can be used for municipal 
and industrial purposes.

6. Drainage of soils. The liquefaction hazard can be reduced to some extent by providing coarse sand 
blankets and drains in the soil deposit. The dynamic pore water pressure is thus easily dissipated and the 
effective stress is increased.

7. Providing stone columns. In this method, a number of holes are bored in the soil deposit and later 
filled with grave) and stones. Thus stone columns are formed.

The stone columns have high permeability and are quite effective for rapid drainage of pore water. Thus 
the effective stress is increased. (The behavior of stone columns is somewhat similar to that of the sand drains 
used for consolidation of soils, discussed in Chapter 12)

8. Application of surcharge. As already discussed, when a surcharge load is applied to a soil deposit, 
the effective stress is increased. Thus the possibility of liquefaction is reduced.

Monitoring of the pore water pressure will be required to assess the magnitude of the surcharge load and 
its duration.

ILLUSTRATIVE EXAMPLES

Illustrative Example 32.1. The standard torsion seismograph records a trace amplitude of 12.5 mm in 
E-W direction and a trace amplitude of 11.4 mm in N-S direction at an epicentral distance of IIO km. If the 
station correction is + 0.1, estimate the magnitude of the earthquake.

Solution. From Eq. 32.2 (/?),

iW = log|0A + distance correction

The distance correction for epicentral distance of 1 ID km is + 3.1 from Fig. 32.3.

In E-W direction. M = log|0 12.5 + 3.1 = 4.2

Applying the station correction, M = 4.2 + 0.1 = 4.3
Similarly, in N-S direction, M = log >o 1.1,4 + 3.1 + 0.1 = 4.26

4 3 + 4 26
Average value of M = —-—--------  = 4.28, say 4.3

Illustrative Example 32.2. Estimate the energy released by an earthquake of magnitude 8.0.
Compare the energy released to that by the Hiroshima atom bomb.

Solution. From Eq. 32.4,
log|()E = 11.4 + 1.5 M = 11.4 + ■ 1.5 x 8.0 = 23.4

or E - 2.51 X IO"' ergs.

Energy released by the Hiroshima atom bomb = 8 x 10ergs.
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2 51 x IO22
Therefore, equivalent number of atom bombs = —----------- = 314

8 X 10"

Illustrative Example 32.3. Estimate the maximum intensity on MMI scale and the maximum ground 
acceleration due to an earthquake of magnitude 7.0.

Solution. From Eq. 32.5, the maximum intensity la on MMI scale is given by

M = 1.3 + 0.6 Zo

7.0 = 1.3 + 0.6l0

or Io = 9.5

i.e. MMI intensity will be X.
From Eq. 32.6, the maximum ground acceleration a is given by

log |Q a = | I - 0.5 = | (10.0) - 0.50 = 2.833

a = 681.29 cm/s2 = = 0.69 g

Illustrative Example 32.4. Estimate the cyclic stress ratio produced by an earthquake at a place where 
the maximum horizontal acceleration is 0.15 g at a depth of 5 m in a sandy soil deposit. Assume the wafer 
table is at a depth of 1 ni below the ground surface. Take y = y„„ = 18 kN/ni*.

Solution. Total stress at 5 m depth, o0 = 18 x 5 = 90 kN/m2

Effective stress at that depth o0' = Ob - 11 = 90 - (4 x 9.81) = 50.76 kN/m2

From Eq. (32.15), rd = 1 - 0.008 x depth = 1 - 0.008 x 5 = 0.96
From Eq. 32.14, (T/o„')„ = 0.65 j p.r ‘ °-65 [] [5076 ] <0'96)

Illustrative Example 32.5. (a) A deposit of saturated fine sand has 5% fines. If the corrected SPT 
number for the sand is 12, estimate the cyclic stress ratio required to cause liquefaction due to an earthquake 
of magnitude 7.5.

(fe) If the magnitude of the earthquake were 8.0, what would have been the required cyclic stress ratio? 
Assume a scaling factor (tg) of 0.65.

Solution, (a) From Fig. 32.14, the cyclic stress ratio to cause liquefaction for (AZ|)60 = 12, percentage of 
fines = 5% and for the magnitude of 7.50 is 0.12.

(b) For the earthquake of magnitude 8.0, Eq. 32.17 gives

JL = v pL _ 0.65,(0.12) = 0.08

Illustrative Example 32.6. The maximum horizontal acceleration in bed rock is estimated to be 0.20 g. 
What would be the maximum horizontal acceleration at a project site located over

(a) a deposit of deep cohesionless soil.

(b) a deposit of deep soft soil deposit.

Solution, (a) From Fig. 32.8, for a bed rock acceleration of 0.20 g, the maximum horizontal ground 
acceleration for a deep cohesionless soil deposit is 0.18 g.

(b) For soft soil deposit, the maximum horizontal ground acceleration is 0.30 g.

Illustrative Example 32.7. (a) A five-storey building, 20 m high, has steel frames without brick infil 
panels. It is constructed on a deep soil site consisting of loose, saturated sand overlying a thick stiff clay 
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deposit. The building is to be designed to resist an earthquake of magnitude 7.5 with maximum bed rock 
horizontal acceleration of 0.20 g. Estimate the peak ground acceleration at the site.

(b) Estimate the spectral response of the building as per 1991 UBC.
Solution, (a) From Fig. 32.8, the bed rock horizontal acceleration of 0.20 g will be amplified to about 

0.30 g.
(b) From Eq. 32.10, the fundamental natural period for steel frame,

T, = 0.085 /i0'75 = 0.085 (20)075 = 0.80 s

From Fig. 32.10, as per 1991 UBC, for a period of 0.80 .v and deep stiff clay, the ratio

_______ spectral acceleration_______ _ ।
effective peak ground acceleration

Therefore, the spectral acceleration = 1.80 x 0.30 g = 0.54 g
Illustrative Example 32.8. Estimate the design horizontal seismic coefficient (Ah) for a building from the 

following data, as per IS: 1893:2002.
I. Height of building = 30 m
2. Base dimension of the building along the considered direction of the lateral force = 10 m.
3. The building has moment-resisting R.C. frame with brick infl I panels.

4. Importance factor = 1.5
5. Response factor = 3.0
6. The building is situated in seismic zone IV of India.
7. The substrata consists of medium soil (type II).

Solution. From Eq. 32.11. the fundamental natural period (Tv) is given by

_ 0.09 h 0.09 x 30
T- ’ - 05

Zone factor (z) for seismic zone IV from Table 32.5 = 6:24

From Eq. 32.8,

From Fig. 32.7, for Tt = 0.85 .v for medium soil.

1.50

Therefore, (1.50) = 0.09 g

Illustrative Example 32.9. The subsoil strata at a site consists of 4 m of soft to stiff clay underlain by 
16 m deep fine to medium sand with fines content of 15%. The SPT values al different depths are given in 
the table. Determine the zone of liquefaction due to an earthquake with M = 7.5 causing a maximum 
horizontal acceleration of 0.18 g at the ground surface.

Assume ysal = 18 kN/m*.  The water table is at the ground surface. Take yu. = 10 kN/m'.

Solution. Calculations are given in a tabular form below:

(Continued)

Depth 
(m)

SPT 
(N)

00 Go'
(Eq. 32.15)

(T/CT()'h/ 
(Eq, 32.14)

ft/Go')/ 
(Fig. 32.14)

Factor of safety 
(Eq. 32.13)

Remark

6 10 108 48 0.95 0.25 0.15 0.60 Liquefiable
8 12 144 64 0.94 0.25 0.17 0.68 Liquefiable

10 9 180 80 0.92 0.24 0.14 0.58 Liquefiable

12 11 216 96 0.90 0.24 0.16 0.67 Liquefiable

14 15 252 112 0.89 0.23 0.23 1.0 Just safe



GEOTECHNICAL EARTHQUAKE ENGINEERING 861

Depth 
(m)

SPT 
(N)

GO co'
(Eq. 32.15)

(T/Oo')J 
(Eq. 32.14)

(t/Go')/ 
(Fig. 32.14)

Factor of safety 
(Eq. 32.13)

Reiiwk

16 18 288 128 0.87 0.23 0.25 1.09 Not liquefiable
18 24 324 144 0.86 0.23 0.38 1.65 Not liquefiable
20 25 360 160 0.84 0.22 0.40 1.82 Not liquefiable

Conclusion
The zone between depth of 4 to 14 m is liquefiable. Below that depth, the soil is not liquefiable.
Illustrative Example 32.10. The exploratory borings at a project site show that there is a deposit 5 in 

thick of saturated sand with a SPT value of 15 overlying a 20 m thick deposit of clay on bed rock.
If the maximum horizontal acceleration in bed rock due to an earthquake (M = 7.5) is estimated as 0.06 

g, is there any possibility of liquefaction in the sand deposit?

Assume the wafer table is at the ground surface, percentage of fines = 10% and y = 19 kN/m .
Solution. Since the sand deposit overlies a thick clay deposit, the maximum horizontal acceleration will 

bc amplified.
From Fig. 32.8, for a peak horizontal acceleration of 0.06 g in bed rock, peak horizontal acceleration at 

ground surface will be 0.14 g.
Now for N = 15 and Fines = 10%, the cyclic stress ratio (t/Gq'), required to cause liquefaction from Fig. 

32.14 for earthquake of magnitude 7.5 is 0.18.
The total stress O0 at the depth of 5 in is

Go = 5 x 19 = 95 kN/m2

The effective stress at that depth is

Go' = 5(19-9.81) = 45.95 kN/m2

Stress reduction factor r,i = I - 0.008 x 5 = 0.96

From Eq. 32.14, the cyclic stress ratio due to the earthquake is given by

Bl “0,65 x M B J“065 x <oi4> ■**

From Eq. 32.13. the factor of safety against liquefaction,

= (T/G0,)< _ 0.18 _

(T/O()'),/ 0.18

The soil is just liquefiable. However since the factor of safety is less than 1.25, it not safe. To prevent 
liquefaction, suitable measures should be adopted.

PROBLEMS

A. NUMERICAL
32.1. If the standard torsion seismograph records an average trace amplitude of 17 mm al an epicentral distance of

100 km. what is the probable magnitude of the earthquake? [Ans. 4.2]
32.2. What would be the magnitude of an earthquake to release 8 x I01’1 J of energy? [Ans. 6.3]

32.3. A six-storeyed building has moment-resisting R.C. frames without brick infil panels and is 25 m high. What
would be its natural period of vibration? [Ans. 0.84 s]

32.4. Estimate the cyclic stress ratio produced by an earthquake al a site from the following data:
Maximum horizontal ground acceleration = 0.1 ,t>
Stress reduction factor = 0.95
Total stress at the given depth = 120 kN/m"
Effective stress at that depth = 66 kN/m2 [Ans. 0.113]
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32.5. Determine the factor of safety against liquefaction at a depth of 2 m in a sand deposit due to an earthquake of 
magnitude 7.5 for the following site conditions:
Maximum horizontal acceleration = 0.18 g
Saturated unit weight of sand = 18 kN/m’
Percentage of fines = 5%
Corrected SPT number = 20
Assume the water table is at a depth of 1.0 m below the ground surface. [Ans. 1.39]

32.6. Estimate the design horizontal seismic coefficient as per IS: 1893-2002 for a building with the following site 
conditions:
Height of building = 28 m
The building has moment-resisting R.C. frames without brick infil panels.
Importance factor = 1.0
Response factor = 3.0
The building is situated in seismic zone V on a substrata consisting of soft soil (type III). [Ans. 0.102 gj

B. DESCRIPTIVE AND OBJECTIVE TYPE
32.7. Differentiate between the magnitude and intensity of an earthquake. How would you estimate the maximum 

intensity if the magnitude of the earthquake is known?
32.8. Explain the following terms:

(a) Focus (b) Epicentre
(c) Focal depth (</) Epicentral distance

32.9. What is an isoseismal map? How would you prepare an isoseismal for a place after the occurrence of the 
earthquake.

32.10. What do you understand by the earthquake-resistant structure? What are the criteria for its design?
32.11. What is liquefaction of soils? What are the necessary conditions for its occurrence?
32.12. What are the factors that affect liquefaction of soil? Discuss in brief.
32.13. Explain the procedure for the assessment of the susceptibility of a sand deposit to liquefaction.
32.14. Suggest suitable methods for prevention of liquefaction of soils.
32.15. What are the various hazards due to an earthquake? Discuss in brief only those hazards related to geotechnical 

engineering.
32.16. Explain the following terms:

(a) Pseudo-static analysis
(b) Attenuation of ground acceleration
(c) Base shear
(d) Vertical seismic coefficient
(e) Fundamental natural period of vibration.

32.17. What is meant by the term site-specific amplification of horizontal acceleration? What is its effect on the 
spectral acceleration?

32.18. State which of the following statements are false.
(«) The inertia forces on a building act in the same direction as the ground acceleration.
(/>) As the height of the building increases, its natural period of vibration increases.
(c) Liquefaction normally occurs in clayey soils.
(d) The earthquake of a magnitude 8.0 would release 1000 times the energy that due to an earthquake of 

magnitude 6.0.
(e) According to IS: 1893-2002. India is divided into four seismic zones.
(/) The type of soil according to I.S. classification in which liquefaction is most likely to occur is SW.

[Ans. False (a), (c) (/)]

C. MULTIPLE CHOICE QUESTIONS
1. According to MSK (64) scale of intensity, the total number of intensity classes (or grades) is

■ (a) 4 (/>) 8
(c) 10 (</) 12
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2. For an earthquake of magnitude 8.0. the maximum intensity on MMI scale would he about
(«) IX ' (ft) XI

(c) VIII . (</) VI
3. In a sand deposit, the effective stress at a point is 100 kN/m2. The dynamic pore water pressure head required 

to cause liquefaction is about 
(a) 4 m (ft) 8 m
(c) 10 m (d) 100 m

4. At a depth of 10 m below the ground surface, the stress reduction factor is about 
(«) 0.90 (b) 0.92
(c) 0.94 (<7) 0.96

5. According to IS: 1893-2002. the value of the horizontal seismic coefficient for any structure with T< 0.1 s, 
cannot be less than 
(«) z/2 (ft) z/3
(c) z/4 (d) z

6. According to IS: 1893-2000. the ratio (l/R) shall not be greater than
(a) 0.50 (ft) 1.0
(c) 1.50 (</) None of above

7. Tsunamis due to earthquakes occur in
(a) Oceans (ft) Rivers
(c) Lakes (r/) Reservoirs

8. The type of foundation generally suitable for buildings on liquefiable soils deposit is
(«) Spread footing (ft) Raft foundation
(c) Well foundation (</) Pile foundation

[Aps. I. (rf). 2. (ft). 3. (c) 4. (ft), 5. (a), 6. (ft), 7. (a). 8. (rf)]
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APPENDIX A
GLOSSARY OF COMMON TERMS

Adsorbed water. It is water bound to clay particles because of the attraction between electrical charges existing on the 
clay particles and water molecules (dipoles).

Air content. It is the ratio of the volume of air to the volume of voids in soil.
Alluvial soils. These are soils deposited by water. Deposits made in lakes are called lacustrine deposits and those in sea 

(or ocean) called marine deposits.
Allowable bearing pressure. It is the net allowable bearing pressure which can be used for the design of foundation. It is 

the smaller of the net safe bearing capacity and the net safe settlement pressure.
Active pressure. It is the pressure developed when the soil mass stretches due to movement of a retaining wall away from 

the soil.
Aquifer. An aquifer is a pervious stratum which contains water that can be easily drained or pumped out. An aquifer is 

called an unconfined aquifer when there is an impervious stratum only below it and a confined aquifer when it is 
sandwiched between two impervious strata.

Arching. It is a phenomenon is which the stresses are transferred from a yielding part of a soil mass to an adjacent 
non-yielding (or less yielding) part of the soil mass.

At-rest pressure. It is the lateral pressure in a soil mass when there is no movement of the mass.
Atterberg Limits (Consistency limits). The liquid limit, plastic limit and shrinkage limits are known as Atterberg’s limits. 

The water content at which the soil behaviour changes from the liquid to the plastic state is called the liquid limit; 
from the plastic to the semi-solid state is the plastic limit; and from the semi-solid to the solid state is the shrinkage 
limit.

Backfill. It is the soil material which is placed into an area that has been excavated, such as against retaining walls and 
in pipe trenches.

Bearing Capacity. (Ultimate bearing capacity). It is the pressure at the base of the foundation at which the soil below 
fails in shear. It is called the gross ultimate bearing capacity when the gross pressure is considered and the net 
ultimate bearing capacity when the net increase in pressure over the existing overburden pressure is considered.
The safe bearing capacity is the maximum pressure which the soil in the foundation can carry safely. The safe 
bearing capacity can be expressed as gross safe bearing capacity or net safe bearing capacity.

Boring. It is the method of investigating subsurface conditions by drilling a hole into the earth. Generally, soil samples 
are also extracted from the boring for determination of the index and engineering properties.

Borrow. It is soil (or rock) material obtained from another off- site source for use as fill at construction projects.
Braced cut. This is an excavation which is laterally supported. The vertical sides of excavation are supported by sheeting 

and bracing system.
Bulkheads. These consist of sheet-pile walls constructed to retain earth. These are relatively flexible retaining walls 

constructed for water front structures, canal locks, coffer dams, etc.
Bulking of sand. The phenomenon of increase in volume of sand (or a cohesionless soil) due to dampness is called the 

bulking of sand. The effect is predominant when the water content is between 4 and 5%. Hie increase in volume may 
be upto 20 to 25%. If the water content is increased, and the sand becomes saturated, the volume of sand mass is 
decreased.

Caisson. It is a type of foundation in which a large chamber (or box) is built above the ground level and then sunk to 
the required depth of a foundation as a single unit. The caisson may be an open caisson, a pneumatic caisson or a 
floating caisson. Open caissons are also known as well foundations.
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Capillarity. It is the movement of water due to surface tension and other effects but not the gravity effect. Water moves 
in very small channels because of the affinity between soil and water.

Chemical weathering. It is the process of weathering in which chemical reactions, such as hydration, oxidation, solution, 
occur. When chemical weathering or chemical decomposition occurs, original rock minerals are transformed into new 
minerals by chemical reaction. Clay minerals are formed by chemical weathering.

Clays (clay minerals). These are very small particles (usually smaller than 2ji) which have a crystalline structure 
developed as the result of the chemical weathering of rocks. The clay particles are fiat or plate-like in shape. These 
are highly surface-active particles.

Cohesion. It is the attraction or bonding force between the particles of fine-grained soils that creates shear strength.
Compaction. It is the process of increasing the density (or unit weight) of a soil by rolling, tamping, vibrating, or other 

mechanical means.
Consistency. The consistency of a fine-grained soil is the physical state is which it exists. Il is indicated by such terms 

as soft, firm or hard, depending upon the degree of firmness.
Conduit. It is a pipe that is usually buried in a soil mass, or which passes through a soil embankment, and carries water, 

electrical cables, telephone cables, etc.
Consolidation. The compression of a saturated soil under a steady-state pressure is known as consolidation. It is due to 

expulsion of water from the voids.
Initially, the stress imparted into the soil is carried by water. The water is gradually forced out and the stress is 
transferred to the soil skeleton and the compression occurs.

Critical void ratio. The void ratio of the soil at which no change in volume occurs when the soil is subjected to shear 
strain in a drained test.

Density. The mass per unit volume of soil is called the density of soil. (Sometimes, the weight per unit volume, which 
is the unit weight, is called density).

Dewatering. The process of removing water from a construction area is known as dewatering. The term dewatering is 
also used for lowering the water table to obtain a dry area in the vicinity of the excavation.

Deep foundation. It is the type of foundation which transfers the load to deep strata below the ground surface. The 
common types are piles, caissons, drilled piers, etc. Generally, the foundation is called deep foundation if the depth 
of foundation is greater than the width of footing.

Dispersive clays. These are types of clays which deflocculate in still water and erode when exposed to a low- velocity 
flow of water. Dispersivity is due to a high concentration of sodium ions in a clay-pore water system.

Ditch conduits. These are types of conduits which are installed in narrow trenches (or ditches) and subsequently 
backfilled with soil.

Drawdown. As soon as the pumping is done from a well, the water table is lowered in its vicinity. This drop in water 
level in the well is called drawdown.

Drilled pier. It is a type of deep foundation in which a large diameter hole is drilled in the ground and subsequently filled 
with concrete.

Dynamic compaction. It is a method of compacting surface and near-surface zones of soil or fill by dropping a heavy 
weight from a relatively great height. Multiple poundings are usually done at each location.

Earth pressure. It is the lateral pressure exerted by a soil mass against an earth-retaining structure (or on a fictitious 
vertical plane located within a soil mass).

Depending upon the movement of the earth-retaining structure, the pressure may be active, passive or at-rest. When the 
structure moves away from the soil mass, it is active pressure; and when towards the soil mass, it is passive pressure. 
At-rest pressure acts when there is no movement Of structure at all.
The coefficient of earth pressure is the ratio of lateral pressure to vertical pressure existing at a point in the soil mass.

Effective size. It is the size of particle in a soil specimen such that 10 percent of the particles are finer than this size. It 
is also called the effective diameter.

Effective stress. It is the nominal stress transmitted through the panicle to particle contact in soil. It is equal to the sum 
of all the normal components of load divided by the total area of cross-section.
The effective stress controls the shear strength and compressibility of the soil.
It is an abstract quantity which is obtained by subtracting the pore water pressure from the total stress.

Electro-osmosis. It is a method of drainage of cohesive soils in which a direct cunent (DC) is used. Pore water migrates 
to the cathode, which is usually a well-point. Electro-osmosis also helps in increasing the shear strength of the 
cohesive soil.

Expansive clays. These are types of clays which show a large volume expansion in the presence of water and a large 
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volume decrease upon drying. The clays contain the mineral montmorillonite.
These are highly difficult soils to work with.

Fill. It is earth placed in an excavation or other area to raise the elevation. It is also called earth fill or soil fill. If fill is 
required to support structural loading, it is placed in layers and compacted at a suitable water content to achieve t 
uniform and dense soil mass.

Fines or fine-grained soils. The silt-size and clay-size particles in a soil mass are called fines or fine-grained soils.
Flow net. A flow net consists of two sets of mutually orthogonal lines called the flow lines and equipotential lines. The 

flow lines indicate the paths of travel followed by the moving water and the equipotential lines indicate the points ol 
equal potential (head).
A flow net is a pictorial representation used to study the flow of water through soil mass.

Footing. It is an enlargement of the base of a column or a wall to spread the load on a large area of the stratum below.
It is a type of foundation installed at a shallow depth.

Friction, internal. It is the friction developed in a soil due to soil-to-solid contact. It is responsible for most of the shear 
strength developed in a soil, especially in a cohesionless soil.
The angle of internal friction (<|>) is used to represent the internal friction of the soil.

Frost boil. It is a phenomenon which occurs when a frozen soil mass thaws and water is liberated. The strength of soil 
is reduced due to the softening caused by an increase in water content.

Frost heave. It is the rise in ground surface due to the formation of ice lenses when the temperature falls to the freezing 
point of water. It may cause lifting of light structure built on the ground.

Geofabrics. These are built of synthetic fibers and are used as filters, drains, or reinforcement in earthwork.
Geostatic stress. The stress at a point due to self weight of the soil above when the ground surface is horizontal and the 

properties of the soil do not change along a horizontal plane is called the geostatic stress.
Grip length. The depth of the bottom of the well foundation (or caisson) below the maximum scour level is called the 

grip length. For stability, the well should have adequate grip length.
Graded filter. Il consists of layers of sand and gravel which permit flow of water. The size of the particles in different 

layers increases along the direction of flow. Thus the finest layer is near the soil to be protected against piping.
Ground water table. It is the top surface of the underground water reservoir where the pressure is atmospheric. The water 

pressure below the ground water table is hydrostatic. It is also called the phreatic surface.
Grouting. It is a process in which the holes are drilled in soil (or rock) and a grout (usually cement and water mixture) 

is injected into the holes. It improves the bearing capacity and also reduces the permeability and seepage.
Head. Il is equal to the difference of water levels on the upstream and downstream. The downstream water levels is 

usually taken as datum.
Sometimes, the term head is also used for the pressure head indicated by a piezometer inserted at the point. 

Hydraulic gradient (i). It is equal to the difference of heads between the points divided by the distance between them. 
Heave piping. It is the lifting of a large soil mass downstream of a hydraulic structure due to seepage pressure. The entire 

soil mass in the affected zone is blown out and heave piping failure occurs.
Hygroscopic water. The amount of water retained in an air- dried soil is called hygroscopic water. It depends upon the 

type of soil, humidity and temperature. It is removed by oven-drying.
It is the same as adsorbed water.

In-situ. It refers to soil (or rock) in its natural location in the ground when it is in its natural condition.
Isotropic. It pertains to a soil mass having ihe same properties in all directions.
Isobar. It is a curve joining points of the same stress intensity.
Landslide. It is a relatively rapid lateral and downhill movement of a well-defined earth mass (or land form). It occurs 

due to gravitational and seepage forces.
Limiting equilibrium. The soil is in the limiting equilibrium when it is at the verge of failure.

The limiting equilibrium methods involve determining the mobilised shear strength of the soil on an assumed failure 
surface as required to maintain equilibrium (or stability) and comparing this value with the available shear strength.

Liquefaction. It is a phenomenon which may occur in saturated cohesionless loose soil when it is subjected to shocks or 
vibration. The soil particles momentarily lose contact and the soil behaves as a liquid.

Mechanical Analysis. It is the process of determining the sizes of various particles in soil specimen. It is done by the 
sieve analysis for coarse particles and the sedimentation analysis for fine particles.

Mechanical weathering. Il is the process by which physical forces, such as temperature changes and frost action, 
breakdown or reduce the rock to smaller fragments and soils. There is no chemical change and the properties of the 
soil formed are the same as those of the parent rock.



GLOSSARY OF COMMON TERMS 867

Mineral. It is a naturally formed chemical element (or compound) having a definite chemical composition.
It usually has a characteristic crystal from.

Negative skin friction. It is a down drag on a pile which occurs when the soil in which the pile in driven settles more 
than the pile. The load-carrying capacity of the. pile is reduced because of negative skin friction.

Natural frequency. A system under free conditions vibrates at a frequency called the natural frequency. It is the 
characteristic of the system. In general, the natural frequency decreases as the mass increases and the spring constant 
of the system decreases.

Normally consolidated soil. A soil which had not been subjected to a pressure in the past greater than the present 
pressure. It is also called a virgin soil. The settlements are large in a normally consolidated soil.

Net allowable bearing pressure. It is the net pressure which can be used for the design of a foundation. It is the smaller 
of the net safe settlement pressure and the net safe bearing capacity. For cohesionless soils, generally the net safe 
settlement pressure governs; whereas for cohesive soils, generally the net safe bearing capacity governs.

Optimum moisture content. It is the water content of soil at which the maximum dry density is achieved during 
compaction.

Over-consolidated soil. These are the soils which had been subjected to a pressure in the past greater than the present 
pressure. Over-consolidated soils are also called preconsolidated soils. The settlements are small for such soils.

Pavement. It is a hard crust constructed on the subgrade (soil) for the purpose of providing a stable and even surface for 
the vehicles to move on.
The pavement may be a flexible pavement or a rigid pavement. The rigid pavements are made of cement concrete 
and can take the tensile stresses.

Pile. It is a relatively long, slender column used as a deep foundation. The pile is end-bearing (point bearing) pile when 
it obtains support from the bottom,and it is a friction pile if it develops resistance due to friction on the sides. In 
most of the cases, it has resistance from bottom as well as side friction.

Piping. It is a phenomenon which occurs due to erosion by sub-surface water moving through a soil mass. It results in 
the formation of continuous tunnels or pipe-like formations through which soil is carried by flowing water and piping 
failure may occur.

Plane strain. It is a stare of strain in which all displacements occur in one plane and the displacements perpendicular to 
that plane are zero. Generally, plane strain conditions occur under a long retaining wall, strip footing, earth dam, etc.

Plasticity. It is a property of fine-grained soils (particularly clays) due to which a soil having adequate water content is 
able to flow and can be remoulded without breaking apart.

Poisson's ratio. It is the ratio of the lateral strain to the longitudinal strain due to uniaxial stress within the elastic limit.
Pore pressure. It is water pressure developed in the voids of a soil mass. The shear strength of a soil is reduced due to 

pore pressure as the effective stress is decreased.
Excess pore pressure refers to pressure greater than the normal hydrostatic pore water pressure.

Pressure bulb. It is the zone of the soil mass in which stresses are induced due to superimposed load. Generally, it is 
assumed that the pressure bulb is confined to the zone in which the stresses are more than 20% (or 10%) of the 
surface load.

Pressuremeter. It is an instrument used to determine the in-situ strength of a soil (or rock) zone. It is based on the 
principle of the measurement of the pressure-related lateral expansion of a flexible cylinder inserted in a bore hole.

Projecting conduit. It is a type of conduit over which earth fill or earth embankment is placed.
Quick sand condition. When the head causing upward flow in a cohesionless soil is high, the effective stress is reduced 

to zero and the shear strength of the soil becomes zero. The condition so developed is known as quick sand 
condition. The critical gradient at which a cohesionless soil becomes quick is about unity.

Reinforced earth. It is an earth mass strengthened by reinforcement. Earth structures such as embankments, retaining 
walls and earth dams constructed in layers and reinforced with geolabric, metal strips or fibres to increase the 
strength of the soil mass are examples of reinforced earth.

Retaining wall. An earth-retaining structure constructed to resist the lateral pressure of soil is called a retaining wall.
Revetment. It is a facing built of stone, concrete blocks, or other durable material to protect an embankment from the 

wave erosion. It is also called rip rap.
Rollers. These are types of construction equipment used for compacting the soil by rolling it. The rollers are of different 

types.
Sand. It is a type of coarse-grained soil whose particle sizes range between about 0.075 mm and 4.75 mm. Sand is 

cohesionless and has high internal friction.
Seepage. Seepage is flow through an earth mass under pressure. The term is also used to indicate the quantity of water
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flowing through a soil deposit or soil structure or foundation.
Seismic exploration. It is a method of subsurface investigation in which a shock wave is created to determine the depth 

of different strata.
Secondary consolidation. This is consolidation of a cohesive soil which occurs after the primary consolidation is 

completed. The secondary consolidation is predominant in organic soils.
Settlement. The downward vertical movement experienced by a structure or a soil surface when the soil below 

compresses. The settlement occurs mainly because of consolidation.
Shear strength. It is the ability of a soil to resist shearing stresses developed within a soil mass as a result of loading 

imposed onto the soil. It is the maximum resistance which develops just before the failure under shear.
Sheet piling. A type of construction in which piles with flat cross-section are joined to form a thin diaphragm wall or 

bulkhead to resist the lateral force of retained earth.
Sieve. It is a pan (or tray) having a screen or mesh bottom. It is used to separate particles of a soil sample into various 

sizes.
Silt. It is a type of fine-grained soil with the particle size smaller than 0.075 mm, but whose mineralogical composition 

remains the same as that of the parent rock. It does not contain clay minerals.
Soil Stabilisation. It is method of increasing the strength of a soil and improving its properties. It includes mixing of 

additives and other means of improvement such as compaction and drainage.
Standard Penetration Test. (SPT) It is a type of test in which a sampler is driven into the ground by a hammer. The 

number of blows required for a penetration of 300 mm is the standard penetration number (N). The standard 
penetration number is correlated with shear strength. The test is especially useful for cohesionless soils.

Sump. It is a small pit provided to serve as a collecting basin for surface water or near-surface under ground water. The 
water is pumped out from the sump when full.

Terra-probe. It is an equipment used for compacting the soil. It consists of a vertically-vibrating tubular probe which is 
vibrated to the desired depth in a soil mass and then slowly withdrawn while continuing to vibrate.

Till. Soil transported by glaciers are called till. These usually consist of a heterogeneous mixture of the fine-grained and 
coarse-grained soils.

Tube well. It is a type of well in which a pipe (or tube) is driven into the soil to intercept various aquifers. The water 
flows into the well through the strainer provided. The discharge of a tube well is much greater than that from an 
open well.

Uniformity coefficient. It is the ratio of Dm to Dio size of the soil where Dm represents the size corresponding to 60% 
finer and Dio to 10% finer material than that size. For a well-graded sand, its value is greater than 6.

Unit weight. It is the weight per unit volume. It is expressed in kN/m3.

Vibrofloation. It is a method of compacting thick deposit of sand through the use of a horizontally vibrating cylinder 
called a vibrofloat.

Void ratio. It is the ratio of the volume of voids to the volume of solids in a soil. For a fine-grained soil, the void ratio 
is generally greater than that for a coarse-grained soil.

Water content. It is the ratio of the mass (or weight) of water to the mass (or weight) of solids in a soil. It is expressed 
as a percentage.

Well point. It is the perforated end section of a well pipe installed in the ground. It permits the ground water to be drawn 
into the pipe for pumping.



APPENDIX B
MISCELLANEOUS OBJECTIVE TYPE QUESTIONS

The following are a few typical questions which appeared in question papers of the Combined 
Engineering Services Examination of UPSC

1. Lists I and II contain respectively terms and expressions related to soil classification. Match the two 
lists and select the correct answer using the codes given below the lists.

List I List II

(A) Activity number
Liquid limit - Water content 

Plasticity index

(B) Liquidity index
2) Plasticity index
' Percent finer than 2 p.

(C) Sensitivity index
Natural water content - Plastic limit 

Plasticity index

Codes
A B

(a) 1 3
(*) 1 2
(c) 3 2
(d) 2 3

Unconfined compressive strength of undisturbed sample 
Unconfined compressive strength of remoulded soil sample

(C.E.S. 1993)

2. Match List I with List II and select

List I
the correct answer Using the codes given below the lists.

List II
(A) Sheep-foot roller
(B) Smooth heavy roller
(C) Pneumatic roller
(D) Vibrating roller

Codes
A B C D

(a) 3 4 2 1
(b) 1 4 3 2
(c) I 3 4 2
(d) 2 1 3 4

(1) Hearting of earthen dams
(2) Dry sand
(3) Casing of earthen dams
(4) Gravel in W.B.M. road

(C.E.S. 1993)

3. Match List I (different types of soils) with List II (group symbols of I.S. classification) and select the 
correct answer using the codes given below the lists.
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List I List II
(A) Well-graded gravel sand mixture with 1. ML 

little or no fines
(B) Poorly graded sands or gravelly sands 2. CH 

with little or no fines
(C) Inorganic silts and very fine sands or 3. GW 

clayey silts with low plasticity
(D) Inorganic clays of high plasticity 4. SP

4. Consider the following statements about the

Codes
A B C D

(«) 3 1 4 2
(b) 3 4 ] 2
(c) 2 4 1 3
(d) 2 1 4 3 (C.E.S. 1994)

properties of the flow nets

1. Flow line? are perpendicular to equipotential lines.
2. No two flow lines or equipotential lines start from the same point.
3. No. two flow lines cross each other

Of these statements :
(d) 1, 2 and 3 are correct (b) 2 and 3 are correct
(c) 1 and 2 are correct (d) 1 and 3 are correct (C.E.S. 1994)

5. Match List I (structure) with List II (deformation) and select the correct answer using the codes 
given below the lists.

List I
(A) Retaining wall

(B) Bridge abutment

(C) Cantilever sheet pile
(D) Anchored bulkhead

Codes
A B C D

(d) 3 4 12
(b) 3 4 2 1
(c) 4 3 1 2
(d) 4 3 2 1

List II
I. The wall moves about the dredge line as a rigid 

structure
2. The wall moves in the form of elastic line with a 

point of conirhflexure
3. The bottom moves aWay from the soil
4. The top of the wall moves away from the soil

(C.E.S. 1994)
6. Match List 1 with List II and select the correct answer using the codes given below the lists

List I
(Type of pile)

A. Friction pile
B. Batter pile
C. Tension pile
D. Compaction pile

List II
(Situation)

1. Stiff clay
2. Loose granular soil
3. Lateral load
4. Uplift load
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ABCD

(a) 3 1 2 4
(6)1 3 4 2
(c) 3 1 4 2
(d) 1 3 2 4 (C.E.S. 1994)

7. Match List I with List II and select the
List I

(Allowable max. settlement IS: 1904)

(A) 65 to 100 mm
(B) 40 mm
(C) 65 mm
(D) 40 to 65 mm

Codes
ABC

rrect answer using the codes given below the lists
List II (

(Type of foundation and soil type)

1. Isolated foundation on sand
2. Isolated foundation on clay
3. Rafts on sand
4. Rafts on clay

(a) 1 4 .3 2
(6) 4 I 2 3
(c) 1 4 2 3
(d) 4 1 3 2 (C.E.S. 1994)

8. Consider the following statements regarding confined aquifer :
1. The aquifer is bound at top and below by impervious strata.
2. The pressure of water is greater than atmospheric pressure.
3. A tube well sunk in such an aquifer starts flowing always by itself.
4. The aquifer is fully saturated

Of the above statements :
(a ) 1, 2 and 3 are correct (b) J, 2 and 4 are correct
(c ) 2, 3 and 4 are correct (d) 1, 3 and 4 are correct (C.E.S. 1994)

9. Match List I with List II and select the correct answer using the codes given below the lists

List I
(Type of soil)

(A) Lacustrine soils
(B) Alluvial soils
(C) Aeolian soils
(D) Marine soils
Codes

ABCD

(a) I 2 3 4
(b) 3 2 14
(c) 3 2 4 I
(d) I 3 2 4

List II
(Mode of transportation and deposition)

I. Transportation by wind
2. Transportation by running water
3. Deposited at the bottom of lakes
4. Deposited in sea water

10. Consider the following assumptions for slope stability analysis:
1. Friction is fully mobilised.
2. Effective stress analysis is adopted
3. Total stress analysis is used
4. Resultant R passes through the centre of the circle
5. Resultant' R is tangential to the friction circle

(C.E.S. 1995)
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The assumptions necessary for friction circle method of analysis would include

(a) I, 3 and 4 (/>) 2 and 4
(c) 1. 3 and 5 (c/) 2 and 5 (C.E.S. 1995)

11. Consider the following statements regarding negative skin friction in piles :
1. It is developed when the pile is driven through a recently deposited clay layer.
2. It is developed when the pile is driven through a layer of dense sand.
3. Il is developed due to a sudden drawdown of the water table

Of these statements :
(a ) 1 alone is correct (/>) 2 alone is correct
(c ) 2 and 3 are correct (d) 1 and 3 are correct (C.E.S. 1995)

12. Consider the following properties for a soil sampler :
1. Area ratio should be low
2. Cutting edge should be thick
3. Inside clearance should be high
4. Outside clearance should be low

The properties necessary for a good quality soil sampler would include
(a) 1 and 4 (b) 1, 2, and 3
(c) 2, 3 and 4 (</) 1, 3 and 4 (C.E.S. 1995)

13. Match List I with List II and select the correct answer using the codes given below the lists

List I
(Soil property measured)
(A) Modulus of subgrade reaction
(B) Relative density and strength
(C) Skin friction and point bearing
(D) Elastic constants

Codes
ABC

(a) I 3 2
(b) i 2 4
(c) 2 4 1
(d) 3 4 1

List II
(In-situ test)
1. Cyclic pile load test
2. Pressure meter test
3. Plate load test
4. Standard penetration test

D

4
3
3
2 (C.E.S. 1995)

14. Assertion (A) Quick sand is not a type of sand but it is condition arising in a sand mass.
Reason (R) When the upward pressure becomes equal to the pressure due to submerged weight of a 
soil, the effective pressure becomes zero.

Codes
(a) Both A and R are true and R is the correct explanation of A.
(b) Both A and R are true but R is not a correct explanation of A.
(c) A is true but R is false
(d) A is false but R is true (C.E.S. 1996)

15. Assertion (A) The safe height (2 Zo) to which an unsupported vertical cut in clay can be made is 
4c/y.
Reason (R) Active earth pressure of cohesive backfill shows that the negative pressure (tension) is 
developed at depth Zo and total net pressure upto a depth 2 Zo is zero.

Codes
(a) Both A and R are true and R is the correct explanation of A
(b) Both A and R are true but R is not a correct explanation of A



MISCELLANEOUS OBJECTIVE-TYPE QUESTION 873

(c) A is true but R is false
(J) A is false but R is true (C.E.S. 1996)

16. Assertion (A) Negative skin friction will act on piles in filled up soils, which should be considered 
in design of pile foundations.
Reason (R) The filled up soils start consoliding and develop a drag force on the pile

Codes
(a) Both A and R are tine and R is the correct explanation of A
(6) Both A and R are true but R is not a correct explanation of A.
(c) A is true but R is false
(d) A is false but R is true (C.E.S. 1996)

17. Match List I with List II and select the correct answer using the codes given below the lists

1. Seepage flow is a function of time
2. Hydraulic gradient varies with square of velocity
3. Flow al low velocity

4. Governing equation in 2D is kx -^-5 + kx = 0 

dx d y

D

4
4
3
3 (C.E.S. 1996)

List I List II
(Flow type) (Flow characteristics)

(A) Transient flow
(B) Turbulent flow
(C) Steady state flow

(D) Laminar flow

Codes
ABC

(a) 1 2 3
(b) 3 2 1
(c) 1 2 4
(d) 2 I 4

18. Consider the following statements
In subsoil exploration programme, the term significant depth of exploration is upto
1. The width of foundation
2. Twice the width of foundation
3. The depth where the additional stress intensity is less than 20% of overburden pressure
4. The depth where the additional stress intensity is less than 10% of the overburden pressure.
5. Hard rock level
Of these statements :
(a) 1, 3 and 5 are correct (b) 2, 3 and 5 are correct
(c) 1 and 4 are correct (d) 2 and 4 are correct (C.E.S. 1996)

19. Match List I with List II and select the correct answer using the codes given below the lists
List I 
(Effect) 

(A) Excessive settlement
(B) High expansivity
(C) Reduction in bearing capacity
(D) Acceleration of consolidation

List II
(Reason)

I. Rise of water table
2. High compressibility
3. Montomorrillonite
4. Sand drains

Codes
A BCD

(a) 4 1 2 3
(b) 2 3 4 I
(c) 4 1 3 2
(d) 2 3 1 4 (CKS. 1997)
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20. Match List I (property) with List II (slope of the curve) and select the correct answer using the codes
given below the lists.

List I
(A) Coefficient of compressibility
(B) Compression index
(C) Coefficient of subgrade reaction

Codes

List II
1. Stress-deformation
2. Stress-void ratio
3. Volume-pressure
4. Log stress-void ratio

B C

(a) 4 2 1
(b) 4 3 2
(c) 2 4 1
(d) 3 4 I

21. Consider the following statements regarding underreamed piles
1. They are used in expansive soils.
2. They are of precast reinforced concrete.
3. The ratio of bulb to shaft diameter is usually 2 to 3.
4. Minimum spacing between the piles should not be less than 1.5 times the diameter

(C.E.S. 1997)

Of these statements :
(a) 1,2 and 3 are correct
(c) 2, 3 and 4 are correct

(b) 1,3 and 4 are correct 
(<7) 1, 2 and 4 are correct (C.E.S. 1997)

22. Match List I with List II and select the correct answer using the codes given below the lists

List I
(Field test)

(A) Plate load test
(B) Standard penetration test
(C) Static Dutch cone penetration test
(D) Dynamic penetration test

Codes

List II
(Parameters measured)

1. Total and frictional resistance
2. Load intensity and settlement values
3. Ned values
4. SPT values

B D

(«) 
(b) 
(c) 
(d) (C.E.S. 1997)

23. Consider the following statements:
1. Constant-head permeameter is best suited for determination of coefficient of permeability of highly 

impermeable soils.
2. Coefficient of permeability of a soil mass decreases with increase in viscosity of the pore fluid.

'3. Coefficient of permeability of a soil mass increases with increase in temperature of the pore fluid.

Of these statements :
(a) 1 and 2 are correct
(c) 2 and 3 are correct

24. Consider the following statements :

(b) 1 and 3 are correct
(d) 1, 2 and 3 are correct (C.E.S., 1998)

1. Relative compaction is not the same as relative density.
2. Vibrofloatation is not effective in the case of highly cohesive soils.
3. ‘Zero air void line’ and 100% saturation line are not identical.
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Of these statements :
(a) 1 and 2 are correct (/?) I and 3 are correct
(c) 2 and 3 are correct (rf) 3 alone is correct. (C.E.S., 1998)

25. Consider the following statements :
Phreatic line in an earth dam is
1. elliptic in shape
2. an equipotential line
3. the top most How line with zero water pressure
4. approximately a parabola
Of these statements :
(a ) 1,2 and 3 are correct (rf) 2, 3 and 4 are correct
(c ) 3 and 4 are correct (d) 1 alone is correct (C.E.S., 1998)

26. Consider the following statements :
Rankine's theory and Coulomb’s theory give same values of coefficients of active and passive earth 
pressure when
1. the retaining wall has a vertical back
2. the backfill is cohesionless
3. angle of slope of backfill is equal to the angle of internal friction
4. the angle of slope of backfill is 0°
5. the angle of wall friction 8 is 0°
6. the angle of wall friction 8 is equal to (p
Of these statements :
(a) 1, 2, 3 and 5 are correct (rf) 1, 2. 4 and 5 are correct
(c ) 2, 3 and 6 are correct (d) 1, 4 and 6 are correct (C.E.S., 1998)

27. Consider the following statements:
1. Coulomb's earth pressure theory does not take the roughness bf wall into consideration.
2. In case of non-cohesive Soils, the coefficient of active earth pressure and earth pressure at rest are 

equal.
3. Any movement of retaining wall away from the fill corresponds to active earth pressure conditions:

Of these statements :
(<z) 1 alone is correct (rf) 1 and 2 are correct
(c) 2 alone is correct (rf) 3 alone is correct (C.E.S., 1998)

28. Consider the following statements :
1. The degree of saturation of a saturated soil mass subjected to pressure remains unchanged during the 

process of consolidation.
2. Secondary consolidation is due to the plastic deformation of the soil when the pore fluid is not 

subjected to any excess pressure

3. Primary consolidation is independent of the coefficient of permeability of the soil but depends on the 
decrease in void volume due to air escape.

Of these statements :
(a) 1 and 2 are correct (rf) 1 and 3 arc correct
(c) 2 and 3 are correct (rf) 1, 2 and 3 are correct (C.E.S., 1998)

29. Consider the following statement's associated with local shear failure of soils :

1. Failure is sydden with well-defined ultimate load
2. This failure occufrs in highly compressive soils.
3. Failure is preceded by large settlements.
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Of these statements :
(a) 1.2 and 3 are correct
(c) 2 and 3 are correct

(fe) I and 2 are correct
(J) I and 3 are correct (C.E.S., 1998)

30. Consider the following statements :
1. Dynamic cone penetration test for site investigations is based on the principle that elastic shock 

waves travel in different materials at different velocities.
2. Electrical resistivity method of sub-surface investigation is capable of detecting only the strata having 

different electrical resistivity.
3. In-situ vane shear test is useful for determining the shear strength of very soft soil and sensitive clays 

and is unsuitable for sandy soils

Of these statements :
(a) 1 and 2 are correct (fe) 1 and 3 are correct
(c) 2 and 3 are correct (d) 2 alone is correct (C.E.S., 1998)

[Ans. 1. (d), 2. (c), 3. (fe). 4. (a), 5. (c), 6. (fe), 7. (fe), 8. (fe), 9. (fe), 10. (c), 11. (J), 12. (a), 13. (J), 14. 
(a), 15. (a), 16. (a), 17. (c), 18. (d), 19. (d), 20. (c), 21. (fe), 22. (c), 23. (c), 24. (a), 25. (c). 26. (fe), 
27. (J), 28. (a), 29. (c), 30. (c)]
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pF value, 125
Phreatic line, 173
Pile foundation, 671
Pile load test, 688
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Slots, 396
Soil-bi tumen, 381
Soil-cement, 377
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Soil formation, 5
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Soil sampler, 424
Soil structure, 116
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Soil water, 120
Soldier beams, 553
Sonic velocity, 823
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Spedfic yield, 402
Splitting test, 828
Stabilisation of soils, 376
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Stability number, 453
Stability of slopes, 440
Standard penetration test, 427, 610, 688
Standard Proctor test, 358
Static cone test, 429, 616
Static formula for piles, 677
Steining, 741
Stokes law, 47
Strcss-strain curve, 218, 829
Stress path, 339
Structural units, 111
Structural water, 120
Subgrade, 774
Subgrade reaction, 659, 781
Sub-surface profile, 437
Submerged density, 16
Sudden drawdown, 461
Suction, 125
Suction plate, 127
Surface tension, 120
Swcdish-drcle method, 455
Swelling of soils, 129

T
Taylor’s stability charts, 453
Tension crack, 491
Tension piles, 694
Tensiometer, 127
Terminal velocity, 47
Terminology of soils, 9, 838
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Terzaghi's analysis, bearing

capacity, 593
—consolidation, 267
—rigid bulkheads, 725
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Thermal stabilisation, 383
Thixotropy, 81
Three-dimensional consolidation, 287
Tie backs, 554
Tilt, 744

Time factor, 273
Time-settlement curve, 283
Toughness index, 79
Torsion balance method, 27
Transformed section, 180
Transmissibility, 762
Trial wedge method, 503
Triaxial test, 318, 828
True angle of friction, 342
True cohesion, 342
Tunnels, 571
Tunnel conduits, 582

U
Ultimate bearing capadty, 587
Ultimate soil resistance, 737
Unconfined compress i on test, 330, 828
Unconfined aquifer, 146, 401
Underground conduits, 575
Undisturbed samples, 425
Unified dassification, 92
Uniformity coefficient, 58
Unit weight of soil solids, 8
Unit weight, 17, 819

V
Vacuum well points, 393
Vander Waal’s forces, 110
Vane shear test, 332, 431
Vesic’s theory, 605
Vibration, 759
Vibration isolation, 767
Vibroflotation, 369
Virgin curve, 267
Void ratio, 14
Volume change measurement, 321
Volumetric shrinkage, 76

W
Wales, 554
Warping stresses, 784
Wash boring, 421
Water content, 15
Water displacement method, 33
Wave equation, 687
Wedge failure, 447
Wedge theory, 494
Well foundation, 722
Well hydraulics, 401
Well points, 392
Westegaard’s solution, 243
Westergaard method for rigid 
pavements, 782

Winkler’s bed, 653

Y
Yield of wells, 402
Young’s modulus, 218

Z
Zero-air voids line, 360
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