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Preface

Unified
/ \
D e s I g n INTENDED AUDIENCE

This book presents the design of steel building structures based on the 2005 unified spec-
ification, ANSI/AISC 360-05 Specification for Structural Steel Buildings. It is intended
0 e e primarily as a text for a first course in steel design for civil and architectural engineers.

Such a course usually occurs in the third or fourth year of an engineering program. The
book can also be used in a second, building-oriented course in steel design, depending on the

coverage in the first course. In addition to its use as an undergraduate text, it provides a good
r e s review for practicing engineers looking to learn the provisions of the unified specification
and to convert their practice from either of the old specifications to the new specification.

Users are expected to have a firm knowledge of statics and strength of materials and have
easy access to the AISC Steel Construction Manual, 13th Edition.

A AN

\

W\
\

.. .

UNIFIED ASD AND LRFD

A preferred approach to the design of steel structures has been elusive over the last
20 years. In 1986, the American Institute of Steel Construction (AISC) issued its first
Load and Resistance Factor Design (LRFD) Specification for Structural Steel Buildings.
This specification came after almost 50 years of publication of an Allowable Stress Design
(ASD) specification. Unfortunately, LRFD was accepted by the academic community but
not by the professional engineering community. Although AISC revised the format of the
ASD specification in 1989, it had not updated its provisions for over 25 years, This use
of two specifications was seen as an undesirable situation by the professions and in 2001
AISC began the development of a combined ASD and LRFD specification. In 2005, AISC
published its first unified specification, combining the provisions of both the LRFD and
ASD specifications into a single standard for the design of steel building structures. This
new specification, ANSI/AISC 360-05 Specification for Structural Steel Buildings, reflects
a major change in philosophy by AISC, one that makes the use of ASD and LRFD equally
acceptable approaches for the design of steel buildings.

The reader familiar with past editions of the ASD and LRFD specifications will un-
doubtedly question how these two diverse design philosophies can be effectively combined
into one specification. This is a reasonable question to ask. The primary answer is that this
specification is not a combination of the old ASD and LRFD provisions. It is a new approach
with a new ASD that uses the same strength equations as the new LRFD. A combination
of the old ASD provisions with the old LRFD provisions could lead, in some cases, to a
design wherein an element is treated as behaving elastically for ASD design and plastically
for LRFD design. The unified specification takes a different approach. It is based on the
understanding that the strength of an element or structure, called the nominal strength in the
specification, can be determined independent of the design philosophy. Once that nominal
strength is determined, the available strength for ASD or LRFD is determined as a function
of that nominal strength. Thus, the available strength of the element is always based on the

Louis F. GeschWindner same behavior and no inconsistency in behavior results from the use of ASD or LRFD. This

important aspect of the unified specification is further explained in Chapter 1.
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CHANGES IN BUILDING LOADS

UNITS

In addition to the provisions for steel design issued by AISC, structural engineering has
seen many changes in the area of loads for which buildings must be designed. The Amer-
ican Society of Civil Engineers (ASCE) is continually revising ASCE-7 Minimum Design
Loads for Buildings and Other Structures, its standard for building loads. The International
Code Council (ICC) has issued its International Building Code (IBC), and the National
Fire Protection Association (NFPA) has issued its model building code (NFPA 5000). The
major changes brought about by these new standards are the inclusion of requirements
for consideration of seismic loading, which now applies to almost the entire country. In
response to the expansion of the requirements for seismic design, AISC issued ANSI/AISC
341-05 Seismic Provisions for Structural Steel Buildings, a standard to guide the design of
steel building structures to resist seismic loads. For the calculation of loads within this text,
ASCE 7-05 provisions are used. For any actual design, the designer must use the loadings
established by the governing building code. The AISC seismic provisions are discussed in
Chapter 13.

ANSI/AISC 360-05 is, as much as possible, a unitless specification. In those rare instances
where equations could not be written in a unitless form, two equations are given, one in
U.S. customary units and one in SI units. The Manual presents all of its material in U.S.
customary units. The construction industry in this country has not adopted SI units in any
visible way, and it is not clear that they will in the foreseeable future. Thus, this book uses
only U.S. customary units.

TOPICAL ORGANIZATION

Chapters 1 through 3 present the general material applicable to all steel structures. This
is followed in Chapters 4 through 9 with a presentation of member design. Chapters 10
through 12 discuss connections and Chapter 13 provides an introduction to seismic design.

In Chapter 1, the text addresses the principles of limit states design upon which all
steel design is based. It shows how these principles are incorporated into both LRFD and
ASD approaches. Chapter 2 introduces the development of load factors, resistance factors,
and safety factors. It discusses load combinations and compares the calculation of required
strength for both LRFD and ASD. Chapter 3 discusses steel as a structural material. It
describes the availability of steel in a variety of shapes and the grades of steel available for
construction.

Once the foundation for steel design is established, the various member types are con-
sidered. Tension members are addressed in Chapter 4, compression members in Chapter 5,
and bending members in Chapter 6. Chapter 7 covers plate girders, which are simply bend-
ing members made from individual plates. Chapter 8 treats members subjected to combined
axial load and bending as well as design of bracing. Chapter 9 deals with composite mem-
bers, that is, members composed of both steel and concrete working together to provide the
available strength. Each of these chapters begins with a discussion of that particular member
type and how it is used in buildings. This is followed by a discussion of the specification
provisions and the behavior from which those provisions have been derived. The LRFD
and ASD design philosophies of the 2005 specification are used throughout. Design exam-
ples that use the specification provisions directly are provided along with examples using
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the variety of design aids available in the AISC Steel Construction Manual. All examples
that have an LRFD and ASD component are provided for both approaches. Throughout this
book, ASD examples, or portions of examples that address the ASD approach, are presented
with shaded background for ease of identification.

The member-oriented chapters are followed by chapters addressing connection design.
Cpapter 10 introduces the variety of potential connection types and discusses the strength
f’t bolts, welds, and connecting elements. Chapter 11 addresses simple connections. This
mf:ludes simple beam shear connections and light bracing connections. Chapter 12 deals
with moment-resisting connections. As with the member-oriented chapters, the basic prin-
ciple.s _of limit states design are developed first. This is followed by the application of the
provisions to simple shear connections and beam-to-column moment connections through
extensive examples in both LRFD and ASD.

. The text concludes in Chapter 13 with an introduction to steel systems for seismic force
resistance. It discusses the variety of structural framing systems available and approved for
inclusion in the seismic force resisting system.

EXAMPLES AND HOMEWORK PROBLEMS IN LRFD AND ASD

The'LRFD and ASD design philosophies of the 2005 specification are used throughout.
Design axgmples that use the specification provisions directly are provided along with ex-
amples using the variety of design aids available in the AISC Steel Construction Manual.
All examples that have an LRFD and ASD component are provided for both approaches.
Throughout this book, ASD examples, or portions of examples that address the ASD ap-
proach, are presented with shaded background for ease of identification.

G(L;u.: Select a double-angle tension member for use as a web member in a truss and determine the
maximum area reduction that would be permitted for holes and shear lag,

g;"::é:::l The member must carry an ASD required strength, P, = 270 kips. Use equal leg angles of

Step 1: Determine the minimum required gross area based on the limit state of yielding

Agmin=270/(36/1.67) = 12.5 in?

Step 2: Based on this minimum gross area, from Manual Table 1-15, select
2L6x6x°hs with A, = 12.9 in.?

Each chapter includes homework problems at the end of the chapter. These problems
are organized to follow the order of presentation of the material in the chapters. Several
problems are provided for each general subject. Problems are provided for both LRED and
ASD solutions. There are also problems designed to show comparisons between ASD and
LRFD solutions. These problems show that in some instances one method might give a
more economical design, whereas in other instances the reverse is true.
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WEBSITE

The following resources are available from the book website at www.wiley.com/
college/geschwindner. Visit the Student section of the website.

* Answers Selected homework problem answers are available on the student section
of the website.

» Errata We have reviewed the text to make sure that it is as error-free as possible.
However, if any errors are discovered, they will be listed on the book website as a
reference.

= If you encounter any errors as you are using the book, please send them directly to
the author (LFG@psu.edu) so we may include them on the website, and correct these
errors in future editions.

RESOURCES FOR INSTRUCTORS

All resources for instructors are available on the Instructor section of the website at
www.wiley.com/college/geschwindner.
The following resources are available only to instructors who adopt the text:

* Solutions Manual: Solutions for all homework problems in the text.
* Image Gallery of Text Figures
+ Text Figures in PowerPoint format

Visit the Instructor section of the website at www.wiley.com/college/geschwindner to reg-
ister and request access to these resources.
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Hearst Tower, New York City.
Photo courtesy WSP Cantor Seinuk.

Introduction

1.1 SCOPE

A wide variety of designs can be characterized as structural steel design. This book deals
with the design of steel structures for buildings as governed by ANSIAISC 360-05 Specifica-
tion for Structural Steel Buildings, published by the American Institute of Steel Construction
(AISC) in 2005, and referred to as the Specification in this book. The areas of application
given throughout this book specifically focus on the design of steel building structures. The
treatment of subjects associated with bridges and industrial structures, if addressed at all,
is kept relatively brief.

The book addresses the concepts and design criteria for the two design approaches
detailed by the Specification: Load and Resistance Factor Design (LRFD) and Allowable
Strength Design (ASD). Both methods are discussed later in this chapter.

In addition to the Specification, the primary reference for this book is the 13th edition
of the AISC Steel Construction Manual. This reference handbook contains tables of the
basic values needed for structural steel design, design tables to simplify actual design, and
the complete Specification. Throughout this book, this is referred to as the Manual,

1.2 PRINCIPLES OF STRUCTURAL DESIGN

From the time an owner determines a need to build a building, through the development
of conceptual and detailed plans, to completion and occupancy, a building project is a
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multi-faceted task that involves many professionals. The owner and the financial analysis
team evaluate the basic economic criteria for the building. The architects and engineers
form the design team and prepare the initial proposals for the building, demonstrating how
the users’ needs will be met. This teamwork continues through the final planning and design
stages, where the detailed plans, specifications, and contract documents are readied for the
construction phase. During this process, input may also be provided by the individuals who
will transform the plans into a real life structure. Thus, those responsible for the construction
phase of the project often help improve the design by taking into account the actual on-site
requirements for efficient construction.

Once a project is completed and turned over to the owner, the work of the design teams
is normally over. The operation and maintenance of the building, although major activities
in the life of the structure, are not usually within the scope of the designer's responsibilities,
except when significant changes in building use are anticipated. In such cases, a design
team should verify that the proposed changes can be accommodated.

The basic goals of the design team can be summarized by the words safety, function,
and economy. The building must be safe for its occupants and all others who may come in
contact with it. It must neither fail locally nor overall, nor exhibit behavioral characteristics
that test the confidence of rational human beings. To help achieve that level of safety,
building codes and design specifications are published that outline the minimum criteria
that any structure must meet.

The building must also serve its owner in the best possible way to ensure that the func-
tional criteria are met. Although structural safety and integrity are of paramount importance,
a building that does not serve its intended purpose will not have met the goals of the owner.

Last, but not least, the design, construction, and long-term use of the building should
be economical. The degree of financial success of any structure will depend on a wide range
of factors. Some are established prior to the work of the design team, whereas others are
determined after the building is in operation. Nevertheless, the final design should, within
all reasonable constraints, produce the lowest combined short- and long-term expendi-
tures.

The AISC Specification follows the same principles. The mission of the AISC Commit-
tee on Specifications is to: “Develop the practice-oriented specification for structural steel
buildings that provide for life safety, economical building systems, predictable behavior
and response, and efficient use.” Thus, this book emphasizes the practical orientation of
this specification.

1.3 PARTS OF THE STEEL STRUCTURE

All structures incorporate some or all of the following basic types of structural components:

1. Tension members

2. Compression members

3. Bending members

4, Combined force members
5. Connections

The first four items represent structural members. The fifth, connections, provides the
contact regions between the structural members, and thus assures that all components work
together as a structure.
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Detailed evaluations of the strength, behavior, and design criteria for these members
are presented in the following chapters:

Tension members: Chapter 4
Compression members: Chapter 5
Bending members: Chapters 6 and 7

Combined force members: Chapter 8
Connections: Chapters 10, 11, and 12

The strength and behavior of structural frames composed of a combination of these
elements are covered in Chapters 8 and 13, and the special considerations that apply to
composite (steel and concrete working together) construction are presented in Chapter 9.
An introduction to the design of steel structures for earthquake loading is presented in
Chapter 13, The properties of structural steel and the various shapes commonly used are
discussed in Chapter 3, and a brief discussion of the types of loads and load combinations
is presented in Chapter 2.

Tension members are typically found as web and chord members in trusses and open-
web steel joists, as diagonal members in structural bracing systems, and as hangers for
balconies, mezzanine floors and pedestrian walkways. They are also used as sag rods for
purlins and girts in many building types, as well as to support platforms for mechanical
equipment and pipelines. Figures 1.1 and 1.2 illustrate typical applications of tension mem-
bers in actual structures.

In the idealized case, tension members transmit concentric tensile forces only. In certain
structures, reversals of the overall load may change the tension member force from tension
to compression. Some members will be designed for this action; others will have been
designed with the assumption that they carry tension only.

The idealized tension member is analyzed with the assumption that its end connections
are pins, which prevent any moment or shear force from being transmitted to the member.
However, in an actual structure, the type of connection normally dictates that some bending
may be introduced to the tension member. This is also the case when the tension member
is directly exposed to some form of transverse load. Moments will also be introduced if the
element is not perfectly straight, or if the axial load is not applied along the centroidal axis
of the member.

The primary load effect in the tension member is a concentric axial force, with bending
and shear considered as secondary effects.

Idealized Tension Member

Figure 1.1 Use of Tension Members in a Truss.
Photo courtesy Ruby & Associates.
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Idealized tension members

Figure 1.2 Use of Tension Members as Hangers.

Compression members are also known as columns, struts, or posts. They are used as
web and chord members in trusses and joists and as vertical members in all types of building
structures. Figure 1.3 shows a typical use of structural compression members.

The idealized compression member carries only a concentric, compressive force. Its
strength is heavily influenced by the distance between the supports, as well as by the support
conditions. The basic column is therefore defined as an axially loaded member with pinned
ends. Historically, design rules for compression members have been based on the behavior
and strength of this idealized compression member.

The basic column is practically nonexistent in real structures. Realistic end supports
rarely resemble perfect pins; the axial load is normally not concentric, due to the way the
surrounding structure transmits its load to the member; and beams and similar components
are likely to be connected to the column in such a way that moments are introduced. All
of these conditions produce bending effects in the member, making it a combined force
member or beam-column, rather than the idealized column.

The primary load effect in the pinned-end column is therefore a concentric axial com-
pressive force accompanied by the secondary effects of bending and shear.

Bending members are known as beams, girders, joists, spandrels, purlins, lintels, and
girts. Although all of these are bending members, each name implies a certain structural
application within a building:

1. Beams, girders, and joists form part of common floor systems. The beams are most
often considered as the members that are directly supported by girders, which in
turn are usually supported by columns. Joists are beams with fairly close spacing.

1.3 Parts of the Steel Structure 5

Idealized
compression
member
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Figure 1.3 Use of Columns in a Building Frame.

A girder may generally be considered a higher-order bending member than a beam
or joist. However, variations to this basic scheme are common.

2. The bending members that form the perimeter of a floor or roof plan in a building
are known as spandrels or spandrel beams. Their design may be different from other
beams and girders because the load comes primarily from only one side of the
member.

3. Bending members in roof systems that span between other bending members are
usually referred to as purlins.

4. Lintels are bending members that span across the top of openings in walls, usually
carrying the weight of the wall above the opening as well as any other load brought
into that area. They typically are seen spanning across the openings for doors and
windows,

5. Girts are used in exterior wall systems. They transfer the lateral load from the wall
surface to the exterior columns. They may also assist in supporting the weight of
the wall.

Figure 1.4 shows the use of a variety of bending members in an actual structure.

The basic bending member carries transverse loads that lie in a plane that contains the
longitudinal centroidal axis of the member. The primary load effects are bending moment
and shear force. Axial forces and torsion may occur as secondary effects.
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Figure 1.4 Building Structure Showing Bending Members,
Photo courtesy Greg Grieco.

The most common combined force member is known as a beam-column, implying
that this structural element is simultaneously subjected to bending and axial compression.
Although bending and axial tension represents a potential loading case for the combined
force member, this case is not as critical or common as the beam-column.

Figure 1.5ais a schematic illustration of a multi-story steel frame where the beams and
columns are joined with rigid connections. Because of the geometric configuration, the types
of connections, and the loading pattern, the vertical members are subjected to axial loads
and bending moments. This is a typical case of practical beam-columns; other examples
are the members of the gable frame shown in Figure 1.5b and the vertical components of a
single story portal frame shown in Figure 1.5¢c.

The beam-column may be regarded as the general structural element, where axial
forces, shear forces, and bending moments act simultaneously. Thus, the basic column may
be thought of as a special case, representing a beam-column with no moments or transverse
loads. Similarly, the basic bending member may be thought of as a beam-column with no
axial load. Therefore, the considerations that must be accounted for in the design of both
columns and beams must also apply to beam-columns.

1.3 Parts of the Steel Structure 7
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Figure 1.5 Schematic Representation of Steel Frames in Which the Vertical Members are Subjected
to Axial Loads and Bending Moments.

Because of the generalized nature of the combined force element, all load effects are
considered primary. However, when the ratio of axial load to axial load capacity in a beam-
column becomes high, column behavior will overshadow other influences. Similarly, when
the ratio of applied moment to moment capacity is high, beam behavior will outweigh other
effects. The beam-column is an element in which a variety of different force types interact.
Thus, practical design approaches are normally based on interaction equations.

Connections are the collection of elements that join the members of a steel struc-
ture together. Whether they connect the axially loaded members in a truss or the beams
and columns of a multi-story frame, connections must ensure that the structural members
function together as a unit.

The fasteners used in structural steel connections today are almost entirely limited to
bolts and welds. The load effects that the various elements of the connection must resist
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(a) Tee connection (b) Shear end plate

(c) Shear tab (d) Moment end plate
Figure 1.6 Building Connections.

Photos courtesy American Institute of Steel Construction.

are a function of the specific connection type being considered. They include all of the
possible forces and moments. Figure 1.6 illustrates a variety of connections. The idealized
representations for connections are presented in Chapters 10, 11, and 12.

1.4 TYPES OF STEEL STRUCTURES

It is difficult to classify steel structures into neat categories, due to the wide variety of
systems available to the designer. The elements of the structure, as defined in Section 1.3,
are combined to form the total structure of a building which must safely and economically
carry all imposed loads. This combination of members is usually referred to as the framing
system.

Steel framed buildings come in a wide variety of shapes and sizes and in combinations
with other structural materials. A few examples are given in the following paragraphs, to
set the stage for the application of structural design presented in subsequent chapters.

1.4 Types of Steel Structures 9

1.4.1 Bearing Wall Construction

This is primarily used for one- or two-story buildings, such as storage warehouses, shopping
centers, office buildings, and schools. This system normally uses brick or concrete block
masonry walls, on which are placed the ends of the flexural members supporting the floor
or roof. The flexural members are usually hot-rolled structural steel shapes, alone or in
combination with open web steel joists or cold-formed steel shapes.

1.4.2 Beam-and-Column Construction

This is the most commonly used system for steel structures today. It is suitable for large-area
buildings such as schools and shopping centers, which often have no more than two stories,
but may have a large number of spans. It is also suitable for buildings with many stories.
Columns are placed according to a regular, repetitious grid that supports the beams, girders,
and joists, which are used for the floor and roof systems. The regularity of the floor plan
lends itself to economy in fabrication and erection, because most of the members will be
of the same size. Further economy may be gained by using continuous beams or drop-in
spans with cantilever beams, as illustrated schematically in Figure 1.7.

For multi-story buildings, the use of composite steel and concrete flexural members
affords additional savings. Further advances can be expected as designers become more
familiar with the use of composite columns and other elements of mixed construction
systems.

Beam-and-column structures rely on either their connections or a separate bracing
system toresist lateral loads. A frame in which all connections are moment resistant provides
resistance against the action of lateral loads, such as wind and earthquakes, and overall
structural stability, through the bending stiffness of the overall frame.

A frame without member-end restraint needs a separate lateral load resisting system,
often afforded by having the elements along one or more of the column lines act as braced
frames. One of the most common types of bracing is the vertical truss, which is designed to
take the loads imposed by wind and seismic action. Other bracing schemes involve shear
walls and reinforced concrete cores. The latter type may also be referred to as a braced core
system, and can be highly efficient because of the rigidity of the box-shaped cross section
of the core. The core serves a dual purpose in this case: In addition to providing the bracing
system for the building, it serves as the vertical conduit in the completed structure for all
of the necessary services including elevators, staircases, electricity, and other utilities.

Combinations of these types of construction are also common. For example, frames
may have been designed as moment resistant in one direction of the building and as truss
braced in the other. Of course, such a choice recognizes the three-dimensional nature of the
structure.

Figure 1.8 shows an idealized representation of several types of beam-and-column
framed structures.

T == = 5
£ A 3 7
| Beam with | Drop-in__| Beam with |
cantilevered ends | span | cantilevered ends

Figure 1.7 Use of Cantilever Beams with Drop-In Spans.
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Figure 1.8 An Idealized Illustration of Several Types of Beam-and-Column Framed Structures:
(a) moment-resistant frame; (b) truss-braced frame; (c) core-braced frame; (d) floor plan of shear
wall and core-braced building; (e) floor plan of building with a combination of braced and unbraced
bents.

1.4.3 Long-Span Construction

This type of construction encompasses steel-framed structures with long spans between the
vertical load-carrying elements, such as covered arenas. The long distances may be spanned
by one-way trusses, two-way space trusses, or plate and box girders. Arches or cables could
also be used, although they are not considered here.

Long-span construction is also used in buildings that require large, column-free interi-
ors. In such cases the building may be a core- or otherwise braced structure, where the long
span is the distance from the exterior wall to the core.

Many designers would also characterize single-story rigid frames as part of the long-
span construction systems. Depending on the geometry of the frame, such structures can
span substantial distances, often with excellent economy.

1.4.4 High-Rise Construction

High-rise construction refers to multistory buildings. The large heights and unique problems
encountered in the design of such structures warrant treating them independently from
typical beam-and-column construction. In addition, over the past 30 years several designers
have developed a number of new concepts in multi-story frame design, such as the super
composite column and the steel plate shear wall.

Particular care must be exercised in the choice and design of the lateral load resisting
system in high-rise construction. It is not just a matter of extrapolating from the principles
used in the analysis of lower rise structures, because many effects play a significant role in

1.5 Design Philosophies 11

the design of high-rise buildings, but have significantly less impact on frames of smaller
height. These effects are crucial to the proper design of the high-rise structure.

Some of these effects may be referred to as second-order effects, because they cannot
be quantified through a normal, linearly elastic analysis of the frame. Although they may
be present in lower-height structures, they may be more significant in high-rise structures.
An example of second-order effects is the additional moment induced in a column due to
the eccentricity of the column loads that develops when a structure is displaced laterally.
When added to the moments and shears produced by gravity and wind loads, the resulting
effects may be significantly larger than those computed without considering the second-
order effects. A designer who does not incorporate both will be making a serious and perhaps
unconservative error.

Framing systems for high-rise buildings reflect the increased importance of lateral load
resistance. Thus, attempts at making the perimeter of a building act as a unit or tube have
proven quite successful. This tube may be in the form of a truss, such as the John Hancock
Building in Chicago, lllinois, shown in Figure 1.9a or a frame as in the former World Trade
Center in New York City, shown in Figure 1.9b; a solid wall tube with cutouts for windows,
such as the Aon Center in Chicago, shown in Figure 1.9¢; or several interconnected or
bundled tubes, such as the Sears Tower in Chicago, shown in Figure 1.9d.

1.4.5 Single-Story Construction

Many designers include the single story frame as part of the long-span construction cate-
gory. These structures lend themselves particularly well to fully welded construction. The
pre-engineered building industry has capitalized on the use of this system through fine-tuned
designs of frames for storage warehouses, industrial buildings, temporary and permanent
office buildings, and similar types of structures.

1.5 DESIGN PHILOSOPHIES

A successful structural design results in a structure that is safe for its occupants, can carry the
design loads without overstressing any components, does not deform or vibrate excessively,
and is economical to build and operate for its intended life span. Although economy may
appear to be the primary concern of an owner, safety must be the primary concern of the
engineer. Costs of labor and materials will vary from one geographic location to another,
making it almost impossible to design a structure that is equally economical in all locations.
Because the foremost task of the designer is to produce a safe and serviceable structure,
design criteria such as those published by the American Institute of Steel Construction are
based on technical models and considerations that predict structural behavior and material
response. The use of these provisions by the designer will dictate the economy of a particular
solution in a particular location and business climate.

To perform a structural design, it is necessary to quantify the causes and effects of
the loads that will be exerted on each element throughout the life of the structure. This is
generally termed the load effect or the required strength. It is also necessary to account for
the behavior of the material and the shapes that compose these elements. This is referred to
as the nominal strength or capacity of the element.

In its simplest form, structural design is the determination of member sizes and their
corresponding connections, so that the strength of the structure is greater than the load effect.
The degree to which this is accomplished is often termed the margin of safety. Numerous
approaches for accomplishing this goal have been used over the years.
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(©)

(d)
Figure 1.9 High-Rise Buildings: (a) the John Hancock Center; (b) the World Trade Center; (Photo courtesy Leslie E. Robertson,
RLLP) (c) the Aon Center; (d) the Sears Tower.
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Although past experience might seem to indicate that the structural designer knows the
exact magnitude of the loads that will be applied to the structure, and the exact strength
of all of the structural elements, this is usually not the case. Design loads are provided by
many codes and standards and, although the values that are given are specific, significant
uncertainty is associated with those magnitudes. Loads, load factors, and load combinations
are discussed in Chapter 2.

As is the case for loading, significant uncertainty is associated with the determination of
behavior and strength of structural members. The true indication of load-carrying capacity is
given by the magnitude of the load that causes the failure of a component or the structure as a
whole. Failure may occur either as a physical collapse of part of the building, or considered
to have occurred if deflections, for instance, are larger than certain predetermined values.
Whether the failure is the result of a lack of strength (collapse) or stiffness (deflection), these
phenomena reflect the limits of acceptable behavior of the structure. Based on these criteria,
the structure is said to have reached a specific limit state. A strength failure is termed an
ultimate limit state whereas a failure to meet operational requirements, such as deflection,
is termed a serviceability limit state.

Regardless of the approach to the design problem, the goal of the designer is to ensure
that the load on the structure and its resulting load effect, such as bending moment, shear
force, and axial force, in all cases, are sufficiently below each of the applicable limit states.
This assures that the structure meets the required level of safety or reliability.

Three approaches for the design of steel structures are permitted by the AISC
Specification:

1. Allowable Strength Design (ASD)
2. Load and Resistance Factor Design (LRFD)
3. Inelastic Design

Each design approach represents an alternate way of formulating the same problem,
and each has the same goal. All three are based on the nominal strength of the element
or structure. The nominal strength, most generally defined as R,, is determined in exactly
the same way, from the exact same equations, whether used in ASD or LRFD. Some
formulations of Inelastic Design, such as Plastic Design, also use these same nominal
strength equations whereas other approaches to inelastic design model in detail every aspect
of the structural behavior and do not rely on the equations provided through the Specification.
The use of a single nominal strength for both ASD and LRFD permits the unification of
these two design approaches. It will become clear throughout this book how this approach
has simplified steel design for those who have struggled in the past with comparing the two
available philosophies. The following sections describe these three design approaches.

1.6 FUNDAMENTALS OF ALLOWABLE STRENGTH DESIGN (ASD)

Allowable Strength Design was formerly referred to as allowable stress design. It is the
oldest approach to structural design in use today and has been the foundation of AISC
Specifications since the original provisions of 1923. Allowable stress design was based
on the assumption that under actual load, stresses in all members and elements would
remain elastic. To meet this requirement, a safety factor was established for each potential
stress-producing state. Although historically ASD was thought of as a stress-based design
approach, the allowable strength was always obtained by the proper combination of the
allowable stress and the corresponding section property, such as area or elastic section
modulus.
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The current Allowable Strength Design approach is based on the concept that the
required strength of a component is not to exceed a certain permitted or allowable strength
under normal in-service conditions. The required strength is determined on the basis of
specific ASD load combinations and an elastic analysis of the structure. The allowable
strength incorporates a factor of safety, €, and uses the nominal strength of the element
under consideration. This strength could be presented in the form of a stress if the appropriate
section property were used. In doing this, the resulting stresses will most likely again be
within the elastic range, although this is not a preset requirement of the Specification.

The magnitude of the factor of safety and the resulting allowable strength depend on
the particular governing limit state against which the design must produce a certain margin
of safety. Safety factors are obtained from the Specification. This requirement for ASD is
provided in Section B3.4 of the Specification as
(1.1}

RCI'S'

o=

which can be stated as:
Nominal Strength

Required Strength (ASD) < Safety Factor

= Allowable Strength

The governing strength depends on the type of structural element and the limit states
being considered. Any single element can have multiple limit states that must be assessed.
The safety factor specified for each limit state is a function of material behavior and the
limit state being considered. Thus, it is possible for each limit state to have its own unique
safety factor.

Design by ASD requires that the allowable stress load combinations of the building
code be used. Loads and load combinations are discussed in detail in Chapter 2.

1.7 FUNDAMENTALS OF LOAD AND RESISTANCE FACTOR
DESIGN (LRFD)

Load and Resistance Factor Design explicitly incorporates the effects of the random vari-
ability of both strength and load. Because the method includes the effects of these random
variations and formulates the safety criteria on that basis, it is expected that a more uniform
level of reliability, thus safety, for the structure and all of its components, will be attained.

LRFD is based on the concept that the required strength of a component under LRFD
load combinations is not to exceed the design strength. The required strength is obtained
by increasing the load magnitude by load factors that account for load variability and
load combinations. The design strength is obtained by reducing the nominal strength by

a resistance factor that accounts for the many variables that impact the determination of

member strength. Load factors for LRFD are obtained from the building codes for strength
design and will be discussed in Chapter 2. As for ASD safety factors, the resistance factors
are obtained from the Specification.

The basic LRFD provision is provided in Section B3.3 of the Specification as:

R, = &R, (1.2)
which can be stated as
Required Strength (LRFD) < Resistance Factor x Nominal Strength = Design Strength

LRFD has been a part of the AISC Specifications since it was first issued in 1986.
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1§ INELASTIC DESIGN

The Specification permits a wide variety of formulations for the inelastic analysis of steel
structures through the use of Appendix 1. Any inelastic analysis method will require that
the structure and its elements are modeled in sufficient detail to account for all types of
behavior. An analysis of this type must be able to track the structure’s behavior from the
unloaded condition through every load increment to complete structural failure. The only
inelastic design approach that will be discussed in this book is plastic design (PD).

Plastic design is an approach that has been available as an optional method for steel
design since 1961, when it was introduced as Part 2 of the then current Specification. The
limiting condition for the structure and its members is the attainment of the load that would
cause the structure to collapse. This load would usually be called the ultimate strength or
the plastic collapse load. For an individual structural member this means that its plastic
moment capacity has been reached. In most cases, due to the ductility of the material
and the member, the ultimate strength of the entire structure will normally not have been
reached at this stage. The less-highly stressed members can take additional load until a
sufficient number of members have exhausted their individual capacities so that no further
redistribution or load sharing is possible. At the point where the structure can take no
additional load, the structure is said to have collapsed. This load magnitude is called the
collapse load and is associated with a particular collapse mechanism,

The collapse load for plastic design is the service load times a certain load factor. The
limit state for a structure that is designed according to the principles of plastic design is
therefore the attainment of a mechanism. For this to occur, all of the structural members
must be able to develop the full-yield stress in all fibers at the most highly loaded locations.

There is a fine line of distinction between the load factor of PD and the safety fac-
tor of ASD. The former is the ratio between the plastic collapse load and the service or
specified load for the structure as a whole, whereas the latter is an empirically developed,
experience-based term that represents the relationship between the elastic strength of the el-
ements of the structure and the various limiting conditions for those components. Although
numerically close, the load factor of plastic design and the factor of safety of allowable
stress design are not the same parameter.

1.9 STRUCTURAL SAFETY

The preceding discussions of design philosophies indicate that although the basic goal of
any design process is to assure that the end product will be a safe and reliable structure, the
ways in which this is achieved may vary substantially.

In the past, the primary goal for safety was to ensure an adequate margin against the
consequences of overload. Load factor design and its offshoots were developed to take these
considerations into account. In real life, however, many other factors also play a role. These
include, but are not limited to the following:

1. Variations of material strength
. Variations of cross-sectional size and shape
. Accuracy of method of analysis
. Influence of workmanship in shop and field
. Presence and variation of residual stresses
Lack of member straightness

-7 N N

. Variations of locations of load application points
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These factors consider only some of the sources of variation of the strength for a
structure and its components. An even greater source of variation is the loading, which
is further complicated by the fact that different types of load have different variational
characteristics.

Thus, a method of design that does not attempt to incorporate the effects of strength
and load variability will be burdened with sources of uncertainty that are unaccounted for.
The realistic solution, therefore, is to deal with safety as a probabilistic concept. This is the
foundation of load and resistance factor design, where the probabilistic characteristics of
load and strength are evaluated, and the resulting safety margins determined statistically.
Each load type is given its own specific factor in each combination and each material limit
state is also given its own factor. This method recognizes that there is always a finite, though
very small, chance that structural failure will actually occur. However, this method does
not attempt to attach specific values to this probability. No specific level of probability of
failure is given or implied by the Specification.

In ASD, the variability of load and strength are not treated explicitly as separate issues.
They are lumped together through the use of a single factor of safety. The factor of safety
varies with each strength limit state but does not vary with load source. ASD can be thought
of as LRFD with a single load factor. LRFD designs are generally expected to have a
more uniform level of reliability than ASD designs. That is, the probability of failure of
each element in an LRFD design will be the same, regardless of the type of load or load
combination. However, a detailed analysis of reliability under the LRFD provisions shows
that reliability varies under various load combinations. In ASD there is no attempt to attain
uniform reliability; rather the goal is to simply have a safe structure, though some elements
will be safer than others.

For the development of LRFD, load effect (member force), Q, and resistance (strength),
R, are assumed to have a variability that can be described by the normal distributions shown
with the bell-shaped curves in Figure 1.10. Structures can be considered safe as long as the
resistance is always greater than the load effect, R > Q.If it were appropriate to concentrate
solely on the mean values, Q,, and R,,, it would be relatively easy to assure a safe structure.
However, the full representation of the data shows an area where the two curves overlap.
This area represents cases where the load effect exceeds the resistance and would therefore
define occurrences of failure. Safety of the structure is a function of the size of this region
of overlap. The smaller the region of overlap, the smaller the probability of failure.

Another approach to presenting the data is to look at the difference between resistance
and load effect. Figure 1.11 shows the same data as that in Figure 1.10 but presented as
(R — Q). For all cases where (R — Q) <0, the structure is said to have failed and for all
cases where this difference is positive, the structure is considered safe. In this presentation
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of the data, the shaded area to the left of the origin represents the probability of failure.
To limit that probability of failure, the mean value, (R — Q),,, must be maintained at an
appropriate distance from the origin. This distance is shown in Figure 1.11 as o R-Q)
where [ is the reliability index and og_ g, is the standard deviation of (R — Q).

A third representation of the data is shown in Figure 1.12. In this case, the data is
presented as In(R/Q). The logarithmic form of the data is a well-conditioned representation
and is more useful in the derivation of the factors required in LRFD. If we know the
exact distribution of the resistance and load effect data, the probability of failure can be
directly related to the reliability index B. Unfortunately, we know the actual distributions
for relatively few resistance and load effect components. Thus, we must rely on other
characteristics of the data, such as means and standard deviations.
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The statistical analyses required to establish an appropriate level of reliability have
been carried out by the appropriate specification committees, and the resulting load factors,
resistance factors, and safety factors have been established. Load factors are presented in
the building codes whereas resistance factors and safety factors for each limit state are given
in the Specification. A more detailed discussion of the statistical basis of steel design is
available in Load and Resistance Factor Design of Steel Structures.'

1.10 LIMIT STATES

Regardless of the design approach, ASD or LRFD, or the period in history when a design
is carried out, 1923 or 2007, all design is based on the ability of a structure or its elements
to resist load. This ability is directly related to how an element carries that load and how it
might be expected to fail, which is referred to as the element’s limit state. Each structural

' Geschwindner, L. F,, Disque, R. O., and Bjorhovde, R. Load and Resistance Factor Design of Steel Structures.
Englewood Cliffs, NJ: Prentice Hall, 1994.
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element can have multiple limit states and the designer is required to determine which of
these limit states will actually limit the structure’s strength.

There are two types of limit states to be considered: strength limit states and service-
ability limit states. Strength limit states are those limiting conditions that, if exceeded, will
lead to collapse of the structure or a portion of the structure, or such large deformations
that the structure can no longer be expected to resist the applied load. Strength limit states
are identified by the Specification, and guidance is provided for determination of the nom-
inal strength, R,, the safety factor, Q, and the resistance factor, &. Examples of the more
common strength limit states found in the Specification are yielding, rupture, and buckling.

Serviceability limit states are less well defined than strength limit states, If a serviceabil-
ity limit state is exceeded, it usually means that the structure has reached some performance
level that someone would find objectionable. The Specification defines serviceability in
Section L1 as “a state in which the function of a building, its appearance, maintainability,
durability, and comfort of its occupants are preserved under normal usage.” Chapter L of
the Specification, which treats design for serviceability, lists camber, deflections, drift, vi-
bration, wind-induced motion, expansion and contraction, and connection slip as items to
be considered although no specific limits are set on any of these limit states.

Strength and serviceability limit states will be addressed throughout this book as ap-
propriate for the elements or systems being considered.

1.11 BUILDING CODES AND DESIGN SPECIFICATIONS

The design of building structures is regulated by a number of official, legal documents that
are known by their common name as building codes. These cover all aspects of the design,
construction, and operation of buildings, and are not limited to just the structural design
aspects.

Two model codes are currently in use in the United States: the ICC International
Building Code and the NFPA 5000 Building Construction and Safety Code. These have
been published by private organizations and are adopted, in whole or in part, by state and
local governments as the legal requirements for buildings that are to be built within their
area of jurisdiction. In addition to the model codes, cities or other governmental entities
have written their own local building codes.

To the structural engineer, the most important sections of a building code deal with the
loads that must be used in the design, and the requirements pertaining to the use of specific
structural materials. The load magnitudes are normally taken from Minimum Design Loads
for Buildings and Other Structures, a national standard published by the American Society
of Civil Engineers as ASCE-7. Alteration of the loads presented in ASCE-7 may be made
by the model code authority or the local building authority upon adoption, although this
practice adds complexity for designers who may be called upon to design structures in
numerous locations under different political entities.

The AISC Specification is incorporated into the two model building codes by reference.
The Specification, therefore, becomes part of the code, and thus part of the legal require-
ments of any locality where the model code is adopted. Locally written building codes also
continue to exist and the AISC Specifications are normally adopted within those codes by
reference also. Through these adoptions the AISC Specification becomes the legally bind-
ing standard by which all structural steel buildings must be designed. However, regardless
of the specification rules, it is always the engineers’ responsibility to be satisfied that their
structure can carry the intended loads safely, without endangering the occupants.

Chapter 2

Puerto Rico Convention Center.
Photo courtesy Walter P Moore,

Loads, Load Factors, and
Load Combinations
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Material design specifications, like the AISC Specification, do not normally prescribe the
magnitudes of loads that are to be used as the basis for design. These loads vary based on
the usage or type of occupancy of the building, and their magnitudes are dictated by the
applicable local, regional, or state laws, as prescribed through the relevant building code.

Building code loads are given as nominal values. These values are to be used in design,
even though it is well known that the actual load magnitude will differ from these specified
values. This is a common usage of the term nominal, the same as will be used for the nominal
depth of a steel member to be discussed later. These nominal values are determined on the
basis of material properties for dead load, load surveys for live loads, weather data for snow
and wind load, and geological data for earthquake or seismic loads. These loads are further
described in Section 2.2. To be reasonably certain that these loads are not exceeded in a
given structure, code load values have tended to be higher or conservative, compared to the
loads on a random structure at an arbitrary point in time. This somewhat higher load level
also accounts for the fact that all structural loads will exhibit some random variations as a
function of time and load type.

To properly address this random variation of load, an analysis reflecting time and space
interdependence should be used. This is called a stochastic analysis. Many studies have dealt
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with this highly complex phenomenon, especially as it pertains to live load in buildings.
However, the use of time-dependent loads is cumbersome and does not add significantly to
the safety or economy of the final design. For most design situations the building code will
specify the magnitude of the loads as if they were constant or unchanging. Their time and
space variations are accounted for through the use of the maximum load occurring over a
certain reference or return period. As an example, the American live load criteria are based
on a reference period of 50 years, whereas the Canadian criteria use a 30-year interval.

The geographical location of a structure plays an important role for several load types,
such as those from snow, wind, or earthquake.

2.2 BUILDING LOAD SOURCES

2.2.1 Dead Load

2.2.2 Live Load

Many types of loads may act on a building structure at one time or another and detailed
data for each is given later. Loads of primary concern to the building designer include:

1. Dead load
. Live load

. Snow load
. Wind load

. Seismic load

= & W e

. Special loads

Each of these primary load types are characterized as to their magnitude and variability
by the building code, and are described in the ensuing paragraphs.

Theoretically, the dead load of a structure remains constant throughout its lifespan. The
dead load includes the self-weight of the structure, as well as the weight of any perma-
nent construction materials such as stay-in-place formwork, partitions, floor and ceiling
materials, machinery, and other equipment. The dead load may potentially vary from the
magnitude used in the design, even in cases where actual element weights are accurately
calculated.

The weight of all dead load elements can be exactly determined only by actually
weighing and/or measuring the various pieces that compose the structure. This is almost
always an impractical solution and the designer therefore usually relies on published data
of building material properties to obtain the nominal dead loads to be used in design. These
data can be found in such publications as ASCE 7, the model building codes, and product
literature. Some variation will thus likely occur in the real structure. Similarly, differences are
bound to occur between the weight of otherwise identical structures, representing another
source of dead load variability. However, compared to other structural loads, dead load
variations are relatively small and the actual mean values are quite close to the published data.

Live load is the load on the structure that occurs from all of the non-permanent installa-
tions. It includes the weight of the occupants, the furniture and moveable equipment, plus
anything else that the designer could possibly anticipate might occur in the structure. The
fluctuations in live load are potentially quite substantial. They vary from being essentially
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2.2.3 Snow Loads

h—

Transient (TLL)

Live load (LL)

Changes in occupancy

Sustained (SLL)

Figure 2.1 Variation of Live
Time (years) Load with Time.

zero immediately before the occupants take possession to a maximum value at some
arbitrary point in time during the life of the structure. The magnitude of the live load to
be used in a design is obtained from the appropriate building code. The actual live load on
the structure at any given time may differ significantly from that specified by the building
code. This is one reason why numerous attempts have been made to model live load and
its variation and why measurements in actual buildings continue to be made. Although the
nominal live loads found in modern building codes have not changed much over the years,
the actual use of buildings has, and load surveys continue to show that the specified load
levels are still an adequate representation of the loads the structure should be designed to
resist.

The actual live load on a structure at any given point in time is called the arbitrary
point-in-time live load. Figure 2.1 shows the variation of the live load on a structure as
might be obtained from a live load survey. The load specified by the building code is always
higher than the actual load found in the building survey. In addition, a portion of the live load
remains constant. This load comes from the relatively permanent fixtures and furnishings
and can be referred to as the sustained live load (SSL). The occupants who enter and leave
the space form another part of the live load, raising and lowering the overall live load
magnitude with time. This varying live load is called a transient live load (TLL).

Although snow might be considered a form of live load, unique conditions govern its
magnitude and distribution. It is the primary roof load in many geographical areas and
heavily depends on local climate, building exposure, and building geometry.

Snow load data are normally based on surveys that result in isoline maps showing areas
of equal depth of ground snowfall, Using this method, annual extreme snowfalls have been
determined over a period of many years. These data have been analyzed through statistical
models and the expected lifetime maximum snow loads estimated. The reference period is
again the 50-year anticipated life of the structure.

A major difficulty is encountered in translating the ground snow load into a roof snow
load. This is accomplished through a semiempirical relationship whereby the ground snow
load is multiplied by factors to account for such things as roof geometry and the thermal
characteristics of the roof. Work continues to be done to improve the method of snow load
computation and to collect snowfall data.
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By its very nature, wind is a highly dynamic natural phenomenon. For this reason it is also a
complex problem from a structural perspective. Wind forces fluctuate significantly, and are
also influenced by the geometry of the structure, including the height, width, depth, plan
and elevation shape, and the surrounding landscape. The basic building code approach to
wind load analysis is to treat wind as a static load problem, using the Bernoulli equation
to translate wind speed into wind pressure. In an approach similar to that used for snow
load, a semi-empirical equation is used to give the wind load at certain levels as a function
of a number of factors representing such effects as wind gusts, topography, and structural
geomelry.

The data used for determining wind loads are based on measured wind speeds. Mete-
orological data for 3-second wind speed gusts have been accumulated over the contiguous
United States and corrected to a standard height of 33 ft. These data are then used to model
the long-term characteristics for a mean recurrence interval of 50 years. ASCE 7 and the
model codes provide maps to be used as the foundation of wind force calculations. Because
local site characteristics often dictate wind behavior, there are locations for which special
attention must be given to wind load calculation, In addition, some buildings require special
attention in determining wind load magnitude. In these cases it might be valuable to conduct
wind tunnel tests before the structural design for wind is carried out.

The treatment of seismic load effects is extremely complicated because of the highly variable
nature of this natural phenomenon and the many factors that influence the impact of an
carthquake on any particular structure. In addition, because the force the building feels is
the result of the ground moving, inertia effects must be considered.

For most buildings it is sufficient to treat seismic effects through the use of an equivalent
static load, provided that the magnitude of this equivalent static load properly reflects the
dynamic characteristics of the seismic event. Many characteristics of the problem must be
quantified in order to establish the correct magnitude of this static load. These include such
factors as the ground motion and response spectra for the seismic event and the structural
and site characteristics for the specific project. At the present time, there are many more
approaches to earthquake load determination than there are current model building codes,
because many jurisdictions still use out-of-date model codes. In addition, the extension of
seismic design requirements to all areas of the country through the current model building
codes is making seismic design a requirement for many more structures than had been the
case just a few years ago.

Several other loads will become important for particular structures in particular situations.
These include impact, blast, and thermal effects.

Impact

Most building loads are static or essentially so, meaning that their rate of application is so
slow that the kinetic energy associated with their motion is insignificant. For example, a
person entering a room is actually exerting a dynamic load on the structure by virtue of
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their motion. However, because of the small mass and slow movement of the individual,
their kinetic energy is essentially zero.

When loads are large and/for their rate of application is very high, the influence of the
energy brought to bear on the structure as the movement of the load is suddenly restrained
must be taken into account. This phenomenon, known as impact, occurs as the kinetic
energy of the moving mass is translated into a load on the structure. Depending on the rate
of application, the effect of the impact is that the structure experiences a load that may be
as large as twice the static value of the same mass.

Impact is of particular importance for structures where machinery and similar actions
occur. Cranes, elevators, and equipment such as printing presses could all produce impact
loads that would need to be considered in a design. In addition, vibrations may be induced
into a structure either by these high magnitude impact loads or the normally occurring
occupancy loads. Although normal live load occupancy, such as walking, is not likely to
produce increased design load magnitudes, the potential for vibration from these activities
should be addressed in any design.

Blast

Blast effects on buildings have become a more important design consideration during the first
years of the twenty-first century. Prior to that time, when blast effects were considered they
were normally the accidental kind. These types of blast do not occur as often as impact for
normal structures, but should be considered under certain circumstances. Many structures
designed for industrial installations, where products of a volatile nature are manufactured,
are designed with resistance to blast as a design consideration. When the structure is called
upon to resist the effects of blast, a great deal of effort must be placed on determining the
magnitude of the blast to be resisted.

The threat of terrorism has been increasingly recognized since the attacks on the World
Trade Center and Pentagon on September 11, 2001. In order to take that threat into account,
owners must determine the level of threat to be designed for and design engineers must
establish the extent to which a particular threat will influence a particular structure. Generally
speaking, analysis and design data for blast effects is somewhat limited. Work is currently
being done to establish design guidelines that help determine blast effects and member
strength in response to blast.

Thermal Effects

Steel expands or contracts under changing temperatures, and in so doing may exert con-
siderable forces on the structure if the members are restrained from moving. For most
building structures, the thermal effects are less significant than other loads for structural
strength. Because the movement of the structure results from the total temperature change
and is directly proportional to the length of the member experiencing the change, the use of
expansion joints becomes important. When expansion or contraction is not permitted, the
resulting forces must be accommodated in the members.

The AISC Specification includes guidance on the design of steel structures exposed to
fire. Appendix 4 provides criteria for the design and evaluation of structural steel compo-
nents, systems, and frames for fire conditions. In the current building design environment,
design for fire is usually accomplished by a prescriptive approach defined in the Speci-
fication as design by qualification testing. If the actual thermal effects of a fire are to be
addressed, the Specification permits design by engineering analysis.
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2.3 BUILDING LOAD DETERMINATION

2.3.1 Dead Load

2.3.2 Live Load

Once the appropriate building load sources are identified, their magnitudes must be deter-
mined. Methods to determine these magnitudes are set by the applicable building code for
each load source. The following sections provide general guidance to determine the building
load magnitudes but for specific details, the applicable building code must be consulted.

Building dead load determination can be either quite straightforward or very complex. If
the sizes of all elements of the structural system are known before an analysis is conducted,
actual material weights may be determined and applied in the structural analysis. Selected
unit weights of typical building materials are given in Table 2.1. Manual Table 17.13
provides the weights of building materials and product catalogs provide weights of things
such as building mechanical equipment.

If the final sizes are not known, as would normally be the case in the carly stages of
design, assumptions need to be made to estimate the self-weight of the structure. This then
necessitates an iterative process of refinement as the design and its corresponding weight
are brought together.

As discussed earlier, live load magnitudes are established by the applicable building code.
Table 2.2 provides values for the minimum uniformly distributed live loads for buildings
for selected occupancies.

In design, a simplified approach for determining the load on a particular element is
through the use of the tributary area, Ay. The tributary area method is a way to visualize
the load on a structural element without performing the actual equilibrium calculations. It
does, however, provide the same result because it is fundamentally based on an equilibrium
analysis. Simplified tributary areas for some structural members are given in Figure 2.2.

Although the concept of the tributary area can be used to determine the load on a
member, an equally important concept is the influence area, A;. The influence area is
significant because it reflects the area over which any applied load would have an influence
on the member of interest. The member under consideration would feel no portion of
the load applied outside of the influence area. Table 2.3 provides the relationship between
tributary area and influence area for several specific structural elements where A; = K, ; Ar.
Several of the values in this table are simplified from the actual relationship and it is always
permissible to calculate the actual influence area.

Table 2.1 Unit Weights of Typical Building Materials

Material (Ib/ft?)
Aluminum 165
Brick 120
Concrete

Reinforced, with stone aggregate 150

Block, 60 percent void 87
Steel, rolled 490
Wood

Fir 3244

Plywood 36
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Table 2.2 Minimum Uniformly Distributed Live Loads
for Building Design®

Oceupancy or use (Ib/f*)
Residential dwellings, apartments, hotel rooms, school 40
classrooms
Offices 50
Auditoriums (fixed seats) 60
Retail stores 73-100
Bleachers 100
Library stacks 150
Heavy manufacturing and warchouses 250

“Data are taken from ASCE 7.

As the influence area increases for a particular member, the likelihood of the full code
specified nominal live load actually occurring on the structure decreases. Because the code
does not know ahead of time the likelihood of that full area being loaded, the magnitude
of the specified load is set without consideration of loaded arca. Thus, the tabulated values
are referred to as the unreduced nominal live load. To account for the size of the influence
area and thereby provide a more realistic predictor of the actual live load on the structure,
a live load reduction factor is introduced. For influence areas greater than 400 fi* the live
load may be reduced according to the live load reduction equation:
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Figure 2.2 Simplified Tributary Areas for Some Structural Members.
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Table 2.3 Live Load Element Factor, K¢

Element Ky (note 1)

Interior columns 4
Exterior columns without cantilever slabs
Edge columns with cantilever slabs
Comner columns with cantilever slabs
Edge beams without cantilever slabs
Interior beams
All other members not identified above, including:
Edge beams with cantilever slabs
Cantilever beams
One-way slabs
Two-way slabs
Members without provisions for continuous shear
transfer normal to their span

-k N W R

Note 1. In lieu of the values above, Kj,, is permitted to be calculated,
“Data are taken from ASCE 7.

where
L = reduced live load
L, = code specified design live load
A; = influence area = K Ay

Limitations on the use of this live load reduction are spelled out in ASCE 7.

Rqof snow load calculations start with determination of the ground snow load for the
building site. Table 2.4 provides typical ground snow load values for selected locations.
The complete picture of ground snow load is provided in the appropriate building code.
In many locations, however, the snowfall depth is a very localized phenomena and the
variability is such that it is not appropriate to map those values. In these situations. local
building officials should be consulted to determine what the local requirements are.

Table 2.4 Typical Ground Snow Loads, P

Location (Ib/ft?)
Portland, Maine 60
Minneapolis, Minnesota 50
Hartford, Connecticut 30
Chicago, lllinois 25
St. Louis, Missouri 20
Raleigh, North Carolina 15
Atlanta, Georgia 5

“Data are taken from ASCE 7.
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234 Wind Load

The determination of roof snow load is complex and there are many acceptable ap-
proaches. Roof snow load on an unobstructed flat roof, as given in ASCE 7, is

pr = 0.7C.Cilpg 22)

where p, is the ground snow load determined from the appropriate map, C, is the exposure
factor, C, is the thermal factor, and [ is the importance factor. Numerous other factors enter
into the determination of roof snow load, including roof slope, roof configuration, snowdrift,
and additional load due to rain on the snow. The applicable building code or ASCE 7 should
be referred to for the complete provisions regarding snow load determination.

As with snow load and other geographically linked environmental loads, the starting point for
wind load calculation is the map of 3-second gusts provided in the building code. Table 2.5
provides the wind speed data for several selected locations with varying wind velocities.
These data must be transformed into wind pressure on a given building to determine the
appropriate design wind loads. This transformation must take into account such factors as
the importance of the building, height above the ground, relative sheltering of the site, to-
pography, and the direction of the dominate winds. ASCE 7 provides the following equation
to convert the mapped data to velocity pressure:

g- = 0.00256K, K, K,V (2.3)
where
g. = velocity pressure at a specific height above ground
K. = exposure coefficient
K. = topography factor
K4 = directionality coefficient
V = wind speed

I = importance factor

Once the velocity pressure is determined through Equation 2.3, it must be converted to
the external design wind pressure. For the main wind force resisting system, this is given by

p=4qGC, — gu(GCpi) @4

Table 2.5 Representative Wind Velocities and Resulting
Dynamic Pressures®

Wind velocity Velocity pressure
Location (mph) (Ib/fi?)
Miami, Florida 145 53.8
Houston, Texas 120 36.9
New York, New York 105 28.2
Chicago, Illinois 920 20.7
San Francisco, California 85 18.5

“Data are taken from ASCE 7.
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where
p = design wind pressure
q = velocity pressure from Equation 2.3
G = gust factor
Cp, = pressure coefficient
G@, = internal pressure coefficient

' The actual forces applied to the structure are then determined by multiplying the design
wmc! pressure by the tributary area. Because each building code has potentially different
requirements for wind load determination, the designer must review the provisions specified
in the controlling code. If there is no building code, ASCE 7 should be used.

2.3.5 Seismic Loads

Per!wps the most rapidly fluctuating area of building load determination is that for seismic
design. Although there have been many advances in the use of dynamic analysis for earth-
quake response, common practice is still to model the phenomenon using a static load. For
those cases where it applies, ASCE 7 permits the determination of the building base shear

through the expression

V=CGW (2.5)

where
V = base shear
C,; = seismic response coefficient
W = total building weight

The seismic response coefficient need not be greater than

- Spi
T(R/I)

(2.6)

5

where
C; = seismic response coefficient
Sp1 = design spectral response acceleration
T = building period
R = response modification factor
I = Importance factor

Fm. the design of steel structures to resist seismic forces, the designer must select an
appropriate value for the response modification factor, R. In cases where appropriate, the
sc}cclion of R = 3 permits the structure to be designed according to the AISC Specification
without using the seismic provisions. If a value of R greater than 3 is used, the design must
proceed according to the additional provisions of ANSIAISC 341-05 Seismic Provisions
for Structural Steel Buildings. This is discussed further in Chapter 13.

A_s with the other environmental loads discussed here, the details of load determination
for seismic response must be found in the appropriate building code.
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2.4 LOAD COMBINATIONS FOR ASD AND LRFD

In addition to specifying the load magnitudes for which building structures must be designed,
building codes specify how the individually defined loads should be combined to obtain the
maximum load effect. Care must be exercised in combining loads to determine the most
critical combination because all loads are not likely to be at their maximum magnitude at
the same time. For instance, it is unlikely that the maximum snow load and maximum wind
load would occur simultaneously because the wind would undoubtedly blow some of the
snow off the structure. Another unlikely occurrence would be a design earthquake occurring
at the same time as the maximum design wind. Thus, building codes specify which loads
are to be combined and at what magnitude they should be considered. The designer must
exercise judgment when combining loads in situations where the normal expectations of
the building code might not be satisfied or where some particular combination would result
in a greater demand than previously identified.

The two design philosophies addressed in the AISC Specification are the direct result
of the two approaches to load combinations presented in current building codes. ASD uses
load combinations defined in ASCE 7 as being for allowable stress design, and LRFD
uses load combinations defined as being for strength design. The provisions in ASCE 7 for
allowable stress design combine loads normally at their nominal or serviceability levels, the
load magnitudes discussed in Section 2.3. These load combinations were historically used to
determine the load effect under elastic stress distributions and those stresses were compared
to the allowable stresses established at some arbitrary level below failure, indicated by either
the yield stress or the ultimate stress. Considering load combinations that include only dead,
live, wind, snow, and seismic loads, the load combinations presented in ASCE 7-05 Section
2.4 for ASD are:

1. Dead

2. Dead + Live

3. Dead + Roof Live

. Dead + 0.75 Live + 0.75 Roof Live

. Dead + Wind

. Dead + 0.7 Earthquake

. Dead + 0.75 (Wind or 0.7 Earthquake) 4+ 0.75 Live + 0.75 Roof Live
. 0.6 Dead + Wind

. 0.6 Dead 4 0.7 Earthquake

=2 I - 7 I

As used with the current AISC Specification, these load combinations are not restricted
to an elastic stress distribution as done in the past. The current Specification is a strength-
based specification, not a stress-based one, and the requirement for elastic stress distribution
is no longer applicable. This has no impact on the use of these load combinations but may
have some historical significance to those who were educated primarily with this former
interpretation.

The second approach available in ASCE 7 combines loads at an amplified level. These
combinations, referred to as strength load combinations, permits one to investigate the ability
of the structure to resist loads at its ultimate strength. In this approach, loads are multiplied
by a load factor that incorporates both the likelihood of the loads occurring simultaneously
at their maximum level and the margin against which failure of the structure is measured.
Again, considering load combinations that include only dead, live, wind, snow, and seismic
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loads, the load combinations presented in ASCE 7 Section 2.3, if the live load is not greater
than 100 psf, for LRFD are:

1. 1.4 Dead

2. 1.2 Dead + 1.6 Live + 0.5 Roof Live

3. 1.2 Dead + 1.6 Roof Live + 0.5 Live

4. 1.2 Dead + 0.5 Live + 0.5 Roof Live + 1.6 Wind

5. 1.2 Dead + 0.5 Live + 1.0 Earthquake + 0.2 Snow

6. 0.9 Dead + 1.6 Wind

7. 0.9 Dead + 1.0 Earthquake

The design method to be used, and thus the load combinations, are at the discretion
of the designer. All current building codes permit either ASD or LRFD, and the AISC
Specification provisions address all limit states for each approach. As discussed in Chapter 1,
the resulting design may differ for each design philosophy, because the approach taken to

assure safety is different, but safety is assured when following the appropriate building code
and the AISC Specification regardless of the design approach.

2.5 LOAD CALCULATIONS

Inorder to understand the impact of these two approaches on analysis, it is helpful to compute
the load effect for a variety of structural members according to both ASD and LRFD load
combinations. The floor plan of a moderate-height multistory building is given in Figure 2.3.
Load case 2 for dead plus live load is considered for several beams and columns. The
building is an office building with a nominal live load of 50 pounds per square foot (psf)
and a calculated dead load of 70 psf.

1. Girder AB on line 2-2 if the floor deck spans from line 1-1 to 2-2 to 3-3:
Tributary area: Ay = (40)(20) = 800 ft*
Influence area: A; = 247 = 1600 fi
Live load reduction:
15

0.25 +
V1600

=0.625

20 ft

®
—+o
®
®

20 fr

20 ft
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Figure 2.3 Floor Plan of High-Rise Office Building.
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LRFD
Amplified loads per lineal foor:

Dead load = 1.2 (70 psf) (20 ft) = 1680 plf
Live load = 1.6 (0.625) (50 psf) (20 ft) = 1000 plf
1.2 Dead + 1.6 Live = 1680 -+ 1000 = 2680 Ibs/ft = 2.68 kips/ft

wi?  2.68(40)°
R

Required Moment (LRFD), M, = = 536 ft-kips

ASD

Nominal loads per lineal foot:

Dead load = 70 psf (20 ft) = 1400 pounds per lineal foot (plf)
Live load = 0.625 (50 psf) (20 ft) = 625 pif

Dead + Live = 1400 + 625 = 2030 Ibs/ft =2.03 kips/ft

: P el 2.03(40)°
Required Moment (ASD), M, = s 3

= 406 ft-kips

2. Floor beam 2-3 on line D-D if the floor deck spans from line C-C to D-D to E-E:

Tributary area: Ay = (20)(30) = 600 ft?
Influence area: A; = 2Ar = 1200 fi?
Live load reduction:

15

1200

0.25 + = 0.683

LRFD
Amplified loads per lineal foor:

Dead load = 1.2 (70 psf) (30 ft) = 2520 pIf
Live load = 1.6 (0.683) (50 psf) (30 ft) = 1640 pif

1.2 Dead + 1.6 Live = 2520 + 1640 = 4160 plf = 4.16 kips/ft

wiz  4.16(20) )
Required Moment (LRFD), M, = B TZOB ft-kips.

ASD

Nominal loads per lineal foot: "

Dead load = 70 psf (30 ft) = 2100 plf

Live load = 0.683 (50 psf) (30 ft) = 1020 plf

Dead + Live = 2100 + 1020 = 3120 plf = 3.12 kips/ft
wi* 3120200

Required Moment (ASD), M, = & = Ty i 156 ft-kips
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3. Interior column D-2 regardless of deck span direction:
Tributary area: A7 = (30)(20) = 600 ft>
Influence area: A; = 4Ay = 2400 ft*

Live load reduction:

15
0.254+ —— = 0.556
/2400

LRFD

Amplified load entering column at this level:

Dead load = 1.2 (70 psf) (600 ft2) = 50,400 Ibs

Live load = 1.6 (0.556) (50 psf) (600 ft*) = 26,700 1bs
Dead + Live = 50,400 + 26,700 = 77,100 Ibs = 77.1 kips
Required axial force (LRFD), P, = 77.1 kips

Load Calculations
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ASD

Nominal load entering column at this level:
Dead load = 70 psf (600 ft*) = 42,000 Ibs

Live load = 0.556 (50 psf) (600 ft*) = 16,700 Ibs

Dead + Live = 42,000 4- 16,700 = 58,700 Ibs = 58.7 kips
Required axial force (ASD), P, = 58.7 kips

4. Exterior column D-4 regardless of deck span direction:
Tributary area: Ay = (30)(10) = 300 ft>
Influence area: A; = 44, = 1200 ft
Live load reduction:
15

0.254+ —— =0.683
V1200

LRFD

Amplified load entering column at this level:

Dead load = 1.2 (70 psf) (300 ft%) = 25,200 Ibs

Live load = 1.6 (0.683) (50 psf) (300 ft*) = 16,400 Ibs

1.2 Dead + 1.6 Live = 25,200 + 16,400 = 41,600 Ibs = 41.6 kips
Required axial force (LRFD), P, = 41.6 kips

ASD

Nominal load entering column at this level:
Dead load =70 psf (300 ft2) = 21,000 Ibs

Live load = 0.683 (50 psf) (300 %) = 10,200 lbs

Dead + Live = 21,000+ 10,200 = 31,200 1bs = 31.2 kips
Required axial force (ASD), P, = 31.2 kips
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2.6 CALIBRATION

The basic requirements of the ASD and LRFD design philosophies were presented in
Sections 1.6 and 1.7 and Equations 1.1 and 1.2. The required load combinations for ASD
and LRFD, as found in ASCE 7, have been presented earlier in this chapter. This section
establishes the relationship between the resistance factor, ¢, and the safety factor, Q.

Early development of the LRFD approach to design concentrated on the determination
of resistance factors and load factors that would result in a level of structural reliability
consistent with previous practice but more uniform for different load combinations.
Because the design of steel structures before that time had no particular safety-related
concerns, the LRFD approach was calibrated to the then-current ASD approach. This
calibration was carried out for the live load plus dead load combination at a live-to-dead
load ratio, L/D =3.0. It was well known that for any other load combination or live
load-to-dead load ratio, the two methods could give different answers for the same design
situation.

The current Specification has been developed with this same calibration, which results
in a direct relationship between the resistance factor of LRFD and the safety factor of ASD.
For the live load plus dead load combination in ASD, using Equation 1.1, and representing
the load effect simply in terms of L and D,

o+ <X
=0

This same combination in LRFD, using Equation 1.2, yields

(1.2D + 1.6L) < R,

If it is assumed that the load effect is equal to the available strength and each equation
is solved for the nominal strength, the results for ASD are:

QD+ L)=R,

and for LRFD:

(12D + 1.6L) _
— -

With L/D taken as 3, the above equations are set equal. They are then solved for the
safety factor, which gives:

R,

The resistance factors in the Specification were developed through a stochastic anal-
ysis to be consistent with the specified load factors and result in the desired reliability
for each limit state. More detail on the development of these resistance factors can be
found in Section B3.3 of the Commentary to the Specification. Once the resistance fac-
tors were established, the corresponding safety factors were determined. This relation-
ship has been used throughout the Specification to set the safety factor for each limit
state.

Although the relationship is simple, there is actually no reason to use it to determine
safety factors, because the Specification explicitly defines resistance factors and safety
factors for every limit state.




2.7 PROBLEMS

1. Name and describe five basic types/sources of building
loads,

2. Categorize the following loads as dead load, live load, snow
load, wind load, seismic load, or special load.
a. Load on an office floor due to filing cabinets, desks, and
computers.
b. Load on a roof from a permanent air handling unit.
c. Load on stadium bleachers from students jumping up and
down during a college football game.
d. Load on a building caused by an explosion.
e. Weight on a steel beam from a concrete slab that it is
supporting,
f. Load experienced by an office building in California as it
shakes during an earthquake.
g Load on a skyscraper in Chicago on a blustery day caus-
ing the building to sway back and forth.
3. What is one source you can consult to find the snow load
data for a particular region as well as maps showing wind gust
data to calculate wind loads?

4. Where in the AISC Manual can you find a table of selected
unit weights of common building materials?

5. What analysis method allows the designer to visualize the
load on a particular structural element without performing an
actual equilibrium calculation?

6. Indetermining the snow load on a structure, what value that
can be obtained from the applicable building code is multiplied
by a series of factors to obtain the actual snow load?

7. Name four factors that must be taken into account when
converting wind speed data referenced by the building code into
wind pressure on a given building.

8. If aresponse modification factor of 3 is chosen in designing
asteel building to resist seismic loads, what design specification
should be consulted?

9. Which design approach combines loads that are normally at
their nominal or serviceability level?

10.  Strength load combinations that are incorporated by the
LRFD method take into account what two factors?

11. Using ASCE 7-05, determine the minimum uniformly dis-
tributed live load for a hospital operating room.

12.  Using ASCE 7-05, determine the minimum uniformly dis-
tributed live load for library stacks.

13.  Using ASCE 7-05, determine the minimum uniformly dis-
tributed live load for an apartment building.

14. Determine the nominal uniformly distributed self-weight
of a 6-in. thick reinforced concrete slab.

15. A building has a column layout as shown in the next col-
umn with 30-ft bays in each direction. It must support a uniform
dead load of 90 psf and a uniform live load of 80 psf. Determine
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the required strength of the members noted below for design by
(a) LRFD and (b) ASD.
i. The beam on column line 3 between column lines A and
B if the deck spans from line 2-2 to 3-3 to 4-4.
ii. The girder on column line C between column lines 3 and
4 if the deck spans from line B-B to C-C to D-D.
iii. The column at the corner on lines 4 and A.
iv. The column on the edge at the intersection of lines C and
4.
v. The interior column at the intersection of column lines D
and 3.
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16. If the framing plan shown below were for the roof of a
structure that carried a dead load of 55 psf and a roof live load
of 30 psf, determine the required gth of the bers noted
below for (a) design by LRFD and (b) design by ASD.
i. The girder on column line A between column lines | and
2 if the deck spans from line A-A to B-B.
ii. The beam on column line 3 between column lines B and
C if the deck spans from line 2-2 to 3-3 to 4-4.
iii. The column at the comer on lines 1 and E.
iv. The column on the edge at the intersection of lines 1 and
B.
v. The interior column at the intersection of column lines C
and 2.
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Steel Building Materials

3.1 INTRODUCTION

Steel has been produced in the United States since the 1800s. Its first use in a bri({ge was a
railroad bridge across the Mississippi River in St. Louis, builtin 1874 by nges B. Iidd\ The
bridge, known as the Eads Bridge, is still an inspiring steel structure crossing the river in the
shadow of the St. Louis Gateway Arch. The first skyscraper is generally considered to be the
Home Insurance Building, designed by William LeBaron Jenney and erected at 135 Snu!h
La Salle Street, Chicago. The building was started on May 1, 1884 and completed in the
fall of 1885. It was originally a 10-story building but later had 2 additional stories ud(:ied.
The original structural design called for wrought iron beams bolted through a-ngle—.:run
brackets to cast iron columns. As the framework reached the 6th floor, the Carnegie-Phipps
Steel Company of Pittsburgh, Pennsylvania indicated that they were now mlli.ng “Bessemer
Steel” and requested permission to substitute steel members for the wrou.g,h.l iron beams on
all remaining floors. Thus, this was the first use of steel beams in a building. The Home
Insurance Building was demolished in 1929.

The first all-steel skyscraper was the Rand-McNally Building at 165 West f\dams Slre_et
in Chicago designed by Daniel Burnham and John Root. This 10-story building was built
from 1888—1890 and was constructed of built-up members made from standard rolled. st.eel
bridge shapes that were riveted together. It began a continuous cvolutifm in steel bu}ldmg
structures that continues today as new ideas are brought into play by architects and engineers
who continue to build with steel.
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This evolution in steel buildings has occurred in the materials used, the applications of
innovative designers, and the specifications that direct their designs.

3.2 APPLICABILITY OF THE AISC SPECIFICATION

The specification that guides the design of our modern steel buildings was first published
by AISC in 1923. At that time its purpose was to promote uniform practice in the design of
steel buildings. Up to then, numerous approaches were being used across the industry. Steel
producers each had their own standard for design whereas the larger cities also required that
their own standards be used. This multiplicity of standards was no standard at all. It lead to
a confusion of approaches whereby designers were continually called upon to change how
they designed, depending on where their current building project was to be located,

The 1923 specification defined “the practice adopted by the American Institute of Steel
Construction for the design, fabrication, and erection of structural steel buildings.” It went

on to provide direction on how to obtain a satisfactory structure. The following requirements
were to be fulfilled:

1. The material used must be suitable, of uniform quality, and without defects affecting
the strength or service of the structure.

2. Proper loads and conditions must be assumed in the design.
3. The unit stresses must be suitable for the material used.

4. The workmanship must be good, so that defects or injuries are not produced in the
manufacture.

5. The computations and design must be properly made so that the unit stresses speci-
fied shall not be exceeded, and the structure and its details shall possess the requisite
strength and rigidity.

The specification also provided guidance on the material to be used, stating “Structural
steel shall conform to the Standard Specifications of the American Society for Testing
Materials for Structural Steel for Buildings, Serial Designation A 9-21, as amended to date.”
These principles from 1923 are still important to steel construction almost a century later.

The 2005 AISC Specification for Structural Steel Buildings supersedes all previous
AISC Specifications and thus brings together, into one document, the necessary provisions
for the design of steel building structures. Over the years, the specification has lost the terms
fabrication and erection from its scope, because the development of standard practice of
building design and construction has changed responsibilities of the various parties. In addi-
tion, the AISC Specification has regularly been used to guide the design of structures other
than building structures. In recognition of this practice, and to ensure that the specification
is properly applied, the scope of this edition has been revised to state “This specification sets
forth criteria for the design of structural steel buildings and other structures, where other
structures are defined as those structures designed, fabricated, and erected in a manner
similar to buildings, with building-like vertical and lateral load-resisting-elements.”

Additionally, the specification indicates that it “shall apply to the design of the structural
steel system, where the steel elements are defined in the AISC Code of Standard Practice for
Steel Buildings and Bridges Section 2.1. In that document, structural steel is defined as those
elements of the structural frame that are shown and sized in the structural Design Drawings,
essential to support the design loads . . . and are given here in Table 3.1. Examples of many
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Table 3.1 Definitions of Structural Steel®

Anchor rods that will receive structural steel.

Base plates.

Beams, including built-up beams, if made from standard structural shapes and/or plates.

Bearing plates.

Bearings of steel for girders, trusses, or bridges.

Bracing, if permanent.

Canopy framing, if made from standard structural shapes and/or plates.

Columns, including built-up columns, if made from standard structural shapes and/or plates.

Connection materials for framing structural steel to structural steel.

Crane stops, if made from standard structural shapes and/or plates.

Door frames, if made from standard structural shapes and/or plates and if part of the
structural steel frame, N

Edge angles and plates, if attached to the structural steel frame or steel (open-web) joists.

Embedded structural steel parts, other than bearing plates, that will receive structural steel.

Expansion joints, if attached to the structural steel frame.

Fasteners for connecting structural steel items: permanent shop bolts, nuts, and washers; shop
bolts, nuts, and washers for shipment; field bolts, nuts, and washers for permanent connections;
and permanent pins.

Floor-opening frames, if made from standard structural shapes and/or plates and attached to the
structural steel frame or steel (open-web) joists.

Floor plates (checkered or plain), if attached to the structural steel frame.

Girders, including built-up girders, if made from standard structural shapes and/or plates.

Girts, if made from standard structural shapes.

Grillage beams and girders. .

Hangers, if made from standard structural shapes, plates, and/or rods and framing
structural steel to structural steel.

Leveling nuts and washers.

Leveling plates.

Leveling screws.

Lintels, if attached to the structural steel frame.

Machinery supports, if made from standard structural shapes and/or plates and attached to the
structural steel frame.

Marquee framing, if made from standard structural shapes and/or plates.

Monorail elements, if made from standard structural shapes and/or plates and attached to the
structural steel frame.

Posts, if part of the structural steel frame.

Purlins, if made from standard structural shapes.

Relieving angles, if attached to the structural steel frame.

Roof-opening frames, if made from standard structural shapes and/or plates and attached to the
structural steel frame or steel (open-web) joists.

Roof-screen support frames, if made from standard structural shapes.

Sag rods, if part of the structural steel frame and connecting structural steel to structural steel.

Shear stud connectors, if specified to be shop attached.

Shims, if permanent.

Struts, if permanent and part of the structural steel frame.

Tie rods, if part of the structural steel frame.

Trusses, if made from standard structural shapes and/or built-up members.

Wall-opening frames, if made from standard structural shapes and/or plates and attached to the
structural steel frame.

‘Wedges, if permanent.

#From Code of Standard Practice for Steel Buildings and Bridges, AISC 2005.




1. Anchors (wall) for beams
of open-web steel joists
2 Anchor rods for structural steel
3. Base plates of steel for stesl columns.
4. Beams
5. Bearing plates for structural stesl
6. Boits
: Bracing for steel members of frames
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/ 20, Hollow structural section (HSS) column
21. Light-gauge cold-formed stesl used to support
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Figure 3.2 Typical Stress-Strain Plot for Mild Carbon Steel.

and the resulting stress and strain are plotted for the duration of the test. The stress, f, and
strain, £, are shown plotted in Figure 3.2 and defined as follows:

10 Columns fioor and roofs™
l;. gnrwvuaumumm framework 22. Lintels attached to steel frame P AL
12 Crane, girders, rails, and stops 23. Marquee of canopy (structural frame only) when 20. Shelf angles attached to the stesl fr —_
13, Door frames constituting part of and connected forming an integral part of the steel frame 31, Steel cores for ot o f ey and &=

to the stesl frame 24. Monorail beams of standard structural shapes, 32 A sills attached to the steel frame A L
14 Floqr and roof plates (raised pattern or plain), attached to steel frame 33, Steel stairs and handrails

grating, connected to steel frame 25. Open-web steel joists, bridging, and accessores 34, Struts where
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Figure 3.1 Steel Elements. Copyright, Code of Standard Practice, Canadian Institute of Steel Construction.

of these elements are shown in Figure 3.1. All elements discussed within this text will meet
the above definition.

3.3 STEEL FOR CONSTRUCTION

Since the introduction of the first AISC Specification, a variety of steels have been approved
foruse in steel construction. Which steels were specifically approved at any time has chan ged
with the changing techniques of manufacture and steel chemistry. Steels available for use
in construction have increased in strength as manufacturing has become more refined. One
important aspect of all steel is that it generally behaves in a uniform and consistent manner,
Thus, although the strength might be different for different grades of steel, the steel can be
expected to behave the same, regardless of grade, up to its various strength limits.

The characteristics of steel that are important to the structural engineer can be deter-
mined through a simple uniaxial tension test. This standard test is conducted according to
the requirements of ASTM A370 Standard Test Methods and Definitions for Mechanical
Testing of Steel Products. A specimen of a specific dimension is subjected to a tensile force

f = axial tensile stress
AL = change in length of specimen
& = axial strain

The curve shown in Figure 3.2 is typical of mild carbon steel. Several characteristics of this
stress-strain curve are worth noting. First, the initial portion of the curve, which indicates the
response that would be expected under most normal or service loading conditions, follows
a straight line up to a point called the proportional limit. For structural steel with yield
stresses at 65 ksi or less, this proportional limit is the point where the curve first deviates
from linear and is called the yield point. The ratio of stress to strain in this region is constant
and called Young’s Modulus, or the Modulus of Elasticity, E. All structural steels exhibit
the same initial stress-strain behavior and thus have the same E. The value of E obtained
through a wide number of tests is consistently between 29,000 ksi and 30,000 ksi. For all
calculations according to the AISC Specification, £ = 29,000 ksi has historically been used.
Within the straight-line portion of the curve, the material is said to behave elastically. A load
can be applied and then removed with the structure returning to its original configuration,
showing no permanent deformation.

After reaching the yield stress, the stress-strain curve for mild carbon steel exhibits a
long plateau where the stress remains essentially constant while the strain increases. This
region is called the plastic region. Any structure that is loaded into this region exhibits a
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permanent plastic deformation as shown by the unloading line in Figure 3.2. The length of
this plastic region depends on the particular type of steel but typically is 15 to 20 times the
strain at yield.

At the end of the plastic region, the curve again rises with increasing stress and strain.
This increase is called strain hardening and continues until the specimen reaches its tensile
strength, or ultimate stress, F,,, at the peak of the stress-strain curve. Once the tensile
strength is reached, the specimen rapidly sheds load and increases strain until the specimen
completely ruptures.

Yield stress, tensile strength, and modulus of elasticity are the engineering data used
throughout design to fully describe the material and to determine the strength of the structural
elements. The ratio of the tensile strength to the yield stress is also an important characteristic
of steel. It is used to control the basic material behavior so that at various limit states, the
expected behavior can be assured.

Figure 3.3 shows the lower strain region of the stress-strain curves for three steels with
different yield stresses, 36 ksi, 50 ksi, and 100 ksi. Elastic behavior for the higher strength
steels is the same as for lower strength steels as seen in the figure. As already noted,
E = 29,000 ksi for all steel. The differences occur after the proportional limit is reached.
For steels with a yield stress less than or equal to 65 ksi, the plateau defining the plas-
tic region can be expected to occur. However, for steels with a yield stress greater than
65 ksi, it is expected that no well-defined yield point will exist and no well-defined plastic
plateau will occur. For these steels it is necessary to define yield strength by some other
means. ASTM A370 provides for yield strength determination by the 0.2% offset method or
the 0.5% elongation method. In either case, the stress-strain curve must be obtained and the

0.5% Extension under-load yield strength, Fy = 100 ksi

0.2% Offset yield strength, F, = 100 ksi (e
100~
For Fy, = 100 ksi; typical for steels
with Fy > 65 ksi
80
0.2% Offset (0.002 in.fin.)
Z For Fy = 50 ksi; typical for most structural
é 60— / steels with Fy < 65 ksi (b)
w
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Figure 3.3 Enlarged Typical Stress-Strain Curves for Steels with Different Yield Stresses.
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specified offset or elongation used to determine the appropriate stress value. The results of
these two approaches are shown in Figure 3.3, and the two methods would yield different
yield strength values.

3.4 STRUCTURAL STEEL SHAPES

Structural steel design serves to determine the appropriate shape and quantity of stecl
needed to carry a given applied load. This is normally accomplished by selecting, from a
predetermined list of available shapes, the lightest-weight member. However, it could also
result from the combination of steel elements into some particular desired form. The early
days of steel construction had very little standardization of available shapes. Although each
mill would produce its own shapes, the variety of available shapes was limited and most
structural members were composed of these available shapes riveted together. One of AISC's
original goals was to standardize the shapes being produced. Over the years, shapes became
standardized and more shapes, designed specifically for the needs of building construction,
became available. Modern production practices now make a wide variety of shapes available
to the designer so that design can almost always be accomplished by selecting one of these
standard shapes. In situations where these standard shapes do not meet the needs of a project,
members composed of plate material can be produced to carry the imposed loading.

3.4.1 ASTM A6 Standard Shapes

The first standard shapes to be discussed are those defined by ASTM A6: W-shapes, S-
shapes, HP-shapes, M-shapes, C-shapes, MC-shapes, and L-shapes. Cross-sections of these
shapes are shown in Figure 3.4 where it can be seen that W-, M-, 5-, and HP-shapes all take
the form of an 1. C- and MC-shapes are channels and L-shapes are called angles. Part 1 of
the Manual contains tables of properties for all of the standard shapes.

W-Shapes

W-shapes are usually referred to as wide flange shapes and are the most commonly used
shapes in buildings. They have two flanges with essentially parallel inner and outer faces
and a single web located midway on the flanges. The overall shape of the wide flange may
vary from being a fairly deep and narrow section, as shown in Figure 3.4a, to an almost
square section, as shown in Figure 3.4b. These shapes have two axes of symmetry; the x-axis
is the strong axis and the y-axis is the weak axis. Wide flange shapes can be as deep as
44 in. and as shallow as 4 in. A typical wide flange shape would be called out as a W16 x 26
where the W indicates it is a W-shape, the 16 indicates it has a nominal depth of 16 in., and
the 26 indicates its weight is 26 pounds per foot. The nominal depth is part of the name
of the shape and indicates an approximate member depth but does not indicate its actual
depth. The production of wide flange shapes results in shapes being grouped in a family
according to the size of the rolls that produce the shape. All shapes in a family have the same
dimension between the inner faces of the flanges. The different weights are accomplished
by increasing the actual depth of the member. Manual Table -1 provides the dimensions
and section properties needed for design for all W-shapes.

HP-Shapes

HP-shapes are wide flange shapes normally used as bearing piles. These shapes have parallel
face flanges like the wide flange shapes but unlike the W-shapes, their webs and flanges are of
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the same nominal thickness and they are all close to being square, as shown in Figure 3.4c.
An HP14x117 would be an HP-shape with a nominal depth of 14 in. and a weight of
117 pounds per foot. Manual Table 1-4 provides the dimensions and section properties
needed for the design for all HP-shapes.

S-Shapes

S-shapes are American Standard Beams and were previously referred to as I-beams. They
were the standard shapes used in construction prior to the development of the rolling process
that permitted the introduction of the wide flange shapes. Although these shapes are still
available, their use is infrequent and their availability should be confirmed prior to specifying
them. These shapes have relatively narrow flanges compared to their depth and the flanges
have a sloping interior face, as shown in Figure 3.4d. The Manual lists 28 S-shapes and their
properties are found in Table 1-3. As with the shapes previously discussed, the numbers in
the name refer to the nominal depth and the weight per foot. In all cases except the $24x121
and 524106, the nominal depth and the actual depth are the same.

M-Shapes

M-shapes are miscellaneous shapes that do not fit into the definitions of W-, HP-, and
S-shapes. The Manual lists 18 miscellaneous shapes. They are not particularly common
and should be used in design only after confirmation that they are economically available.
A typical designation would be M12x11.8. As with the other shapes, the 12 indicates the
nominal depth and the 11.8 indicates the weight per foot. Dimensions and properties for
these M-shapes are found in Manual Table 1-2.

C-Shapes

C-shapes are American Standard Channels and are produced by essentially the same process
as S-shapes. They have two flanges and a single web located at the end of the flanges, as
shown in Figure 3.4e. These shapes have only one axis of symmetry and, like the W-shapes,
the x-axis is the strong axis and the y-axis is the weak axis. As with the S-shapes, the flanges
have sloping inner faces. One of the 31 C-shapes found in Manual Table 1-5 is a C8x18.7.
All C-shapes have an actual depth equal to the nominal depth.

MC-Shapes

MC-shapes are miscellaneous channels that cannot be classified as C-shapes. Their desig-
nations follow the same rules as the previous shapes with a typical shape being an MC6x18.
Manual Table 1-6 lists 39 MC-shapes, and their sizes fit into the same overall range as the
C-shapes.

L-Shapes

L-shapes are angles that can have equal or unequal legs. The largest angle legs are § in.
and the smallest are 2 in., with the dimension taken from heel to toe of the angle. A typical
angle designation would be L6 x4 x /s where the first two numbers are the dimensions of
the legs and the third is the leg thickness. Leg dimensions are actual dimensions and the
leg thickness is the same for both legs. For unequal leg angles, the longest leg is given first.
Equal leg angles have one axis of symmetry whereas unequal leg angles have no axis of
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symmetry. All angles have three axes of interest to the designer: the geometric axes are the
x-axis, parallel to the short leg; the y-axis is parallel to the long leg; and the minor principal
axis, which for equal leg angles is perpendicular to the axis of symmetry, is the z-axis.
Manual Table 1-7 provides the dimensions and section properties needed for the design for
all angles.

WT-Shapes

WT-shapes are tees that have been cut from W-shapes. They are also called split tees. These
shapes are designated as WT5x56 where both numbers are one-half of what would indicate
the parent W-shape that they were cut from. Dimensions and properties for WT-shapes are
given in Manual Table 1-8.

MT-Shapes and ST-Shapes

MT-shapes and ST-shapes are tees that have been cut from the parent M- and S-shapes. The
properties and dimensions for these shapes are found in Manual Tables 1-9 and 1-10.

Another group of shapes commonly found in building construction are the hollow shapes
referred to as tubes or pipes. These shapes are produced by bending and welding flat plates
or by hot rolling to form a seamless section, For all hollow structural shapes (HSS), ASTM
specifications set the requirements for both the material and the sizes.

Round HSS

Round hollow structural shapes are round hollow structural sections. They are manufac-
tured through a process called Formed-From-Round which takes a flat strip of steel and
gradually bends it around its longitudinal axis and joins it by welding. Once the weld has
cooled, the round shape is passed through additional shaping and sizing rolls to fix the final
diameter. A round HSS would be indicated as HSS5.563x0.258 where the first number is
the diameter and the second is the nominal thickness. These shapes are found in Manual
Table 1-13.

Square and Rectangular HSS

Square and Rectangular HSS may be formed as Round HSS with the final sizing used to
change the shape into a rectangle, or formed from a flat plate through a Formed-Square
Weld-Square process wherein the plate is gradually bent into its near final size. Another
process starts with two flat pieces that are each bent and then the two half sections are
joined to form the final shape. A typical rectangular HSS would be HSS12x8x'/s. The
first number indicates the actual height of the section, the second the actual width, and
the third the nominal thickness of the section wall. Manual Tables 1-11 and 1-12 provide
the dimensions and section properties needed for the design of rectangular and square
HSS-shapes, respectively.

Steel Pipes

Steel pipes are another hollow round section used in building construction. They are pro-
duced to different material standards than the round HSS. Pipes are available as standard
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weight (Std.), extra strong (x-Strong), and double-extra strong (xx-Strong), which refer to
the wall thickness for a given outside diameter. The standard designation for a pipe section
would be Pipe 5 x-Strong, indicating that it was to meet the pipe material standards, have a
nominal 5-in. outside diameter, and a thickness corresponding to the extra strong designa-
tion. This particular pipe would have an actual outside diameter of 5.56 in. and a nominal
wall thickness of 0.375 in. Manual Table 1-14 provides the properties for steel pipes.

3.4.3 Plates and Bars

In addition to the shapes already discussed, steel is available as plates and bars, as shown
in Figure 3.5. These elements are rarely used alone as shapes but are combined to form
built-up shapes or used alone as connecting elements to join other shapes.

Plates

Plates are flat rectangular elements hot rolled to a given thickness and sheared to the
appropriate width. At one time, plates were also available that were rolled to a given
width as well as thickness. These plates were called universal mill plates. Because of
the manufacturing process, these plates had different patterns of residual stresses than the
sheared plates that resulted in lower strength. Current manufacturing practice is to produce
all plates as sheared plates. By industry definition, plates are a minimum of 8 in. in width
and may vary in thickness from %6 in. The designation for a plate is PL'/,x10x2 ft—4 in.
where the first number is the thickness, the second the plate width, and the third the length.
Table 3.2 gives the preferred standard practice for plate thickness increments.

Bars

Bars are available in rectangular, circular, and hexagonal shapes with the rectangular bar
the most commonly used shape in building construction. The only difference between
rectangular bars and plates is the width. Any rectangular solid element less than 8 in. in
width is technically referred to as a bar. Because the distinction between bars and plates is
not significant to the designer, the designation for these narrow elements is the same as for
a plate. Thus, PL'/,x6x2 ft—4 in. is a 6-in. wide bar.
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Table 3.2 Preferred Dimensions for Plates and Bars

Range of Thicknesses/Diameters

Product t<}in ¥<t<lin lin, <t

Plates % 3 A

Square and % % i
rectangular bars

Circular bars % % %

Note. Table gives increments in thickness or diameter.

3.4.4 Built-up Shapes

Other shapes are available and may be found in the Manual but are of limited application in

building construction. The manual also contains tables for combinations of standard shapes

that have, over the years, been found to be useful to the designer. Figure 3.6 shows a variety
of built-up shapes formed from combining plates and shapes.

B

_

‘W-shape with Plates girders Double angle Double channel
cover plates
(may be used
in lieu of others)
[ J
| ARolled
[ ] W-shape
Welded W-shape Box shape Combination shape

L iFlange |

Pot. longitudial
-2 stiffener (one-

I

Depth or two-sides) |
may be —- H-- —.

Potential transverse
very large stiffener (one- !
| ] or two sides) |
S N L 1
Plate girder Cruciform shape

Figure 3.6 Examples of Built-up Shapes.
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CHEMICAL COMPONENTS OF STRUCTURAL STEEL

The basic mechanical properties of structural steel were presented in Section 3.3 with a
limited discussion of the types of steel available (or use by the building industry. Essentially
three types of steel are used for shapes in the construction industry: carbon steel, high-
strength low-alloy steel, and corrosion-resistant high-strength low-alloy steel. For plates
and bars, quenched and tempered steels are also available.

The chemical composition of steel significantly influences the properties that are of
ultimate importance to the engineer. Steel is primarily made of iron but also contains such
other elements as carbon, silicon, nickel, manganese, and copper. The primary element, in
addition to iron, is carbon. The addition of carbon increases steel strength but decreases
ductility and weldability. Even though carbon is the most significant component of steel,
after iron, it is still a very small percent of the final product. Steels generally have a carbon
content of up to 0.3% by weight.

Although the formula for any specific steel might be different from any other steel,
certain elements are required in order to meet a specific set of criteria. These specifications
come from the ASTM standards for each steel type and are discussed in Section 3.6.
However, the chemical elements that may be found in the most dominant steel for wide
flange shapes are reviewed here. The specific percentage requirements for ASTM A992
steel are given in Table 3.3.

Carbon

Carbon (C) is the most common element found in all steel. It is the most economical element
used to increase strength. However, it also decreases ductility. Carbon content usually ranges
from about 0.15% to 0.30%. Anything lower than ().15% would produce steel with too low
a strength, and anything higher than 0.30% would yield steel with poor characteristics for
use in construction.

Manganese

Manganese (Mn) has an effect on strength similar to that of carbon. It is a necessary
component because of the way it combines with oxygen and sulfur and its impact on the
rolling process. In addition, manganese improves the notch toughness of steel. It is added

Table 3.3 Chemical Requirements for A992 Steel

Element Composition, %
Carbon, max 0.23
Manganese 0.50 10 1.50
Silicon, max 0.40
Vanadium, max 011
Columbium, max 0.05
Phosphorus, max 0.035
Sulfur, max 0.045
Copper, max 0.60
Nickel, max 0.45
Chromium, max 0.35
Molybdenum, max 0.15
Nitrogen, max 0.015
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to steel to offset reductions in notch toughness due to the presence of other elements. It has
a negative effect on material weldability.

Silicon

Silicon (Si) is an important element for removing oxygen from hot steel,

Phosphorus

Phosphorus (P) increases strength and decreases ductility. It improves resistance to atmo-
spheric corrosion, particularly when used in combination with copper. It has a negative
impact on weldability that is more severe than that of manganese. It is generally an unde-
sirable element but is permitted in very limited quantities in all steel.

Sulfur

Sulfur (8) is also permitted in very limited quantities in all steel. It has a similar negative
impact to that of phosphorus.

Copper

Copper (Cu) in limited quantities is beneficial to the strength of steel. It increases strength
with only a limited negative impact on ductility. If its content is held relatively low, it
will have little effect on weldability. It is the most significant contributing element in the
production of corrosion-resistant steel.

Vanadium

Vanadium (V) is another strengthening element. It refines the grain size and thus increases
strength. Its biggest advantage is that while increasing strength, it does not negatively impact
weldability or notch toughness.

Columbium

Columbium (Ch) is a strengthening element that, in small quantities, can increase the yield
point and, to a lesser extent, the tensile strength. However, it has a significant negative
impact on notch toughness.

Nitrogen

Nitrogen (N) is normally found in very low quantities but does provide some increase in
strength. When used in combination with vanadium it can improve weldability.

Nickel

Nickel (Ni) can provide a moderate improvement in strength and enhances corrosion resis-
tance. It can also improve resistance to corrosion for steel subjected to seawater when in
combination with copper or phosphorous. It generally produces a slight improvement in
notch toughness.
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Chromium

Chromium (Cr)is typically used in combination with copper to improve corrosion resistance.
It also provides some strengthening in steels containing copper and vanadium, Chromium
is an integral component of stainless steel.

Molybdenum

Molybdenum (Mo) increases strength but significantly decreases notch toughness, although
its negative impact can be lessened through appropriate processing or balancing with other
elements.

3.6 GRADES OF STRUCTURAL STEEL
3.6.1 Steel for Shapes

More grades of steel are produced than approved by AISC for use in structures. An ASTM
number designates each approved steel. The steels approved for structural shapes are
grouped as carbon (A36, A53, AS00, AS01, and A529); high-strength low-alloy (A572,
A618, A913, and A992); and corrosion-resistant high-strength low-alloy (A242, A588, and
A847). Figure 3.7 shows these approved steels, their minimum yield and tensile stresses,
and the shapes for which they are applicable.

A36 Steel

A36 steel was the most commonly available structural steel for many years, It was first
introduced in the 1961 AISC Specification and until the late 19905 was the steel of choice
for most steel shapes except for HSS, pipe, and plates. It is a mild carbon steel so it is
well suited for bolted or welded construction and, even if higher strength steels were being
used for members, this steel was the norm for connecting elements. It continues to be the
preferred steel for M-, S-, C-, MC-, and L-shapes. It has a minimum yield stress, F, = 36
ksi, and a tensile stress, F,, = 58 to 80 ksi, although F,, = 58 ksi is used for calculations
throughout the specification.

AS53 Steel

AS53 steel is the single standard for steel pipe approved for construction. This standard
provides for three types and two grades. These pipes are generally intended for mechanical
and pressure applications and the only grade approved for construction is Grade B. This
grade comes as Type E, which calls out electric-resistance welding of the seam, or Type
S, which is a seamless pipe. A53 Grade B has a minimum yield stress, F, = 35 ksi, and a
minimum tensile stress, F, = 60 ksi.

A500 Steel

A500 steel is a carbon steel used for structural tubing in rounds and shapes, otherwise known
as HSS. It comes in two grades approved by AISC for construction: grade B, which is the
preferred grade, and Grade C. The standard permits either welded or seamless manufacture.
Round HSS Grade B has a minimum yield stress, F,, = 42 ksi, and a minimum tensile stress,
F,, = 58 ksi, whereas rectangular HSS Grade B has a minimum yield stress, F, = 46 ksi,
with a minimum tensile stress, F, = 58 ksi.
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Table 2-3
Applicable ASTM Specifications
for Various Structural Shapes

Fy Min. F Applicable Shape Series
u
Yield | Tensile HSS
Steel ASTM Stress | Stress® B
Type Designation | (ksi) (ksi) | W M S |HP | C | MC| L |Rect ﬂii Pipe
A36 36 58-80°
A53 Gr. B 35 60
a8 42 58
2500 46 58
Carbon 46 62
Gr.C
50 62
A501 36 58
Gr. 50 50 | 65-100
A529¢
Gr. 55 55 70-100
Gr. 42 42 60
6r50 | 50 650 j il
A572 | Gr.55 55 70 >
Gr.60° | 60 75
High- Gr, 65° 65 80
Strength Grl&l 508 709
Ag18'
Low- Gr. Il 50 65
Alloy 50 500 60"
60 60 75
A913
65 65 80
70 70 90
A992 s065 | 65 [N
Corrosion 42 63/
Resistant A242 46! 67%
High- 50/ 70!
Strength A568 50 70
LowAlly AB47 50 70

M = Preferred material specification
[ = Other applicable material specification, the availability of which should be confirmed prior to specification.
D = Material specification does not apply.

# Minimum unless a range is shown,

For shapes over 426 Ib/ft, only the minimum of 58 ksi applies.

For shapes with a flange thickness less than or equal to 1%4 in. only. To improve weldability a maximum carbon equivalent can be specified
(per ASTM Supplementary Requirement S78). If desired, maximum tensile stress of 90 ksi can be specified (per ASTM Supplementary
Requirement 579).

4 If desired, maximum tensile stress of 70 ksi can be specified (per ASTM Supplementary Requirement $91).

© For shapes with a flange thickness less than or equal to 2 in. only.
1
]

ASTM AB18 can also be specified as corrosion-resistant; see ASTM AG18.
Minimum applies for walls nominally %-in. thick and under. For wall thicknesses over % in., £, = 46 ksl and F, = 67 ksi,
" If desired, maximum yield stress of 65 ksi and maximum yield-to-tensile strength ratio otr[]_as can be specified (per ASTM Supplementary
Requirement §75).
A maximum yield-to-tensile strength ratio of 0.85 and carbon equivalent formula are included as mandatory in ASTM A992.
For shapes with a flange thickness greater than 2 in. only.
For shapes with a flange thickness greater than 1% in. and less than or equal to 2 in. only.
I For shapes with a flange thickness less than or equal to 1'% in. only.

Figure 3.7 Applicable ASTM Specifications for Various Structural Shapes. Copyright (€) American
Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.

52 Chapter3 Steel Building Materials

AS501 Steel

AS501 steel is a carbon steel similar to A36 but used for round and rectangular HSS. It has
a minimum yield stress, F, = 36 ksi, and a minimum tensile stress, F,, = 58 ksi.

A529 Steel

A529 steel is a carbon-manganese steel available in Grades 50 and 55. It is approved for the
smaller shapes with flange thickness no greater that 1.5 in. A529 Grade 50 has a minimum
yield stress, F, = 50 ksi, and a tensile stress, F,, = 65 to 100 ksi, whereas Grade 55 has a
minimum yield stress, Fy = 55 ksi, and a tensile stress, F, = 70 to 100 ksi.

AS572 Steel

A572 is a high-strength low-alloy steel, also referred to as columbium-vanadium structural
steel, available in five grades. It is a versatile high-strength steel with good weldability.
Availability of shapes and plates is a function of grade, generally depending on element
thickness. It is available in all shapes other than HSS and pipe. The full range of minimum
yield stress is 42 ksi to 65 ksi, depending on grade, and the minimum tensile stress ranges
from 60 ksi to 80 ksi, again depending on grade. A572 is the preferred steel for HP-shapes.

A618 Steel

A618is ahigh-strength low-alloy steel used for HSS. Grades I, I1, and Il are approved for use
in structures by AISC. It is the only high-strength low-alloy steel available in HSS. Grade I1
has limited atmospheric corrosion resistance and Grade III can be produced with increased
corrosion resistance if required. The minimum yield stress depends on the particular product
and may vary from 46 to 50 ksi. The minimum tensile stress varies from 65 to 70 ksi, again
depending on grade and product wall thickness.

A913 Steel

A913 is a high-strength low-alloy steel produced by quenching and self-tempering. It is
available in Grades 50, 60, 65, and 70. This steel is currently not produced domestically
but can be obtained from one foreign producer. The minimum yield stress ranges from 50
to 70 ksi and the minimum tensile stress ranges from 60 to 90 ksi.

A992 Steel

A992 steel has become the steel of choice for wide flange shapes. It was first approved
for use in 1998 as a replacement for A572 Grade 50. This standard was developed partly
as a result of an improved understanding of the impact of material property variations on
structural behavior and partly as a result of the changes occurring in properties resulting
from the use of scrap as the main resource for steel production. The chemical components
for A992 steel were given in Table 3.3 and discussed in Section 3.5. It has a minimum yield
stress, F, = 50 ksi, and a minimum tensile stress, F,, = 65 ksi. An additional requirement
is that the yield-to-tensile ratio can not exceed 0.85.
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A242 Steel

A242 is a high-strength low-alloy corrosion-resistant steel also called weathering steel. It
was one of the first corrosion-resistant steels and has a corrosion resistance approximately
four times that of normal carbon steel. It is available in three grades but is now less common
than the newer A588. The minimum yield stress ranges from 42 to 50 ksi and the minimum
tensile stress ranges from 63 to 70 ksi.

A588 Steel

A588 s ahigh-strength low-alloy corrosion-resistant steel with substantially better corrosion
resistance than carbon steel with or without copper. It is available for all shapes, except HSS
and pipe, as well as plate. For all shapes, and for plates up to 4 in., it has a minimum yield
stress, F, = 50 ksi, and a minimum tensile stress, F,, = 70 ksi. Plates up to 8 in. are available
at reduced stress values.

A847 Steel

A847 is the high-strength low-alloy corrosion-resistant steel used for HSS. It has the same
minimum yield and tensile stresses as A588.

3.6.2 Steel for Plates and Bars

Many of the steels already discussed for shapes are also available for plates and bars.
Figure 3.8 shows the ASTM designation, the corresponding yield and tensile stresses, and
the plate thickness for which they apply. The only steels available for plates and bars that
are not also available for shapes are the two quenched and tempered steels, A514 and A852.

A514 Steel

A514 is a high-yield strength-quenched and tempered alloy steel suitable for welding. It
is available only as plate material up to 6 in. There are 14 different grades, which vary
according to the chemical content and maximum thickness. The minimum yield stress is
either 90 or 100 ksi and the ultimate tensile stress ranges from 100 to 130 ksi. This is the
highest yield stress steel approved for use according to the AISC Specification.

AB52 Steel

A852 is a quenched and tempered high-strength low-alloy corrosion-resistant steel. It is
intended primarily for use in welded construction where durability and notch toughness are
important. It is available as plate only up to 4 in. It has a minimum yield stress, F, = 70
ksi, and a tensile strength, F,, = 90 to 110 ksi. -

3.6.3 Steel for Fasteners

Fasteners for steel construction today include high-strength bolts, common bolts, threaded
rods, and anchor rods. In addition, nuts, washers, and direct-tension-indicators must be spec-
ified. The ASTM steels approved for these elements are shown in Figure 3.9. Many grades
of steel are appropriate for the variety of mechanical fasteners used in steel construction
but only the three steels commonly specified for bolts are discussed here.
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Table 2-4
Applicable ASTM Specifications
for Plates and Bars

Plates and Bars
F Min. | F, OVer | OVer | OVer | over | over | OVer | over | over
Yield |Tensile| to |0.75|125| 1.5 [2to | 25 | 4to (5t0 |6to
Steel ASTM Stress |Stress?|0.75 | to | to |t02 | 25 (tod | § 6 8 |over
Type Designation | (ksi) (ksi) |[incl |1.25 | 1.5 | incl. | incl. | incl. | incl. | incl. | incl. | 8
32 58-80
e 36 58-80
Carbon i
Gr. 50 50 70-100 i b L] b
A529 s
Gr. 55 55 70-100 b
Gr. 42 42 60
er!gh.n Gr50 | 50 85
ronah | pezo [ o 55 55 70
Low-
Alloy Gr. 60 60 75
Gr. 65 65 80
42 63
Corrasion 242 46 67
Resistant
High- L T.U
Strength 42 63
Low-Alloy A588 46 67
50 70
Quenched
and 90 | 100-130
Tempered Ast4e
Alloy 100 | 110-130
Quenched
and
Tompered AB52¢ 70 90-110
Low-Alloy

B = Preferred material specification.
[T = Other applicable material specification, the availability of which should be confirmed prior to specification
[] = Material specification does not apply.

a Minimum unless a range is shown.
b Applicable to bars only above 1-in. thickness.
¢ Available as plates only.

Figure 3.8 Applicable ASTM Specifications for Plates and Bars. Copyright (€) American Institute
of Steel Construction, Inc. Reprinted with Permission. All rights reserved.

A307 Bolts

A307 bolts are also called common bolts or black bolts. Although the ASTM standard
specifies three grades, only Grade A is approved for use as bolts in general applications.
These bolts have an ultimate tensile strength of 60 ksi and are thus at a strength level similar
to A36 steel. Although these bolts continue to be listed by AISC, they are rarely used in
steel-to-steel structural connections.

A325 Bolts

A325 bolts are a quenched and tempered steel-heavy hex structural bolt. They are the
dominant high-strength bolts used in construction. Two types are available: type 1, the
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Table 2-5
- e .
Applicable ASTM Specifications for
Various Types of Structural Fasteners
High- =
Strength 5 £ | Anchor Rods
Bolts i §
bR = £
F, = : % S § 3
Min. | F, £ 53| 2 o
Yield | Tensile E5% § g192| 2|3 ¢ 2
ASTM | Stress | Stress® | Diameter Range | 2 |%3| € | 2 | & B3| B g E 83
Designation | (ksi) | (ksi) (in) S|EE|8 |2 |2 B2 E| 5 E 2 |Ea
A108 — 65 | 0.375to 0.75, incl.
— 105 over 1to 1.5 incl.
Aseg! — 120 05101, incl.
A490 — 150 0510 1.5
— 106 1.125
f1392 == 120 0.510 1, incl.
A194 Gr. 2H — — 025104
AS63 — — 0.2510 4
F438" — - 025104
F959 e = 051015
A6 6 58-80 1010
= 100 over 4 to 7
A193 Gr. B7* = 115 over 2510 4
{ — 125 2.5 and under
Gr. A — 60 025104
MO Tae | — | sead 0.2510 4
- 140 2.5 to 4 incl. "
i Lol 150 | 0251025, incl
== 90 1.75 10 3 incl. L
Ad49 - 105 | 1.125t0 1.5,incl. | © ST )
— 120 02510 1, ingl. & T T
Grd2 | 42 60 06 il N
Gr.50 | 50 65 to4
AST2 | Gr.55 55 70 02
Gr. 60 60 75 101.25
Gr. 65 65 80 01.25
42 63 Over 5 o 8, incl.
A588 46 67 Over 4 to 5, incl.
50 70 4 and under
AB87 105 | 150 max. 0.625t03
F1554 | Gr. 36 36 58-B0 025104 Y
Gr. 55 55 75-95 025104 E
6r.105| 105 | 125-150 025103 |
W = Preferred material specification,
[C] = Other applicable material specification, the availability of which should be confirmed prior to specification.
[[] = Material specification does not apply,
— Indicates that a value Is not specified in the material specification.
4 Minimum unless-a range is shown or maximum (max.) is indicated.
U Special washer requirements may apply per RCSC Specification Table 6.1 for some steel-to-steel botting applications and per Part 14 for
anchor-rod applications.
¢ See AISC i Section A3.3 for limi on use of ASTM A449 bolts.
9 When atmospheric corrosion resistance i desired, Type 3 can be specified,
# For anchor rods with and corrosion st

Figure 3.9 Applicable ASTM Specifications for Various Types of Structural Fasteners. Copyright
(© American Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.
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normal medium carbon bolt; and type 3, which is the same bolt, provided in a weathering
steel. The tensile strength of these bolts is 120 ksi for bolts up to 1 in. diameter and 105 ksi
for bolts with a 1'/g to 1"/ in. diameter.

A490 Bolts

A490 bolts are also a quenched and tempered steel-heavy hex structural bolt. These fasteners
are used when a higher tensile strength is required. As with the A325 bolts, they are available
as type 1 or type 3 with the same distinction. The minimum tensile strength for bolts with
diameters from }, to 1, in. diameter is 150 ksi.

F1852 Bolts

F1852 provides the standard specification for “twist-off” tension control bolt-nut-washer
assemblies. These structural fasteners are unique in that they do not have a hex head but
rather a splined shank that permits installation through the use of a special torque wrench.
These connectors are essentially A325 bolts but must be manufactured to a separate standard
because their geometric characteristics differ from normal bolts. The tensile strength of these
fasteners is 120 ksi for diameters of % to 1 in. inclusive and 105 ksi for 1'/g in.

3.6.4 Steel for Welding

Steel used for welding is callled filler metal because it essentially fills in the gap between
the base metal pieces that it is joining. The most critical aspect of selecting filler metal,
actually the welding electrode, is matching the welding electrode with the base metal. In
all cases, the weld must not be the weak part of the joint. The American Welding Society
provides the specification for appropriate matching of the base metal and electrode in Table
3.1 of their standard, ANSI/AWS D1.1. The most commonly used weld strength is 70 ksi.
A discussion of welding processes and material matching is presented in Chapter 10.

3.6.5 Steel for Shear Studs

Shear studs are mechanical fasteners welded to structural shapes and embedded in concrete
that permit steel and concrete to work together. This is called composite construction.
Because these studs are welded to the steel shape, their properties are specified jointly
between AWS and ASTM. ANSI/AWS D1.1 specifies that Type B shear stud connectors
made from ASTM A 108 material be used. These studs have a tensile strength of 65 ksi.

3.7 AVAILABILITY OF STRUCTURAL STEEL

Structural engineers normally use the list of shapes found in the Manual as the basis for
design. Unfortunately, all shapes are not equally available in the marketplace and the selec-
tion of difficult shapes to obtain could negatively impact the overall cost of a project. For
instance, some shapes are available from a wide variety of producers, such as a W10x30,
which can be obtained from eight different foreign and domestic mills as of January 2006.
However, the largest shapes like the W44x335 are available only from one offshore mill,
Also, several of the smaller M-shapes are not rolled by any mill. In order to judge avail-
ability of shapes from the 12 mills identified, the annual January issue of Modern Steel
Construction should be consulted. Shape availability data is also maintained by the mills
on the AISC Web site at www.asic.org/steelavailability.
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Another important source of steel are the service centers. These organizations obtain
steel directly from the mills and stock the full range of shapes. Although obtaining the
steel needed for any given project falls to the steel fabricator, it is always beneficial to the
engineer to have some knowledge of availability.

3.8 PROBLEMS

1. When was the first AISC Specification published and what
was its purpose?

2. In addition to buildings, what other types of structures are
included in the scope of the 2005 AISC Specification?

3. Sketch and label a typical stress-strain curve for steel sub-
jected to a simple uniaxial tension test.

4. What is the value of the Modulus of Elasticity used for cal-
culations according to the AISC Specification, and what does
this value represent in relation to the graph of stress versus strain
for steel?

5. What happens to a steel el

the elastic limit and then unloaded?
6. Describe the difference between the yield stress and ultimate
stress of a steel element.

7. Sketch and label 10 different structural shape cross sections
whose properties are given in the AISC Specification.

8. What is the nominal and actual depth of a W36x135 wide
flange member? What is the weight of this member per linear
foot? (Hint: use your AISC Manual.)

9. What is the weight per linear foot of a L5x3x!/, member?
{Hint: Use your AISC Manual.)

when it is loaded beyond

10.  What is the outside diameter and wall thickness of a Pipe
4 xx-Strong? (Hint: Use your AISC Manual.)

11. What is the difference between a rectangular bar section
and a plate?

12. What are the three types of steel used for shapes in the
construction industry?

13.  What effects does the addition of carbon have on steel?
14. Name three elements that help to improve the corrosion
resistance of steel.

15. What grade of steel is most commonly used today in the
production of W-shapes and what is its yield stress and tensile
stress?

16. What grade of steel is preferred for the fabrication of most
structural shapes other than W-shapes, and what is its yield stress
and tensile stress? (Hint: see Figure 3.7.)

17.  What grade of steel is typically used for high-strength bolts
used in construction?

18. What resources can be consulted to determine the avail-
ability of a particular steel structural shape?

Chapter 4

Temporary PATH Station at the World Trade
Center Site, New York City.
Photo courtesy John Bartelstone.

Tension Members

4.1 INTRODUCTION
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The most efficient way to carry a force in steel is through tension. Because tension forces
result in a fairly uniform stress distribution in the member cross section, all of the material
is able to work to its fullest capacity. The normal assumption that tensile forces are applied
to a member through the centroid of the cross section means that other structural actions,
such as buckling or bending, are not normally present to reduce the material’s ability to
carry load. Thus, tension members are perhaps the simplest to design and a good starting
point for studying structural steel design.

Tension members are fairly common elements in building structures, although they
may not be found in every structure. The structural members considered in this chapter
are those subjected to a concentric tensile force as their primary force. Secondary effects,
such as load misalignment and the influence of connections, will be addressed; however,
the interaction of tension and bending is saved for later treatment.

Table 4.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.
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Table 4.1 Sections of Specification and Parts of Manual Found in this Chapter

Specification

DI Slenderness Limitations
D2 Tensile Strength
D3 Area Determination
D4 Built-Up Members
D5 Pin-Connected Members
Dé Eyebars
132 Minimum Spacing
135 Maximum Spacing and Edge Distance
I3.6 Tension and Shear Strength of Bolts and Threaded Parts
Ja.1 Strength of Elements in Tension
J43 Block Shear Strength

Manual
Part 1 Dimensions and Properties
Part 5 Design of Tension Members

4.2 TENSION MEMBERS IN STRUCTURES

A wide variety of tension members can be found in building structures. Among the more
important are members of trusses, bracing members, hangers, and sag rods.

Tension members are found in trusses as chords, diagonals, and verticals. Figure 4.1
illustrates a typical simply supported truss, with the tension members indicated. Tension
members used as bracing for structures are normally long and slender, as seen in Figure 4.2.
Because these slender members are relatively flexible, they must be carefully designed and
erected, particularly if there is any chance of them experiencing load reversal causing them
to be called upon to carry a compression load. Even the smallest compressive force in a
member that has been designed as a tension-only member can cause significant serviceability
problems in the final structure.

Other examples of tension members are hangers that connect lower floors to some
support above, as seen in Figure 4.3, and sag rods that support purlins in the roof structure
or the girts in the walls of a steel-framed building. It is easy 1o see the importance of most
tension members because they normally carry an obvious, direct load. Sag rods, as seen in
Figure 4.4, however, may not be as easy to understand. The load they carry is not as obvious.
Their failure can produce unsightly displacements in the walls, and could cause stability

T 4 T T T T

%/: 1 | | | %

Figure 4.1 A Simply-Supported Truss with Tension Members Indicated.

Figure 4.3 Tension Hangers.
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i

Figure 4.4 Sag Rods in a Roof System.

problems for the purlins or girts, but they will unlikely be seen as carrying significant direct
loading.

4.3 CROSS-SECTIONAL SHAPES FOR TENSION MEMBERS

Tension members can be structural steel shapes, plates, and combinations of shapes and
plates; eyebars and pin-connected plates; rods and bars; or wire rope and steel cables. Wire
rope and steel cables are not covered by the Specification nor considered here, although
they are important elements in the special structures where they occur.

Eyebars are not in practical use today, but can be found in older applications, particularly
in trusses and similar applications, as seen in Figure 4.5. Although rarely used, they are still

Figure 4.5 Eyebars in an Historic Building Roof Structure.
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Figure 4.6 A Pin-Connected Member as Part of a Connection.

covered in the Specification. The pin-connected plate shown in Figure 4.6 is actually a part
of a connection. This configuration is used in industrial structures and most commonly in
bridge girders.

Several common shapes used for tension members are shown in Figure 4.7, and some
typical built-up shapes are given in Figure 4.8. The solid round bar is frequently used,
either as a threaded rod or welded to other members. The threaded end provides a simple
connection to the structure, but the design must take into account the reduction of the cross-
sectional area caused by the threads. Upset rods are occasionally used instead of the normal
rods; the enlarged end permits threading without reducing the cross-sectional area below
the main portion of the rod. The differences between these two types of rods can be seen in
Figure 4.9.

Square, rectangular, and circular HSS have become more common as tension members
over the past few years, largely due to their attractive appearance and ease of maintenance.
However, the end connections may become complicated and expensive, depending on the
particular application. HSS are especially useful for longer tension components, when
slenderness and related serviceability considerations may be important.

Single angles, as shown in Figure 4.8a, are used extensively in towers, such as those
supporting cellular telephone communications and high-voltage power lines. Double angles
and double channels, as shown in Figures 4.8b and d, are probably the most popular tension
members for planar trusses due to the fact that gusset plates can be conveniently placed in the
space between the individual shapes. The end connections for these members are therefore
straightforward to design and fabricate, and allow for symmetry in the vertical plane.

Large tensile forces usually require cross sections that may dictate that the member be
made from a wide-flange shape, a tee, double channels, or built-up shapes, such as those
given in Figures 4.8¢ and f. Built-up cross sections were more commonly used in the past,

Plate Bar Round bar Hollow
structural sections

[ = ] [

B [ )

Angle Channel Wide flange Tee
Figure 4.7 Common Shapes for Tension Members.
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(e)
Figure 4.8 Typical Built-Up Shapes Used as Tension Members.

Threaded rod
Figure 4.9 Threaded and Upset Rods.

when the cost of labor was lower; today, large-force tension members would probably be
made from rolled shapes. Current structural applications of such elements are found in
long-span roof trusses, bridge trusses, and bracing members in large industrial structures.

44 BEHAVIOR AND STRENGTH OF TENSION MEMBERS

Tension members are covered in Chapter D of the Specification, Two possible limit states
are defined in Section D2 for tension members: yielding and rupture. The controlling limit
state depends on the ability of the member to undergo plastic deformation. Both of these
failure modes represent limit states of strength that must be taken into account in the design
of the tension member. The design basis for ASD and LRFD were presented in Sections
1.6 and 1.7, respectively. Equations 1.1 and 1.2 are repeated here in order to reinforce the
relationship between the nominal strength, resistance factor, and safety factor presented
throughout the Specification.
For ASD, the allowable strength is

R,
Ri< — :
Q (1.1)
For LRFD, the design strength is
R, < &R, (1.2)

As indicated earlier, the Specification provides the relationship for the determination of the
nominal strength and the corresponding resistance factor and safety factor for each limit
state to be considered. The provisions for tension members are:
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44.1 Yielding

4.4.2 Rupture

Yielding occurs when the uniformly distributed stress throughout the cross section reaches
the yield stress over the length of the member. Although the member will continue to resist
the load that caused yielding to occur, it will undergo excessive stretching and this elongation
will make the member unusable. The longer the member, the greater the elongation. Because
the limit state of yielding on the gross section of the member is accompanied by this large
deformation, it will readily warn of any impending failure.

The yield limit state is defined as

P, = F,A, 4.1)
where
P, = nominal tensile yield strength
F, = yield stress

A, = gross area of the member
The design strength and allowable strength are to be determined using

&, = 0.90(LRFD) 2, = 1.67(ASD)

Holes in a member will cause stress concentrations to develop under the service load. as
shown in Figure 4.10. Elastic thecory shows that the stress concentration results in a peak
stress approximately three times the average stress. As the peak stress reaches yield, the
member will continue to strain and load can continue to increase. With increasing load, the
strain in the region of the hole increases into the strain hardening region. and the member
ruptures once the stress in this area exceeds the ultimate strength. Although the material in
the region of the holes yields initially, it yields over a very short length, resulting in a small
total elongation. Thus, the material can reach its ultimate strength through strain hardening,
without excessive elongation, and failure occurs through rupture. The limit state of rupture
on the effective net area of the cross section is accompanied by small deformations from
yielding, giving little or no warning of the impending sudden failure, and offering limited
opportunities to take corrective action before the rupture.
The rupture limit state is defined as

Fy = F,A. (4.2)

'| fl
P - b d C —r
| =a
/ e o] }7 \

Figure 4.10 Stress Concentration Due to Hole in Member.
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where
P, = nominal tensile rupture strength
F, = ultimate stress
A, = effective net area of the member

The design strength and allowable strength are to be determined using

&, = 0.75(LRFD) Q, = 2.00(ASD)
If the two limit states were to result in the same available strength, using the LRFD formu-
lation
0.75F, A, = 0.9F, A, (4.3)
or
A.fA;, =0.9F, /0.75F, (44

The limit state of yielding on the gross section governs when the right-hand side of Equa-
tion 4.3 is less than the left-hand side. Using Equation 4.4, yielding on the gross section
governs if

AJAg > 0.9F, /0.75F, (4.5)
and rupture on the effective net section governs if
ApfA; <0.9F,/0.75F, (4.6)

Steel with a small (F,/F,) value, such as ASTM A36, with 0.9F, 10.75F, = 0.9(36)/
(0.75(58)) = 0.74, will allow more of the cross section to be removed in the form of
bolt holes before the rupture limit state will govern than steels with a higher (Fy/F,) value,
such as ASTM A992, with 0.9F, /0.75F, = 0.9(50)/(0.75(65)) = 0.92.

The comparisons discussed above are applicable only for normal bolted connections
and their corresponding areas. Equations 4.1 through 4.6 are not intended to cover tension
members with large cutouts. These require special design considerations, and are beyond
the scope of this book because they are not common in most building structures.

Although welded connections do not normally require the removal of material from
the cross section, the placement of the welds and the type of cross section may require a
reduction from the gross area to determine the effective net area.

4.5 COMPUTATION OF AREAS
The design of tension members uses the following cross-sectional area definitions:
1. gross area, A,
2. net area, A,
3. effective net area, A,

The criteria governing the computation of the various areas required for tension member
analysis and design are given in Section D3 of the Specification. They are discussed in
further detail here.
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4.5.1 Gross Area

4.5.2 Net Area

The gross area of a member might also be thought of as the full cross-section area. A section
is made perpendicular to the longitudinal axis of the element, along which the tensile force
is acting, and the gross area, A, is the area of that cross section. No holes or other area
reductions can be present where the section is taken.

In the case of plates, bars, and solid circular shapes, the value of A, is found directly
as the value of width times thickness, bz, for plates and bars and wd?/4 for circular shapes,
where d is the diameter. For structural steel shapes commonly used in construction, the
Manual provides values for gross areas in Part 1. However, in lieu of using the tabulated
values, A, may be approximated as

Ag=Twit; (4.7)

where w; and 1; are the width and thickness, respectively, of the rectangular cross-sectional
element, i, of the shape. Equation 4.7 applies only to shapes that are composed of flat plate
components, such as wide flanges and channels. The calculation for hollow circular shapes
is similarly straightforward. The gross area of HSS shapes meeting the requirements of
ASTM A500 is determined using 93% of the nominal wall thickness of the shape. Because
HSS are consistently manufactured with a thickness at the low end of the tolerance limit,
the values provided in the Manual are all based on this reduced thickness.

The procedure for angles requires a slight modification. The angle may be treated as an
equivalent flat plate, wherein the effective width is taken as the sum of the leg dimensions
less the thickness and the gross area is this effective width times the angle thickness.

An angle and its equivalent flat plate is shown in Figure 4.11.

The net area is obtained by subtracting the area of any holes occurring at a particular section
from the gross area of that section. Thus, holes resulting from mechanical fasteners, such
as bolts, and welds, such as plug welds and slot welds, are considered. These fastening
elements are normally used only to connect tension members to the adjacent parts of the
structure, and the reduced areas therefore normally appear at member ends. However, if
holes occur at any point along a tension member, their effect must be considered.

Plug and slot welds are made through holes in a member and are relatively uncommon
in most structures in which the framing members are made from structural shapes and
plates. Normal welded joints do not involve making holes in members. Thus, welds do not
normally reduce the cross-sectional area of tension members so the net area is equal to the

Zross area.

ins

i b,

Figure 4.11 Angle and Its Equivalent Flat Plate.
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Figure 4.12 Damage Caused by Hole Punching.

In the computation of net area for a tension member with bolted end connections,
determining the size of the holes is important. The criteria for standard, oversize, and
slotted holes are covered in Specification Section J3.

Standard Holes

Normal steel construction requires the specification of fastener size rather than hole size.
The hole is then sized according to what is required to accommodate the fastener. The
manner in which the hole is fabricated is also critical.

In recognizing the needs for fabrication and erection tolerances, standard bolt holes
are made '/ in. larger in diameter than the bolt to be inserted in the hole. Thus, a ¥;-in.
bolt requires a hole with a (%4 + /16) = "¥/}6 in. diameter. In the case of punched holes,
the punching process may damage some of the material immediately adjacent to the hole.
That material may not be considered fully effective in transmitting load and must also be
deducted from the gross area along with the material that has actuall y been removed. This
is schematically illustrated in Figure 4.12, for the case of punched holes. As the punch is
applied to the material, the edges around the hole are deformed, as shown in Figure 4.12b. In
discounting this region, the effective hole diameter is increased by another /4 in. according
to Specification Section D3.2.

Standard practice permits punching of holes for material thickness up to /g in. larger
than the nominal bolt diameter. Otherwise, holes would be drilled, or sub-punched and
reamed.

Because the decision to punch or drill a hole is a function of the steel fabricator’s
equipment capacity, for the design of tension members it is standard practice to deduct for
holes with a diameter '/ in. greater than the specified bolt size.

The following examples demonstrate gross and net area calculations for several
shapes.

EXAMPLE 4.1
Gross and Net Area

GOAL: Determine the gross and net areas of a plate with a single line of holes.

GIVEN: A single line of standard holes for ¥-in. bolts is placed in a 6 x 2 plate, as shown in
Figure 4.13a.
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SOLUTION
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@

Figure 4.13 Plates and Shapes with Holes for Use with Examples 4.1 through 4.4.

Step 1: Determine the gross area at Section 1-1.

Ay = 6('2) =3.0in? |

Step 2: Determine the effective hole size for a Yy-in. diameter bolt.

de = (s + e + ie) = g in.

Step 3: Determine the net area at Section 2-2.

A, = (b —d)t = (6.0 = Yg)('h) = 2.56in.?
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EXAMPLE 4.2 GOAL: Determine the gros i
H gross and net areas of a plat i
o plate with a double line of holes.
F;nfEN: A double line of standard holes for 7s-in. bolts are placed in a 10 x ¥4 plate, as shown
in Figure 4.13b. .
SOLUTION Step 1:  Determine the gross area at Section 1-1.
A, =100 =175 in.z:'
Step 2:  Determine the effective hole size for a Js-in. diameter bolt.
de = (s + Y16 + i) = 1.0in.
Step 3: Determine the net area at Section 2-2.
Let, =(b—d)t = (100 - 2(1.0))(%) = s.om,z—[
EXAMPLE 4.3 GOAL: Determine the E i
: gross and net areas of an i i
sl angle with a single line of holes.
GIVEN: A single line of standard holes for 7s-in. bolts is placed
: on each leg of %
as shown in Figure 4.13c. ’ b
SOLUTION Step 1:  Determine the gross area at Section 1-1.
Ay = 8.46 in.? from Manual Table 1-7
Step 2:  Determine the effective hole size for a Js-in. diameter bolt.
d. = (s + Ve + 'f16) = 1.0in.
Step 3: Determine the net area at Section 2-2.
A, = (8.46 — 2(1.0)0.75)) = 6.96in.2
EXAMPLE 4.4 GOAL: Determine th i
. H e gross and net areas of a ch iple li
gl IR annel with multiple lines of holes.
G_IVEN: Four |i1_1es of standard holes for 1.0-in. bolts are placed in an MC12x31, as shown in
Figure 4.13d. Two lines are in the web and one line is in each flange.
SOLUTION Step 1:  Determine the gross area at Section 1-1.

Ay =9.12in.* from Manual Table 1-6
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Step 2:  Determine the effective hole size for a 1.0-in. diameter bolt.
d. = (1.0+ Y6+ i) = 1125 in.

Step 3:  Determine the net area at Section 2-2.

A, =(9.12 = 2(1.125)(0.37) — 2(1.125)(0.70)) = 6.71 in.?

Oversize and Slotted Holes

Section J3.2 of the Specification gives the required measurements for larger-than-standard
or oversize holes, as well as for short-slotted and long-slotted holes. Figure 4.14 illustrates
the criteria that apply for nominal bolt diameters of 3/g in. and ¥y in.; refer to the Specification
for data for other bolt sizes. These types of holes are used to facilitate the erection of the
structure and, in some cases, to permit larger rotations or deformations to take place under
loading. )

Short Connecting Elements

Tension members within connections are usually short connecting elements such as links,
flange plates, or gusset plates. When the member is short, and the net area and gross area
are close to equal, there may not be sufficient length for the entire cross section to yield
uniformly. In this case, the area that is the first to yield may reach rupture at an early stage,
and the rupture limit state would therefore be reached prematurely. This is an undesirable
mode of failure, primarily because it is not ductile, and because it occurs suddenly, with
little or no warning. Section J4.1 specifies that the net area in these splice plates and other
short connecting elements may not be taken larger than 0.85 times the gross area.

4.5.3 Influence of Hole Placement

The examples shown in Section 4.5.2 represent simple cases in which the net area is found
in the section that produces the largest reduction in area, usually the section with the largest
number of holes. However, hole placement does not always follow simple patterns whereby
every section has the same number of holes. It is sometimes advantageous to use a patiern of
staggered holes, such as those shown in Figure 4.15. Figure 4.15a shows an arrangement of
staggered holes for a plate and Figure 4.15b shows an example for an angle. When there are
multiple holes, the center-to-center distance between adjacent holes in the direction parallel

L TR
;E: d+ s Jﬁf d+ e @ _1«*_,,: d+ e
Sk

Oversize holes }. —d+ly
(a)

—2'2d
Short-slotted holes Long-slotted holes
(b) (c)
Figure 4.14 Size Criteria for %s- to Ys-in. Bolts in Oversize and Slotted Holes.
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Figure 4.15 Staggered Hole Patterns in Plate and Angle.

to the primary applied force is defined as the pitch, s. When there is more than one line of
holes parallel to the line of force, the center-to-center distance between adjacent holes in
the direction perpendicular to the primary applied force is the gage, g.

Itis not clear from Figure 4.15 what the governing net section would be for either case.
For the plate, Sections 1-1 and 2-2 give identical A, values, in which a deduction for one
hole is taken for cach line. Another possibility would be to follow a line that incorporates
two holes, starting along line | and ending along line 2, as shown by the diagonal dashed
line. The Specification refers to this line as a “chain™ because it links together individual
holes. In this case, the area of two holes would be deducted from the gross cross section,
However, this approach would be no different than if both holes were along the same line.
It seems reasonable in this situation that an approach that would deduct both holes would
deduct too much, because these holes follow along a diagonal and not a straight line. The
correct solution should be somewhere between deducting for one hole and deducting for
two holes.

A simplified approach to address the interaction of staggered holes was adopted long
ago by previous AISC Specifications. Although numerous studies have been conducted
since this original simplification was first introduced, none have proposed a significantly
more accurate approach that is equally easy to implement.

The Specification approach requires that every potential failure line be assessed with
the full area of each intersected hole deducted and something added back for the increased
strength provided by the diagonal path. For every diagonal on a potential failure path, the
quantity s?/4g is added back into the net width to account for the overestimation of the
required deduction when a full adjacent hole has been deducted. Examples 4.5 and 4.6 show
the application of the staggered hole criterion.

EXAMPLE 4.5
Net Width of Plate

GOAL:  Determine the net width of a plate with staggered holes.

GIVEN:  The hole pattern for an 18-in.-wide plate with holes for ¥;-in. bolts that is loaded in
tension as shown in Figure 4.16. A and F represent the edges of the plate, whereas B, C, D, and E
represent hole locations.
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SOLUTION

2! zin.
| l 2 in.—;| o] =20 pre I
[ 2in. o /
4in. B
—_— ey ——
- 18 in. 6in —
4in.
R T T A A
/ 1 A /
Figure 4.16 Hole Pattern for an 18-in. Plate Used in Example 4.5.
Step 1:  Chain A B F (a straight line through one hole).
Deduct for 1 hole (Vs + ) = —0.88in.
Step2: ChainABCFE
Deduct for 2 holes, 2(%: + ) =-175
For BC add s¥4g = 2.0%(4(4.0)) = 4025
Total deduction = —1.50 in.
Step3: Chain ACEF
Deduct for 2 holes, 20 + '/s) =—175
For CE add s%/4g = 2.5%(4(10.0)) =+0.16
Total deduction = —1.59in,
Stepd: Chain ABCEF
Deduct for 3 holes, 3¢ + &) =-263
For BC, add s%4g = 2.0%(4(4.0)) =+4025
For CE, add s¥4g = 2.5%(4(10.0)) =+0.16
Total deduction =-2.22in.
Step5: ChainABCDEF
Deduct for 4 holes, 4(%: + ') =-3.50
For BC, add as for previous chain =+025
For CD, add s¥4g = 4.5%(4(6.0)) =+40.84
For DE, add s¥4g = 2.0%(4(4.0)) =+025
Total deduction = —2.16in.
Step 6:  Deduct the largest quantity to obtain the least net width.

Net width = b, = 18.0 — 2.22 = 15.8in.
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EXAMPLE 4.6
Gross Area and Net
Area of Angle

SOLUTION

GOAL:  Determine the gross and net areas of an angle with staggered holes.
GIVEN: A6 x 4 x !/, angle with holes for 7s-in. bolts are placed as shown in Figure 4.17.

Step 1:  Determine the width of the equivalent flat plate representing the width of the angle.
we=h+L—1=6+4-"%=950in.
Step 2:  Determine the gross area of the equivalent plate.

Ay = w,.t =9.50(0.5) = 4.75 in.? (as found in Manual Table 1-7)

Step 3:  Determine the gages for each balt line.
The gages for the_hn!es are shown in Figure 4.17. The gage between the holes closest to the
heel of the angle in the two legs must be adjusted to account for the angle thickness. Thus,
(g+81—1)=250+225-0.50=4.25in.
Step 4: Determine the net area.

The governing net section will be Section 2-2 or Section 2-1-2. There is no need to consider
Section 1-1 because b, will clearly be greater than b,,;.

For Section 2-2:
b =(9.5-2(%s + 1)) = 7.5 in,
Ay =7.5(0.5) = 3.75 in?

For Section 2-1-2:

This chain has two staggers of the bolt holes, and both have the same pitch (s = 2.50 in).
The gages are different, with one at 4.25 in. and the other at 2.50 in.
The net area for this chain becomes:

2.50% 2.50°
by =9.5-3(%s + ) +(—-) =5 | =749i
E (s + %)+ 3235 * agan) =T
A = 74%0.5) = 3.75in.?
Step 5:  Select the least net area.
The lowest net area controls, In this case, both chains yield the same net area, thus

| Ay =Ap = A =3750n? —‘

L6x 4 x'/ain.

@ ® Hole for /g in. bolt
! N
-~
: 2'in |
i |
=24in. -__é_:'_‘)Sm
@ 2%, |@ Bl "”":I"i“-
) T
Angle i
Folded out angle

Figure 4.17 Hole Pattern for L6x4x /; Used in Example 4.6.
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Figure 4.18 Conceptual Basis for Shear Lag Reduction Factor.

4.54 Effective Net Area

When all elements of a tension member are attached to connecting elements, the entire
member participates fully in transferring the load to the connection. However, when not all
elements are attached to connecting elements, they cannot all participate fully. Figure 4.18
shows an angle with one leg attached to a connecting element and the other, the outstanding
leg, unattached. To account for the inability of this unattached leg to transfer load, the net
area used in calculating the rupture strength is reduced to the effective net area, A,.

This phenomenon oceurs because the uniform stresses, occurring near the mid-len gth
of the member at some distance from the connection, must be transferred through the more
restricted area where the connection is located. The portion of the member area that is
participating effectively in the transfer of force is smaller than the full net area. Thus, the
net area is reduced to the effective net area.

This general behavior is called shear lag. Since its original introduction into the Spec-
ification, it has been approximated by the use of the shear lag reduction factor such that

Ae = UA,

Specification Table D3.1 provides values of the shear lag factor, U, for a wide variety
of elements. For all tension members, except plates and HSS, when the tension load is
transmitted to some but not all of the cross-sectional elements, the effective length of the
connection is reduced to L' = L — ¥, where ¥ is the distance from the attached face to
the member centroid and L is the length of the connection, as shown in Figure 4.18. The
reduction in net area is then taken in proportion to the reduction in effective length, L'/L.
Thus, the reduction becomes

) ) s x
UAL— L =il % (4.8)
Figure 4.19 shows the definition of connection length, L, for both a bolted and welded
connection.

Certain shapes have the potential to significantly reduce their effective net area due to
their geometry and the length of the connection. Members such as single angles, double
angles, and WT shapes must be proportioned so that the shear lag factor is not less than
0.6. If these members exceed this limit, they must be designed as combined force members,
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(a) Bolted (b) Welded
Figure 4.19 Definition of Connection Length, L, for Bolted and Welded Connection.

as discussed in Chapter 8 of this book and Chapter H of the Specification. Table D3.1 of
the Specification also provides a simplified approach to the shear lag factor when certain
criteria are met.

For W-, M-, S-, and HP-shapes or Tees cut from these shapes, the following apply:

Flange connected with 3 or more br=%d U=090
fasteners per line in the direction of loading by <?’d U=0385

Web connected with 4 or more U =0.70
fasteners per line in the direction of loading

For single angles

With 4 or more fasteners per line U =0.80
in the direction of loading
With 2 or 3 fasteners per line in U = 0.60

the direction of loading

EXAMPLE 4.7
Tensile Strength
of an Angle

GOAL: Determine the design strength (LRFD) and the allowable strength (ASD) of an angle.

GIVEN:  Consider an L4x4x '/, attached through one leg to a gusset plate with ¥;-in. bolts as
shown in Figure 4.20. Use A36 steel.

- :
1.18 in.
Figure 4.20 Single-Angle Tension Member for Example 4.7.
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SOLUTION

Step 1: Determine the areas needed for calculations.

A, = 3.75 in.*(from Manual Table 1-7)

Ay =375 — (s + %) (1) = 331 in?

Shear lag factor for a 6-in. connection length and an angle with ¥ = 1.18 in. (from Manual
Table 1-7)
18
U=|7£:]—i=0.8(}
L 6

A, = 0.80(3.31) = 2.65in.?

For LRFD

Step 2:  For the limit state of yielding
P, = 36(3.75) = 135kips
&, P, = 0.9(135) = 122 kips

Step 3:  For the limit state of rupture

P, = 58(2.65) = 154 kips
&, P, = 0.75(154) = 116 kips

Therefore, the limit state of rupture controls and the design strength is

116 kips

For ASD

Step 2: For the limit state of yielding

Py = 36(3.75) = 135 kips

i)

[N
Step 3:  For the limit state of rupture

= 80.8 kips

P, = 58(2.65) = 154 kips
P, 154 ;
S O

Q" 20 ps

Therefore, the limit state of rupture controls and the design strength is

Py :
— =77.0ki
o) ps
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EXAMPLE 4. GOAL: rmine the desi; 1, a (< en 0]
4.8 OAL: Dete gn stre| th (LRFD d the allowable str ASD) of a WT
14 ( ) an able s gﬁl( ) of a £
gfa Tee G : Consider a x attached to a gusse ate with weld own in Fi 4.
IVEN d WT6x32.5 att t t plat h
& P 1 s as sh n Figure 4.21.
SOLUTION Step 1: Determine the needed areas

A, = 9.54in.? (from Manual Table 1-8)
Because the force is transferred by longitudinal welds only,

A=A,
Shear lag factor for a 6-in. connection length and a Tee with = 0.985 in. (from Manual
Table 1-8)
X 0.985
U=l--=1l-—""=
T 1 3 0.836
A, = 0.836(9.54) = 7.98 in.?
For LRFD

Step 2:  For the limit state of yielding
P, = 50(9.54) = 477 kips
P, = 0.9(477) = 429 kips
Step 3:  For the limit state of rupture
P, = 65(7.98) = 519 kips
&P, = 0.75(519) = 389 kips
Therefore, the limit state of rupture controls and the design strength is

Figure 4.21 A WT welded to a Gusset Plate for Example 4.8.
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For ASD
Step 2:  For the limit state of yielding
P, = 50(9.54) = 477 kips.
By
s
Step 3:  For the limit state of rupture
P, = 65(7.98) = 519 kips

= 286 kips

SR L :
— = — =260
R 20 ore
Therefore, the limit state of rupture controls and the allowable strength is
Py :
— =260
2, kips

4.6 DESIGN OF TENSION MEMBERS

To design a structural steel tension member, the member size must be determined and then
the appropriate limit states checked. The only additional issue to address is the slenderness
of the member. For tension members, slenderness is defined as the member length divided
by the least radius of gyration, L/r. The Specification has, in the past, placed a limit on
the slenderness of tension members. However, there is currently no specified limitation
on tension member slenderness, as indicated in Section D1. The designer should exercise
caution when selecting tension members with very high slenderness ratios, that is, those
near the former limit of L/r = 300, because these members could easily be damaged during
erection and might cause other problems due to their flexibility in the transverse direction.

Because the main task in tension member design is to determine the area of the member,
the two limit states of yielding and rupture can be used to determine minimum gross and
net areas such that

P, QP
Ag min = ﬁ (LRFD) or Ag min = ;7:‘,“ (ASD)
and
Pu P,
min = RFD A, pin = ASD
Agin b F, (LRFD) or F. ( )

Because connection details are not normally known in the early stages of member selection,
it may not be possible to determine the actual deductions necessary to obtain the exact
effective net area of the member being designed. One approach would be to assume a fixed
percentage deduction for the effective net area. The designer would decide the magnitude
of this deduction.

Part 5 of the Manual provides tables for tension member design that give the strength
of tension members based on the limit states of yielding on the gross area and rupture on an
effective net area equal to 0.75A,. If the actual effective net area differs from this assumed
value, the designer can simply adjust the strength accordingly.
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EXAMPLE 4.9a 7
Tonston Menit r Design GOAL:l Select a double-angle tension member for use as a web member in a truss and determine
byLRFDE thcnmxmummnmducﬁunthatwouldbcpermiuedforhoksandabearlag.

GIVEN:  The member must carry an LRFD required strength, P, = 405 kips. Use equal leg

angles of A36 steel.

)
SOLUTION Step 1:  Determine the minimum required gross area based on the limit state of yielding
Ag min = 405/(0.9(36)) = 12.5in.?
Step 2:  Based on this minimum gross area, from Manual Table 1-15, select
LQLGxGx’_/w with A, = 12.9in.%
L]
Step 3:  Determine the minimum effective net area based on the limit state of rupture
Ae min = 405/(0.75(58)) = 9.31in.?
Step 4:  Thus, the combination of holes and shear lag may not reduce the area of this pair of
angles by more than
AfAg =931/12.9 = 0.722

EXAMPLE 4.9b
Tension Member Design
by ASD
SOLUTION

www _FEngineering
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Te : 1on M QIMD‘ 5 GOAL:  Select a WT9 for use as a tension member and determine the maximum area reduction
nsion Member Design | ;. . o\14 be permitted for holes and shear lag.
by LRFD
GIVEN: The member must carry an LRFD required strength, P, = 818 kips. Use A992 steel.
SOLUTION Step 1:  Determine the minimum required gross area based on the limit state of yielding
Ay min = 818/(0.9(50)) = 18.2in.?
Step 2: Based on the minimum gross area, from Manual Table 1-8, select
WT9x65 with A, = 19.1in.2
Step 3: Determine the minimum effective net area needed to resist the applied force
Ag min = 818/(0.75(65)) = 16.8in.
Step 4: The combination of holes and shear lag may not reduce the area of this WT by more
than
A A, =16.8/19.1 = O.BSDJ
EXAMPLE 4.10b
Tension Member Design
by ASD
SOLUTION
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4.7 BLOCK SHEAR

When a portion of a member tears out in a combination of tension and shear as shown in
Figure 4.22, the failure is known as a block shear failure. Even though this failure mode is
primarily the result of a connection failure, it may possibly control the overall strength of
a tension member. The resistance to tear-out is provided by a combination of shear on the
plane parallel to the tension force and tension on the plane perpendicular to it.

Rupture will always be the controlling mode on the tension face of the failure block,
due to the relatively short length of material that will be available to yield. The controlling
limit states on the shear face will be either yielding or rupture, whichever has the lower
strength. Unlike the situation for overall member strength, in which the yield and rupture
limit states had different resistance and safety factors, block shear uses the same values
for both limit states. Thus, a simple comparison of nominal strengths is appropriate to
determine the controlling limit state. Section J4.3 of the Specification gives the block shear
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strength as
Ry =0.6F, A, + Up FuAp < O'GF\'Agv + Ups Fu A (4.9)
where
Ay, = gross area in shear

= net area in shear

A, = net area in tension

!

Ups = 1.0if the tension stress is uniform and (.5 if the tension stress is not uniform.
(Ups = 0.5 is addressed in Chapter 7.)

The design and allowable strengths are determined using
¢ = 0.75 (LRFD) Q2 =2.0(ASD)

For tension members, the tensile stress is assumed to be uniform, Thus, Ups = 1.0 will be
used.

Load

Figure 4.22 Example of a Block Shear Failure of a Plate.

EXAMPLE 4.11
Gusset Plate Tension
Strength

SOLUTION

GOAL: Determine whether the gusset plate has sufficient strength in block shear.

GIVEN: The gusset plate shown in Figure 4.23 has a plate thickness of '/2 in, The required strength
for LRFD is P, = 225 kips and for ASD is P, = 150 kips. The steel is A36 and the holes are punched
for 7/g-in. bolts,

Step 1: Determine the areas needed to perform the calculations.
An = (6— (s + fo))(f2) = 2.50in?
Ag =2011)('4) = 11.0in.2
Ape = 20110 = 3.50/s+"a))(Y2) = 7.50in.?
Step 2:  Determine the nominal block shear strength.
R, = 0.6(58)(7.50) + 1.0458)(2.50) = 406 kips
but not greater than
R, = 0.6(36)(11.0) + 1.0(58)(2.50) = 383 kips
Selecting the lowest nominal strength,
R, = 383 kips

Step 3: For LRFD, the design strength is

R, = &R, = 0.75(383) = 287 > 225kips

Because this is greater than the required strength of 225 kips, the gusset plate is adequate
to resist this force based on block shear.

I |
3in. 6in.— 3 in.—‘

Figure 4.23 Block Shear Geometry for Example 4.9.
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Step 3: For ASD, the allowable strength is

Ri=— =—— =193 > 150 kips

Because this is greater than the required strength of 150 kips, the gusset plate is adequate
1o resist this force based on block shear.

EXAMPLE 4.12a
Tension Strength of
Spliced Members
by LRFD

SOLUTION

GOAL: Determine the design strength of a splice between two W-shapes.

GIVEN: Two WI4x43 A992 wide flanges are spliced by flange plates, as shown in
Figure 4.24, with /g-in. diameter bolts arranged as shown. The LRFD available strength of a
group of six bolts is 211 kips. The plates will be selected so that they do not limit the member
strength.

Step 1: Determine the design strength for the limit state of yielding.
A, =126in?
P, = 50(12.6) = 630 kips
&P, = 0.9(630) = 567 kips

Step 2: Determine the net area.
Area to be deducted for each flange

2% + Y)(0.530) = 1.06in.2
Thus, deduction for two flanges from the gross area,
Ay =12.6 —2(1.06) = 10.5in.

Step 3: Determine the shear lag factor,
The W14 x43 is treated as two Tee sections, each a WT7x21.5.

The x for each WT is found in Manual Table 1-8 as 1.31 in. and L = 6.0 in.

[3inf3in| |,
/ L[] \
o6 Blo.6 .0
G e oo oo
3 7
11:x8 plate
| ]
Pt e —--—— ————
Wi4x43
| |

Figure 4.24 Spliced Tension Member for Example 4.12.
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Figure 4.25 Block Shear Check for Example 4.12.

Thus,
1.31
U=1-—=0.782
6.0
Specification Table D3.1 provides that for this case, with b, > %; d a value of U = 0.9
can be used.
Step 4:  Determine the design strength for the limit state of rupture.
A, = 0.9(10.5) = 9.45in.?
P, = 65(9.45) = 614 kips
&P, = 0.75(614) = 461 kips

Step 5:  Determine the design block shear strength of the flanges.
The block shear limit state must be checked for tear-out of the flanges, as shown in
Figure 4.25. The calculations will be carried out for one block as shown in the figure
and the total obtained by adding all four flange sections.
Rupture on the tension plane

Fy An = 65(2.0 — (2)(s+5))(0.530) = 51.7 kips
Yield on the shear plane
0.6F, A, = 0.6(50)(8.00)(0.530) = 127 kips
Rupture on the shear plane
0.6F, Ay = 0.6(65)(8.00 — 2.5(7 + %))(0.530) = 114 kips

Because shear rupture is less than shear yield, the design strength for a single block
shear element is
R, = (114 4+ 1.0(51.7)) = 165 kips
R, = 0.75(165) = 124 kips
and the total block shear strength of the W14x43 is
&R, = 4(124) = 496 kips
Step 6: Compare the design strength for each limit state.

Bolt design strength 422 kips
Yielding of the member 567 kips




Step

Rupture of the member 461 kips
Block shear for the member 496 kips

The bolt design strength controls the design. Therefore, the design strength of the splice
is 3

F R, = 422 kips
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EXAMPLE 4.12b
Tension Strength of
Spliced Members

by ASD

SOLUTION

www _FEngineering
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EXAMPLE 4.13a
Tension Strength of an
Angle by LRFD

SOLUTION

EbooksPdf com

GOAL: Determine the design strength of one of a pair of angles in a tension member.
GIVEN:  The truss diagonal member in Figure 4.26 consists of a pair of angles L4x3x¥; that
are loaded in tension. The bolts to be used are ¥;-in. and the steel is A36. The bolt design shear
strength for this connection is 47.7 kips.
Step1: Determine the angle desigh strength for the limit state of yielding.

Ay =248in’.

P, = (36)(2.48) = 89.3 kips

&P, =0.9(89.3) = 80.4 kips
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For block
- shear

Figure 4.26 Truss Diagonal Member for Example 4.13.

Step 2: Determine the angle design strength for the limit state of rupture.
A, =248 — 3L + ) = 2.15in%.
The shear lag coefficient is

U=1-%/L=1-0.775/6.00 = 0.871
P, = (58)(0.871)(2.15) = 109 kips
&P, =0.75(109) = 81.8 kips

Step 3: Determine the angle design strength in block shear.
For tension rupture

F, Ay = 58(1.5 = Yo (% + ) ) () = 23.1 kips
For shear yield
0.6F Ay = 0.6(36)(7.25)(%s) = 58.7 kips
For shear rupture
0.6F, Ay, = 0.6(58)(7.25 — 2.5(% + ")) (%) = 66.1 kips
Total block shear strength, using the lowest shear term, is

R, = (58.7 + 1.0(23.1)) = 81.8 kips
&R, = 0.75(81.8) = 61.4 kips
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Step4: Compare the design strength for each limit state.

Bolt design strength 47.7 kips
Yielding of the member 80.4 kips
Rupture of the member 81.8 kips
Block shear for the member 61.4 kips

Step 5:  The bolt design strength controls the design. Therefore, the design strength of one angle

1S
&R, = 47.7 kips

Because the lowest design strength is that of the bolt shear, the design strength of this
single angle tension member is 47.7 kips.

EXAMPLE 4.13b
Tension Strength
of an Angle by ASD

SOLUTION

GOAL: Determine the design strength of one of a pair of angles in a tension member.
GIVEN:  The truss diagonal member in Figure 4.26 consists of a pair of angles L4 x 3x s that
are loaded in tension. The bolis to be used are ¥; in. and the steel is A36. The bolt allowable shear
strength for this connection is 31.8 kips.

Step 1:  Determine the angle allowable strength for the limit state of yielding.

A, =248in’.

P, = (36)(2.48) = 89.3 kips
P, 893 :
e 53.5kips

Step 2: Determine the angle allowable strength for the limit state of rupture.
Ay =248 — %+ ) =2.15in%.
The shear lag coefficientis *
U=1-%L=1-0.775/6.00 =0.871
P, = (58)(0.871)(2.15) = 109 kips
EFTIE109

Sl T
Step 3: Determine the angle allow?ble strength in block shear.

For tension rupture
FuAu = 58(1.5 = (% + %)) (%) = 23.1 kips
For shear yield
0.6F,A,, = 0.6(36)(7.25)(%) = 58.7 kips
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For shear rupture
0.6F, Ap = 0.6(58)(7.25 — 2.5(%1 + Ys)) (%) = 66.1 kips
Total block shear strength, using the lowest shear term, is

R, =(58.7+ 1.0(23.1)) = 81.8 kips

% — % = 40.9 kips
Step 4: Compare the allowable strength for each limit state.
Bolt allowable strength 31.8 kips
Yielding of the member 53.5 kips
Rupture of the member 54.5 kips
Block shear for the member 40.9 kips

Step 5:  The bolt allowable strength controls the design. Therefore, the allowable strength of one
angle is

% = 31.8 kips

Because the lowest allowable strength is that of the bolt shear, the allowable strength of
this single angle tension member is 31.8 kips,

4.8 PIN-CONNECTED MEMBERS

When a pin connection is to be made in a tension member, a hole is cut in both the member
and the parts to which it is to be attached. A pin is inserted in the hole and a mechanical
means is found to keep the elements together. This type of connection is the closest to a
true frictionless pin as can be made. Figure 4.27 shows the end of a pin-connected member
and the dimensions needed to determine its strength. These members are not particularly
common in buildings; they are used mainly for special applications, such as hangers in
suspension structures or connecting links in bridge structures.

_{a zbh

v Figure 4.27 Pin-Connected Tension Member.
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Specification Section D5 identifies the limit states for which pin-connected members
must be designed. These are: (1) tension on the effective net area, (2) shear on the effective
area, (3) bearing on the projected area of the pin, and (4) yielding on the gross section. The
strength of the pin-connected tension member is taken as the lowest strength predicted by
each of these limit states.

1. For tension on the effective net area, actually a rupture limit state
P, = 2tbgF,
&, = 0.75 (LRFD) Q, = 2.00(ASD)

where 1 is the thickness of the plate and b,y is the effective width of the plate taken
as (2t + 0.63) in inches, but not more than the actual distance from the edge of the
hole to the edge of the part measured perpendicular to the direction of the force.

2. For shear on the effective area, again a rupture limit state
P, =06 F,Ay
&, = 0.75 (LRFD) 2, = 2.00(ASD)

where Ay = 2t(a 4+ d/2), a = the shortest distance from the edge of the pin hole
to the edge of the member measured parallel to the direction of the force, and d =
the pin diameter.

3. For bearing on the projected area of the pin, from Section J7
P, =18F,A,
&, = 0.75 (LRFD) 2, = 2.00 (ASD)

where A, = td, the projected area of the pin.
4. For yielding in the gross section

Pt F WA 2
¢, = 0.90 (LRFD) Q, = 1.67 (ASD)

EXAMPLE 4.14a
Pin-Connected Member
Design by LRFD

SOLUTION

GOAL: Design a pin-connected member using LRFD.

GIVEN: A dead load of 30 kips and a live load of 70 kips. The steel has a yield stress of
50 ksi and an ultimat gth of 65 ksi. A a ¥y-in. plate with a 4-in. pin.

Step 1: Determine the required strength.
P, = 1.2(30) + 1.6(70) = 148 kips
Step 2:  Determine the minimum required effective net width for the limit state of rupture.

P, 148

bt = %2k = 0T@E0T0) ~ 2

and

by =21 +0.63 = 2(.750) 4+ 0.63 = 2.13 in.

Therefore try a 9.0-in. plate, which will give an actual distance to the edge of the plate
greater than b,y Thus, by is used to calculate the rupture strength of the plate.




Step 3:

Step 4:

Step 5:

Step 6:

Step 7:
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Determine the design strength for the limit state of tension rupture,
$F, = 0.752)(2.13)(0.75)(65) = 156kips > 148 kips

Determine the design strength for the limit state of shear rupture,
For a 9-in. plate and a 4-in. pin,a = b =25 in.

Agp = 21(a + d/2) = 2(0.75)(2.5 + 4.0/2) = 6.75in.2
&P, = $0I6A, F, = 0.75(0.6)(6.75)(65) = 197 kips > 148 kips

Determine the design strength for the limit state of bearing on the projected area of the
pin.

App = td = 0.75(4.0) = 3.0in.?
&P, = $L.8F, A,y = 0.75(1.8)(50)(3.0) = 203 kips > 148 kips

Determine the design strength for the limit state of yielding on the gross area of the
member.

&P, = OF, A, = 0.9(50)(0.75)(9.0) = 304 kips > 148 kips
Conclusion, the proposed

9-in. x ¥-in. pin-connected member with a 4-in. pin

will be sufficient to resist the applied load.

SOLUTION

www _FEngineering

92 Chapter4 Tension Members

4.9 EYE-BARS AND RODS

EbooksPdf com

Eye-bar tension members have not been used in new construction for many years, although
the provisions for their design are still found in Section D6 of the Specification. Historically,
they were commonly found as tension members in trusses and as links forming the main
tension member in suspension bridges. Eye-bars are designed only for the limit state of
yielding on the gross section because the dimensional requirements for the eye-bar preclude
the possibility of failure at any load below that level. Figure 4.28 shows a schematic of an
eyebar and Figure 4.5 shows an eyebar in a building application.

|._w_.| Figure 4.28 Eye-Bar Geometry.
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Rods are commonly used for tension members in situations where the required tensile
strength is small. These tension members would generally be considered secondary members
such as sag rods, hangers, and tie rods. Rods may also be used as part of the lateral bracing
system in walls and roofs.
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load. This would permit all bracing to be designed as tension-only members and almost
certainly permit them to have a smaller cross section than if they were required to resist
compression. An additional simplification that this assumption permits is the elimination of
potential compression members from the analysis for member forces. This may then result
in the structure being a determinate structure rather than an indeterminaie one and thereby

Although it is possible to connect rods by welding to the structure, threading and bolting
is the most common connection. Rods can be threaded in two ways. Standard rods have
threads that reduce the cross-section area through the removal of material. The upset rod
has enlarged ends with the threads reducing that area to something larger than the gross area
of the rod. The strength of the rod depends on the manner in which the threads are applied.

For a standard threaded rod, the nominal strength is given in Specification Section J3.6
as F,, = 0.75F, over the area of the unthreaded body of the rod, which gives

P, =0.5F, A
and for design,

¢, = 0.75 (LRFD) Q, = 2.00(ASD)

4.10 BUILT-UP TENSION MEMBERS

Section D4 of the Specification permits tension members that are fabricated from the com-
bination of shapes and plates. Their strength is determined in the same way as the strength
for single-shape tension members. However, the designer must remember that in built-up
members, bolts are usually placed along the member length to tie the various shapes to-
gether. These bolts result in holes along the member length, not just at the ends, so that
rupture on the effective net section may become the controlling limit state at a location other
than the member end.

Perforated cover plates or tie plates can be used to tie the separate shapes together. Lim-
itations on the spacing of these elements are also provided in Section D4 and requirements
for the placement of bolts can be found in Section J3.5.

4.11 TRUSS MEMBERS

The most common tension members found in building structures are the tension web and
chord members of trusses. Trusses are normally found as roof structures and as transfer
structures within a building. Depending on the particular load patterns that a truss might
experience, a truss member might be called upon to always resist tension or to resist tension
in some cases and compression in others. In cases in which a member is required to carry
both tension and compression, it will need to be sized accordingly. Because the compression
strength of a member is normally significantly less than the tension strength of that same
member, as will be seen in Chapter 5, compression may actually control the design.

The typical truss member can be composed of either single shapes or a combination of
shapes. When composed of a combination of shapes, the requirements discussed in Section
4.10 must be included. Otherwise, truss members are designed just as any other tension
member discussed in this chapter. Examples 4.9, 4.10, and 4.13 showed the application of
the tension provisions o several truss tension members.

4.12 BRACING MEMBERS

As with truss members, members used to provide lateral load resistance for a building
might also be called upon to carry tension under some conditions and compression under
others. They too would need to be designed to resist both loads. However, it is often more
economical to provide twice as many tension members and to assume that if a tension
member were called upon to resist compression, it would buckle and therefore carry no

simplifying the analysis.

4.13 PROBLEMS

1. Determine the gross and net areas for an 8- x Y;-in. plate
with a single line of standard holes for /s-in. bolts.

2. Determine the gross and net areas for a 10- x '/;-in. plate
with a single line of standard holes for ¥/3-in. bolts.

3. Determine the gross and net areas for a6 x ¥g-in. plate with
a single line of standard holes for 1-in. bolts.

4. Determine the gross and net areas for an L4 x4 x ', with two
lines, one in each leg, of standard holes for ¥;-in. bolts.

5. Determine the gross and net areas for an L5 x 5 x %5 with two
lines, one in each leg, of standard holes for 7/s-in. bolts.

6. Determine the gross and net area for a WT8x 20 with three
lines of standard holes for ¥;-in. bolts. Each element of the WT
will be attached to the connection.

7. Determine the gross and net area for a C15x 50 with five
lines of standard holes far /s-in. bolts. Each flange will contain
one line of bolts and the web will contain 3 lines of bolts.

8. Determine the net width for a 10- x '4-in. plate with ¥y-in.
bolts placed in three lines as shown.

i
O O 2in
Jin
- O .
3in
o o i
|2 in.|2 in.|
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9. Determine the net width for the L6 x 45 shown with fs-in.
bolts.

1.5 in,
== L] @]
2.0in, L 6in
—+ @] @] '
2.5in, 2 S_t:
P49

10. Determine the gross and net areas for a double angle ten-
sion member composed of two L4 x4x /s as shown below with
holes for ¥;-in. bolts staggered in each leg.

%

P4.10

11.  Forthe WT8 x50 attached through the flange toa 12- x ;-
in. plate with eight 7s-in. bolts at a spacing of 3-in. and placed in
two rows as shown, determine the shear lag factor and effective
net area of the WT.

WTExS0

R 123
P4.11

12. Asingle L6x6x | is used as a tension brace in a multistory
building. One leg of the angle is attached to a gusset plate with
a single line of "/g-in. bolts. Determine the shear lag factor and
effective net area for three bolts with a spacing of 3-in.

13. The WT8x50 of Problem 11 is welded along the tips of
the flange for a length of 12-in. on each flange. Determine the
shear lag factor and effective net area for the WT.

14. Determine the available strength of a 12- x 'h-in. A36
plate connected to two 12-in. plates as shown with two lines of
¥4-in. bolts. Determine the (a) design strength by LRFD and (b)
allowable strength by ASD.
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15.  Determine the available strength of an L6 x4 x ¥, attached
through the long leg to a gusset plate with ten 7y-in. bolts at
a 3-in, spacing in two lines. Use A36 steel. Determine the (a)
design strength by LRFD and (b) allowable strength by ASD.
16. Determine the available strength of an 8- x '4-in. A572
Gr. 50 plate connected with three lines of 7/g-in. bolts, Determine
the (a) design strength by LRFD and (b) allowable strength by
ASD.

17.  Determine the available strength of a WT7x 15, A992 steel,
with the flanges welded to a '/;-in. gusset plate by a 10-in. weld
along each side of the flange. Determine the (a) design strength
by LRFD and (b) allowable strength by ASD.

18. Design a 10-ft-long, single-angle tension member to sup-
port a live load of 49.5 kips and a dead load of 16.5 kips (L/D =
3). The member is to be connected through one leg and only one
bolt hole will occur at any cross section, Use A36 steel and limit
slenderness to length/300. Design by (a) LRFD and (b) ASD.

19. Design a 10-fi-long, single-angle tension member as in
Problem 18 with the same total service load, 66 kips. Use a live
load of 7.3 kips and a dead load of 58.7 kips, (L/D = 0.125), (a)
design by LRFD and (b) design by ASD.

20. Design a 10-fi-long, single-angle tension member as in
Problem 18 with the same service load using a live load of 55.0
kips and a dead load of 11.0 kips, (L/D = 5). Design by (a) LRFD
and (b) ASD.

21, Designa27-ftlong WT tension wind brace for a multistory
building to resist a wind force of 380 kips. Use A992 steel and
Ufs-in. bolts. Assume that no more than four bolts will occur at
any particular section. The length of the connection (the number
of bolis) is not known. Design by (a) LRFD and (b) ASD.

22, Design a W14 A992 tension member for a truss that will
carry a dead load of 89 kips and a live load of 257 kips. The
flanges will be bolted to the connecting plates with 7/4-in. bolts
located so that four bolts will occur in any net section. Design
by (a) LRFD and (b) ASD.

23, AnL4x3x ¥ is attached to a gusset plate with three ¥;-in.
bolts spaced at 3 inches with an end and edge distance of 1.5-in.
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as shown. Determine the available block shear strength of the
A36 angle, by (a) LRFD and (b) ASD.

3in.

1‘:;‘mI © o O i

P4.23

24. Determine the available block shear strength for the 7 x
*/s-in. A36 plate shown. The holes are for ¥;-in. bolts. Determine
by (a) LRFD and (b} ASD.

*d o 0 o
4in. - ——

12 i:

P4.24

25. Determine the available block shear strength for the
WT6x20, A992 steel, attached through the flange with eight
Ya-in. bolts as shown by (a) LRFD and (b) ASD.

— L O © B

5'2in, o -

- ©: © @ @

}‘—Jr'Sin. i| 3in. ! 3in. !

12in.
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Experience Music Project. Seattle.
Photo courtesy Michael Dickter/Magnusson Klemencic
Associates.

Compression Members

5.1 COMPRESSION MEMBERS IN STRUCTURES

96

Compression members are structural elements subjected to axial forces that tend to push
the ends of the members toward each other. The most common compression member in a
building structure is a column. Columns are vertical members that support the horizontal
elements of a roof or floor system. Several columns are shown in Figure 5.1 as part of a
building structure. They are the primary elements that provide the vertical space to form
an occupiable volume. Other compression members are found in trusses as chord and web
members and as bracing members in floors and walls. Other names often used to identify
compression members are struts and posts. Throughout this chapter the terms compression
member and column will be used interchangeably,

The compression members discussed in this chapter experience only axial forces. In
real structures, additional load effects are often exerted on a compression member that
would tend to combine bending with the axial force. These combined force members are
called beam-columns and are discussed in Chapter 8. The majority of the provisions that
apply to compression members are located in Chapter E of the Specification.

Table 5.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.
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5.2 CROSS-SECTIONAL SHAPES FOR COMPRESSION MEMBERS

Compression members carry axial forces so the primary cross-sectional property of interest
is the area. Thus, the simple relationship between force and stress,

P
= — o
J A (5.1)

is applicable. As long as this relationship dictates compression member strength, all cross
sections with the same area will perform in the same way. In real structures, however, other
factors influence the strength of the compression member and the distribution of the area
becomes important.

In building structures, the typical compression member is a column and the typical
column is a rolled wide flange member. Later discussions of compression member strength
will show that the W-shape does not give the most efficient distribution of material for
compression members. It does, however, provide a compression member that can easily be
connected to other members of the system such as beams and other columns. This feature
significantly influences its selection as an appropriate columncros ssection.

Figure 5.2 shows examples of rolled and built-up shapes that are used as compression
members. Many of these are the same shapes used for the tension members discussed in

-

W-shape ' Channel Tee Angle
. (a) (b) () (d)
Figure 5.1 Columns in a Multistory Building. Photo Courtesy Greg Grieco
Square HSS Rectangular HSS Round HSS and pipe
Table 5.1  Sections of Specification and Parts of Manual Found in this Chapter &l & x
|
Specification H [ |
B4 Classification of Sections for Local Buckling
E2 Slenderness Limitations and Effective Length
B3 Compressive Strength for Flexural Buckling of Members without Slender Elements | L
E4 Compressive Strength for Torsional and Flexural-Torsional Buckling of Members
without Slender Elements (h) o a o
E5 Single-Angle Compression Members )
E6 Built-Up Members : ’ ' \ F j
E7 Members with Slender Elements
Manual
Part 1 Dimensions and Properties
Part 4 Design of Compression Members :
Part 6 Design of Members Subject to Combined Loading ; M - : (m) : : (n) ‘

Figure 5.2 Rolled Shapes and Built-Up Shapes for Compression Members.
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Chapter 4. This is reasonable because the forces being considered in these two cases are
both axial, although they act in the opposite direction. However, other factors that influence
the strength of compression members will dictate additional criteria for the selection of the
most efficient shapes for these members.

The Tee and angle shown in Figures 5.2¢ and d are commonly found as chords and webs
of trusses. In these applications, the geometry of the shapes helps simplify the connections
between members. Angles are also used in pairs as built-up compression members with the
connecting element between the two angles as shown in Figure 5.2h. The channel can be
found in trusses as a single element or combined with another channel as shown in Figures
5.2b, i, 1, and m. Built-up columns can also be found using back-to-back channels. The
HSS shapes and pipe shown in Figures 5.2e, f, and g are commonly found as columns
in buildings, particularly one-story structures where the connections to the shape can be
simplified. Later you will see that the distribution of the material in these shapes is the most
efficient for real columns.

5.3 COMPRESSION MEMBER STRENGTH

5.3.1 Euler Column

If no other factors were to impact the strength of a compression member, the simple axial
stress relationship given in Equation 5.1 could be used to describe member strength. Thus,
the maximum force that a compression member could resist at yield would be

Py =FyAy (5.2)

where P, is the yield load, sometimes called the squash load; F) is the yield stress; and A e
is the gross area. This is the response that would be expected if a very short specimen, one
whose length approximates its other two dimensions, were to be tested in compression. This
type of column test specimen is called a stub column. Because most compression members
will have a length that greatly exceeds its other dimensions, length effects cannot be ignored.

To address the impact of length on compression member behavior, a simple model, as shown
in Figure 5.3 is used. The Swiss mathematician Leonard Euler first presented this analysis in

P P=pP

er

(a)
Figure 5.3 Stability Conditions for Elastic Columns.
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1759. A number of assumptions are made in this column model, including: (1) the column
ends are frictionless pins, (2) the column is perfectly straight, (3) the load is applied along
the centroidal axis, and (4) the material behaves elastically. Based on these assumptions,
this column model is usually called the perfect column or the pure column.

Figure 5.3a shows the perfect column with an applied load that will not cause any
lateral displacement or yielding. In this arrangement, the load can be increased with no
lateral displacement of the column. However, at a particular load, defined as the critical
load or the buckling load, P, the column will displace laterally as shown in Figure 5.3b.
In this configuration, the dashed line represents the original position of the member and
the solid line represents the displaced position. Note that an axis system is presented in
the figure with the z-axis along the member length and the y-axis transverse to the member
length. This places the x-axis perpendicular to the figure. The x- and y-axes correspond to
the centroidal axes of the cross section.

A free body diagram of the lower portion of the column in its displaced position is
shown in Figure 5.3c. If moments are taken about point C, equilibrium requires

M. =P,y
From the principles of mechanics and using small displacement theory, the differential
equation of the deflected member is given as

dy M,
di',z El,

Combining these two equations and rearranging the terms yields

d’y | P
i =0
2= T Er

If the coefficient of the second term is taken as k* = P.,/El,, the differential equation for
the column becomes

5 2. _
—2+k}—0

which is a standard second-order linear ordinary differential equation. The solution to this
equation is given by

y = Asinkz + Beoskz (5.3)

where A and B are constants of integration. To further evaluate this equation, the boundary
conditions must be applied. Because atz =0, y = Oandat z = L, y = 0, we find that

B=0
and
AsinkL =0

For Equation 5.3 to have a nontrivial solution, (sin kL) must equal zero. This requires that
kL = nm where n is any integer. Substituting for k and rearranging yields

B n2mwlEl,

(5.4)
L2
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n=1 n=2 n=3 n=4

2

P, = an? P 47!215’ . 9::’;2; P, = 1672E]
: L L L . .
Figure 5.4 Shape of Buckled
(a) (b} ic) (d) Columns,

Because n can be taken as any integer, Equation 5.4 has a minimum value when n = 1. This
is called the Euler Buckling Load or the Critical Buckling Load and is given as
wEl,

I2
If values for B and kL are substituted into Equation 5.3, the shape of the buckled column
can be determined from

For = (5.5)

y = Asinnm (5.6)

Because any value for A will satisfy Equation 5.6, a unique magnitude of the displacement
cannot be determined; however, it is clear that the shape of the buckled column is a half
sine curve when n = 1. This is shown again in Figure 5.4a. For other values of n, different
buckled shapes will result along with the higher critical buckling load. When n =1, these
shapes are referred to as higher modes. Several cases are shown in Figures 5.4b, ¢, and d.
In all cases, the basic shape is the sine curve. In order for these higher modes to occur,
some type of physical restraint against buckling is required at the point where the buckled
shape crosses the original undeflected shape. This can be accomplished with the addition
of braces, which is discussed later.

We now have two equations to predict the column strength: Equation 5.2, which does
not address length; and Equation 5.5, which does. These two equations are plotted in Figure
5.5. Because the derivation of the Euler equation was based on elastic behavior and the

o B S Sy
-

Figure 5.5 Column Strength Based on
Column length Length.
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column cannot carry more load than the yield load, there is an upper limit to the column
strength. If the length at which this limit occurs is taken as L. it can be determined by
setting Equation 5.2 equal to Equation 5.5 and solving for length, giving

To simplify this equation, the radius of gyration, r, will be used where

I
r= =
A
Because the moment of inertia depends on the axis being considered and A is the gross arca
of the section, independent of axis, » will depend on the buckling axis. In the derivation just
developed, the axis of buckling for the column of Figure 5.3 was taken as the x-axis, thus

E
Ly=mr: |—
3 Y
For this theoretical development, a column whose length is less than L, would fail by
yielding and could be called a short column, whereas a column with a length greater than
L, would fail by buckling and be called a long column.
It is also helpful to write Equation 5.5 in terms of stress. Dividing both sides by the
area and substituting again for the radius of gyration yields
wE
or L 2
r
In this equation, the radius of gyration is left unsubscripted so that it can be applied to
whichever axis is determined to be the critical axis. A plot of stress versus L /r would be
of the same shape as the plot of force in Figure 5.5.

(3.7

5.3.2 Other Boundary Conditions

Derivation of the buckling equations presented as Equations 5.5 and 5.7 included the bound-
ary condition of frictionless pins at both ends. For perfect columns with other boundary
conditions, the moment will not be zero at the ends and will result in a nonhomogeneous
differential equation. Solving the resulting differential equation and applying the appropri-
ate boundary conditions will lead to a buckling equation of a form similar to the previous
equations. To generalize the buckling equation for other end conditions, the column length,
L, is replaced by the column effective length, K7, where K is the effective length factor.
Thus, the general buckling equations become

wrEl

= — (5.8)
KL)
and
o DR ; (5.9)
)
r

Figure 5.6 shows the original pin-ended column with several examples of columns showing
the influence of different end conditions. All columns are shown with the lower support fixed
against lateral translation. Three of the columns have upper ends that are also restrained from
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Figure 5.6 Column Buckled Shape for Different End Conditions.

lateral translation, whereas three have upper ends that are free to translate. The effective
length can be visualized as the length between inflection points, where the curvature reverses.
This result is similar to the original derivation when n was taken as some integer other than
one. It is most easily seen in Figures 5.6b and ¢ but can also be seen in Figure 5.6d by
visualizing the extended buckled shape above the column as shown in Figure 5.7. In all
cases, the buckled curve is a segment of the sine curve. The most important thing to observe
is that the column with fixed ends in Figure 5.6b has an effective length of 0.5L, whereas
the column in Figure 5.6a has an effective length of L. Thus, the fixed end column will have
four times the strength of the pin end column.

5.3.3 Combination of Bracing and End Conditions

The influence of intermediate bracing on the effective length was touched upon in the
discussion of the higher modes of buckling. In those cases, the buckling resulted in equal
length segments that reflected the mode number. Thus, a column with n = 2 had two equal
segments, whereas a column with n = 3 buckled with three equal segments. If physical
braces are used to provide buckling resistance to the column, the effective length will

o —
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A Figure 5.7 Extended Shape of Buckled Column from Figure 5.6d.
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Figure 5.8 Buckled Shape for Columns with Intermediate Braces.

depend on the location of the braces. Figure 5.8 shows three columns with pin ends and
intermediate supports. The column in Figure 5.8a is the same as the column in Figure 5.4b.
The effective length is 0.5L so K = 0.5. The column in Figure 5.8b shows lateral braces in
an unsymmetrical arrangement with one segment L/3 and the other 2L/3. Although the exact
location of the inflection point would be slightly into the longer segment, normal practice
is to take the longest unbraced length as the effective length, thus KL=2L/3 so K =7/;.
The column in Figure 5.8c is braced at two locations. The longest unbraced length for this
case gives an effective length KL = 0.5L and a corresponding K = 0.5. A general rule can
be stated that, when the column ends are pinned, the longest unbraced length is the effective
length for buckling in that direction.

When other end conditions are present, these two influences must be combined. The
columns of Figure 5.9 illustrate the influence of combinations of end supports and bracing
on the column effective length. The end conditions would influence only the effective length
of the end segment of the column. For the column in Figure 5.9a, the lower segment has
L = a and that segment would buckle with an effective length KL = a. The upper segment

vy
Ll _ —
L
3
b L
075 | ¥
o | I:4L e T 0,351 -
2
a
| Figure 5.9 Buckled Shape for
I s L Columns with Different End
7 Conditions and Intermediate
‘() (b) Braces.
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has L = b but also has a fixed end. Thus, it would buckle with an effective length KL =
0.7b, obtained by combining the end conditions of Figure 5.6¢ with the length, b. Thus,
the relationship between lengths @ and b determine which end of the column dictates the
overall column effective length. As an example, the column in Figure 5.9b shows that the
lowest segment would set the column effective length at 0.35L.

EXAMPLE 5.1 GOAL: Determine the theoretical strength for a pin-ended column and whether it will first buckle
Theoretical Column or yield.
trength
Strengt GIVEN: A W10x33, A992, column with a length of 20 ft.
SOLUTION Step 1:  Determine the load that would cause buckling.
With no other information, it must be assumed that this column will buckle about its
weak axis, if it buckles at all, because the effective length is 20 ft for both axes.
From Manual Table 1-1, /, = 36.6in.* and A, = 9.71in.2
The load that would cause it to buckle is
wEl 72(29,000)(36.6)
Po=—t="" "R g0k
L? (20(12))" 3
Step 2: Determine the load that would cause yielding.
P, = F,A, = 50(9.71) = 486 kips
Step 3:  Conclusion.
Because P, < P,, the theoretical column strength is
P = 182 kips
And the column would buckle before it could reach its yield stress.
EXAMPLE 5.2 GOAL: Determine the overall column length that, if exceeded, would cause the column to theo-
Critical Buckling retically buckle elastically before yielding.
Length
GIVEN: A W8x31 column with fixed supports. Use steel with F, = 40 ksi.
SOLUTION Step 1:  From Manual Table 1-1, /, = 37.1in." and A, = 9.12in.?

Step 2:  Determine the force that would cause the column to yield.
Py = FyA; = 40(9.12) = 365 kips

Step 3:  To determine the length that would cause this same load to be the buckling load, set this
force equal to the buckling force and determine the length from

. wrEl w2(29,000)(37.1
365 kips = T’ e +

_ [r2(29,000)(37.1) _ .
L= T ags 17lin

which gives
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So the effective length is

171
=— = 431t
L T 3

Step 4:  Conclusion.
Because a fixed-end column has an effective length equal to one-half the actual
length, buckling will not occur if the actual length is less than or equal to

L=2(143)=28.6ft

5.34 Real Column

Physical testing of specimens that effectively modeled columns found in real building struc-
tures showed that column strength was not as great as either the buckling load predicted by
the Euler buckling equation or the squash load predicted by material yielding. This inability
of the theory to predict actual behavior was recognized early and numerous factors were
found to influence this result. Three main factors influence column strength; material in-
elasticity, column initial out-of-straightness, and modeling of end conditions. The influence
of column end conditions has already been discussed with respect to effective length de-
termination. Material inelasticity and initial out-of-straightness, which significantly impact
real column strength, are discussed here.

Inelastic behavior of a column directly results from built-in or residual stresses in the
cross section. These residual stresses are, in turn, the direct result of the manufacturing
process. Steel is produced with heat, and heat is also necessary to form the steel into the
shapes used in construction. Once the shape is fully formed, it is then cooled. During
this cooling process residual stresses are developed. Figure 5.10 shows wide flange cross
sections in various stages of cooling. Initially, as shown in Figure 5.10a, the tips of the
flanges with the most surface area to give off heat begin to cool. As this material cools, it
contracts, eventually reaching the ambient temperature. At this point, the fibers in this part
of the section reach what is expected to be their final length.

As adjacent fibers cool, they too contract. In the process of contracting, these newly
cooling fibers pull on the previously cooled fibers, placing them under some amount of
compressive stress. Figure 5.10b shows a cross section with additional flange elements
cooled. When the previously cooled portion of the cross section provides enough stiffness

[ =
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Initial cooling Internal cooling Completely cooled
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Figure 5.10 Distribution of Residual Stresses.
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to restrain the contraction of the newly cooling material, a tensile stress is developed in
the newly cooling material because it cannot contract as it otherwise would without this
restraint. When completely cooled, as shown in Figure 5.10c, the tips of the flanges and the
middle of the web are put into compression, and the flange web juncture is put into tension.
Thus, the first fibers to cool are in compression, whereas the last to cool are in tension.

Several different representations of the residual stress distribution have been suggested.
One distribution is shown in Figure 5.10c. The magnitude of the maximum residual stress
does not depend on the material yield strength but is a function of material thickness. In
addition, the compressive residual stress is of critical interest when considering compression
members. The magnitude of this residual stress varies from 10 ksi to about 30 ksi, dependin g
on the shape. The higher values are found in wide flanges with the thickest flange elements.

To understand the overall impact of these residual stresses on column behavior, a
stub column can again be investigated. Figure 5.11 shows the stress-strain relation for a
short column, one that will not buckle but exhibits the influence of residual stresses. As the
column is loaded with an axial load, the member shortens and the corresponding strain and
stress are developed, as if this were a perfectly elastic specimen. The response of a perfectly
elastic column is shown by the dashed line in Figure 5.11. When the applied stress is added
to a member with residual compressive stress, the stub column begins to shorten at a greater
rate as the tips of the flange become stressed beyond the yield stress. Thus, the stress-strain
curve moves off the straight line of a perfectly elastic, perfectly plastic specimen that is
shown by the dashed line and follows the solid line. Continuing to add load to the column
results in greater strain for a given stress and the column eventually reaches the yield stress
of the perfectly elastic material. Thus, the only difference between the behavior of the actual
column and the usual test specimen used to determine the stress-strain relationship is that
the real column behaves inelastically as those portions of its cross section with compressive
residual stresses reach the material yield stress.

If a new term, the tangent modulus, E7, is defined as the slope of a tangent to the actual
stress-strain curve at any point and shown in Figure 5.11, an improved prediction of column
buckling strength can be obtained by modifying the Euler buckling equation so that

Tr:ET f.l
(KL)*

or =
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Perfect column (initially straight)

Initially crooked column

A Figure 5.12 Influence of
L I‘- Initial Out-of-Straightness
(a) ® on Column Strength,

Thus, as the column is loaded beyond its elastic limit, E7 reduces and the buckling strength
reduces. This partially accounts for the inability of the Euler buckling equation to accurately
predict column strength.

Another factor to significantly impact column strength is the column initial out-of-
straightness. Once again, the manufacturing process for steel shapes impacts the ability of
the column to carry the predicted load. In this case, it is the fact that no structural steel
member comes out of the production process perfectly straight. In fact, the AISC Code
of Standard Practice permits an initial out-of-straightness of V1000 of the length between
points with lateral support. Although this appears to be a small variation from straightness,
it impacts column strength.

Figure 5.12a shows a perfectly elastic, pin-ended column with an initial out-of-
straightness, . A comparison of this column diagram with that used to derive the Euler
column, Figure 5.3, shows that the moment along the column length will be greater for
this initially crooked column in its buckled position than would have been for the initially
straight column. Thus, the solution to the differential equation would be different. In addi-
tion, because the applied load works at an eccentricity from the column along its length,
even before buckling, a moment is applied to the column that has not yet been accounted for.
Figure 5.12b shows the load versus lateral displacement diagram for this initially crooked
column compared to that of the initially straight column. This column not only exhibits
greater lateral displacement, it also has a lower maximum strength. )

When these two factors are combined, the Euler equation cannot properly describe
column behavior on its own. Thus, the development of curves to predict column behavior
has historically been a matter of curve fitting the test data with an attempt to present a simple
representation of column behavior.

5.3.5 AISC Provisions

The compression members discussed thus far have either yielding or overall column buck-
ling as the controlling limit state. Figure 5.13 plots sample column test data compared to
the Euler equation and the squash load. The Structural Stability Research Council proposed
three equations to predict column behavior, depending on the particular steel product used.
To simplify column design, AISC selected a single curve described using two equations as
their representation of column strength.
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Figure 5.13 Sample Column
KL Test Data Compared to
d Th ical Column Strength.

The design basis for ASD and LRFD were presented in Sections 1.6 and 1.7, re-
spectively. Equations 1.1 and 1.2 are repeated here in order to reinforce the relationship
between the nominal strength, resistance factor, and safety factor presented throughout the
Specification.

For ASD, the allowable strength is

n:et
A
R|=

(1.1)

For LRFD, the design strength is

Ry, =R, (1.2)

As indicated earlier, the Specification provides the relationship to determine nominal
strength and the corresponding resistance factor and safety factor for each limit state to be
considered. The provisions for compression members with nonslender elements are given
in Specification Section E3. The nominal column strength for the limit state of flexural
buckling of members with nonslender elements is

P, = F,A;
and
¢, = 0.9(LRFD) Q. = 1.67(ASD)

where A, is the gross area of the section and F,, is the flexural buckling stress.
To capture column behavior when inelastic buckling dominates column strength, that

is, where residual stresses become important, the Specification provides that when KLjr <
4.71/EJF, or F, > 0.44F,

Fy= [&658%];‘, (E3-2) (5.10)

To capture behavior when inelastic buckling is not a factor and initial crookedness is dom-
inant, that is when KL/r > 4.71, JE[/Fyor F, < 0.44F,

F., =0.877F, (E3-3) (5.11)
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Figure 5.14 KL/r versus Critical Strength.

where F, is the elastic buckling stress; the Euler buckling stress previously presented as
Equation 5.9 and restated here is
wE

e= ]
)

The flexural buckling stresses for three different steels, A36, A992, and A514, versus !.hc
slenderness ratio, KL/r, are shown in Figure 5.14. For very slender CDll:ImllS. x.he bur.tl-:hng
stress is independent of the material yield. The division between elastic and inelastic be-
havior, Equations 5.10 and 5.11, corresponds to KL/r of 134, 113, and 80.2 for steels with
a yield of 36, 50, and 100 ksi, respectively. . ‘ )

Previous editions of the Specification defined the exponent of Equation 5.10 in aslightly
different form that makes the presentation a bit simpler. If a new term is defined such that

2B _ (KL R
<~ F \wr) E

then the dividing point between elastic and inelastic behavior, where
KL E
— =471 =
r Fy

KL [E 4o

o = 1

becomes

wrY E m
The critical flexural buckling stress becomes
ford. < 1.5
F.r = (0.658")F, (5.12)
and for A, > 1.5
= 9% F, (5.13)

A plot of the ratio of critical flexural buckling stress to yield stress as a funct:ion of the
slenderness parameter, ., is given in Figure 5.15. Thus, regardless of the steel yield stress,
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the ratio of flexural buckling stress to yield stress is the same. Table 5.2 provides these
numerical values in a convenient, usable form.

Previous editions of the Specification indicated that there should be an upper limit on
the magnitude of the slenderness ratio at KL/r = 200. The intent with this limit is to have
the engineer recognize that for very slender columns, the flexural buckling stress was so
low as to make the column very inefficient. This limit has been removed in this edition of
the Specification because there are many factors that influence column strength that would
indicate that a very slender column might actually be acceptable. Section E2 simply informs
the designer that column slenderness should preferably be kept to something less than 200,
Table 5.3 gives the flexural buckling stress for values of KL/r from 0 to 200 for steels with
three different steel yield stresses. Manual Table 4-22 provides an expanded version of this
table for five different yield stresses at a slenderness ratio increment of 1.0 ft.

EXAMPLE 5.3 GOAL: Determine the available column strength,
psoeig Srr.e.ng!k by GIVEN: A W12x79 pin-ended column with a length of 10.0 ft. as shown in Figure 5.16a. Use
AISC Provisions
A992 steel.
SOLUTION

Step 1:  From Manual Table 1-1, r, = 3.05in. A = 23.2in.?
Step 2: Determine the effective slenderness ratio.
Because the length is 10.0 ft and the column has pinned ends, KL = 10.0 ft and
KL 10.0(12)
7T 308
Step 3:  Determine which column strength equation to use.

: 29,000
Because KL =393 < 4.7) £ =471/ =55— = 113, use Equation 5.10 (E3-2).
¥

Step 4:  Determine the Euler buckling stress.

=39.3

2,
Fom ZOO0) _acied
(39.3)

112 Chapter5 Compression Members

Step 5: Determine the critical stress from Equation E3-2.

F., = 0.65857%) F, = 0.658"%9(50) = 44.7 ksi

Step 6: Determine the nominal strength.
P, = 44.7(23.2) = 1040 kips

Step 7: Determine the design strength for LRFD.
GP, = 0.9(1040) = 936 kips

Step 7: Determine the allowable strength for ASD.

1ok 1040 3

Table 5.2 Ratio of Critical Stress-to-Yield Stress

e FoIF, X FoIF, 7 F.IF,
0.00 1.000 1.30 0.493 255 0.135
0.05 0.999 135 0.466 2.60 0.130
0.10 0.996 1.40 0.440 2.65 0.125
0.15 0.991 1.45 0.415 2.70 0.120
0.20 0.983 1.50 0.390 2.75 0.116
0.25 0.974 1.55 0.365 2.80 0.112
0.30 0.963 1.60 0.343 2.85 0.108
0.35 0.950 1.65 0.322 2.90 0.104
0.40 0.935 1.70 0.303 295 0.101
0.45 0.919 175 0.286 3.00 0.0974
0.50 0.901 1.80 0.271 3.05 0.0943
0.55 0.881 1.85 0.256 3.10 0.0913
0.60 0.860 1.90 0.243 3.15 0.0884
0.65 0.838 1.95 0.231 3.20 0.0856
0.70 0815 2.00 0.219 3.25 0.0830
0.75 0.790 2.05 0.209 3.30 0.0805
0.80 0.765 2.10 0.199 335 0.0781
0.85 0.739 2.15 0.190 3.40 0.0759
0.90 0.712 220 0.181 345 0.0737
0.95 0.685 225 0.173 3.50 0.0716
1.00 0.658 2.30 0.166 3.55 0.0696
1.05 0.630 2.35 0.159 3.60 0.0677
1.10 0.603 2.40 0.152 3.65 0.0658
1.15 0.575 245 0.146 3.70 0.0641
1.20 0.547 2.50 0.140 3.75 0.0624

1.25 0.520
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5.3 Compression Member Strength 113
Table 5.3 (Continued)
Table 5.3 Critical Stress for Three Steels T —36Ls F, = SO0ksi F, = 100 ksi ", = 36ksi F, = 50ksi F, = 100 ksi
F, =36 ksi F, = 50 ksi F, = 100 ksi F, = 36ksi F, = 50ksi F, = 100 ksi - S = E F. F. F.,
F, . F, F. F. F. Xiir o i Ksi KL/r ksi ksi ksi
KL/r ksi ksi ksi KLfr ksi ksi ksi 7% =10 8.10 .10 190 6.95 6.95 6.95
0 36.0 50.0 100.0 88 23.9 28.4 324 178 192 7.92 7.92 192 6.81 6.81 6.81
2 36.0 50.0 99.9 90 23.5 277 310 180 775 115 1.75 194 6.67 6.67 6.67
4 36.0 49.9 99.8 92 23.1 26.9 29.7 182 7.58 7.58 7.58 196 6.53 6.53 6.53
6 359 49.9 99.5 94 226 26.2 284 184 7.41 741 7.41 198 6.40 6.40 6.40
8 35.9 49.8 99.1 96 222 255 272 186 7.26 7.26 7.26 200 6.28 6.28 6.28
10 35.8 496 98.5 98 217 24.8 26.1 188 7.10 7.10 7.10
12 35.7 495 97.9 100 213 24.1 25.1
14 35.6 493 97.2 102 20.8 23.4 24.1
16 355 49.1 96.3 104 20.4 227 23.2 EXAMPLE 54 GOAL: Determine the available column strength.
18 354 48.8 954 106 19.9 22.0 223 Column Strength by GIVEN: A W10x49 column with a length of 20.0 ft, one end pinned and the other end fixed for
20 ik 489 94.3 108 195 21.3 21.5 AISC Provisions the y-axis, and both ends pinned for the x-axis, as shown in Figure 5.16b. Use A992 steel.
2 35.1 483 93.2 110 19.0 20.6 20.7
24 349 479 91.9 112 18.6 20.0 20,0 SOLUTION Step 1: From Manual Table 1-1, r, = 4.35in., r, = 2.54in,, and A = 14.4in.2
26 347 476 90.6 114 18.2 193 19.3 Step2:  Determine the effective length factors from Figure 5.6. )
28 34.5 47.2 89.2 116 17.7 18.7 18.7 Comparing the columns shown in Figure 5.16b with those shown in Figure 5.6, the effective
30 34.3 46.8 87.7 118 17.3 18.0 18.0 length factors are K, = 0.7 and K, = 1.0.
32 34.1 46.4 86.1 120 16.9 174 17.4 Step3: Determine the x- and y-axis slendemness ratios.
34 339 459 84.4 122 16.4 16.9 16.9
36 336 455 827 124 16.0 163 163 KL _ 1.0200012) _ oo,
38 334 450 81.0 126 15.6 158 158 Ts S
33 445 79.1 128 15.2 153 15.3 KL _0720002) _ o,
42 32.8 439 773 130 14.8 149 14.9 ry 2.54
325 43.4 753 132 14.4 144 14.4
46 322 428 73.4 134 14.0 14.0 14.0 P P £
48 319 22 714 136 136 13.6 136 l, l
50 316 416 69.4 138 132 132 13.2 = . Z
52 312 410 67.3 140 128 12.8 12.8 % ﬁ §
54 30.9 40.4 65.3 142 12.4 12.4 124 B E T
56 30.5 3938 63.2 144 12.1 12.1 12.1
58 30.2 39.1 61.1 146 1.8 118 11.8
60 29.8 384 59.1 148 L5 115 115
62 294 37.7 57.0 150 11.2 11.2 1.2 L=10ft W12x79 L=20ft L=20ft
64 29.0 37.1 54.9 152 109 10.9 10.9
66 28.6 36.4 529 154 10.6 10.6 10.6
68 28.2 357 50.9 156 10.3 10.3 103
70 278 34.9 48.8 158 10.1 10.1 10.1 - . s 5
72 214 34.2 469 160 9.81 9.81 9.81 4
74 27.0 335 449 162 9.56 9.56 9.56 ‘
76 26.6 32.8 43.0 164 9.33 9.33 9.33 1 T 5
78 26.1 320 41.1 166 9.11 9.11 9.11 P ’
80 25.7 313 392 168 8.89 8.89 8.89 I I H
82 253 30.6 373 170 8.69 8.69 8.69
84 248 29.8 35.6 172 8.48 8.48 848 @ ®)
86 24.4 29.1 339 174 8.29 829 8.29 Figure 5.16 Columns for Examples 5.3 and 5.4.
{Continued)
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Step4:  Using the largest slenderness ratio, determine which column strength equation to use.

K. /29,000
—L =66.1 <4.71 £ =471,/ ——— = 113, use Equation 5.10 (E3-2)
r Fy 50

Step 5: Determine the Euler buckling stress.
o w2(29,000)
T 66.1)
Step 6: Determine the critical stress from Equation E3-2.
Fo = 0.658%/F) F = 0.658'59/655)(50) = 36.3 ksi

= 65.5ksi

Step 7:  Determine the nominal strength.
P, = 36.3(14.4) = 523 kips

Step 8: Determine the design strength for LRFD.

‘E’,, = 0.9(523) = 471 kips—l

Step8: Determine the allowable strength for ASD.

523 -

ol®

54 ADDITIONAL LIMIT STATES FOR COMPRESSION

Two limit states for compression members were discussed in Section 5.3, yielding and
flexural buckling. The strength equations provided in Specification Section E3 clearly show
that the upper limit for column strength, Fy A, is reached only for the zero length column.
Thus, the provisions are presented in the Specification as being for the limit state of flexural
buckling only, even though they do consider yielding.

Singly symmetric, unsymmetric, and certain doubly symmetric members may also be
limited by torsional buckling or flexural-torsional buckling. The strength provisions for
these limit states are given in Section E4 of the Specification and are discussed later.

For some column profiles, another limit state may actually control overall column
strength. The individual elements of a column cross section may buckle locally at a stress
below the stress that would cause the overall column to buckle. If this is the case, the
column is said to be a column with slender elements. In order to include the impact of these
slender elements on column strength, the Specification provides slender element reduction
factors to be incorporated into the already defined flexural, torsional, and flexural-torsional
buckling provisions. The additional provisions for these types of members are presented in
Sections 5.6 and 5.7.

5.5 LENGTH EFFECTS

The effective lengths that have already been discussed were all related to fairly simple
columns with easily defined end conditions and bracing locations. Once a column is rec-
ognized as being a part of a real structure, determining the effective length becomes more
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TABLE C-C2.2
" . Valses of Ef K
Buckled shape of column is (8 (] (d) (e {f
3 s '9 '."=.|
p \ / H
H \. :' E
.ll. 'l "
-
S il f f
Theoretical K value 05 07 10 20 20
value when ideal conditions 0.65 0.80 12 1.0 210 20
are approximated
End condition code = Rotation fixed and transiation fixed
Y Rotation free and transiation fixed
T Rotation fixed and translation free
T Rotation free and transiation free

Figure 5.17 Values of Effective Length Factor, K. Copyright (© American Institute of Steel
Construction, Inc. Reprinted with Permission. All rights reserved.

involved. Moreover, for more complex structures, it might be sim_pler to dctf:rmine f.hc
buckling strength of the structure through analysis. Using that analysis, the elastic buf:k]lng
stress of the individual columns, F,, can be determined. This can thcq be uscafi dujeclly
in the column strength equations. However, for this book, column e]asu.c buckling is de-
termined through a calculation of effective length. This _approach may incorporate some
simplifications that would not be made in an actual buckling analysis. ) )

A first attempt at incorporating some realistic aspects of structures is %ho‘wn in Table
C-C2.2 of the Commentary and here as Figure 5.17. The columns shown in 1!115 fi gure are the
same as those shown in Figure 5.6, and the same K-factors are shown again and identified
here as the theoretical K-values. What is new here is the presentation of recommended
design values when ideal conditions are approximated. Most of these fccommendcd values
are based on the fact that perfectly rigid connections are difficult to nhtf'nn. Thus, forexa m_ple,
a fixed end column (case a) would have a theoretical K = 0.5 but if the elncl connections
were to actually rotate, even just a small amount, the effective length would increase. As the
end rotation increases toward what would occur for a pin-end column, K would approach

1.0. Thus, the recommended value of K is 0.65. A similar assessment of the other cases
should lead to a similar understanding of the idea behind these reco:_'nmended values.
When a column is part of a frame, as shown in Figure 5.18, the stiffness of the membelrs
framing into the column impact the rotation that could occur at the colum.n. ends. As.wﬁh
the rigid supports discussed for the columns in Figure 5.17, these end i:ondnwns pcrrmt the
column end to rotate. This rotation is something between the zero ?uwllt?n qf a fixed support
and the free rotation of a pin support. When the column under consideration is part of a frame
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T@ 141t

4@24ft ——'
Figure 5.18 A Typical Moment Frame.

where the ends of the column are not permitted to displace laterally relative to each other,
the frame is called a braced frame, a sidesway prevented frame, or a sidesway inhibited
Jframe. This is shown as cases a, b, and d in Figure 5.17. For a column in a braced frame,
the possible K-factors range from 0.5 to 1.0. In frames of this type, K is often taken as 1.0,
a conservative approximation that simplifies design. When the column under consideration
is in a frame in which the ends are permitted to move laterally, the frame is called a moment
frame, an unbraced frame, a sidesway permitted frame, or a sidesway uninhibited [frame.
This is shown as cases c, e, and f in Figure 5.17. For the three cases shown here, the lowest
value of K is 1.0. The other extreme case, not shown in Figure 5.17, is a pin-ended column
in an unbraced frame. The effective length of this column would theoretically be infinite.
Thus, the range of K-values for columns in moment frames ranges from 1.0 to infinity.

The determination of reliable effective length factors is a critical aspect of column
design. Several approaches are presented in the literature but the most commonly used
approach is through the alignment charts presented in the Commentary. The development
of these charts is based on a set of assumptions that are often violated in real structures;
nevertheless, the alignment charts are used extensively and often modified in an attempt to
account for variations from these assumptions.

These assumptions, as given in the Commentary, are:

1. Behavior is purely elastic.
2. All members have a constant cross section.
3. All joints are rigid.

4. For columns in frames with sidesway inhibited, rotations at opposite ends of the
restraining beams are equal in magnitude and opposite in direction, producing single
curvature bending.

5. For columns in frames with sidesway uninhibited, rotations at opposite ends of the
restraining beams are equal in magnitude and direction, producing reverse curvature
bending.

6. The stiffness parameter L./P/E] of all columns is equal.

. Joint restraint is distributed to the column above and below the joint in proportion
to EI/L for the two columns.

=1

8. All columns buckle simultaneously.

9. No significant axial compression force exists in the girders.
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Using these assumptions, the following equation can be obtained for columns in
sidesway inhibited frames.

GaGg 5 Ga+Gp _ /K ) 2tan (m/2 —1=0 (5.14)
7 WEr+ ( 2 tan (7/K) (w/K)
For sidesway uninhibited frames, the following equation is obtained.
GaGp(wK)Y =36  (wK) 5.15)

6(Ga+ Gg) tan (wK)

In Equations 5.14 and 5.15, the terms G 4 and Gp relate to the relative sliffnless of the
columns and beams framing into the column at ends A and B, respectively, as given by

Z(EIL),

= ——r (5.16)
T(EL),

If the beams and columns behave elastically, as noted in assumption 1, this reduces to

_ Z(/L),

- (5.17)
(L),

Equations 5.14 and 5.15 are transcendental equations that do not have a closed f-:?rm solution.
With today’s computer methods readily available, iterative solutions are easily oblzjuned.
However, that was not always the case and a graphical solution was developed in ':he
early 1960s that has become a standard approach for obtaining solutions. These graphltial
solutions are called nomographs or alignment charts. Figure 5.19 shows Lh.e n.or‘nograph for
sidesway inhibited frames and Figure 5.20 gives the chart for sidesway uninhibited frames.

G, K Gg
50; —T-1.0 =£50.0
10.0 il E—%ogo
§f§: 109 30
2.0 I " 20
] —-08
— 1.
i - =4
07 —0.7
06 —-07 —0.6
0.5 _—-0.5
0.4— Lfi 0.4
03] —0.3
0.2— i 0.2
i i Figure 5.19 Alignment Chart for a
019 il e Braced Frame (Sidesway Inhibited).
Copyright (©) American Institute of Steel
Loo Construction, Inc. Reprinted with
00~ = Permission. Al rights reserved.
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G, K Gs
B — -—
100.0 ﬁ.’g 100.0
50.0 —ts —50.0
30.0— —-50 —30.0
20.0— T 40 —20.0
100 —1—3.0 —10.0
8.0— T —8.
70 - =78
6.0— o —6.0
5.0 + —5.0
4.0— —1-20 —4.0
30— I 3.0
2.0 T —2.0
i —1-15 k
10— 1 10 Figure 5.20 Alignment Chart for an
e - Unbraced Frame (Sidesway
7 2 N Uninhibited). Copyright (©) American
3 j_ E Institute of Steel Construction, Inc.
0.0 L 1.0 0.0 Reprinted with Permission. All rights
reserved.

Approximate solutions to Equations 5.14 and 5.15 have also been presented in design
rules and the literature. The French have used the following equations in their design rules
since 1966.

For sidesway inhibited
s 3GAGp+ 114G+ Gg)+0.64 5.18
3GaGp+2(Ga+Gp)+1.28 G:18)
For sidesway uninhibited
1.6GAGp +4Ga+Gpg)+17.5
K= aGp A B) (5.19)
Gy+Gg+15

These approximate equations are said to be accurate within 2%. For design this should
easily yield results as accurate as reading a value from the alignment charts.

For the special case where G4 = G, even simpler equations can be expressed.

For sidesway inhibited

g G+04
~G+o08 G20

For sidesway uninhibited
K =+08G+1.0 (5.21)

Equations 5.20 and 5.21 might be particularly useful for preliminary design.
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EXAMPLE 5.5
Column Effective
Length

SOLUTION

GOAL: Determine the column effective length using (1) the alignment chart and (2) Equation 5.19.
GIVEN:  The column AB in a moment frame is shown in Figure 5.21. Assume that the column has

its weak axis in the plane of the frame.

Part a:
Step 1:  Determine member properties from Manual Table 1-1.
endA: WI6 x 36; [, = 448 in*
W10 x 88; I, = 534in*

end B: WI6x 77 I, = 1110in.*
W10 x 88; I, = 534in.*

Step 2: Determine the stiffness ratios at each end.

Gd=2 248 =204
24
(%)
Gg= = (.825

1110
Al
(%)
Step 3:  Use the alignment chart shown in Figure 5.20 for a sidesway uninhibited frame. Enter G 4

and G on the appropriate scales and construct a straight line between them, as shown in
Figure 5.22. The intersection with the scale for K gives the effective length factor, in this

case,

A W16 % 36 B

L=241t

A
W10 88 L LE A
L=141t
b £ £ & 7 / . 7 .f__

B Wil6x 77 4@ 241t

L=24ft |

Figure 5.21 Multistory Frame for Example 5.5.
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If G for elastic behavior is taken as G asics then G inelasiic €an be formulated as

Ga K Gg E
] o0 Ginf!gun‘r = ? ) Grkr.m'f (5.23)
1007 =88 Fiwo

30:33 T Eggg Thus, the impact of including inclastic column behavior simply results in a modification
20.0— £ 200 of G. The ratio of tangent modulus to elastic modulus is always less than one so the actual

1 e - impact of assuming elastic behavior for this application is a conservative one, as can be seen
10.0— N - by entering the nomograph with lower G-values and determining a corresponding K-factor.
8.0 Bl s -; 60 Before a straightforward approach to include inelastic effects on effective length can be
7.0+ T 7.0 proposed, the relationship between the tangent modulus and the elastic modulus must be
6.0 =+ —6.0 established.
5.0 T —5.0 The Cnmn{entary provides the following two definitions for the inelastic stiffness
40 ——2.0 4.0 reduction factor, 7, = E¢/E:
3.0— T T If P,/ P, <039
20 Gp =204 B B 1, =10

] T —2.0
—1=1.5 and if P,/ P, = 0.39

Kk=142"] A P,
1.0 2 --\—1,0 Te= —2.?24(1)1:1(—1)
7 L Figure 5.22 Alignment Chart for Py P,

8 A i Gg =0825 2
1 | K E]’;ZTHIILE:FSS-I e‘i;‘l:g;‘:’gshnfu © Am]erican where P, is the column nominal strength and P, is the yield strength. Because the column
0.0 J_ il s Rigetaded with Pennissi;:Tﬁ r'l,‘ch“ effective length is required to determine the nominal strength and 7, is required to determine
: ! teseried. ’ Ak the effective length, determining the inelastic effective length becomes an iterative process.
Table 5.4 provides the inelastic stiffness reduction factor based on the Commentary equation.
This is similar to Manual Table 4-21 in which the stiffness reduction factor is based on the
Part b: available strength of the column.
. : - : . o Another approach to determining the inelastic stiffness reduction factor is through the
S g;:;?:: ;_fg‘usmg the stiffness ratios, G, and G, determined in part (a) Step 2 and column strength equations already discussed. Elastic buckling strength is obtained through
Equation 5.11. If this equation were to be used in the inelastic buckling region of the column
behavior, the resulting strength prediction would be correct if the-column were behaving
Si ‘/1.6{2.04)(0.82 S ¥ 4004 T085) 575 . elastically, thus using E in the inelastic region. The strength of the column in the inelastic
2.04 0825175 =ik |
; Table 5.4 1, Based on Commentary Equation
PolPy Ty
1.00 0.000
0.95 0.133
5.5.1 Effective Length for Inelastic Columns . 0.50 0.258
. 0.85 0.376
The assumption of elastic behavior for all members of a frame is regularly violated. We 0.80 0.486
!wvc already seen the role that residual stresses play in determining column strength through 0.75 0.588
lnc!astic behavior. Thus, it is useful to accommodate this inelastic behavior in the determi- 0.70 0,680
nation of K-factors. The assumption of elastic behavior is important in the calculation of G 0.65 0.763
as the‘ simplification is made to move from Equation 5.16 to Equation 5.17. Returning to 0.60 0.835
!Ec!uanon 5.16 and assuming that the modulus of elasticity for all columns framing into a 0.55 0.396
Joint hfwe the same value and are equal to the tangent modulus, E7, the definition of G for 050 0.944
inelastic behavior becomes 0.45 0.979
0.40 0.998
G inetastic = Er(EUL),) (5.22 0.39 1.000
E(Z(I/L),) )
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Table 5.5 7, Based on Critical Stress Equations

P Ta Ao Ta
0.00 0.00 0.80 0.558
0.05 0.00285 0.85 0.609
0.10 0.0114 0.90 0.658
0.15 0.0254 0.95 0.705
0.20 0.0449 1.00 0.750
0.25 0.0694 1.05 0.792
0.30 0.0988 1.10 0.831
0.35 0.133 1.15 0.867
0.40 0.171 1.20 0.899
0.45 0.212 1.25 0.926
0.50 0.257 1.30 0.950
0.55 0.304 1.35 0.969
0.60 0.353 1.40 0.984
0.65 0.404 1.45 0.994
0.70 0.455 1.50 1.000
0.75 0.507

region, determined from Equation 5.10, is the strength that results because of inelastic
buckling, that is, buckling using the tangent modulus, E. Thus, the ratio of Equation 5.10
to Equation 5.11 will yield E4/E so that v

Er (0.658F,/F)F, ¢

=F T 08TIF

The results of this approach are presented in Table 5.5 as a function of the slenderness
parameter, A.. The use of either Table 5.4 or 5.5 assumes that the column is loaded to its
full available strength. If it is not, there is less of a reduction in both the inelastic stiffness
reduction factor and the effective length.

EXAMPLE 5.6
Inelastic Column
Effective Length

SOLUTION

GOAL: Determine the inelastic column effective length using the alignment chart.

GIVEN:  Determine the inelastic effective length factor for the column in Example 5.5. Use Equa-
tion 5.19 if the column has an LRFD required strength of P, = 950 kips and an ASD required strength
of P, = 633 kips. Use A992 steel.

Step 1:  From Manual Table 1-1, for a W10x88 A = 25.9in.? and from Example 5.5, the elastic
stiffness ratios are G, = 2.04 and G5 = (.825.

For LRFD

Step 2:  Determine the required stress based on the required strength. !

P, 950 ) :

AT 259

Step 3:  Determine the stiffness reduction factor from Manual Table 4-21, interpolating between
36 and 37 ksi.

= 36.7 ksi

T4 = 0.452
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Step4: Determine the inelastic stiffness ratios by multiplying the elastic stiffness ratios by the
stiffness reduction factor.

Gy = 0.452(2.04) = 0.922
Gip = 0.452(0.825) = 0.373
Step 5: Determine K from Equation 5.19.

. \/1.6(0.922)(0.373) +4(0.922+0373)+7.5

0.922 +0.373 + 7.5 b

For ASD
Step 2: Determine the required stress based on the required strength.

Py 633 A

]- — 5‘5‘3 =24.4ksi
Step 3:  Determine the stiffness reduction factor from Manual Table 4-21, interpolating between

24 and 25 ksi.
7, = 0.454

Step4:  Determine the inelastic stiffness ratios by multiplying the elastic stiffness ratios by the
stiffness reduction factor.

Gy = 0.454(2.04) = 0.926
G = 0.454(0.825) = 0.375

Step 5: Determine K from Equation 5.19.

1.6(0. g 4(0. - :
o \/ (0.926)0.375) + #0926 + 0375) + 75 _ ..

0926 + 0375+ 7.5

5.6 SLENDER ELEMENTS IN COMPRESSION

As mentioned in Section 5.4, the columns discussed thus far are controlled by overall
column buckling. For some shapes, another form of buckling may actually control column
strength: local buckling of the elements that compose the column shape. Whether the shape
is rolled or built-up, it can be thought of as being composed of a group of interconnected
plates. Depending on how these plates are supported by each other, they could buckle at a
stress below the critical buckling stress of the overall column. This is local buckling and is
described through a plate critical buckling equation similar to the Euler buckling equation
for columns. The critical buckling stress for an axially loaded plate is

kmw?E

P i
1201 - p)(4)

(5.24)
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v Strain hardening
F

Stress

0.665/FE  095,/2E bit
FJ Fl'
Figure 523 Plate Strength in Compression.

where & is a constant that depends on the plate loading, edge conditions, and length-to-
width ratio; p is Poisson’s ratio; and b/t is the width perpendicular to the compression
force/thickness ratio of the plate. The width/thickness ratio is called the plare slenderness
and functions similarly to the column slenderness.

As with overall column buckling, an inelastic transition exists between elastic buck-
ling and element yielding. This transition is due to the existence of residual stresses and
imperfections in the element just as it was for overall column buckling, and results in the
inelastic portion of the curve shown in Figure 5.23. In addition, for plates with low b/t
ratios, strain hardening plays a critical role in their behavior and plates with large b/ ratios
have significant postbuckling strength.

To insure that local buckling will not control column strength, the critical plate buckling
stress for local buckling should be limited to the critical buckling stress for overall column
buckling. This approach would result in a different minimum plate slenderness value foreach
corresponding column slenderness value, a situation that would unduly complicate column
design with little value added in the process. Thus, the development of the Specification
provisions starts by finding a plate slenderness that sets the plate buckling stress equal to
the column yield stress. Equation 5.24 then becomes

b kmE
t 7\ 12(1 = pA)F,

Taking p = 0.3, the standard value for steel, this plate slenderness becomes

2 =095 b=

t F,
which is shown as point O in Figure 5.23. This point is well above the inelastic buckling
curve. In order to obtain a b/r that would bring the inelastic buckling stress closer to the
yield stress, a somewhat arbitrary slenderness limit is taken as 0.7 times the limit that
corresponds to the column yield stress, which gives

b
b — o665 [XE
‘ F

This is indicated as point D in Figure 5.23.
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Table 5.6 Apparent Plate Buckling Coefficient and Element Slenderness

Case k A
3 Uniform compression in flanges of bit 0.71  0.56,/EJF, ==
rolled I-shaped sections, plates — ]
projecting from rolled I-shaped
sections; outstanding legs of
pairs of angles in continuous
contact and flanges of channels —_—
5 Uniform compression in legs of bit 046  0.45,/E/F, b
single angles, legs of double ==
angles with separators, and all !
other unstiffened elements L
8 Uniform compression in stems dit 127  0.75/EF, E==|r=—=17%
of Tees d
o] | *
10 Uniform compression in webs of Wi, 5.0 1.49,/EfF, [
doubly symmetric I-shaped
sections h ‘
| E—
12 Uniform compression in flanges of bit 443  1.40,/EfF,

rectangular box and hollow
structural sections of uniform
thickness subject to bending or
compression; flange cover plates
and diaphragm plates between
lines of fasteners or welds

Table 5.6 shows the limiting width/thickness ratios as A, for several elements in uniform
compression taken from Table B4.1 of the Specification, and the apparent plate buckling
coefficient used to obtain these values.

For W-shapes with Fy, = 50ksi, the flange slenderness limitis A,; = 13.5 and all shapes
have a flange slenderness less than this limit. For webs, A,, = 35.9 and many available
shapes exceed this limit and are classified as slender.

Design of slender element compression members follows the same requirements as
those for compression members without slender elements with one modification. To account
for slender element behavior, the yield stress in the column equations must be modified by
the slender element reduction factor, 0. The provisions for slender element compression
members are given in Section E7 of the Specification. These provisions cover slender
stiffened (web) and unstiffened (flange) elements as well as members with both types of
slender elements. To account for both types of elements, Q = Q,Q,, where Q, accounts
for stiffened elements and Q, accounts for unstiffened elements. Because all W-shapes have
nonslender flanges, only the requirements for slender stiffened elements are discussed here.

The reduction factor for slender stiffened elements is obtained from

Ag

0, = A
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where
A = total cross-section area
A,y =summation of the effective areas of the cross section based on a reduced effective
width

For slender elements of W-shapes, Az = b.t with

E 034 |E
be=192% = |1 = o J—= | <bH(EI-17 525
'\!f[ /0 f](( : 62

where f is taken as F,, calculated with Q0 = 1.0. A conservative approach would be to
take f = F,. Manual Tables 4-1 and 6-1 already account for the reduction in strength for
slender elements so the need to make this simplification is reduced for shapes available in
the Manual tables.

EXAMPLE 5.7
Strength of Column
with Slender Elements

SOLUTION

GOAL: Determine the available strength of a compression member with a slender web.
GIVEN: Use a W16x26 as a column with KL, = 5.0f1.

Note: This shape will be shown to have a slender web. It is the most slender web W-shape available
and is not normally used as a column.
Step 1:  From Manual Table 1-1,

A=1768in%, h/1, =568, 1, =0250in.,
and ry=112in.

Step 2:  Determine the web slenderness limit from Table 5.6, case 10 (Specification Table B4.1).

| E /29,000
= 1.4 — =14 — =35,
A 1.49 F, 1.49 30 5.9

Step 3:  Check the slenderness of the web. i
A =359 = == 56.8

.
Thus, the shape has a slender web. It has already been established that all W-shapes have
nonslender flanges.

Step 4:  Determine the Euler buckling stress, F,, for KL = 5.0 ft.

2
o B0 o5 p

(5(12})’
TIZ
Step 5:  Determine F,, with Q@ = 1.0
Because F, = 99.7ksi > 0.44F, = 0.44(50) = 22.0 ksi, use Equation E3-2.

1 = F, =0.6580%7)((1.0)50) = 40.5 ksi
Step 6:  Determine the effective width of the web.
9,000 0.34 [29, )
2 [a 3 |2 [m]=m_s.n_

b, = 1.92(0.250) 205 ~ 568 205

Step 7:  Determine the effective web width.
The width of the web plate is given by h. However, a value of h is not specifically
available in the Manual so, with /1, = 56.8 and 1, = 0.250, h can be determined as

h = 56.8(0.250) = 14.2in.
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Step 8: Determine the effective area,

Because b, < h, use b, to determine A_z. To properly account for the fillets at the web—
flange junction, the area of the ineffective web is deducted from the gross area of the shape,
thus

Agr = A —(h—b)t, =7.68 — (14.2 — 10.8)(0.250) = 6.83 in.2

Step 9:  Determine the slender element reduction factor.

Ay  6.83
eff
= = =0.889
e Ay 7.68 8
Step 9:  Determine the controlling column equation using QF , in place of F,.
%(29,000
Fe= % =99.7ksi > 0.44QF, = 0.44(0.889)(50) = 19.6 ksi

So Equation E3-2 is to be used.
Step 10: Determine the critical stress using Equation E3-2.

9150

(0.8
F.r = 0.6580 97" ) ((0.889)50) = 36.9 ksi

Note: This critical stress is lower than the critical stress determined with Q = 1.0, showing
that the slender element does impact the compressive strength.

Step 11:  Determine the nominal column strength.

P, = 36.9(7.68) = 283 kips

For LRFD
Step 12: Determine the design strength for this slender web column with KL = 5.0 ft

$P, = 0.9(283) = 255 kips

For ASD
Step 12: Determine the design strength for this slender web column with KL = 5.0 ft

(o3

83
1.67

= 169 kips

o] o
o

5.7 COLUMN DESIGN TABLES

A review of the column equations, E3-2 and E3-3, shows that the only factor other than
shape geometry and material strength to influence the determination of column strength
is the effective slenderness. Therefore, it is convenient to tabulate column strength as a
function of slenderness. Part 4 of the Manual contains tables for W-, HP-, and HSS-shapes
and several singly symmetric shapes. Figure 5.24 shows a sample of Manual Table 4-1
for several W14 sections. As with all of the available strength tables in the Manual, both
allowable strength, ASD, and design strength, LRFD, values are given.




5.7 Column Design Tables 129

Table 4-1 (continued)
Available Strength in g
: & . = si
Axial Compression, kips.
W14 W Shapes
Shape Widx
Wt 82 74 68 61 53 48 43
Fal 2| 0Py |Fal 2| 0Py Fol 2| 0F |PofS2| OoPy (FfS25) 0Py |PilS2) 0cFy (Fi/S2) 0.F,
Design  ['48n [Lrro| ASD |LRFo | ASD | LRFD | ASD |LRFD | ASD| LAFD | ASD | LRFD | ASD |LRFD
0 | 720 1080|852 | 980 | 598 | 899 | 536 | 606 | 467 | 702 | 423 | 636 | 374 | 562
6 877 | 1020 613 | 922 532 844 | 504 | 757 | 421 | 633 | 382 | 573 | 340 | 511
A 7 662 | 995 | 600 | 901 | 549 | 826 | 492 | 740 | 406 | 610 | 368 | 552 | 327 | 491
g 8 |B45 970 584 | 878 535 | 804 | 480 | 721 | 389 | 585 | 852 | 529 |313 | 470
g 9 |627 | 942 | 668 | 853 | 620 | 781 | 465 | 700 | 371 | 557 [ 335 | 504 | 298 | 447
& 10 | 607 | 912 | 549 | 826 503 | 755 | 450 | 677 [ 851 | 528 | 317 | 477 | 281 | 423
- 11 | 585 | 880 | 530 | 797 (485 | 728 | 434 | 652 | 831 | 497 [ 299 | 449 | 264 | 397
2 12 | 563 | 846 | 510 | 766 | 486 | 700 | 417 | 626 [ 310 | 465 | 279 | 420 | 247 | 371
g 13 [ 539 | 810 | 488 | 734 446 | 670 | 399 | 500 (288 | 433 | 260 | 391 230 | 345
% 14 | 515 | 774 | 486 | 701 [ 425 | 639 | 380 | 572 | 267 | 401 | 240/| 361 212 [ 319
2 15 [ 490 | 736 | 444 | 667 | 404 | 608 | 362 | 543 [ 246 | 369 | 221 | 332 (195 | 293
22! 16 |465 | 698 421 | 632 (383 | 576 | 342 [ 515 | 225 | 338 | 202 | 304 | 178 | 267
B | 17 (439|660 [ 398 | 598 | 362 | 544 | 323 | 486 | 205 | 308 [ 184 | 276 [ 161 | 242
8 18 | 413 | 621 | 374 | 563 340 | 512 | 304 | 457 | 185 | 278 | 166 | 250 | 145 | 218
19 388 | 583 | 351 | 528 | 319 | 480 | 285 | 428 166 250 | 149 | 224 | 130 | 196
€ | 20 [363|s46 329 | 494 | 298 | 445 | 266 | 400 | 150 | 226 | 135 | 202 | 198 | 177
g 22 314 | 473 | 285 | 428 | 258 | 387 | 230 | 345 [ 124 | 186 [ 111 | 167 97.2 | 146
2 24 268 | 403 | 243 | 365 | 219 | 329 | 195 | 293 [ 104 | 157 935 140 |81.7 [ 123
£ 26 |28 [ 343 [ 207 | 311 | 187 | 281 | 166 | 250 |88.8 | 133 [79.6| 120 {696 | 105
5 28 (197 | 296 | 178 | 268 [ 161 | 242 | 143 | 215 (766 | 115 | 687 | 102 [60.0 |90.2
2 30 172 | 258 | 165 | 234 (140 | 211 | 125 | 187 |66.7 | 100 | 59.889.9 |62.3 | 78.6
£ 32 (151 | 227 | 187 | 205 [123 | 185 | 110 | 165 [586 | 881
8 34 |134 | 201 | 121 | 182 | 109 | 164 [87.1 | 146
& 36 | 119 | 179 [108| 162 [97.4 | 146 866 | 130
38 [ 107 | 161 |96.8 | 146 |87.4 | 131 [ 777 | 117
40 96,5 [ 145 [B74 | 131 | 78,9 119 71_].2 105
Properties
Pyyo (KipS) 123 | 184 [ 103 | 155 [90.7 | 136 (773 | 116 [77.1 | 116 [67.2| 101 |57.0 | 855
P (Kips/in.) 17.0 | 25.5 [16.0| 22.5 |13.8'| 20.8 [ 125 | 18.8 | 123 | 185 | 11.3| 17.0 [10.2 | 153
Py (KiDS) 201 | 302 | 138 | 208 | 108 | 163 (798 [ 120 [76.8 | 115 [ 596 [ 89.5 [43.0 |64.6
Py (kips) 137 | 206 | 115 | 173 |97.0 | 146 |77.8 | 117 |81.6| 123 | 66.2| 99.6 [52.6 | 79.0
Lp (ft) 8.76 8.76 8.69 8.65 6.78 6.75 6.68
L () 33.1 31.0 29.3 275 22.2 211 20.0
Au (in.2) 240 218 20.0 17.9 15.6 14.1 126
1,in.4) 881 795 722 640 541 484 428
l,, (in.%) 148 134 121 107 57.7 51.4 452
fy(in.) 2.48 248 246 2.45 1.92 1.91 1.89
F{a‘do ndr, 2.44 2.44 2.44 2.44 3.07 3.06 3.08
PKA0 (in?)| 25200 | 22800 20700 | 18300 [ 15500 | 13800 | 12300
PW(Kl?)I 104 (k-in23)| 4240 3840 3460 3060 1650 1470 1290
ASD LRFD © Shape is slender for compression with £, = 50 ksi.
Note: Heavy line indicates Kl equal to or greater than 200.
Q=167 | ¢,=090

Figure 5.24 Available Strength in Axial Compression. Copyright (€) American Institute of Steel
Construction, Inc, Reprinted with Permission. All rights reserved.
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The values in these column tables are based on the assumption that the column will
buckle about its weak axis. For all W-shapes, this is the y-axis so the values in the tables
are given in terms of the effective length with respect to the least radius of gyration, ry.
Their use is quite straightforward when the critical buckling length is about this axis. An
approach that permits use of these tables when the strong axis controls will be addressed
following the example.

EXAMPLE 5.8a
Column Design
by LRFD

SOLUTION

GOAL:  Determine the least weight section to carry the loads given using the limited selection
available in Figure 5.24.

GIVEN:  The column is shown in Figure 5.25a. It must resist the following loads in the appro-
priate combinations: Pp = 56 kips, P, = 172kips, and Py = 110 kips. Use A992 steel. Assume
the live load comes from a distributed load less than 100 psf so that the LRFD load factor on live
load may be taken as 0.5 for load combination 4.

Step 1:  Determine the maximum required strength using the LRFD load combinations from
Section 2.4:

1. 1.4Pp = L.4(56) = 78.4 kips

2. 1.2Pp + 1.6P;, = 1.2(56) + 1.6(172) = 342 kips

4. 1.2Pp +0.5P + 1.6Py = 1.2(56) + 0.5(172) + 1.6(110) = 329 kips
6. 0.9Pp + L6Py = 0.9(56) + 1.6(110) = 226 kips

So the column must carry P, = 342 kips.
Step 2:  The column has the same effective length about the x- and y-axes so enter the table in
Figure 5.24 with KL = 18 fi. Scanning across the table at KL = 18 ft and checking the

LRFD values, select the least weight shape in this portion of the table that can support
this load.

Select a W14x61 with a design compression strength
&P, = 457 kips

, , N4
5 “p v

10 ft 30 ft

i 10 ft
S S
H { fr
@ I H Figure 5.25 Columns for

(b) Examples 5.8 and 5.9.




5.7 Column Design Tables 131

EXAMPLE 5.8b
Column Design
by ASD

GOAL: Determine the least weight section to carry the loads given using the limited selection
available through Figure 5.24.

GIVEN:  The column is shown in Figure 5.25a. It must resist the following loads in the appro-
priate combinations: Pp = 56 kips, P = 172 kips, and Py = 110kips. Use A992 steel.

Step 1: Determine the maximum required strength using the ASD load combinations from
Section 2.4: 4

1. Pp = S6kips
2. Pp+ P =56+ 172 = 228 kips
5. Pp+ Py =56+ 110 = 166 kips
T. Pp+0.75P, +0.75Py = 56 + 0.75(172) + 0.75(110) = 268 kips

So the column must carry P, = 268 kips.

Step 2:  The column has the same effective length about the x- and y-axes so enter the table in
Figure 5.24 with KL = 18 fi. Scanning across the table at KL = 18 ft and checking the
ASD values, select the least weight shape in this portion of the table that can support
this load.

Select a W14 x61 with an allowable compression strength
P,/ = 304 kips
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If the largest slenderness ratio for a particular column happens to be for x-axis buckling, the
tables may not be entered directly with the x-axis effective length because the table effective
length is intended to be used in conjunction with the least radius of gyration. However, it is
possible to determine a modified effective length that, when used in the table, will result in
the correct column strength being determined.

When the x-axis controls column strength, the slenderness ratio used in the column
equations is (KL), /r,. To use the column tables, an effective slenderness, (KL)t,ﬂ. must be
determined that, when combined with ry, gives the same slenderness. So

KLy  (KL),

Ty Ty
Solving this equation for (KL),g yields

(KL),
(rx/r _\‘)

(KL =

With this modified effective length, the tables can be entered and a suitable column selected.
There is one difficulty with this process, however. Until a column section is known, the value
for r, /ry cannot be determined. To account for that, a quick scan of the column tables should
be made to estimate r, /ry. Then, when a section is selected, the assumption can be verified
and an adjustment made if necessary.

EXAMPLE 5.9
Column Design

SOLUTION

GOAL: Determine the least weight section to carry the force given using the limited selection
available through Figure 5.24. Design by LRFD and ASD.

GIVEN:  The column is shown in Figure 5.25b. Use the loading from Example 5.8.

Step 1: Determine the effective length for each axis.
Bracing of the y-axis shown in Figure 5.25b yields KL, = 10.0 ft. The unbraced x-axis
has KL, = 30.0 ft.
Step 2: Determine (KL),y for the x-axis.
Select a representative r,/r, from Figure 5.24. There are two general possibilities.
Assume that the larger shapes might be needed to carry the load and try r./r, = 2.44.
Thus,

Step 3: Determine the controlling effective length. .
Because (KL),y is greater than (KL), = 10.0 ft, enter the table with KL = 12.3 ft and
interpolate between 12 ft and 13 fi.

For LRFD

Step 4: The column must have a design strength greater than P, = 342 kips. Try a W14x43,
which happens to be the smallest column available with the limited selection available
in Figure 5.24. This column has . /r, = 3.08.

Step 5: Determine the (KL),g with this new r. /r,. Thus,

30.0
(KL) g = 308 = 9.74 ft
Step 6: Determine the new controlling effective length.
Because (KL),g is less than KL, = 10.0 ft, enter the table with 10.0 ft and see that the
W14x43 has a design strength of 423 kips, which is greater than the required strength
of 342 kips from Example 5.8.

Step 7:  Conclusion, use

Wi4 x 43

Note: The W14x43 is identified in the table through a footnote as one that is slender
for F, = 50ksi. This is not an issue for our design because the impact of any slender
element has already been taken into account in the table.

Using the full compl of tables available in the Manual results in a smaller
W12 section having the ability to carry the given load.
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For ASD

Step4:  The column must have an allowable strength greater than P, = 268 Kips, Try a W14 x48,
This column has r, /r, = 3.06,

Step 5:  Determine the (KL),y with this new r./ry. Thus,

(KL)5 = -;—%g =9.80ft

Step 6: Determine the new controlling effective length.
Because (KL),y is less than KL, = 10.0 ft, enter the table with 10.0 ft and see that the
W 14x43 has a design strength of 281 kips, which is greater than the required strength of
268 kips from Example 5.8. Because the assumption of r,/r, = 3.06 is conservative,
no additional calculation needs to be carried out.

Widx43

Note: The W14 x43 is identified in the table through a footnote as one that is slender
for F, = 50 ksi. This is not an issue for our design because the impact of any slender
element has already been taken into account in the table.

Using the full complement of tables available in the Manual results in a smaller W12
section not having the ability to carry the given load.

Step 7:  Conclusion, use

5.8 TORSIONAL BUCKLING AND
FLEXURAL-TORSIONAL BUCKLING

Up to this point, the discussion has addressed the limit state of flexural buckling. Two addi-
tional limit states for column behavior must be addressed: torsional buckling and flexural-
torsional buckling. Doubly symmetric shapes normally fail through flexural buckling, as
discussed earlier in this chapter, or through torsional buckling. Singly symmetric and non-
symmetric shapes can fail through flexural, torsional, or flexural-torsional buckling. Because
the shapes normally used for steel members are not well suited to resist torsion, except for
closed HSS shapes, it is usually most desirable to avoid any torsional limit states through
proper bracing of the column.

If either of the torsional limit states must be evaluated, the Specification provisions
are found in Section E4, except for single angles, which are found in Section ES. For all
members except single angles, an elastic buckling stress, F,, is determined, which is then
used in Equations E3-2 and E3-3 to determine the column critical stress, F,.,.

The provisions for single angles take a different approach. By limiting the way that
load is applied to the ends of a single angle compression member, an effective slenderness
is established, which is then used in Equations E3-2 and E3-3 to determine the column
critical stress, F,.

The limit states of torsional buckling and flexural torsional buckling are not normally
considered in the design of W-shape columns. They generally do not govern and when they
do, the critical load differs very little from the strength determined from flexural buckling.
For other member types, such as WT or double angle compression elements in trusses, these
limit states are quite important. Because they are so important, the Commentary provides
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Table C-E4.2, giving the limiting proportions that, if satisfied, permit these members to be
designed through the flexural buckling equations of Section E3. For built-up or rolled Tees,
the limits require that the flange width be greater than or equal to the depth of the member.
The flange thickness for built-up Tees must be equal to or greater than 1.25 times the stem
thickness and for rolled Tees, equal to or greater than 1.1 times the stem thickness.

An additional factor in determining strength based on these limit states is the determina-
tion of the torsional effective length, K. The Commentary recommends that conservatively,
K. = 1.0 and provides several other possibilities if greater accuracy is desired.

5.9 SINGLE-ANGLE COMPRESSION MEMBERS

Single-angle compression members would be designed according to the provisions in Spec-
ification Section E4 except for the exclusion that permits a somewhat different approach to
be taken. Studies show that the compressive strength of single angles can be reasonably pre-
dicted using the column equations of Specification Section E3 if a modified effective length
is used and the member satisfies the following limiting criteria as found in Specification
Section E5.

1. Members are loaded at their ends through the same leg.

2. Members are attached by either welding or a connection containing a minimum of
two bolts.

3. There are no intermediate transverse loads.

Two cases are given for these provisions: (1) angles that are individual members or web
members of planar trusses, and (2) angles that are web members in box or space trusses.
This distinction is intended to reflect the difference in restraint provided by the elements to
which the compression members are attached.

The first set of equations is for angles that:

1. Are individual members or web members of planar trusses.
2. Are equal-leg or unequal-leg connected through the longer leg.
3. Have adjacent web members attached to the same side of a gusset plate or truss chord.

In this case, buckling is assumed to occur about the x-axis where the x-axis is the geometric
axis parallel to the attached leg.
o<k <s0
X

% =724 (}.1’5E (E5-1) (3.26)
r

x

andif £ > 80

KL L

- =32+4+1.25— <200 (E5-2) (5.27)
L3

These effective lengths must be modified if the unequal-leg angles are attached through the

shorter legs. The provisions of Specification Section E5 should be reviewed for these angles

as well as similar angles in box or space trusses.




5.9 Single-Angle Compression Members 135

EXAMPLE 5.10
Strength of Single-Angle
Compression Member

SOLUTION

GOAL:  Determine the available strength of a 10.0-ft single-angle compression member using A36
steel.

GIVEN: A 4x4x'5 angle is a web member in a planar truss. It is attached by two bolts at each
end through the same leg.

Step 1: From Manual Table 1-7, A = 3.75in.2 and r, = 1.21.
Step 2: Determine the slenderness ratio.

L 10.0(12)
—=—>"=099.
Fy 1.21 .

Step 3: Determine which equation will give the effective slenderness ratio. Because

= =99.2> 80

Tx
use Equation E5-2,

Step 4:  Determine the effective slenderness ratio from Equation 5.27.
KL
e 32 + 1.25(99.2) = 156 < 200
Step 5:  Determine which column strength equation to use,

29,000
Because % = 156 > 4.71 e = 134 use Equation 5.11 (E3-3).

Step 6: Determine the Euler buckling stress.
wE  w(29,000)
(ﬂ)z (156)"
-

= 11.8ksi

Step 7:  Determine the critical stress from Equation E3-3.
F,, = 0.877F, = 0.877(11.8) = 10.3 ksi
Step 8: Determine the nominal strength.

P, = F..A = 103(3.75) = 38.6 kips

For LRFD
Step 9:  Determine the design strength.

&P, = 0.9(38.6) = 34.7 kips

For ASD
Step 9: Determine the allowable strength.

386 -
m =231 klps

Py
«Q
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5.10 BUILT-UP MEMBERS

Members composed of more than one shape are called built-up members. Several of these
were illustrated in Figure 5.2h through n. Built-up members are covered in Specification
Section E6. Compressive strength is addressed by establishing the slenderness ratio and
referring to Specification Sections E3, E4, or E7.

If a built-up section buckles so that the fasteners between the shapes are not stressed in
shear but simply go “along for the ride,” the only requirement is that the slenderness ratio
of the shape between fasteners be no greater than 0.75 times the controlling slenderness
ratio of the built-up shape. If overall buckling would put the fasteners into shear, then the
controlling slenderness ratio will be somewhat greater than the slenderness ratio of the
built-up shape. This modified slenderness ratio is a function of the type of connectors used
and their spacing.

For intermediate connectors that are snug-tight bolted, the modified slenderness ratio
is specified as

CRCHEO)

And if the intermediate connectors are welded or pretensioned bolted, the modified slen-
derness ratio is specified as

(B~ romran(z)

where
(%),

r; = minimum radius of gyration of the individual component

column slenderness of the built-up member acting as a unit

Il

distance between connectors

]
Il

ripy = radius of gyration if the individual component relative to its centroidal axis
parallel to the member buckling axis

o = separation ratio, fi/2r;,
h = distance between the centroids of individual components perpendicular to the
member axis of buckling

The remaining provisions in Specification Section E6 address dimensions and detailing
requirements. These provisions are based on judgment and experience and are provided to
insure that the built-up member behaves in a way consistent with the strength provisions
already discussed. The ends of built-up compression members must be either welded or
pretensioned bolted. Along the length of built-up members, the longitudinal spacing of
connectors must be sufficient to provide for transfer of the required shear force in the
buckled member. The spacing of connectors that satisfy the previously mentioned ¥, of the
member slenderness will not necessarily satisfy this strength requirement.

The Manual provides tables of properties for double angles, double channels, and 1-
shapes with cap channels in Part 1 and tables of compressive strength for double angle
compression members in Part 4.
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1. Determine the th ical buckling strength, the Euler Buck-
ling Load, fora W8x 35, A992 column with an effective length of
20 fr. Will the theoretical column buckle or yield at this length?

2. ForaW12x40, A992 column, determine the effective length
at which the theoretical buckling strength will equal the yield
strength.

3. A WI14x68 column has an effective length for y-axis buck-
ling equal to 24 ft. Determine the effective length for the x-axis
that will provide the same theoretical buckling strength.

4. A WI14x109, A992 column has an effective length of 36 fi
about both axes. Determine the available compressive strength
for the column. Determine the (a) design strength by LRFD and
(b) allowable strength by ASD. Is this an elastic or inelastic
buckling condition?

5. Determine the available compressive strength for a
W14x120, A992 column with an effective length about both
axes of 40 ft. Determine the (a) design strength by LRFD and
(b) allowable strength by ASD. Is this an elastic or inelastic
buckling condition?

6. D ine the ilable compressive gth for a
W12x45, A992 column when the effective length is 20 ft about
the y-axis and 40 ft about the x-axis. Determine the (a) design
strength by LRFD and (b) allowable strength by ASD. Is this an
elastic or inelastic buckling condition? Describe a common con-
dition where the effective length is different about the different
axes.

7. A WBx24, A992 column has an effective length of 12.5 ft
about the y-axis and 28 ft about the x-axis. Determine the avail-
able compressive strength and indicate whether if this is due to
elastic or inelastic buckling. Determine the (a) design strength
by LRFD and (b) allowable strength by ASD.

8. A WE8x40 is used as a 12-ft column in a braced frame with
W16x26 beams at the top and bottom as shown below. The
columns above and below are also 12 ft, W8x40s. The beams
provide moment restraint at each column end. Determine the ef-
fective Jength using the alignment chart and the available com-
pressive strength, and the (a) design strength by LRFD and (b)
allowable strength by ASD. Assume that the columns are ori-
ented for (i) buckling about the weak axis and (ii) buckling about
the strong axis. All steel is A992.

12h

e P58
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9. If the structure described in Problem 8 is an unbraced frame,
determine the effective lengths and compressive strength as re-
quested in Problem 8.

10. A WI12x170 column is shown with end conditions that
approximate ideal conditions. Using the recommended approx-
imate values from Commentary Table C-C2.2, determine the
effective length for the y-axis and the x-axis. Which effective
length will control the column strength?

2 v

I H : P5.10

11. A W12x96 column is shown with end conditions that ap-
proximate ideal conditions. Using the recommended approxi-
mate values from Commentary Table C-C2.2, determine the ef-
fective length for the y-axis and the x-axis. Which effective length
will control the column strength?

YArrs, s

7
H Z
I P5.11

12. A WI10x60 column with an effective length of 30 ft is
called upon to carry a compressive dead load of 123 kips and a
compressive live load of 170 kips. Determine whether the col-
umn will support the load by (a) LRFD and (b) ASD. Evaluate
the strength for (i) F, = 50 ksi and (ii) F, = 70 ksi.

13. A WI14x257, A992 is used as a column in a building with
an effective length of 16 ft. Determine whether the column will
carry a compressive dead load of 800 kips and a compressive
live load of 1100 kips by (a) LRFD and by (b) ASD.

14. A W8x48, A992 is used in a structure to support a dead
load of 60 kips and a live load of 100 kips. The column has
an effective length of 20 ft. Determine whether the column will
support the load by (a) LRFD and (b) ASD.

138 Chapter 5 Compression Members

15. A W16x77, A992 is used as a column in a building to
support a dead load of 130 kips and a live load of 200 kips. The
column effective length is 20 ft for the y-axis and 30 ft for the
x-axis. Determine whether the column will support the load by
(a) LRFD and (b) ASD.

16. A W24x131, A992 is used as a column in a building to
support a dead load of 245 kips and a live load of 500 kips. The
column has an effective length about the y-axis of 18 ft and an
effective length about the x-axis of 36 fi. Determine whether the
column will support the load by (a) LRFD and (b) ASD.

17. AnHSS8x8x ', ASD0Gr. B is used as a column to support
a dead load of 175 kips and a live load of 100 kips. The column
has an effective length of 10 ft. Determine whether the column
will support the load by (a) LRFD and (b) ASD.

18. For the W10 33 column, with bracing and end conditions
shown below, determine the theoretical effective length for each
axis and identify the axis that will limit the column strength.

0 10ft

—|— —¢
—le— —+
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19. A WI10x45 column with end conditions and bracing is
shown. Determine the least theoretical bracing and its location
about the y-axis, in order that the y-axis not control the strength
of the column.

LA
yirrA S ;

20, A WI12x50 column is an interior column with strong axis
buckling in the plane of the frame in an unbraced multistory
frame. The columns above and below are also W12x50. The
beams framing in at the top are W16x 31 and those at the bot-
tom are W16x36. The columns are 12 ft and the beam span is
22 ft. The column carries a dead load of 75 kips and a live load
of 150 kips. Determine the inelastic effective length for this con-
dition and the corresponding compressive strength by (a) LRFD
and (b) ASD. All steel is A992,

21. Select the least weight W12, A992 column to carry a live
load of 130 kips and a dead load of 100 kips with an effective
length about both axes of 14 ft by (a) LRFD and (b) ASD.

22. A column with pin ends for both axes must be selected to
carry a compressive dead load of 95 kips and a compressive live
load of 285 kips. The column is 16 ft long and is in a braced
frame. Select the lightest weight W12 to support this load by (a)
LRFD and (b) ASD.

23. Ifthe column in Problem 22 had an effective length.of 32 fi,
select the lightest weight W12 to support this load by (a) LRFD
and (b) ASD.

24. A W14 A992 column must support a dead load of 80
kips and a live load of 300 kips. The column is 22 ft long and
has end conditions that approximate the ideal conditions of a
fixed support at one end and a pin support at the other. Select
the lightest weight W14 to support this load by (a) LRFD and
(b) ASD.

25.  Select the least weight W8 A992 column to support a dead
load of 170 kips with an effective length of 16 ft by (a) LRFD
and (b) ASD.

26. A column with an effective length of 21 ft must support a
dead load of 120 kips, a live load of 175 kips, and a wind load
of 84 kips. Select the lightest W14 A992 member to support the
load by (a) LRFD and (b) ASD.

27.  An A36 single-angle compression web member of a truss
is 10 ft long and attached to gusset plates through the same leg at
each end with a minimum of two bolts. The member must carry
a dead load of 8 kips and a live load of 10 kips. Select the least
weight equal leg angle to carry this load by (a) LRFD and (b)
ASD.

28, Ifthe compression web member of Problem 27 were loaded
concentrically, determine the least weight single angle to carry
the load by (a) LRFD and (b) ASD.

29. AWI16x31, A992 compression member has a slender web
when used in uniform compression. Determine the available
strength by (a) LRFD and (b) ASD when the effective length
is (i) 6 ft and (ii) 12 ft.

30. The Wi4x43 is the only A992 column shown in the Man-
ual column tables that has a slender web. Determine the available
strength for this column if the effective length is 5 ft and show
whether the slender web impacts that strength by (a) LRFD and
(b) ASD.
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Bending Members

6.1 BENDING MEMBERS IN STRUCTURES

A bending member carries load applied normal to its longitudinal axis and transfers it to
its support points through bending moments and shears. In building construction, the most
common application of bending members is to provide support for floors or roofs. These
beams can be either simple span or continuous span and normally transfer their load to
other structural members such as columns, girders, or walls. Although the terms beams and
girders are often used interchangeably, because both are bending members, the term beam
normally refers to a bending member directly supporting an applied load whereas girder
usually refers to a bending member that supports a beam. The distinction is not important
for design because the same criteria apply to all bending members.

The most commonly used shapes for bending members are the I-shaped cross-sections
and, of these, the W-shape is dominant. However, there are numerous situations where other
shapes are used as bending members. L-shapes are commonly used as lintels over openings,
T-shapes are found as chords of trusses that may be called upon to resist bending along
with axial forces, and C-shapes may coexist with W-shapes in floor systems.

In addition to the use of the standard shapes, engineers often find it necessary to develop
their own shapes by combining shapes and/or plates. Several examples of these built-up
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I I L J

(a) Welded W-shape  (b) Singly symmetric  (¢) W-shape with channel cap (d) Box shape
I-shape

Figure 6.1 Buili-Up Beams.

shapes are shown in Figure 6.1. Although the use of these built-up shapes is permitted by
the Specification, they may not be economical because of the labor costs associated with
fabrication. The complexity that results from the wide variety of possible shapes is the
reason for so many separate provisions in Chapter F of the Specification.

The most common and economical bending members are those that can attain the
full material yield strength without being limited by buckling of any of the cross-sectional
elements. These members are referred to as compact members and are addressed first.

Table 6.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.

6.2 STRENGTH OF BEAMS

As load is applied to a bending member resulting in a bending moment, siresses are de-
veloped in the cross section. For loads at or below the nominal loads, the load magnitude
established in the building code, it is reasonable to expect the entire beam cross section to

Table 6.1 Sections of Specification and Parts of Manual Found in This Chapter

Specification
B3 Design Basis
B4 Classification of Sections for Local Buckling
Fl1 General Provisions
F2 Doubly Symmetric Compact I-Shaped Members and Channels Bent about their
Major Axis
F3 Doubly Symmetric I-Shaped Members with Compact Webs and Noncompact or
Slender Flanges Bent about their Major Axis
F6 I-Shaped Members and Channels Bent about their Minor Axis
F9 Tees and Double Angles Loaded in the Plane of Symmetry
F10 Single Angles
Chapter G Design of Members for Shear
Hl Doubly and Singly Symmetric Members Subject to Flexure and Axial Force
J10 Flanges and Webs with Concentrated Forces
Chapter L Design for Serviceability
Appendix 1 Inelastic Analysis and Design
Manual
Part 1 Dimensions and Properties
Part 3 Design of Flexural Members
Part 6 Design of Members Subject to Combined Loading
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€E<E E=E E>E€,

Strain distribution

Stress distribution
(a) (b} {c) (d)

Figure 6.2 Cross-Sectional Bending Stresses and Strains: a) elastic; b) yield; c) partial plastic;
d) plastic.

behave elastically. The stresses and strains are distributed as shown in Figure 6.2a. This
elastic behavior occurs whenever the material is behaving along the initial straight line
portion of the stress-strain curve of Figure 3.2.

From the basic principles of strength of materials, the relationship between the applied
moment and resulting stresses is given by the familiar flexure formula:

fy= = (6.1)
I

where

M = any applied moment that stresses the section in the elastic range
y = distance from the neutral axis to the point where the stress is to be determined
1
f
Normally the stress at the extreme fiber, that is, the fiber most distant from the neutral
axis, is of interest because the largest stress occurs at this point. The distance from the
neutral axis to the extreme fiber may be taken as ¢ and the flexure formula becomes
Me M

fo= R (6.2)

Moment of Inertia

resulting bending stress at location, y

where
§ = section modulus
fr = extreme fiber bending stress
The moment that causes the extreme fiber to reach the yield stress, F,, is called the
vield moment, M. The corresponding stress and strain diagrams are shown in Figure 6.2b.

If the load is increased beyond the yield moment, the strain in the extreme fiber increases
but the stress remains at F, because these fibers are behaving as depicted by the plateau on
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Figure 6.3 Equilibrium in a Doubly Symmetrical Wide-Flange Shape.

the stress/strain diagram, shown previously in Figures 3.2 and 3.3. The stress at some points
on the cross section closer to the neutral axis also reach the yield stress whereas those even
closer remain elastic as shown in Figure 6.2c.

As the moment continues to increase, the portion of the cross section experiencing
the yield stress continues to increase until the entire section experiences the yield stress as
shown in Figure 6.2d. Equilibrium of the cross section requires, at all times, that the total
internal tension force be equal to the total internal compression force. The basic principles
of strength of materials are addressed in numerous texts, such as Mechanics of Materials,!

For the doubly symmetric wide flange shape shown in Figure 6.3, equilibrium occurs
when the portion of the shape above the elastic neutral axis is stressed to the yield stress in
compression while the portion below the elastic neutral axis is stressed to the yield stress in
tension. For a nonsymmetric shape, the area above the elastic neutral axis is not equal to the
area below the elastic neutral. Thus, a new axis, which divides the tension and compression
zone into equal areas, must be defined. This new axis is the plastic neutral axis (PNA),
the axis that divides the section into two equal areas. For symmetric shapes, the elastic and
plastic neutral axes coincide, as was the case for the wide flange. For nonsymmetric shapes
these neutral axes are at different locations.

Because equilibrium means that the tension and compression forces are equal and
opposite, they form a force couple. Although moments can be taken about any reference
point for this case, it is common practice to take moments about the PNA. The moment that
corresponds to this fully yielded stress distribution is called the plastic moment, M, and is
given as

M, = F(Acy) + Fy(Ay) (6.3)
where A, and A, are the equal tension and compression arcas, respectively, and v, and v,
are the distances from the centroid of the area to the PNA for the tension and compression
areas, respectively. Equation 6.3 may be simplified to

A
M, = F_\-(E)(_Vr + vr) 6.4)

The two terms multiplied by the yield stress are functions of only the geometry of the
cross section and are normally combined and called the plastic section modulus, Z. Thus,
the plastic moment is given as

M, =FZ (6.5)

The plastic section modulus is tabulated for all available shapes in Part 1 of the Manual.

'Pytel and Kiusalaas. Mechanics of Materials. Brooks/Cole, 2003
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Chapter F of the Specification contains the provisions for design of flexural members
due to bending. For a given beam to attain its full plastic moment strength, it must satisfy
a number of criteria as established in Section F2. If these criteria are not met, the strength
is defined as something less than M,,. The criteria to be satisfied are defined by two limit
states in addition to yielding: local buckling and lateral torsional buckling. Each of these
limit states and their impact on beam strength are discussed in Sections 6.4 and 6.5.

EXAMPLE 6.1
Plastic Moment Strength
for a Symmetric Shape

SOLUTION

GOAL:

plates.

GIVEN:
Step 1:

Step 2:

Step 3:

Step 4:

Determine the plastic moment strength of a W-shape using the model of three rectangular

A W24x192 is modeled, as shown in Figure 6.4. Assume F, = 50 ksi.

Determine the location of the plastic neutral axis.
Because the shape is symmetric, the plastic neutral axis is located on the axis of symmetry.

Determine the plastic section modulus as the sum of the moment of each area about the
plastic neutral axis.

A A
Z= E(J’r +¥)= Z(A_{)‘; + "2—)‘")

Z=2 [13.0(1.46)(23;—8 - %) - Ew(z_?ﬁ)] =560 in.*

Determine the plastic moment strength as the plastic section modulus times the yield stress.
M, = F,Z = 50(560) = 28,000 in.-kips

28,000

M=

= 2330 fi-kips

Compare the calculated plastic section modulus value with that from Manual Table 1-1.
From the table, Z, = 559 in.}

|—— 13.0 in.——] 1.46 in.

—

PNA—-H-— 22,58 in.

—=| [=— 0.810in.

| EEE—|

=

1.46in.  Figure 6.4 W24x192 Model for Example 6.1.
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EXAMPLE 6.2 GOAL:
Plastic Section Modulus

Jfor a Nonsymmetric GIVEN:
Shape

SOLUTION Step 1:

Locate the plastic neutral axis and determine the plastic section modulus for a WT,

A WT12x51.5 modeled as two plates is shown in Figure 6.5. Assume that F, = 50 ksi.

Determine the area of the T shape.

Afunge = 9.00(0.980) = 8.82 in.”
A = 0.550(12.3 — 0.980) = 6.23 in.?
At = 8.82+6.23 = 15.1 in?

Step 2:  Determine one-half of the area, because one-half of the area must be above the plastic

neutral axis and one-half must be below.

A 15.1 2
u.’fﬂ =5~ =155in’

Step 3:  Determine whether the plastic neutral axis is in the flange or stem. Because half of the area

is less than the area of the flange, the plastic neutral axis is in the flange and

7.55 .
Yp= ﬁ = 0.839 in.

with the plastic neutral axis measured from the top of the flange.
Step 4: Determine the plastic section modulus as the sum of the moment of each area about the

plastic neutral axis.

0.839 0.980 - 0.839 11.3
T ?.55(-2—) +(B.82 — ?.?5](———) + 6,23(0,980 —0.839 + T)
‘ Z =3.17+0.0754 4 36.1 = 39.3in* ‘
Step 5:  Compare these values with the values in Manual Table 1.8,
vp=0841in, and Z=39.2in.’

This shows the impact of the simplification in using rectangular plates and ignoring the

fillets at the flange web junction.
0.980 in. 9.0in.

PNA—-=1t-— 12.3 in.

== = 0.550 in,
L - Figure 6.5 T-Beam Model for Example 6.2.
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6.3 DESIGN OF COMPACT LATERALLY SUPPORTED WIDE
FLANGE BEAMS

Section 6.2 showed that the nominal strength of a compact member with full lateral support
is determined by the limit state of yielding. For this limit state, Specification Section F2
provides that

M,=M,=FZ (6.6)

Specification Section F1 also indicates that for all flexural limit states, design strength
and allowable strength are to be determined using

& = 0.90 (LRFD) Q = 1.67 (ASD)

The design basis from Sections B3.2 and B3.4, as discussed in Chapter 1, are repeated
here.
For ASD, the allowable strength is

(1.1)

=
In
o|®

For LRFD, the design strength is
R, = bR, (1.2)

EXAMPLE 6.3a
5 GOAL: Select the least-wei i iti i
Beam Design by LRFD ect the least-weight wide flange member for the conditions given.
GIVEN:  An A992 beam, simply supported at both ends, spans 20 ft and is loaded at midspan
with a dead load of 8.0 kips and a live load of 24.0 kips, as shown in Figure 6.6. Assume full
lateral support and a compact section.
SOLUTION Step 1:  Determine the required strength using the LRFD load combinations from Section 2.4.
Py =12Pp + 1L.6P, = 1.2(8.0) + 1.6(24.0) = 48.0 kips
_ PL 48020 .
M, = T = = 240 fi-kips
DL = 8.0 kips
LL = 24.0 kips
10t i 107t
20 ft

My = 240 fi-kip

Figure 6.6 Beam Used in Example 6.3.
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Step 2: Determine the required plastic section modulus. For a compact, fully braced section
M= M;=FZ
Thus, because Specification Section B3.3 provides that the required moment be less than
the available moment, M, < &M, = $F, Z, and
M, 240(12) e
Zpy=—=————=>064.0in.
"= BF, . 0.90(50) -

Step 3:  Using the required plastic section modulus, select the minimum weight W-shape from
the plastic section modulus economy table, Manual Table 3-2. Start at the bottom of the
Z, column and move up until a shape in bold with at least Z, = 64.0in.? is found.

[ Select W18x35, (Z = 66.5in.%)

This is the most economical W-shape, based on section weight that provides the required
plastic section modulus.

Step4: An alternate approach, using the same Manual Table, would be to enter the table with
the required moment, M,, = 240 ft-kips, and proceed up the $bM, column of the table,
The same section will be selected with this approach.

EXAMPLE 6.3b
Beam Design by ASD

SOLUTION

GOAL:  Select the least-weight wide flange member for the conditions given.

GIVEN:  An A992 beam, simply supported at both ends, spans 20 ft and is loaded at midspan
with a dead load of 8.0 kips and a live load of 24.0 kips, as shown in Figure 6.6. Assume full
lateral support and a compact section.

Step 1: Determine the required strength using the ASD load combinations from Section 2.4.
P, = Pp + P = (8.0) + (24.0) = 32,0 kips
L Bl 32090 et
4 4
Step 2: Determine the required plastic section modulus. For a compact, fully braced section

M,=M,=FZ

Thus, because Specification Section B3.4 provides that the required moment be less than
the available moment, M, < M, /Q = F,Z/, and
e M,  160012)  160(12)
TS (S0eD 39
Step 3: Using the required plastic section modulus, select the minimum weight W-shape from
the plastic section modulus economy table, Manual Table 3-2. Start at the bottom of the
Z, column and move up until a shape in bold with at least Z, = 64.0in.” is found.

= 64.0in.

Select W18x35, (Z = 66.5in.%)
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This is the most economical W-shape, based on section weight that provides the required
plastic section modulus.

Step4:  An alternate approach, using the same Manual Table, would be to enter the table with

the required moment, M, = 160 ft-kips. and proceed up the M, /€ column of the table.
The same section will be selected with this approach.

EXAMPLE 6.4a
Beam Design by LRFD

SOLUTION

GOAL:  Design a W-shape floor beam for the intermediate beam marked A on the floor plan
shown in Figure 6.7.

GIVEN:  The beam is loaded uniformly from the floor with a live load of 60 pounds per square
foot (psf) and a dead load in addition to the beam self-weight of 80 psf. The beam will have full
lateral support provided by the floor deck and a compact section will be selected. Use A992 steel.

Step 1:  Determine the required load and moment.

wy = (1.2wp + 16w )Ly = (1.2(60) + 1.6(80))(10) = 2000 Ib/ft

wal®  2.0(26)°
=

Step 2:  Determine the required plastic section modulus.

For a compact, fully braced beam, M, = M, = F, Z. Section B3.3 of the Specification
requires that

M, = = 169 fi-kips

M, < oM, = $F,Z
Therefore
M, (169)(12) )
er e . .3
9= F, — 0.90(50) 45.1in

Step 3:  Using the plastic section modulus economy table, Manual Table 3-2, select the most
economical W-shape based on least weight.

L W14x30, (Z=473in?

l——mnal—-—mﬁﬁ——wnﬂ
-
ik

26 fit

Figure 6.7 Framing Plan for
Example 6.4.
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Step4: Determine the additional required strength based on the actual weight of the chosen
beam. The beam weighs 30 Ib/ft, which gives an additional moment of

.030(26)° 2
Mitsetpaeiohsy = L. (g%i) = 1.2(2.54) = 3.04 fi-kips

Step 5: Combine this moment with the moment due to superimposed load to determine the new
required strength,

M, = 169 + 3.04 = 172 fi-kips

Step 6: Determine the new required plastic section modulus.

Vi My 2 GTIN
&F, — 0.90(50)

Step 7:  Make the final selection. This required plastic section modulus is less than that provided
by the W14 30 already chosen. Therefore, select the

W14x30

Step8: As shown in Example 6.3, an alternate approach is to use the required moment,
M, = 172 fi-kips, and enter the &M, column to determine the same W-shape.

EXAMPLE 6.4b
Beam Design by ASD

SOLUTION

GOAL: Design a W-shape floor beam for the intermediate beam marked A on the floor plan
shown in Figure 6.7.

GIVEN: The beam is loaded uniformly from the floor with a live load of 60 pounds per square
foot (psf) and a dead load in addition to the beam self-weight of 80 psf. The beam will have full
lateral support provided by the floor deck and a compact section will be selected. Use A992 steel.

Step 1:  Determine the required load and moment.
Wa = (Wp + Wi )Ly = (60 + 80)(10) = 1400 1b/ft

= 118 fikips

wel? _ 140067
HPNET SE

Step 2: Determine the required plastic section modulus.
For a compact, fully b:fced beam, M, = M, = F,Z. Section B3.4 of the Specification
requires that

M,

IA

My B2
e

Therefore
=472in?

7 - Mo _(1802)
e T
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Step 3: Using the plastic section modulus economy table, Manual Table 3-2, select the most
economical W-shape based on least weight.

W14x30, (Z=473in%)

Step4: Determine the additional required strength based on the actual weight of the chosen
beam, The beam weighs 30 Ib/ft, which gives an additional moment of

0.030(26)* ]
Ma(.wt[rwigk:) e —_8_ =2.54 fl-k:lps
Step 5:  Combine this moment with the moment due to superimposed load to determine the new

required strength.
M, = 118 + 2.54 = 121 ft-kips
Step 6:  Determine the new required plastic section modulus.

7z - M. _ (12002)
A N T

Step 7:  Make the final selection. This required plastic section modulus is more than that provided
by the W14x30. Therefore, select the

Wi6x31

Step8: As shown in Example 6.3, an alternate approach is to use the required moment,
M, = 121 fi-kips, and enter the M, /2 column to determine the same W-shape.

=48.4in’

6.4 DESIGN OF COMPACT LATERALLY UNSUPPORTED WIDE
FLANGE BEAMS

6.4.1 Lateral Torsional Buckling

The compression region of a bending member cross section has a tendency to buckle
similarly to how a pure compression member buckles. The major difference is that the
bending tension region helps to resist that buckling. The upper half of the wide flange
member in bending acts as a T in pure compression. This T is fully braced about its
horizontal axis by the web so it will not buckle in that direction but it can be unbraced for
some distance for buckling about its vertical axis. Thus, it will tend to try to buckle laterally.
Because the tension region tends to restrain the lateral buckling, the shape actually buckles
in a combined lateral and torsional mode. The beam midspan deflects in the plane down
and buckles laterally, causing it to twist, as shown in Figure 6.8. The beam appears to have
a tendency to fall over on its weak axis. In order to resist this tendency, the Specification
requires that all bending members are restrained at their support points against rotation
about their longitudinal axis. If the beam has sufficient lateral and/or torsional support
along its length, the cross section can develop the yield stress before buckling. If it tends
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(a) (b) (c)
Figure 6.8 The Three Positions of a Beam Cross Section Undergoing Lateral-Torsional Buckling.

to buckle before the yield stress is reached, the nominal moment strength is less than the
plastic moment. . .

To insure that a beam cross section can develop its full plastic moment strength without
lateral torsional buckling, Specification Section F2.2, Equation F2-5, limits the slenderness

1o
Ly qas tE (6.7)
ry © Fy

where

Ly, = unbraced length of the compression flange
ry = radius of gyration for the shape about the y-axis

The practical application of this limitation is to use the unbraced length a.l(?ne, rathef than
in combination with the radius of gyration, to form a slenderness ratio. This results in the
requirement for attaining the full plastic moment strength that

E
Ly < L,=1T6ry | — (6.8)
WF,
Thus, L, is the maximum unbraced length that would permit the shape tu‘reach its plastic
moment strength. This value is tabulated for each shape and can be found in Manual Table
3-2 and several others. .

When the unbraced length of a beam exceeds L, its strength is reduced due to the
tendency of the member to buckle laterally at a load level below what would cause the
plastic moment to be reached. s .

The elastic lateral torsional buckling (LTB) strength of a W-shape is given in Specifi-
cation Section F2.2 as

M, = F,S; (6.9)

where

2 2
Fo=S2E |1 10078 ~ (E) (6.10)

Ly Scho \ ris
)

A beam buckles elastically if the actual stress in the member does r!ot exceed F, at any
point. Because all hot rolled shapes have built-in residual stresses as discussed for columns
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Li=L
”n=C>[“rWn"MrJ(zb—.LfH5“p
T
CymiES, T
M, = / 2 (L
s [ﬁ]’ 140078 5 [m)

Tis

=

Nominal moment, M,

=
|
1
]
]
I
]
I
= __._____:_______
I
|
I
1
1
1
1
1
]
1
I
1
]

Unbraced length, L,

Figure 6.9 Lateral-Torsional Buckling.

in Section 5.3.4, there is a practical limit to the usefulness of this elastic LTB equation. The
Specification sets the level of the residual stress at 0.3 F, so that only 0.7F, is available to re-
sist a bending moment elastically. This limit results in an elastic moment, M, 75 = 0.7F,8,.
This permits the determination of a limiting unbraced length, L, , beyond which the member
buckles elastically. The limit as provided in Specification Section F2 is

JF, d
14 \/1 +&76(L S""’) (6.11)

7 ] Je
L, = l95rum Eh—ﬂ

E Jc

Between the unbraced lengths L, and L,, the beam behaves inelastically. In this range,
the nominal moment, M,, is reasonably well predicted by a straight line equation. The
Specification equation for the nominal moment strength, modified to use M,; 14, and taking
Cy = 1, which is discussed later, is

M, = [Mp - (M, — Mm)("" L“)] (6.12)
L —-L,

Although the determination of F, and L, from Equations 6.10 and 6.11 may look somewhat
daunting, the Manual has extensive tables that permit their determination with little effort.

The nominal moment strength of a beam as a function of unbraced length is presented
in Figure 6.9 where the curve segments are labeled according to the appropriate strength
equations. Curves similar to thesc are available in Manual Table 3-10 for each W-shape and
Table 3-11 for C- and MC-shapes. An example of these curves is given in Figure 6.10.

When M, is to be determined through a calculation, an additional simplification
can be applied to the straight line portion of the curve. From Equation 6.12, the ratio
(M » — Mirp

Ly~L,
Manual Table 3-2, although it is actually given as a design value or an allowable value.
Thus, for nominal strength, Equation 6.12 can be rewritten as

) is a constant for each beam shape. This constant is tabulated as BF in

M, =M, —BF(L, - L,) (6.13a)
and for LRFD as
oM, = &M, — BF(L, — L) (6.13b)
and for ASD as
&'- =££-—-BF(L;.——LP) (6.13¢c)

Q Q
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i Table 3-10 (continued)
W oA, W Shapes
Ekz-: "f,f;,? Available Moment vs. Unbraced Length
‘3o | w0 || T ST ‘ %]
G L Wa0x278. !:yelggge_zrta%‘j‘; B
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2800

il

E 2700 | 4050
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£
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§ | 2500 | 3750
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i

2|

g 2400

=

s
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E
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2100
2000 | 3000 G I_:i{\\

6

10 14 18 2
Unbraced Length (1-ft increments)

Figure 6.10 W Shapes: Available Moment versus Unbraced Length. Copyright € American
Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.
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6.4.2 Moment Gradient

The nominal strength of a beam as defined in Equations 6.9, 6.12 or 6.13 assumes that the
moment is uniform across the entire length of the beam as shown in Figure 6.1 1a. For lateral
torsional buckling, this is the most severe loading case possible, because it would stress
the entire length of the beam to its maximum, just as for a column. For any other loading
pattern, and resulting moment diagram, the compressive force in the beam would vary with
the moment diagram. Thus, the reduced stresses along the member length would result in
a reduced tendency for LTB and an increase in strength. The variation in moment over a
particular unbraced segment of the beam is called the moment gradient, which describes
how the moment varies along a specific length.

For the normal case of loading that produces a moment diagram that is not constant, the
nominal moment strength calculated through Equations 6.9, 6.12, or 6.13 may be increased
to account for the moment gradient such that Equation 6.9 becomes

M, = C,F., S, (6.14)

and Equation 6.12 becomes

Ly—L
M, = Cb[Mp - (M, — Mﬂ.ra)(—h‘—p)] <=M, (6.15)
Lo~y

Loading

Moment diagram

Loading

Moment diagram

Loading

Moment diagram

Figure 6.11 Resistance to the Maximum Moment Under Three Different Loading Conditions.
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The lateral-torsional buckling modification factor, Cp, accounts for nonuniform moment
diagrams over the unsupported length. It is a function of the moment gradient and provided
in Specification Section F1 as

12.5Mpax

Co = 3 M + 3Ms + 4Mp + 300 ' =30 619
where
Mmax = absolute value of maximum moment in the unbraced segment
M, = absolute value of moment at quarter point of the unbraced segment
My = absolute value of moment at centerline of the unbraced segment
M¢ = absolute value of moment at three-quarter point of the unbraced segment
R, = 1.0 for a doubly symmetric member

Cp, = 1.0 for a uniform moment and can be conservatively taken as 1.0 for other cases. In
doing so, however, the designer may be sacrificing significant economy. Figure 6.12 provides
examples of loading conditions, bracing locations, and the corresponding Cj, values.

The effect of the moment gradient factor, Cp, is to alter the nominal moment-unbraced
length relationship by a constant, as shown in Figure 6.13. The shaded area shows the
increase in moment capacity as a result of the use of C,. Regardless of how small the
unbraced length might be, the nominal moment strength of the member can never exceed
the plastic moment strength. Thus, the upper portion of the curve in Figure 6.13 is terminated
at M.

EXAMPLE 6.5a
Beam Strength and
Design by LRFD
Considering Moment
Gradient

SOLUTION

GOAL: Determine whether the W14x 34 beam shown in Figure 6.14 will carry the given load.
Consider the moment gradient, (a) Cy = 1.0, (b) C;, from Equation 6.16 and, (c) determine the
least weight section to carry the load using the correct Cj.

GIVEN:  Figure 6.14 shows a beam that is fixed at one support and pinned at the other. The
beam has a concentrated dead load of § kips and a concentrated live load of 24 kips at midspan.
Assume a lateral brace at both the supports and the load point.

Step 1: Determine the required strength. For the load combination of 1.2D + 1.6L.
P, = 1.2(8.0) + 1.6(24.0) = 48.0 kips

Step2: Determine the maximum moment from an elastic analysis at the fixed end. This is given

in Figure 6.14 as
M, = 180 fi-kips

Step3: Determine the needed values from Manual Table 3-2 in order to use Equation 6.13b.
Wid4x34, Z=54.6in?, L, =5.40f, L, = 15.6ft, M, = 205ft-kips,and BF =
7.59kips

Part (a) C;, = 1.0

Step 4: Determine the design moment strength for lateral bracing of the compression flange at
the supports and the load, L, = 10 ft.
Because L, = 10ft > L,

&M, = (bM, — BF(L, — L))
&M, = (205 — 7.59(10.0 — 5.40)) = 170 fi-kips < 180 ft-kips
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Table 3-1

Values for C, for Simply Supported Beams

Load

Lateral Bracing
Along Span

Cs

None

Load at midpoint

132

At load point

None

Loads al third points

At load points

Londs symmarically placed

None

Loads st quarter points

[RL)

At load points

Loads at quarler points

None

At midpoint

At third points

At quarter
points

At fifth points

Note: Lateral bracing must always be provided at points of support per AISC Specification Chapter F.

Figure 6.12 Values for C;, for Simply Supported Beams. Copyright © American Institute of

Steel Construction, Inc. Reprinted with Permission. All rights reserved.

Nominal moment, M,

Influence of
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Unbraced length, L,

Figure 6.13 Effect of Moment Gradient.
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DL = 8.0 kips
LL = 24.0 kips
N A B C4
10 ft 10 I'l——"J
201t
150
| | 67.5
15 |
97.5
180
For LRFD, 1.2D + 1.6L
i
l | 45
0 |
65
120
For ASD, D+L

Figure 6.14 Beam Used in Example 6.5.

As an alternate approach, Manual Table 3-10 can be entered with an unbraced length of
10 ft and the design strength of the W 14x34 determined to be 170 fi-kips.
Therefore,

the beam will not work if C, = 1.0

Part (b) Use the calculated value of Cy,
Step 5:  Determine the correct C, for the two unbraced segments of the beam.
For the unbraced segment BC, Figure 6.12 can be used to obtain C, = 1.67. This
€, corresponds to the maximum moment of 150 ft-kips at point B on the beam. The
W14x34 can resist this moment without considering Cy, as shown in Part (a) above.
For the unbraced segment AB, C, must be calculated. Using Equation 6.16 and the
moment values given in Figure 6,13,

_ 12.5(180) —2%
T 2.5(180) + 3(97.5) + 4(15.0) + 3(67.5)

Cy
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Step 6: Delennmetlrdesxgnmement strength using the calculated value of C,, and the design
moment strength determined from Part (a), Equation 6.13b amplified by Cj, and limited
to oM,

M, = Ci(&M, — BF(Ly — L,)) < $M,
GM, = 2.24(170) = 381 f-kips > M, = 205 ft-kips
Therefore, the limiting strength of the beam is
&M, = 205 fi-kips > 180 kip-ft, and

the W14 x 34 is adequate for bending

Part (¢) Considering that C;, = 2.24, a smaller section can be tried.
Step7:  Assuming dM, = &M, try a W16x31. Determine the needed values from Manual
Table 3-2.
&M, =203 fi-kips, L, =4.13ft, L, = 1.9, BF = 10.2kips
Step 8: Because L, = 10t > L, = 4.13 ft, use Equation 6.13b with Cj,.
M, = Cy(6M, — BF(L, — L,))
M, = 2.24(203 — 10.2(10.0 — 4.13)) = 2.24(143) = 320 ft-kips

where dM, = 320 fi-kips > dbM,, = 203 ft-kips
Thus

&M, = 203 kip-ft > 180 ft-kips

50 the W16x31 will also work

EXAMPLE 6.5b
Beam Strength and
Design by ASD
Considering Moment
Gradient

SOLUTION

www _FEngineeringFbooksPdf com
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Step7: Assuming M, /Q = M,/%, trya W16x31. Determine the needed values from Manual
' Table 3-2.
M,/R = 135kip-ft, L, =4.13ft, L, = 11.9f, BF = 6.76kips
Step8: Because L, = 10ft > L,, = 4.13 f, use Equation 6.13¢ with C,.
M, i M ] M .
X C’C?J& — BF(Ly— L,_)). v

Mp/ S = 2.24(135 — 6.76(10.0 — 4.13)) = 2.24(95.3) = 213 ft-kips
where M,,/Q = 213 fr-kips > M,/ = 135 fi-kips
Thus'

M,/Q = 135kip-ft > 120 f-kips

L so the W16x31 will also work

6.5 DESIGN OF NONCOMPACT BEAMS
6.5.1 Local Buckling

Local buckling occurs when a compression element of a cross section buckles under load
before it reaches the yield stress. Because this buckling occurs at a stress lower than the
yield stress, the shape is not capable of reaching the plastic moment. Thus, the strength of
the member is something less than M,,. Buckling of the flange and web elements, and lateral
torsional buckling of the section, do not occur in isolation so it is difficult to illustrate them
individually. Figure 6.15 primarily illustrates local buckling of the compression flange of
a wide flange beam during loading in an experimental test. These failures occur when the
flange or web are slender and can be predicted through the use of the plate buckling equation
discussed in Chapter 5. The projecting flange of a wide flange member is considered an
unstiffened element because the web supports only one edge whereas the other edge is
unsupported and free to rotate. The wide flange web is connected at both its ends to the
flanges so it is considered a “stiffened” element.

Table B4.1 of the Specification provides the limiting slenderness values, i p» for the
flange and web in order to insure that the full plastic moment strength can be reached. When
both the flange and web meet these criteria, the shapes are called compact shapes. If either
element does not meet the criteria, the shape cannot be called compact and the nominal
strength must be reduced. These shapes are discussed here.

For the flange of a W-shape to be compact, Case 1 in Table B4.1, its width-thickness

ratio must satisfy the following limit:
E
<y =038 | — (6.17)
Fy

where b/t = by /2t;. For the web to be compact, Case 9 in Table B4.1, the limiting ratio is

h [E
Ay = e < Apw =376 F\r (6.18)

A=

o B
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Figure 6.15 Example of Flange Local Buckling.
Photo Courtesy Donald W, White.

Using the common A992 steel with F, = 50 ksi, these limits become:
for a compact flange

—b‘r < At =9:15
nf
2y

and for a compact web

h
— < Apw = 90.6
A comparison of these limits with the data given in Manual Table 1-1 shows that the majority
of the W-shapes have compact flanges and all have compact webs. _ '
Figure 6.16 illustrates these dimensions for several commonly used sections along “”Fh
the slenderness limits as found in Specification Table B4.1. Other shapes can be found in

Table B4.1 of the Specification.

6.5.2 Flange Local Buckling

www_FEnqineerin

nFbooksPdf com

The full range of nominal moment strength, M,,, of a cross section can be expressed as a
function of flange slenderness, A ¢, and that relationship is shown in }j‘lgurc 6.17. The lhrete
regions in the figure identify three types of behavior. The first region represents plasn'c
behavior, in which the shape is capable of attaining its full plastic moment strength. This
strength was discussed in Section 6.2. Shapes that fall into this region are calleFl compact.
The behavior exhibited in the middle region is inelastic and shapes that fit this category
are called noncompact. Shapes that fall into the last region exhibit elastic buckln.lg an.d
are called slender shapes. The provisions for these last two forms of behavior are given in

Specification Section F3.
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Limiting Width-
2 Width Th
3 sotionor Thick. ickness Ratios
Description ness A
Element Ratio ( ,’ ( e
1 |Flexure in flanges of | byt ETE. ETE.
rolled I-shaped OSReE Ty Wavlice
sections and
channels
2 |Flexure in flanges of | b/t 0. E .61
iy A e 38/E/Fy 0.95,/kE/Fi
symmetric I-shaped
built-up sections
7 | Flexure in fla f t
s ngesof | b/ 0.38,/E/Fy 1.0/E7F,
| 9 | Flexure in webs of hit,
agthacso w 3.76/E/Fy 5.70,/E/F,
I-shaped sections
and channels
13| Flexure in webs of ETE, ETE,
rectangular HSS s RARVELy S70JEIy

Figur_e 6.16 Definition of Element Slenderness from Specification Table B4.1 . Copyright ©
American Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.

Nominal moment, M,

(Plastic)
Compact

(Inelastic)

Noncompact Slender

1

i

! .

: (Elastic)
|

Ay A
Flange slenderness, & = %

Figure 6.17 Flange Local Buckling Strength.
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For I-shaped sections, the dividing line between a compact and noncompact flange
was given in Equation 6.17. The division between noncompact and slender flange sections
is a function of the residual stresses that exist in the hot rolled member. As was the case
with lateral torsional buckling, the Specification assumes that elastic behavior continues
up to the point where the elastic moment M5 = 0.7F,S,. This corresponds to a flange
slenderness, as found in Specification Table B4.1, of

E
Ay = 1.0‘/; (6.19)

The strength at the junction of compact and noncompact behavior is
M,=M,=FZ

whereas at the junction of the noncompact and slender behavior, the moment is defined as
Mpp = 0.7F, S,

The strength for noncompact shapes is represented by a straight line between these points.
Thus,

A=
M, = [M,. - (M, - M,Fw)(ﬁ)] (6.20)

For A992 steel with F, = 50 ksi, Equation 6.19 provides an upper limit to the non-

compact flange of
E
Ay =10[— =241
" N F,

A review of Manual Table 1-1 for b /2t ¢ shows that there are no W-shapes with flanges
that exceed this limit. Thus, all wide flanges have either compact or noncompact flanges. A
further review of the tables shows that only 10 W-shapes have noncompact flanges.

6.5.3 Web Local Buckling

A comparison of the slenderness criteria for web local buckling given in Equation 6.13
with the data available in Manual Table 1-1 for /1, indicates that all wide flange shapes
have compact webs. Thus, the consideration of noncompact W-shapes is a consideration of
only flange local buckling and there is no need to address slender elements for W-shapes.
Slender webs, however, are addressed for built-up members in Chapter 7 as plate girders.

EXAMPLE 6.6

GOAL:  Fora W6x 15, determine the (a) nominal moment strength, (b) design moment strength

Bending Strength of (LRFD), and (c) allowable moment strength (ASD).
Nencompact Bewm GIVEN: A simply supported W6 15 spans 10 fi. It is braced at the ends and at the midspan

SOLUTION

(Ly = 5ft). The steel is A992.

Part (a) Determine the nominal strength.

Step 1: Check the limits for flange local buckling.
For the flange, from Manual Table 1-1,

by [E
2L 1155 R, =038 | — =09,
%, e g oy
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Therefore, the flange is not compact. Checking for a slender flange, even though our previous
review of the Manual data indicated that no W-shapes exceeded this requirement

E
L/ BT PR B
2!; F_r

Because Ay < by/2iy < Ay, the shape has a noncompact flange.

Step 2:  Check the limit states for web local buckling.
For the web, from Manual Table 1-1

h [E
o =206 <hp =376 - =906

So the web is compact, as expected from our earlier evaluation.

Step 3: Because the shape is noncompact (flange), determine the
Equation 6.20 with

moment gth by

M, = F,Z, = 50(10.8) = 540 in.-kips

Mg = 0.7F, 8, = 0.7(50)9.72 = 340 in-kips

11.5-9.15

=27 20 [ = 509 in.-ki
24.|—9.15)] X g

M, = [540 — (540 — 340)(

And, for flange local buckling
509 in.-kip
12 in/ft

Step 4:  Check for the limit state of lateral-torsional buckling.
For this shape,

| E 29,000 :
L, = 176r, E = 1.76(1.45) 0 =61.5in.

Thus, L, = 5.13 fit, which is greater than L, = 5.0 ft, so the beam is adequately braced to
resist the plastic moment. For lateral torsional buckling

M, = = 42.4 fi-kips

M, = M, = F,Z = 540 in.-kips
or
M, = 540/12 = 45.0 fi-kips
Step 5:  Because the moment based on flange local buckling, 42.4 fi-kips, is less than the moment
based on lateral-torsional buckling, 45.0 ft-kips, local buckling controls and

M, = 42.4 fikips
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Part (c) For ASD,
Step 7:  Determine the allowable moment.

42.4 5
= ﬁ =254 ﬁ-lups

ol

Part (b) For LRFD,
Step 6: Determine the design moment.

| M, = 0.9(42.4) = 38.2 kip—ﬁj

6.6 DESIGN OF BEAMS FOR WEAK AXIS BENDING

Up to this point, I-shaped beams have been assumed to be bending about an axis parallel
to their flanges, called the x-axis. A quick scan of the shape property tables in the Manual
shows that the section modulus and plastic section modulus about the x-axis are larger than
the corresponding values about the other orthogonal axis, the y-axis. Thus, bending about
the x-axis is called strong axis bending, whereas bending about the y-axis is called weak
axis or minor axis bending. Although beams are not normally oriented for bending about
this weak axis, a situation may arise when it is necessary to determine the strength of a
beam in this orientation.

Design of I-shaped beams for weak axis bending is relatively easy. Section F6 of the
Specification applies to I-shaped members and channels bent about their minor axis. Two
limit states are identified: yielding and flange local buckling. The flange and web referred
to here are the same elements as when the shape is bending about its major axis. Thus, the
limits on flange slenderness are the same as discussed earlier. For those few W-shapes with
noncompact flanges, an equation similar to that used previously for noncompact flanges is
required.

For the limit state of yielding

M, = M_n = F_\‘Zy = ]oéF_vSv

AnI-shaped member bending about its weak axis has properties close to those of a rectangle.
For the rectangle, the ratio of the plastic moment to the elastic yield moment, called the shape
factor, equals 1.5. The addition of the web alters the elastic section modulus and plastic
section modulus so that the shape factor for these weak axis bending members exceeds
1.5. To insure an appropriate level of rotational capacity at the plastic limit state, the shape
factor for weak axis bending is limited to 1.6. All but four W-shapes meet this limitation.

Although I-shaped members are not often called upon to carry moment about the
y-axis as pure bending members, they are called upon to participate in combined bending
as discussed in Section 6.12 and combined with axial load as discussed in Chapter 8.

6.7 DESIGN OF BEAMS FOR SHEAR

Chapter G of the Specification establishes the requirements for beam shear. Although shear
failures are uncommon with rolled sections, a beam can fail by shear yielding or shear
buckling. Beam webs also need to be checked for shear rupture on the net area of the web
when bolt holes are present. Shear rupture is addressed in the discussion of connections in
Chapter 10.

The nominal shear yielding strength is based on the von Mises criterion, which states
that for an unreinforced beam web that is stocky enough not to fail by buckling, the shear
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strength can be taken as F,/+/3 = 0.58 F,. The specification rounds this stress to 0.6 F and
provides, in Specification Section G2, the shear strength as

V, =0.6F,A,C, (6.21)

where A,, is the area of the web, taken as the total depth times the web thickness.

The web shear coefficient, C,, is used to account for shear web buckling. Thus, if
the web is capable of reaching yield, C, = 1.0. To insure that the beam web is capable of
reaching yield before buckling, the Specification sets the limit on web slenderness of

h k.E
S A0 [ —
¥ <1 0,4 F,

where k, = 5 for unstiffened webs with h/1,, < 260. All current ASTM A6 rolled I-shaped
members have webs that meet the criteria for k, =5, and all A992 W-shapes meet the
criteria for web yielding.

Thus, the nominal shear strength of a rolled W-shape can be taken as

V, = 0.6F, A, (6.22)

Determining the shear design strength or allowable strength is complicated by a vari-
ation in resistance and safety factors. To keep the beam shear strength provisions the same
in the 2005 Specification as in earlier allowable stress specifications, the resistance and
safety factors for a particular set of rolled I-shapes was liberalized. Thus, for webs of rolled

I-shapes with h/t, < 2.24./EJF,
¢ = 1.O(LRFD) Q = 1.5(ASD)
For all other shapes,
¢ = 0.9 (LRFD) Q = 1.67 (ASD)

Because shear rarely controls the design of rolled beams, it may be more convenient,
when not using tables from the Manual, to simply use the more conservative factors for all
shear checks.

6.8 CONTINUOUS BEAMS

Beams that span over more than two supports are called continuous beams. Unlike simple
beams, continuous beams are indeterminate and must be analyzed by applying more than
the three basic equations of equilibrium. Although indeterminate analysis is not within the
scope of this book, a few topics should be addressed, even if only briefly.

The Manual includes shears, moments, and deflections for several continuous beams
with various uniform load patterns in Table 3-23. These results come from an elastic in-
determinate analysis and can be used for the design of any beams that fit the support and
loading conditions.

It has long been known that material ductility permits steel members to redistribute
load. When one section of a member becomes overloaded, it can redistribute a portion of
its load to a less highly loaded section. This redistribution can be accounted for through
an analysis method called Plastic Analysis or a number of more modern methods capable
of modeling the real behavior of the members. These methods may collectively be called
Advanced Analysis and used in structural steel design by the provisions of Appendix I. This
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appendix also provides a simplified approach to account for some of this ductility through
Appendix 1.3.

Design of beams and girders that are compact and have sufficiently braced compression
flanges may take advantage of this simplified redistribution approach. The compact criteria
are those already discussed, whereas the unbraced length criteria are a bit more restrictive.
To use the simplified redistribution, the unbraced length of the compression flange, Ly,
must be less than that given in Appendix Section 1.7 as

M] E
L= 01240076 =L} |( =
- [ +00?6( Mz)](ﬂ)r, (6.23)

When these criteria are satisfied, the beam can be proportioned for 0.9 times the negative
moments at points of support. This redistribution is permitted only for gravity-loading
cases and moments determined through an elastic analysis. When this reduction in negative
moment is used, the positive moment must be increased to maintain equilibrium. This can
be_a:::comp]ished simply by adding to the maximum positive moment, 0.1 times the average
original negative moments.

EXAMPLE 6.7a
Continuous Beam
Design by LRFD

SOLUTION

GOAL:  Select a compact, fully braced section for use as a continuous beam.

GIVEN:  The beam must be continuous over three spans of 30 ft each. It must support a live
load of 2.5 kip/ft and a dead load of 1.8 kip/ft. Use A992 steel,

Step 1:  Determine the required strength.
The design load is w, = 1.2(1.8) + 1.6(2.5) = 6. 16 kip/ft
From the beam shear, moment, and deflection diagrams in Manual Table 3-23, Case
39, the negative moment is
— Mgy = 0.100wl* = 0.100(6.16)(30)* = 554 ft-kips
and the positive moment is
+Mga = 0.0800w” = 0.0800(6.16)(30)* = 444 fi-kips

Step 2:  Consider redistribution of moments according to Specification Appendix 1.
A design could be carried out for a maximum moment of 554 ft-kips but with
redistribution, this moment may be reduced to

Mg, = 0.9(554) = 499 fr-kips
provided that the positive moment is increased by the average negative moment reduc-
tion. Thus,
0+ 0.1(554)
2

Step 3: Determine the required plastic section modulus.

Even with the increase in positive moment, the negative moment is still the maximum
moment so, for a moment of 499 fi-kips,

_499012)
™ 0.9(50)
Step4:  Select the least-weight W-shape from Manual Table 3-2.

Mg =444 + = 472 ft-kips

=133in?

Selecta W24x55, with Z = 134 in.’j




6.9  Plastic Analysis and Design of Continuous Beams 167

EXAMPLE 6.7b
Continuous Beam
Design by ASD

SOLUTION

GOAL:  Select a compact, fully braced section for use as a continuous beam.

GIVEN: The beam must be continuous over three spans of 30 ft each. It must support a live
load of 2.5 kip/ft and a dead load of 1.8 kip/ft. Use A992 steel.

Step 1: Determine the required strength.
The design load isw, = (1.8) + (2.5) = 4.3 kip/ft
From the beam shear, moment, and deflection diagrams in Manual Table 3-23,
Case 39, the negative moment is

—Mpyq = 0.100wf = 0.100(4.3)(30)* = 387 ft-kips
and the positive moment is
+Mpy = 0.0800wi” = 0.0800(4.3)(30)* = 310 ft-kips

Step 2:  Consider redistribition of moments according to Specification Appendix 1.
A design could be carried out for a maximum moment of 387 fi-kips but with
redistribution, this moment may be reduced to

Mpyy = 0.9(387) = 348 ft-Kips
provided that the positive moment is increased by the average negative moment reduc-
tion,
Thus,
0+ 0.1(387
My = 310+ %” = 329 ft-kips
Step 3:  Determine the required plastic section modulus.
Even with this increase in the positive moment, the negative moment is still the
maximum moment so, for a moment of 348 ft-kips
_ 348312
" (50/1.67)
Step 4:  Select the least-weight W-shape from Manual Table 3-2.

=139 in?

SelectaW21x62, with Z = 144 in.’?

6.9 PLASTIC ANALYSIS AND DESIGN OF CONTINUOUS BEAMS

Up to this point, it has been assumed that the plastic moment strength of a bending member
could be compared to the maximum elastic moment on a beam to satisfy the strength
requirements of the Specification. This is accurate for determinate members in which the
occurrence of the plastic moment at the single point of maximum moment results in the
development of a single plastic hinge, which would lead to member failure. However, for
indeterminate structures, such as continuous beams, more than one plastic hinge must form
before the beam would actually collapse and this provides some additional capacity that the
elastic analysis cannot capture. The formation of plastic hinges in the appropriate locations
causes a collapse and the geometry of this collapse is called a failure or collapse mechanism.
This is the approach referred to as Plastic Analysis that is permitted by Appendix 1 of the
Specification for use with LRFD only.

The formation of a beam failure mechanism may best be understood by following
the load history of a fixed-ended beam with a uniformly distributed load. The beam and
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moment diagrams that result from an elastic indeterminate analysis are given in Figure
6.18a. The largest moments occur at the fixed ends and are given by wL?/12. If the load on
the beam is increased, the beam behaves elastically until the moments on the ends equal the
plastic moment strength of the member, as shown in Figure 6.18b. Because the application of
additional load causes the member to rotate at its ends while maintaining the plastic moment,
these points behave as pins. These pins are called plastic hinges. In this case, the load is
designated as w. The member can continue to accept load beyond this w, functioning
as a simple beam, until a third plastic hinge forms at the beam centerline. The formation
of this third hinge makes the beam unstable, thus forming the collapse mechanism. The
mechanism and corresponding moment diagram are given in Figure 6.18c.

For the collapse mechanism just described, equilibrium requires that the simple beam
moment, w, L?/8, equal twice the plastic moment, thus

M, =w,L*/16 (6.24)
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Had this beam been designed based on an elastic analysis, it would have required a
moment capacity greater than or equal to w, L*/12. Using a plastic analysis, a smaller
plastic moment strength, equal to w, L?/16, must be provided for in the design. Thus, in
this case of an indeterminate beam, plastic analysis has the potential to result in a smaller
member being required to carry this same load.

An additional advantage to the use of plastic analysis for indeterminate beams is the
simplicity of the analysis. By observation, regardless of the overall geometry of the contin-
uous beam, each segment between supports can be evaluated independently of each other
segment. This means that any beam segment, continuous at each end and loaded with a
uniformly distributed load, exhibits the same collapse mechanism. Thus, the relation be-
tween the applied load and the plastic moment will be as given in Equation 6.24. Plastic
analysis results for additional loading and beam configurations are given in Figure 6.19.
Additional examples, as well as the development of these relations through application of
energy principles, can be found in several textbooks including Applied Plastic Design in
Steel.

To insure that a given beam cross section can undergo the necessary rotation at each
plastic hinge, the Specification requires that the section be compact and that the compression
flange be braced such that the unbraced length in the area of the hinge is less than that already
given as L, in Equation 6.23. If this limit is not satisfied, the member design must be based
on an elastic analysis.

EXAMPLE 6.8
Beam Design with
Plastic Analysis
(LRFD only)

SOLUTION

GOAL:  Design a beam using plastic analysis and A992 steel. Plastic analysis is applicable
only for LRFD load combinations.

GIVEN: A beam is simply supported at one end and fixed at the other, similar to that shown
in Figure 6.14 for Example 6-5. It spans 20 ft and is loaded at its centerline with a dead load of
16.0 kips and a live load of 48.0 kips. Lateral support is provided at the ends and at each ¥ point
of the span. It is assumed the final section will be compact and adequately braced.

Step 1:  Determine the required strength,
P, = 1.2(16.0) + 1.6(48.0) = 96.0 kips
Using the plastic analysis results from Figure 6.19¢

Pab _ 96.0(10.0)(10.0)
(a+2b) ~ (10.0 +2(10.0))

OM g = = 320 fi-kips

Step 2:  Select the required W-shape from Manual Table 3-2.
W21x44, &M, = 358 fi-kips

Step 3:  Calculate the maximum permitted unbraced length through Equation 6.23.
From Manual Table 1-1, r, = 1.26 in.

M, E
Loy =10.12 4+0.076{ — — |ry
o [ i (Me)](ﬂ-)r'

0 29,000 :

Disque, R. 0. Applied Design in Steel. New York: Van Nostrand Reinhold Company, 1971.
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Figure 6.19 Loading and Beam Configurations Resulting from Plastic Analysis.

Step 4:

Check the initial assumptions on compactness and lateral bracing.

Because the provided unbraced length equals 5 ft or 60 in., and this is less than
the maximum permitted unbraced length of 87.7 in., the bracing of this W21x44 is
acceptable for plastic design. A check of the compact flange and web criteria show that

this shape is compact.

Thus,
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6.10 PROVISIONS FOR DOUBLE-ANGLE AND TEE MEMBERS

Provisions for beams formed by combining a pair of angles to form a T, and beams made
from a T that has been cut from an I-shape, are found in Section F9 of the Specification.
These provisions are specifically for these singly symmetric members loaded in the plane
of symmetry with the stem either in tension or compression. Three limit states must be
considered in the design of these T-shaped members: yielding, lateral-torsional buckling,
and flange local buckling. The stem has no local buckling provisions because, when the
stem is in compression, the section is limited to an elastic stress distribution.

6.10.1 Yielding
For the limit state of yielding
M, =M, = F,Z,
and M, is limited, depending on the orientation of the section. For the stem in tension
M, < 1.6M, = 1.6F,S,
and for the stem in compression
M, < M, = F,S,

These limits are necessary to insure that the member is capable of rotating sufficiently
to attain the plastic moment strength without the extreme fibers of the shape reaching the
strain-hardening region.

6.10.2 Lateral-Torsional Buckling

Lateral-torsional buckling also must account for the orientation of the shape. The nominal
strength is given by

Ry LH-"GJ[B T+ 32] (6.25)

Ly

d\ [I,

The plus sign for B applies when the stem is in tension, the more stable orientation for
lateral torsional buckling. The negative sign for B is to be used if any portion of the stem is
in compression along the span.

where

6.10.3 Flange-Local Buckling

The limit state of flange-local buckling for these shapes reflects the same behavior as for
the I-shapes already considered. In fact, the limiting width/thickness ratios are the same
as discussed earlier. For compact flanges, the limit state of flange local buckling does not
apply. For noncompact flanges, A, < A < A,

by F,
M, = F,.Sn—(].lg - U.SO(E) E) (6.26)
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and for slender flanges A, < A

0.69ES.
M, = — 6.27)

(%)
2If

where S is the section modulus referred to the compression flange. If the stem is in
compression, this limit state does not apply.

EXAMPLE 6.9
Bending Strength of
WT-shape

SOLUTION

GOAL:  Determine the nominal moment strength for the given WT member if the stem is in (a)
tension (Figure 6.20a) and (b) compression (Figure 6.20b).

GIVEN: A WT9x17.5 is used as a beam and has lateral support provided at 5-ft intervals.

Step 1:  Determine the section properties for the WT-shapes from Manual Table 1-8.
Z,=112int, 8, =6.21in%, d=885in, [,=767in' J=025in"

Part (a) Determine the nominal moment strength for the stem in tension. The WT is oriented as shown
in Figure 6.20a.

Step 2:  Determine the nominal moment strength for the limit state of yielding.
M, = F,Z, = 50(11.2) = 560 in.-kips

M, = F,S, = 50(6.21) = 311 in.-kips
but the strength is limited by

M, < 1.6M, = 1.6(311) = 498 in.-kips

M,, = 498 in.-kips for the limit state of yielding

Step 2: Determine the nominal moment strength for the limit state of lateral-torsional buckling.
Determine B from Equation F9-5.

d\ |1, 8.85 7.67
B =423 — = =23 — |}/ —— ==%1.
3(!4,) J 23(60.0) 0.252 =

B is taken as positive for the stem in tension so that Equation 6.25 becomes

M, = M, = TS D000TENT,200%0.257) [1:87 + VI+ 187 = 5240in.-kips

60.0

(a) (b)
Figure 6.20 T-Beam Orientation for Example 6.9.
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and
240
M, = 5? = 437 fi-kips

Step 3:  Consider the limit state of flange local buckling.
The limit state of flange local buckling does not apply to the WT9x17.5 because the
flange is compact, so the nominal moment strength of this WT is the smaller strength given
by the limit states of yielding and lateral-torsional buckling. Thus,

M, = 437 fi-kips

Part (b) Determine the nominal moment strength for the stem in compression. The WT is oriented
as shown in Figure 6.20b.

Step 4:  Determine the nominal moment strength for the limit state of yielding.
M, is limited to M, so that, from above

M, = M, =311 in.-kips

Step 5:  Determine the nominal moment strength for the limit state of lateral-torsional buckling.
B is taken as negative so that

7 /200007 67T T,200)(0.252
o=l X W20 [— 1.87 4+ /14 (=1 ,37)2] =329 in.kips

60.0
Step 6:  Determine the controlling limit state strength for the WT with the stem in compression.

31 ;
M, = == 25.9 fi-kips
Note: This example shows that using a WT-shape with the stem in compression signif-
icantly penalizes the strength of the member. Even so, beams with this orientation are
often easier to construct, such as lintels in masonry walls where WTs are used in this
orientation.

6.11 SINGLE-ANGLE BENDING MEMBERS

When single angles are used as bending members, they can be bending about one of the
geometric axis, parallel to the legs, or about the principal axes, They are often used as
lintels over openings in masonry walls where they are bending about the geometric axes.
Unfortunately, this most useful orientation of the single-angle bending member is also the
most complex orientation for the determination of strength. Figure 6.21a shows a single
angle oriented for bending about the geometric axis whereas Figure 6.21b shows the angle
oriented for bending about the principal axis.

(a) Geometric axis bending (b) Principal axis bending

Figure 6.21 Single-Angle Bending About Geometric Axis and Principal Axis.
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6.11.1 Yielding

Specification Section F10 gives the provisions for single-angle bending members, The
limit states to be checked for these members are yielding, lateral torsional buckling, and leg
local buckling. For the treatment here, only fully braced angles bending about a geometric
axis are discussed.

The ratio of the plastic section modulus to the elastic section modulus for angles can easily
exceed 1.5. Thus, in order to be sure that the angle is not strained into the strain hardening
region, the nominal moment for the limit state of yielding is taken as

M, = 1.5M, = 1.5F,S

where § is taken as the least section modulus about the axis of bending.

6.11.2 Leg Local Buckling

Legs of angles in compression have the same tendency to buckle as other compression
elements. Specification Table B4-1 defines the slenderness as b/t, in Case 6, as

[ E

hp =054 {—
P F
| E

A =091 [—
Fy

The strength of noncompact and slender angles is shown in Figure 6.22. In the re-
gion of noncompact behavior, the straight-line transition is given in the Specification as

Equation F10-7
b F
M, =F,S, (2.43 - 1.‘!2(—) —-)
J 1 E

and the elastic buckling strength is given as
_ 0.71ES,

n = A
B\2
t
where S, is the elastic section modulus to the toe in compression, relative to the axis of
bending.

and

L5 M,

0.86 Myl =

Nominal moment, M,

R s T

1
I
]
]
1
1

by Ay

Leg slenderness, A

Figure 6.22 Strength of a Single Angle in a Function of Leg Slenderness.
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6.11.3 Lateral-Torsional Buckling

The limit state of lateral torsional buckling depends on whether the toe of the angle is in
tension or compression, It is also a function of the axes of bending. The Specification gives
the strength provisions for four different bending orientations. You are encouraged to study
these provisions and to work toward orienting the sections and providing lateral restraint
so that the angle can carry its greatest bending moment.

6.12 MEMBERS IN BIAXIAL BENDING

Bending members are often called upon to resist forces that result in bending about two
orthogonal axes. Examples of this member type are crane girders and roof purlins in indus-
trial buildings. Regardless of the actual orientation of an applied moment, it is possible to
brake the moment into components about the two principal axes, as shown in Figure 6.23.
Once this is accomplished, the ability of the section to resist the combined moments can be
determined through the interaction equation.

The Specification, Chapter H, addresses the interaction of forces. For the combination
of moments, a simple linear interaction equation is used, as shown in Figure 6.24. This is
taken from the equation provided in Specification Section H1 for combined axial load and
moment. When the axial load is zero, Equation H1-1b reduces to

M= + #q =10

M('.l Mc_v
where the moment terms relate to the x- and y-axes, the numerator is the required strength,
and the denominator is the available strength, determined as though the member was bending
about only one axis at a time. Thus, if the required x-axis moment is 79% of the x-axis
strength, only 21% of the y-axis strength is available to resist moment. More attention is
given to the use of interaction equations when axial load is combined with the bending
moment in Chapter 8.

6.13 SERVICEABILITY CRITERIA FOR BEAMS

There are several serviceability considerations that the designer must address. A general
set of provisions are found in Specification Chapter L. Although failure to satisfy these
criteria may not impact the strength of the member or overall structure, it may lead to the

o
¥ v
| r
X X x X
——— = ——f—p
R — —_—l

-
b

(a) Actual applied load (b) Orthogonal components

of applied load
Figure 6.23 Biaxial Bending of I-Shaped Beam.
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6.13.1 Deflection

6.13.2 Vibration

-.‘az qu

Figure 6.24 Simple Linear Interaction Diagram
for Biaxial Bending.

E[;‘&

]

first signs of difficulty for successful completion of a project. The specific criteria should be
discussed in detail with the designer’s client so the quality of the final product is consistent
with the expectations of the owner. Experience may indicate that a certain amount of floor
vibration may be annoying at first but occupants become used to it with time. The client
may be unwilling to deal with this period of dissatisfaction and insist that the system be
designed so that there are no vibration complaints. This must be known at the beginning
of a project, not after the occupants move in and find the floor response objectionable. The
engineer must be sure to identify these considerations for the owner so that the decisions
made are appropriate to meet the expected outcome.
Beams generally have three serviceability issues to be addressed:

Deflection is the normal response of a beam to its imposed load. It is impossible to erect a
beam with zero deflection under load but the designer will be able to limit that deflection
with proper attention to this limit state. Deflections must be addressed for a variety of
loading cases. Deflection under dead load is critical because it impacts the construction
process, including the amount of concrete fill needed to form a flat and level floor. Live load
deflection is critical because it impacts the finishes of elements attached to the floor, such as
ceilings and walls, and may be visible to the occupants. Experience has demonstrated that
live load deflection is not a problem if it is limited to ]f_w: of the span. Dead load deflection
limitations are a function of the particular structural element and loading. Design Guide
3—Serviceability Design Considerations for Steel Buildings from the American Institute
of Steel Construction covers deflection and other serviceability design criteria.

Although vibration of floor systems is not a safety consideration, it can be a very annoying
response and very difficult to correct after the building is erected. The most common problem
is with wide-open spaces with very little damping, such as the jewelry department in a
department store. To reduce the risk of annoyance, a general rule is to space the beams or
Jjoists sufficiently far apart so that the slab thickness is large enough to provide the needed
stiffness and damping. Design Guide 11—Floor Vibrations Due to Human Activity from the
American Institute of Steel Construction covers the design of steel-framed floor systems
for human comfort.




6.13.3 Drift
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Under lateral loading, a building will sway sideways. This lateral displacement is called
drift. As with deflection and vibration, drift is usually not a safety consideration but it can be
annoying and have a negative impact on nonstructural elements, causing cracks in finishes.
Beams and girders are important in reducing the drift and their final size might actually be
determined by drift considerations. However, the impact of drift considerations on beams
cannot be determined for the beams alone without also looking at the other parts of the
lateral load resisting system. This serviceability limit state is treated in Chapter 8. Drift is
also discussed in Design Guide 3.

Because beam deflection is a serviceability consideration, calculations are carried out
using the specific loads under which the serviceability consideration is are to be checked.
This can be live load, deal load, or some combination of loads, but normally does not include
any load factors. Thus, regardless of whether a design is completed using LRFD or ASD,
serviceability considerations are checked for the same loads. Numerous elastic analysis
techniques are available to determine the maximum deflection of a given beam and loading.
Some common loading conditions with their corresponding maximum deflection are shown
in Figure 6.25. These and many others are given in Manual Table 3-23.
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(d)
Figure 6.25 Some Common Loading Conditions with their Corresponding Maximum Deflections.
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EXAMPLE 6.10 GOAL:  Check the live load deflection of a previously designed beam.
Live Load Deflection
GIVEN:  Use the information from Example 6.3 where a W18x 35 was selected. Limit the live
load deflection for an acceptable design to 365 of the span.
SOLUTION Step 1:  Collect the required information from Example 6.3.
For the W18x35, I = 510in.%. The live load is 24 kips applied at the center of a 20-fi
span.
Step 2: Determine the live load deflection. Using the deflection equation found in Figure 6.25 for
case (b).
3 4 319y
_ PL _ 24(20.0)°(12) — 0.467in.
48E1  48(29,000)(510)
Step 3: Compare the calculated deflection to the given limit.
The deflection limit is
20.0(12) i«
Amax = 0 = 0.667 in.
Because
A =0.467 in. < Ay = 0.667 in.
the deflection satisfies the set criteria
EXAMPLE 6.11 GOAL:  Select a W-shape to satisfy a live load deflection limit.
Beam Design through

Deflection Limit

SOLUTION

GIVEN:  Use the data from Example 6.10 except that the deflection limit is set to a more severe
level of 'fgon of the span. If the selected member does not meet the established criteria, select a
W-shape that satisfies the limitation.

Step 1:  Check the new deflection limit.

20.0(12) :
Ay = 7500 =10.240in.

From Example 6.10 we know already that the given beam deflects too much.

Step 2: Determine the minimum acceptable moment of inertia, Iyi,, to insure that the deflection
does not exceed the given limit.
Rearranging the maximum deflection equation to solve for Iy,

Lo PP 24000702
T 48E Apy 48(29,000)(0.240)
Step 3:  Select a beam with / > 993 in.* and, from Example 6.3, one that satisfies the strength limit,

Z=>64.0in’.
From the moment of inertia tables, Manual Table 3-3, select a

=993in.*

W21x55, with [ = 1140in.* and Z = 126in.’

This is the lightest-weight W-shape that will satisfy the required moment of inertia.
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Before a beamn can be called upon to carry a given load, that load must be transferred to the
beam through some type of connection. In a similar manner, the beam reactions must be
carried to its supporting structure through some type of connection. Although the majority
of beams are loaded through connections to their webs, some may be loaded by applying a
concentrated force to the top flange and some will have their reactions resisted by bearing
on a supporting element. In these cases, a check must be made to establish that the beam
web has sufficient strength to resist the applied forces.

Four limit states determine the load carrying strength of the web to resist these concen-
trated forces: web local yielding, web crippling, web sidesway buckling, and flange local
bending. These limit states are all described in Section J10 of the Specification. Although it
is possible to select a beam with a sufficiently thick web so that these limit states do not con-
trol, it is normally more economical to add bearing stiffeners under the concentrated loads
to provide the necessary strength. The design of these stiffeners is covered in Section 7.4
of this book under the discussion of plate girders, because they are much more commonly

found in that application.

6.15 PROBLEMS

1. Determine the plastic section modulus for a W44 x 335 mod-
eled as three rectangles forming the flanges and the web. Com-
pare the calculated value to that given in the Manual.

2. Determine the plastic section modulus for a W36 x 800 mod-
eled as three rectangles forming the flanges and the web. Com-
pare the calculated value to that given in the Manual,

3. Determine the plastic section modulus fora W33 x 118 mod-
eled as three rectangles forming the flanges and the web. Com-
pare the calculated value to that given in the Manual.

4. Determine the plastic section modulus for a W21 x 44 mod-
eled as three rectangles forming the flanges and the web. Com-
pare the calculated value to that given in the Manual.

5. Detérmine the plastic section modulus for a W18 50 mod-
eled as three rectangles forming the flanges and the web. Com-
pare the calculated value to that given in the Manual.

6. Determine the elastic neutral axis, elastic section modulus,
plastic neutral axis, and plastic section modulus for a WT15 %66
modeled as two rectangles forming the flange and the stem. Com-
pare the calculated values to those given in the Manual.

7. Determine the plastic section modulus for an HSS8x4x 'f;

deled as four rectangles forming the flanges and webs. Re-
member to use the design wall thickness for the plate thickness
and ignore the corner radius. Compare the calculated value to
that given in the Manual,

8. Determine the elastic neutral axis, elastic section modulus,
plastic neutral axis, and plastic section modulus for a C15x 50
modeled as three rectangles forming the flanges and the web.
Compare the calculated values to those given in the Manual.

9. D ine the elastic | axis, elastic section modu-
lus, plastic neutral axis, and plastic section modulus, all about

the geometric axis, for a L4x4x'/; modeled as two rectan-
gles. Compare the calculated values to those given in the
Manual.

10. A simply supported beam spans 20 ft and carries a uni-
formly distributed dead load of 0.8 kip/ft including the beam
self-weight and a live load of 2.3 kip/ft. Determine the minimum
required plastic section modulus and select the lightest-weight
W-shape to carry the moment. Assume full lateral support and
A992 steel. Design by (a) LRFD and (b) ASD.

11. Considering only bending, determine the lightest-weight
W-shape to carry a uniform dead load of 1.2 kip/ft including the
beam self-weight and a live load of 3.2 kip/ft on a simple span
of 24 ft. Assume full lateral support and A992 steel. Design by
(a) LRFD and (b) ASD.

12. A beam is required to carry a uniform dead load of 0.85
kip/ft including its self-weight and a concentrated live load of
12 kips at the center of a 30-ft span. Considering only bending,
determine the least-weight W-shape to carry the load. Assume
full lateral support and A992 steel. Design by (a) LRFD and
(b) ASD.

13. Considering both shear and bending, determine the
lightest-weight W-shape to carry the following loads: a uniform
dead load of 0.6 kip/ft plus self-weight, a concentrated dead load
of 2.1 kips, and a concentrated live load of 6.4 kips, located at
the center of a 16-ft span. Assume full lateral support and A992
steel. Design by (a) LRFD and (b) ASD.

14.  Considering both shear and bending, determine the light-
est W-shape to carry a uniform dead load of 4.0 kip/ft plus the
self-weight and a uniform live load of 2.3 kip/ft on a simple span
of 10.0 ft. Assume full lateral support and A992 steel. Design
by (a) LRFD and (b) ASD.
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15. A 24-ft simple span laterally supported beam is required
to carry a total uniformly distributed service load of 8.0 k/ft.
Determine the lightest, A992, W-shape to carry this load if it is
broken down as follows: Use LRFD.

a. Live load = 1.0 k/ft; dead load = 7.0 k/ft
b. Live load = 3.0 k/ft; dead load = 5.0 k/ft
¢. Live load = 5.0 k/ft; dead load = 3.0 k/ft
d. Live load = 7.0 k/ft; dead load = 1.0 k/fi.

16. Repeat the designs specified in Problem 15 using ASD.

17. A 30-ft simply supported beam is loaded at the third points
of the span with concentrated dead loads of 12.0 kips and live
loads of 18.0 kips. Lateral supports are provided at the load points
and the supports. The self-weight of the beam can be ignored.
Determine the least weight W-shape to carry the load. Use A992
steel and assume C, = 1.0. Design by (a) LRFD and (b) ASD.

18. An 18-ft simple span beam is loaded with a uniform dead
load of 1.4 kip/ft, including the beam self-weight and a uniform
live load of 2.3 kip/ft. The lateral supports are located at 6.0-ft
intervals. Determine the least weight W-shape to carry the load.
Use A992 steel. Design by (a) LRFD and (b) ASD.

19. An A992 W18x60 is used on a 36-ft simple span to carry
a uniformly distributed load. Determine the locations of lateral
supports in order to provide just enough strength to carry (a) a
design moment of 435 fi-kips and (b) an allowable moment of
290 fi-kips.

20. A girder that carries a uniformly distributed dead load of
1.7 k/ft plus its self-weight and three 15-kip concentrated live
loads at the quarter points of the 36-ft span is to be sized. Using
A992 steel, determine the lightest W-shape to carry the load with
lateral supports provided at the supports and load points. Limit
deflection to Y34 of span. Design by (a) LRFD and (b) ASD.

21. A 32-ft simple span beam carries a uniform dead load of
2.3 K/ft plus its self-weight and a uniform live load of 3.1 k/ft.
The beam is laterally supported at the supports only. Determine
the minimum weight W-shape to carry the load using A992 steel.
Limit live load deflection to /359 of span and check shear strength.
Design by (a) LRFD and (b) ASD.

22. A 36-ft simple span beam carries a uniformly distributed
dead load of 3.4 kip/ft plus its self-weight and a uniformly
distributed live load of 2.4 kip/ft. Determine the least-weight
W-shape to carry the load while limiting the live load deflec-
tion to Y3 of the span. Use A992 steel and assume full lateral
support. Design by (a) LRFD and (b) ASD.

23, A simple span beam with a uniformly distributed dead load
of 1.1 k/ft, including the self-weight and concentrated dead loads
of 3.4 kips and live loads of 6.0 kips at the third points of a 24-ft
span, is to be designed with lateral supports at the third points
and live load deflection limited to i of the span. Be sure to
check shear. Determine the least-weight W-shape to carry the
loads. Use A992 steel. Design by (a) LRFD and (b) ASD.

24. A fixed-ended beam on a 28-ft span is required to carry
a total ultimate uniformly distributed load of 32.0 kips. Using
plastic analysis and A992 steel, determine the design moment
and select the lightest W-shape. Assume (a) full lateral support
and (b) lateral support at the ends and center line.

25, A beam is fixed at one support and simply supported at
the other. A concentrated ultimate load of 32.0 kips is applied
at the center of the 40-ft span. Using plastic analysis and A992
steel, determine the lightest W-shape to carry the load when
the nominal depth of the beam is limited to 18 in. Assume
(a) full lateral support and (b) lateral supports at the ends and the
load.

26. A fixed-ended beam on a 40-fl. span is required to carry
a total ultimate uniformly distributed load of 72.5 kips. Using
plastic analysis and A992 steel, determine the lightest-weight
W-shape to carry the load. Assume full lateral support.

27. A 3-span continuous beam is to be selected to carry a uni-
formly distributed dead load of 4.7 kip/ft, including its self-
weight and a uniformly distributed live load of 10.5 kip/ft.
Be sure to check the shear strength of this beam. Use A992
steel and assume full lateral support. Design by (a) LRFD and
(b) ASD.

28. Determine the available bending strength of a WT8x25,
A992 steel, if the stem is in compression. Determine by (a) LRFD
and (b) ASD.
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Plate Girders

A plate girder is a bending member composed of individual steel plates. Although they are
normally the member of choice for situations where the available rolled shapes are not large
enough to carry the intended load, there is no requirement that they will always be at the
large end of the spectrum of member sizes. Beams fabricated from individual steel plates
to meet a specific requirement are generally identified in the field as plate girders.

Plate girders are used in building structures for special situations such as very long spans
or very large loads. Perhaps their most common application is as a transfer girder, a bending
member that supports a structure above and permits the column spacing to be changed below.
They are also very common in industrial structures for use as crane girders and as support
for large pieces of equipment. In commercial buildings, they are often used to span large
open areas to meet particular architectural requirements and, because of their normally
greater depth and resulting stiffness, they tend to deflect less than other potential long span
solutions. An example of a building application of the plate girder is shown in Figure 7.1.

The cross section of a typical plate girder is shown in Figure 7.2. Although it is possible
to combine steel plates into numerous geometries, the plate girders addressed here are those
formed from three plates, one for the web and two for the flanges. Because the web and
flanges of the plate girder are fabricated from individual plates, they can be designed with
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Figure 7.1 Application of a Plate Girder.

web and flanges from the same grade of steel (a homogeneous plate girder) or from different
grades of steel (a hybrid plate girder). For hybrid girders, the flanges are usually fabricated
with a higher grade of steel than that used in the web. This takes advantage of the higher
stresses that can be developed in the flanges. which are located a greater distance from the
neutral axis than the web, resulting in a higher moment strength contribution. Hybrid girders
are relatively common in bridge construction, though they are rarely used in buildings. In
the past, hybrid girders have been included in the AISC Specification but they are not
specifically addressed in this edition. Thus, they are not discussed in this book.

Another type of plate girder is the singly symmetric girder, one with flanges that are
not of the same size, as seen in Figure 7.3. Although singly symmetric plate girders are
addressed in the AISC Specification, they are not particularly common in buildings and
are not specifically addressed here. However, the principles for all of these plate girders
are the same and the careful application of the Specification provisions will lead to an
economical and safe design for each of them.

Built-up plate girders with compact webs are designed according to the same provisions
as rolled I-shaped members presented in Specification Sections F2 and F3 and discussed
in Chapter 6 in this book. The discussion of plate girders in this chapter addresses these
built-up I-shapes with noncompact or slender webs.

Table 7.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.

Bottom flange 1 Figure 7.2 Typical Plate Girder Definitions.
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] Figure 7.3 Singly Symmetric Plate Girder.

7.2  HOMOGENEOUS PLATE GIRDERS IN BENDING

The behavior of plate girders can best be understood by considering flexure and shear
separately. In flexure, a plate girder is considered in this book as either noncompact or
slender according to the proportions of the web. Flanges can be compact, noncompact,
or slender and the moment strength for these limit states is the same as that discussed in
Chapter 6. Thus, it is possible, for example, for a noncompact web plate girder to have a
slender flange, potentially controlling the capacity of the member. The design rules for each
type of girder are considered separately.

With our discussion limited to doubly symmetric plate girders, the limit states that must
be considered are compression flange yielding, compression flange local buckling, web local
buckling, and lateral torsional buckling. These are the same limit states considered for the
rolled I-shapes in Chapter 6 with the addition of web local buckling. The additional limit state
of tension flange yielding can be ignored because the compression flange always controls
over the tension flange in these doubly symmetric members. Plate girders with noncompact
webs are addressed in Specification Section F4 and those with slender webs in Section F3.
The nominal strength of plate girders, for all limit states, can be described through the use
of Figure 7.4. As with the rolled I-shaped members discussed in Chapter 6, the behavior
is plastic, inelastic, or elastic. Figure 7.4 shows that the plastic behavior corresponds to an
area of the figure described as compact. Inelastic behavior corresponds to the area identified
as noncompact and elastic behavior corresponds to the area identified as slender.

Applying the same figure to the lateral torsional buckling limit state, the fully braced
region corresponds to plastic behavior, whereas the partially braced region corresponds to
either inelastic or elastic buckling.

The flexural design strength (LRFD) and allowable strength (ASD) are determined just
as they were for the flexural members discussed in Chapter 6. Thus

$=09(LRFD) Q= 1.67(ASD)

Table 7.1 Sections of Specification and Parts of Manual Found in This Chapter

Specification

B4 Classification of Sections for Local Buckling

F4 Other I-Shaped Members with Compact or Noncompact Webs, Bent about their Major Axis

F5 Doubly Symmetric and Singly Symmetric I-Shaped Members with Slender Webs Bent
about their Major Axis

G Design of Members for Shear

J44  Strength of Elements in Compression

J10 Flanges and Webs with Concentrated Forces
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| Elastic —=

=— Plastic

Nominal moment, M,

Compact Moncompact Slender

Slenderness, A
Figure 7.4 Plate Girder Nominal Flexural Strength.

and for ASD, the allowable strength is

Rn
R, = — 1.1
«= g (1.1}
For LRFD, the design strength is
R, = R, (1.2)

7.2.1 Noncompact Web Plate Girders

The influence of web slenderness on the strength of plate girders is not treated as a separate
limit state to be assessed through its own set of requirements. Rather, web slenderness
comes into play as it influences the flange yielding or flange local buckling strength and the
lateral-torsional buckling strength as provided in Specification Section F4.

The slenderness parameter of the web is defined as A,, = h./1,.. For the doubly sym-
metric plate girder, Case 9 in Specification Table B4.1, this can be simplified to 4, = h/t,.,
where h is the distance between the flanges. For a plate girder to be noncompact, the
following requirements are set:

s <

where, according to Table B4.1 of the Specification
E
Ap=3.76 [ —

»=3 Fy

and

E
A =570 [ —

F.

¥
The influence of the noncompact web is characterized through the web plastification
factor, R,.. This factor is used to assess the ability of the section to reach its full plastic

capacity and modifies the flange yielding or local buckling and lateral torsional buckling
limit states. The web plastification factor is given in the Specification as Equation F4.9 and

is shown here as
My  \ M, Arw — A M,
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where

M,=F,Z, < 1.6F,S;

and

My, = F, S,

Equation 7.1 is shown in Figure 7.5 for two values of M,/M,., one with a maximum
value of 1.6 to account for the limit on M, and one at 1.2. The ratio M,/M,,. is the shape
factor that was discussed in Chapter 6. As was the case in that discussion, it must be limited
to 1.6 in order to insure that the necessary rotation can take place before strain hardening
occurs as the section undergoes plastic deformation. The minimum R, is seen to be 1.0,
regardless of M,/M,.. Thus, a conservative approach would be to take R,. = 1.0. Because
a plate girder with a web that is only slightly noncompact would have significant additional
strength reflected through the use of R, and the calculation of R, is not particularly difficult,
there is no advantage to this simplification. Thus, Equation 7.1 will be used throughout this
chapter, as appropriate.

The strength of a plate girder as a function of flange slenderness is shown in Figure 7.6.
For a compact flange girder, the impact of the noncompact web is to modify the capacity
by the factor R, as given in Equation 7.2.

M, = R,.F,S, (1.2)

RoeFySy

My = Ry My — (RycMy = o.rr,s,‘,{%f;_%)]

I
I
:
1
i 0.9Ek,S,
H LT
P, Lo 12
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Nominal moment, M,
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1

1

1
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Flange slenderness, A

Figure 7.6 Nominal Flexural Strength Based on Flange Local Buckling.
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At the lower limit for a noncompact web, 4,

M
R o = i

P My
and

M

M, = Eﬁ F,.S5: =M,
At the upper limit of a noncompact web, A, Ry = 1.0 and the nominal strength

becomes

M, = 1.0F,S, = M, (13)

At the juncture between the noncompact and slender flange, 4,7, the nominal moment
strength is given as

M, = 0.7F,S, (7.4)

where the 0.7F, accounts for the residual stresses in the member. This is the same residual
stress assumed to have occurred in the hot rolled shapes, even though this is a welded shape.

The moment strength for a noncompact flange plate girder is found through the linear
interpolation between the end points as shown in Figure 7.6 and is given by Equation 7.5.

A=A
M, = | RpeMye — (RpeM,e — 0.7F, S, —”*’) 75
{m' e ! )(laf'"'\rr: g
The influence of the noncompact web is diminished as the flange becomes more and
more noncompact. Once the flange becomes slender, R, is no longer needed and flange
local buckling controls the strength of the girder. Behavior of the slender flange girder is an
elastic buckling phenomena depicted in Figure 7.6 and given as

 0.9EK.S,

2 (7.6)

where the plate buckling factor is
4
Vhit,
This plate buckling factor must be taken in the range from 0.35 to 0.76.

Lateral torsional buckling behavior for noncompact web plate girders is, in principle, the
same as for rolled beams. However, the equations in the Specification are slightly altered
and the web plastification factor must be included. As was the case when considering
the noncompact flange, the influence of the noncompact web is diminished as the lateral
torsional buckling response becomes more dominant. Figure 7.7 shows the strength of a
noncompact web plate girder when considering lateral torsional buckling.

For a plate girder with lateral supports at a spacing no greater than L ,, Equation 7.2,
which includes the influence of Ry, again defines the girder strength. This girder would
be considered to have full lateral support. The definition of this limiting unbraced length is
slightly different than it was for a compact web member. This difference is slight but has
been used in the Specification because it gives more accurate results when used for singly

symmetric girders.
H E
L p= 1. ]I", F\

k‘. =
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Figure 7.7 Nominal Flexural Strength Based on Unbraced Length.

For I-shapes with a rectangular compression flange, the effective radius of gyration for
lateral-torsional buckling is

by

ha 1 R
12| 2 + -a,—
(d kgt hﬂd)

=

This can conservatively be taken as the radius of gyration of the compression flange
plus one-third the compression portion of the web.

The strength of a section undergoing elastic lateral-torsional buckling can be obtained
through plate buckling theory. The Specification gives

Cyp2ES, J {Ly\?
T L 140.078 (J) < RypeM,. amn

& g Scho \ 1y
rr

Because residual stresses occur in plate girders just as they do for a rolled shape, elastic
buckling cannot occur if the residual stress pushes the actual stress on the shape beyond
the yield stress. With the residual stress taken as 0.3F,, the available elastic stress is again
taken as 0.7F,. Thus, Equation 7.4 again gives the limiting strength, this time for elastic
lateral-torsional buckling. Using this strength with Equation 7.7, the unbraced length that
defines the limit of elastic lateral-torsional buckling is obtained as

E J 0.7F, Sih,\2
r‘o,’ny\/S,k,, 1+‘/I+676( ks ) (7.8)

Equation 7.8 differs slightly from the corresponding equation in the Specification because
it has been modified here to reflect only the doubly symmetric girders considered in this
chapter.

The lateral-torsional buckling strength when the member has an unbraced length be-
tween L, and L, is given by the same straight-line equation as used previously. This
'tli:le‘ however, it accounts for the noncompact web by including R, at the upper limit.

us

Ly—1L
M, = C{RmMﬂ. — (RpcM, — 0,7Fysx)( L" L”)} < RpcM,, (7.9)
e
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7.2.2 Slender Web Plate Girders

Slender web plate girders are covered in Specification Section F5. They are those built-up

members with web slenderness, A, = = exceeding the limit

Are = 5.70 ~E—
V£
as given in Table B4.1.

As was the case for noncompact web members, web slenderness is not a limit state to
evaluate on its own. Its impact on member strength is characterized through the bending
strength reduction factor, R,,. The bending strength reduction factor is given by Equation
7.10 and shown in Figure 7.8.

Ay h E
s (2 _s59/E) <10 7.10
Rys =1 1mo+300a.,(:,, o o (A%

where

As
A, = area of the web
Ay = area of flange

&=

The Specification places limits on the proportions of members that can be designed accord-
ing to its provisions. The web-to-flange arearatio, a,,, is limited to 10 to prevent the designer
from using these provisions for members that are essentially webs with small stiffeners. In
addition, the web slenderness is limited so that & /t,, < 260. This insures that the girder is
not so slender that the stated provisions do not properly refiect its behavior.

Equation 7.10 shows k. from the Specification equation replaced by A in order to take
advantage of the doubly symmetric limitations of this discussion. The bending strength
reduction factor reduces the strength of the girder uniformly in all ranges of flange com-
pactness and lateral bracing. Thus, it could simply be held as a final reduction, as shown
in the Specification, or used within the primary equations as shown below. Because it is
uniformly applied to all of the limit states, the influence of a slender web on flexural strength
is easily visualized.

The strength of a plate girder as a function of flange slenderness is shown in Figure
7.9. The slenderness parameters for the flange are defined in Table B4.1 and are the same
as those used in Chapter 6 and Section 7.2.1. For a compact flange plate girder, A < 4,

M, = RyF,S, (7.11)

Slender

id Figure 7.8 Bending Strength Reduction
Web slenderness, A Factor.
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Figure 7.9 Nominal Flexural Strength Based on Flange Slendemness.

Because R, will not exceed 1.0, the bending strength of the slender web girder is
limited to the yield moment,

At the juncture between the noncompact and slender flange, 1,7, the strength is limited
to elastic behavior, after accounting for residual stresses. Thus

My = Rpe(0.7F,S,) (1.12)

The moment capacity for the slender web-noncompact flange plate girder is given by the
linear transition

A=A
M, = Ry,S, [F, - (O,SF_,)(—"L)] (7.13)
Ao = oy
For the slender web-slender flange member, the strength is the same as it was for the
noncompact web-slender flange member and given in Equation 7-6, except for the use of
Rpe. Thus

 0.9EK.S Ry

M, 2

(7.14)
The plate buckling factor, k., is as previously defined.

Lateral torsional buckling for the slender web girder appears to be quite similar to the
noncompact web girder and is shown in Figure 7.10. However, some differences must be
noted. For a member to be considered as having full lateral support, its unbraced length is

RogFiSe =L

:n Il My, = CypRpgSy | Fy = (0.3F), ﬁ SR, FS
2 :
- :
5 : oS
g ! M, = 5 pE o < p F, s
E RyOTESY-=-=--== bommm oo 2N . i
Z 1 i Ul

1 I

1 I

| |

L, L,

Unbraced length, Ly

Figure 7.10 Nominal Flexural Strength Based on Unbraced Length.
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limited to a spacing not greater than L ,, where

|E
Ly=Lln /&

This is the same limit used for noncompact web girders but is different than that used
for compact web members.
The elastic lateral-torsional buckling strength of the slender web girder is given in the
Specification as
Cp2ES Ry

B
Tt
When this strength is set equal to the corresponding strength limit given by Equation
7.12, the limiting unbraced length, L,, becomes

H E
L.=mr W

This limit for elastic lateral-torsional buckling is not the same as was used for the
noncompact web girder. Thus, L, is different for the three types of plate girder: compact
web, noncompact web, and slender web.

For the inelastic lateral torsional buckling region, the strength is given by a linear
equation similar to those used previously, with the addition of the R, multiplier; thus

Li=L,
=

= Rngysx (7.15)

M, = c,,Rpxs,[F, - (0,3}-3)( )] < RyeFy Sy (7.16)

EXAMPLE 7.1
Plate Girder Flexural
Strength

GOAL:  Determine the available flexural strength for two different plate girder designs, a web
thickness of (a) ¥ in. (noncompact) and (b) Y/; in. (slender).

GIVEN: The cross section of a homogeneous, A36, plate girder is shown in Figure 7.11. The span
is 120 ft and the unbraced length of the compression flange is 20 ft. Assume C;, = 1.0.

26in. lyin.

—t

26 in..

iy in.
Figure 7.11 Plate Girder for Example 7.1.




72 Homogeneous Plate Girders in Bending 191

SOLUTION Step 1:  Determine the section properties for both plate girders.
(a) 3 in. web (b) Ya in. web

t, =0.375in. t, =0.25in.

A =635in? A =575in?
I, =30,600in.* I, =29,500in.*
I, =2560in.* I, =2560in.*
§, =1230in? S, =1190in?
Z, =1330in.} Z, =1260in.}
rr =7.13in. r, =7.27in.
ry =6.35in. ry, =6.67in.

Part (a) For the plate girder with a ¥;-in. web plate
Step 2: Check the web slenderness in order to determine which sections of the Specification must
be followed.

h, 48 E
Ay =— = —— = =3. — =
. 0375 128> 4, =3.76 7, 107

fE
<.X,_5.'? Fy:lﬁz

Thus, this is a noncompact web girder and the provisions of Section F4 must be followed.
The web plastification factor must be determined.

Step 3:  Determine the shape factor and calculate R,,.
M, Z 1330
M, § 1230
Therefore, use 1.08 in the calculation of R,., Equation 7.1.

128 — 107
m)] =1.05 < 1.08

Step4: Determine the nominal bending strength for compression flange yielding.

=108 < 1.6

Ry = [1.03 —(1.08 - 1,0)(

M, = R\ F,S,
= 1.05(36)(1230) = 46,500 in.-kips
46,500 i
= —5— = 3880 fi-kips
Step 5: Check the unbraced length for lateral torsional buckling, with Ly = 20 ft or 240 in.
29,000
L,=1.1(7. — in.
p = 110.13) | 2= = 23in
223
Soars 18.6ft
and
29,000 12.5 0.7(36)(1230)(48.9)\ *
L,=1957.13)| — |.| — |1 14676 —————
(2 )(o.mﬁ))\/ 1230(43.9)J i \/ s ( 29,000(12.5) )
=796 in. = % =66.31ft
where

1 0.875)*  48(0.375)
J=):§b:’=2(26( 5 ))+ 8(03375) =125in?
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Step 6: Determine the nominal strength based on lateral-torsional buckling.
Because the unbraced length is between L , and L, the straight line equation, Equation
7.9, is used. Thus

0.7(36)(1230)\ [ 20.0 — 18.6
M, = [3380 = (3380 = 2 )(66.3 ST

)] = 3840 fi-kips

Step 7:  Check for the limit state of compression flange local buckling.

26
e
2, ~ 2(0875)

and the limits are

29,000
A, =038/"— =108
4 36
and, with k. = Hadk, Sl =0.354
' T Ja48j0375
A =095 04'35422:‘000] =16.0

Step 8: Determine the nominal moment strength for the limit state of flange local buckling.
Because A, < A; < A, the shape has noncompact flanges so that, from Equation 7.5

0.7(36)(1230) / 14.9 — 10.8 )
= gL — = 2860 fi-kips
M, [3880 (3880 = )( et 2860 ft-kips

Step 9: Determine the lowest available moment for the limit states checked.
For compression flange local buckling

Part (a) for LRFD
M, = 0.9(2860) = 2570 ft-kips
Part (a) for ASD
2860 ;
M, = T 1710 ft-kips

Part (b) For the plate girder with a /4-in. web plate
Step 10:  Check the web slenderness in order to determine which sections of the Specification must

be followed.

h. 48
Ay =—=——=192>4 =162
" 025 5
Therefore, this is a slender web plate girder and the provisions of Section F5 must be
followed.




Step 11:

Step 12:

Step 13:

Step 14:

Step 15:

Step 16:

Step 17:
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Determine the bending strength reduction factor, Equation 7.10.

_ 120
LT

0.526 48.0 29,000
Ry =1- 1200 + 300(0.526) (o.zso —5N 5 ) =050

a =0.526

Determine the nominal moment strength for the limit state of yielding.
_ RpFyS:  0.988(36)(1190)
- DI 12

Check the unbraced length for the limit state of lateral torsional buckling.

Ly, =20ft

M,

= 3530 ft-kips

L, =110.27) 293;'600 =227in.

227
=— = 19.0ft
12

and

29,000

WO Fry ) W) et
Lo =20 57Ge)

=T775in.

= IE =64.6ft
12

Determine the nominal moment strength for the limit state of lateral torsional buckling.
Because the unbraced length is between L, and L,, the nominal moment for lateral
torsional buckling, Equation 7.16, is

20.0-19.0 1 .
M, = 0.988(1 190)[36 - 0'3(36}(M)](E) = 3500 fi-kips

Check compression flange local buckling.

For compression flange local buckling, the flange slenderness is the same as it was
for Part (a) of this problem, Ay = 14.9, and the compact flange limit is also the same,
Ap = 10.8. However, the limiting flange slenderness for the noncompact flange is different
because it is influenced by the web thickness through k.. For the 4;-in. web plate

b 280« 038

/480,250

therefore
k. =0.350
and

.350(29,000
A =05, 22000 _ ¢,
36
Determine the nominal moment strength for flange local buckling, Equation 7.13.

_ (/0-988(1190) 149 —10.8\) ¥
M, = (T) (36 - 0.3(36)(m)) = 2690 ft-kips

Determine the lowest nominal moment for the limit states checked.
For compression flange local buckling
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Part (b) for LRFD
M, = 0.9(2690) = 2420 ft-kips
Part (b) for ASD
2690
= —— = 1610 ft-ki
M, 67 610 fi-kips

EXAMPLE 7.2 GOAL: Determine the available moment strength for an A572 Gr. 50 I-shaped built-up member.
Plate Girder )

Flexural Strength GIVEN:  The girder is shown in Figure 7.12. It has lateral supports for the compression flange at

8-ft intervals. r, = 2.81 in.
SOLUTION Step 1: Check the web slenderness in order to determine which sections of the Specification must

be followed.

h 20 E
== =——=533<4,=376|— =906
Ay S Sy VF,

Therefore, the girder is a compact web girder and should be designed according to Section
F3. These are the provisions that were discussed in Chapter 6.

Step 2:  Check the unbraced length limits for lateral-torsional buckling.

Ly =8.0ft
E
L, =1.76r, [— = 1.76(2.81)
F,
119
=5 =992t > L, =8t

Therefore, lateral torsional buckling is not a factor.

S e

iy e ee——————1

20.0in.

—=| l=—3in.

lgin.

—_—
|~— 14.0in. —-| I
. Figure 7.12 Plate Girder for Example 7.2.



7.3 Homogeneous Plate Girders in Shear 195

Step 3:  Check the slenderness limits for flange local buckling.

b 7.0
Af=—=—— =28
Sk e
The limiting slenderness is
29,000
A, =038,/ —— =9.15
f 50
and with
4

548

—_— =)
20.0/0.375

1 =095,/ TEBOT _

Step 4:  Determine the nominal strength for the limit state of flange local buckling.
The flange is slender. Thus, for flange local buckling
0.9Ek S,
My = 2
i

- 0.9(29,000)(0.548)(94.4)
i (28.0)%(12)

Step 5:  Determine the lowest nominal moment for the limit states checked.
Flange local buckling is the controlling limit state. Thus

= 144 fi-kip

For LRFD

M, = 0.9(144) = 130 ft-kips

For ASD

144 :
M, = o= = 862 fikips

7.3 HOMOGENEOUS PLATE GIRDERS IN SHEAR

Shear is an important factor in the behavior and design of plate girders because the webs
have the potential to be relatively thin. Two design procedures are available for shear design
of plate girders. One accounts for the postbuckling strength available through tension field
action, whereas the other uses only the buckling strength of the web without relying on any
available postbuckling strength. Transverse stiffeners can be used to increase web shear
strength but are not required unless tension field action is to be counted on.
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A

Figure 7.13 Plate Girder Showing Tension Field Action.

The limit states for web shear are web yielding and web buckling. If tension field action
is not considered, these limit states are evaluated and the strength of the web determined.
Under certain circumstances it is possible to take advantage of the postbuckling strength of
the girder web to determine a higher strength limit. Research has demonstrated that a plate
girder with transverse stiffeners and a thin web can act as a Pratt truss once the web buckles,
thus providing additional postbuckling strength. This truss behavior is illustrated in Figure
7.13, where the buckled panel of the girder simulates the tension diagonal of the truss and
the stiffener represents the vertical web member. The designer must decide whether to use
this tension field action or to design a conventional, nontension field girder. It will be seen
that web yielding controls the maximum strength of the girder web. If the size of the girder
web permits web yielding, there will be no advantage to considering stiffeners, with or
without tension field action.

Shear design strength (LRFD) and allowable strength (ASD) are determined with
¢ = 0.9 and 2 = 1.67, as was the case for flexure.

7.3.1 Nontension Field Action

The nominal shear strength for a nontension field plate girder is a function of the slendemness
of the web. This slenderness is defined as A, = h/t, and the limits used to describe the
behavior are

kE
Jop = 1.1 ;.y

and
kE

¥

The web plate-buckling coefficient, &, , for unstiffened webs of I-shaped members that meet
the proportioning criteria of the Specification, that is, A, < 260, is taken as k, = 5.0. For

stiffened webs
5
k, =54+ ——
' (a/h)*

but is taken as 5.0 when a/h > 3.0 or a/h > [260/(h/t,))?
The nominal shear strength of a nontension field girder is given by

V, = 0.6F,A,C, (7.17)
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Web slenderness, A, = W/t (F, = 50 ksi)

Figure 7.14 Web Shear Coefficient as a Functional Web Shear Slenderness.

where

A, = the overall depth times the web thickness and the web shear coefficient, C,, is a
function of web shear slenderness.
For by < Ay = 1.10/K, EfF,

Ci=10
for husp = 110 /B EfFy < Ay < Aoy = 1.37 /K, EJF,
1.10,/k, EJF,

A

and for A,y > Ay = 1.37,/k EfF,
_ 1.51Ek,
" Gan)Fy

The web shear coefficient is shown in Figure 7.14 for two cases of the web plate buckling
coefficient, &, = 5.0 and 10.0. For a web with shear slenderness less than Xl Cy = 1.0
and the web reaches its full plastic strength. For a web with shear slenderness greater than
Awvr, the web buckles elastically and for a web with shear slenderness between these, the
web buckles inelastically. Comparing the two curves in Figure 7.14 shows the impact of
adding stiffeners to a nontension field girder; a girder with no stiffeners, &, = 5.0; and one
with stiffeners spaced so that the panels are square, a/h = 1.0 and k, = 10.0.

v

7.3.2 Tension Field Action

Although the Specification does not require that tension field action be considered, a designer
may take advantage of tension field action when stiffeners are present. The impact of tension
field action is to increase the web shear strength, with the nominal shear strength determined
as a combination of web buckling strength and web postbuckling strength. Both of these
strength components are functions of stiffener spacing.

To include tension field action in the strength calculation, the plate girder must meet
four limitations of Specification Section G3. Figure 7.15 illustrates these four limitations
as described on the next page.
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Figure 7.15 Limitations on Plate Girder to Permit Tension Field Action.

No Tension Field Action in End Panels

Figure 7.15a shows a plate girder with a potentially buckled web. The diagonal tension that
is developed in the web brings two orthogonal components of force to the flange-stiffener
intersection. The vertical stiffener resists the vertical component and the flange resists the
horizontal component, just as for the Pratt truss. The end panel has no next panel to help
resist the horizontal component; thus, this last panel must resist the shear force through
beam shear, not tension field action. Every stiffened plate girder has end panels that must
be designed as nontension field panels. This usually results in narrower panels at the ends
of tension field girders.

Proportions of Panels

The Specification provides two limits on the proportions of stiffened panels. Tension field
action may not be considered if

%}3

a_ (260 )2
h hity,
Figure 7.15b shows a portion of a stiffened plate girder with stiffeners placed at the
limit of a/h = 3. The panel is quite elongated and its effectiveness to resist vertical forces

is significantly reduced when compared to a panel with a smaller aspect ratio such as that
shown in Figure 7.15a.

or
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Proportion of Web Area to Flange Area

For doubly symmetric plate girders, the ratio of web area to flange area cannot exceed 2.5. If
this limit is exceeded, the flanges are not sufficient to resist the developed diagonal tension
forces. Figure 7.15c shows a plate girder with a ratio of areas at this limit.

Proportion of Flange Width to Web Height

The Specification limits the proportions of a tension field plate girder so that it retains its
ability to resist lateral buckling due to the compression forces developed in the flange. The
web height, A, cannot exceed six times the flange width, b,. Figure 7.15d shows a plate
girder at this limit. It is easily seen that this is a rather slender member.

The maximum shear strength of a girder web is for the limit state of yielding. Thus,
tension field action is effective only if A/t > A, as defined for nontension field action
girders. Otherwise, the strength of the girder is already at its yield strength. Thus, for

h k,E
— > Ayp = 1.1 | —— the nominal shear strength is the shear buckling strength plus the
bty i
postbuckling strength as given by
Voim 0674, [ €, 4+ — 2= Cn (7.18)
R A QLT Y ey :

Figure 7.16 shows the web shear strength for tension field and nontension field plate
girders, in terms of V,./(0.6F,A,), as a function of web shear slenderness for a variety of
panel sizes. Equation 7.18 can be rewritten to show that the strength due to tension field
action is simply the combination of the prebuckling strength and the postbuckling strength
as

1-C,
Vo = 0.6F,A,C, +0.6F, A, [m]

1.15v/1 + (a/h)?

F T T I I
1.0 —
0.8 -
;‘g‘ 0.6 .l
=
04 —
02 - —
| | 1 | 1
0 50 100 150 200 250 300

Web slenderness, A, = h/r,, (F’ =50 ksi)

Figure 7.16 Web Shear Strength for Tension Field and Nontension Field Plate Girder.
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The prebuckling strength can be seen in Figure 7.16 as the strength of the nontension
field girder. The addition of the postbuckling strength shifts the curves for each particular
afh shown in the figure.

The end panel in a tension field plate girder must be especially rigid in order for the
remainder of the web to properly function as a Pratt truss. Thus, the stiffener spacing for
the panel next to the support must be less than that within the span and shear in the end
panel must conform to the rules for a nontension field girder.

7.4 STIFFENERS FOR PLATE GIRDERS

When stiffeners are required for a plate girder, they can be either intermediate stiffeners or
bearing stiffeners. Intermediate stiffeners purpose is to increase girder shear strength, either
by controlling the buckling strength of the girder web or by permitting the postbuckling
strength to be reached. These stiffeners are distributed along the girder length and result
in panel sizes with aspect ratios, a/h, that impact girder shear strength. Bearing stiffeners
usually occur at the locations of concentrated loads or reactions. They permit the transfer
of concentrated forces that could not already be transferred through direct bearing on the
girder web.

7.4.1 Intermediate Stiffeners

The Specification requirements for intermediate stiffeners are prescriptive in nature. There
are no forces for which these stiffeners must be sized; they are simply sized to meet the
specific limitations provided in Sections G2.2 and G3.3. As already discussed, stiffeners are
not required if the nontension field girder web strength is determined using k, = 5. This is
shown as the area under the lowest curve in Figure 7.16. The increase in strength indicated
by the other curves in Figure 7.16, any area to the right of the shaded area, is the result of
increasing k, to values greater than S and this in tumn is the result of having panel aspect
ratios of 3 or less. Because stiffeners are required to produce a panel with this aspect ratio,
intermediate stiffeners are required for these girders.

The only other size requirement for intermediate stiffeners in nontension field girders is
alimit on their moment of inertia. Specification Section G2.2 states that transverse stiffeners
used to develop the available web shear strength shall have a moment of inertia about an
axis in the web center for stiffener pairs or about the face in contact with the web plate for
single stiffeners shown in Figure 7.17, Iy, such that

Iy = a’.{-j
| x
A A
¥
r Stiffener
W‘eb\ i WH:\
i
e
Stiffener i
1
A
r ¥
x x

Figure 7.17 Web Stiffener Minimum Moment of Inertia.
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4t <a<bt,

=
=]

Figure 7.18 Detailing Requi for I liate
Stiffeners.
where
. 2.5
=——-2=>05
J 8,”!)2 =

In addition, the Specification provides detailing requirements for intermediate stiffen-
ers. They can be stopped short of the tension flange and, when used in pairs, do not need
to be attached to the compression flange. The weld by which they are attached to the web
shall be terminated between four and six times the web thickness from the near toe to the
web-to-flange weld, as shown in Figure 7.18, but there is no specific requirement for sizing
that weld. Normally it would be sized based on the plate thickness. When single stiffeners
are used, they must be attached to the compression flange, if it consists of a rectangular plate,
to resist any uplift tendency due to torsion in the flange. Because intermediate stiffeners
provide a convenient mechanism to transfer bracing forces to the girder, these stiffeners
also must be connected to the compression flange and must be capable of transmitting 1%
of the total flange force.

Intermediate stiffeners for tension field girders must meet the requirements already
discussed and the slenderness and area requirements of Specification Section G3.3 where

b

(—) =0.56 L5

Ly Fysr
F.T

v, o
Ay = E[G,ISD,M"(I - Cy)vc - ISI“.] =0

and

where
(b/1),, = width thickness ratio of the stiffener

Fyse = yield stress of the stiffener
D; = 1.0 for stiffeners in pairs
= 1.8 for single-angle stiffeners
= 2.4 for single-plate stiffeners
V. = required shear strength at the location of the stiffener
Ve = available shear strength as defined in Section G3.2

This stiffener area is based on the force that must be carried by the stiffener. It accounts
for any difference in web and stiffener material strength, the ratio of the required-to-available
shear strength, and a reduction for the contribution of the web in resisting the vertical force.

202 Chapter 7  Plate Girders

7.4.2 Bearing Stiffeners

Bearing stiffeners are required when the strength of the girder web is not sufficient to
resist the concentrated forces exerted on it. Although bearing stiffeners can be required
for rolled I-shaped members, they are much more likely to be required for plate girders,
particularly at the girder supports. Specification Section J10 addresses the appropriate limit
states. Normally the forces to be resisted are compressive in nature. For those cases, the limit
states of web local yielding, web crippling, and web sidesway buckling must be checked.
When the applied load is tensile, web local yielding and flange local bending must be
considered. If the strength of the web is insufficient to resist the applied force, bearing
stiffeners can be used.

The relationship between available strength and nominal strength varies for each limit
state associated with web strength. Thus, either design strengths or allowable strengths
must be compared, not nominal strengths, to determine the minimum web strength, The
appropriate resistance factors and safety factors are given with the following discussion of
the limit states.

Web Local Yielding

When a single concentrated force is applied to a girder, as shown in Figure 7.19, the force
is assumed to be delivered to the girder over a length of bearing, N, and is then distributed
through the flange and into the web. The narrowest portion of the web is the critical section.
This occurs below the web to flange weld, dimensioned as k in Figure 7.19a. The distribution
takes place along a line with a slope of 1:2.5. So when the critical section is reached, the
force has been distributed over a length of N plus 2.5k in each direction. If the concentrated
force is applied so that the force distributes along the web in both directions, this distribution
increases the bearing length by 5k as shown in Figure 7.19b. If the bearing is close to the
end of the member, distribution takes place only in one direction, toward the midspan. The
Specification defines “close to the member end” as being within the member depth from
the end. Thus, the available length of the web is (N + 2.5k), as shown in Figure 7.19¢.

Rn t— N —a=
3 i TIIIITINL
. =

e e s o e o =
! N f
Critical k N+ 5k
section
P | S k N+25K o
_i___ 1 — i e i
_}._|_._| T :

(a) (b) (c)
Figure 7.19 Single Concentrated Force Applied to Beam.,
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The nominal strength of the girder web when the concentrated force to be resisted is
applied at a distance from the member end that is greater than the depth of the member,
d,is

R, = (5k + N)wafw

When the concentrated force to be resisted is applied at a distance from the member
end that is less than or equal to the depth of the member, d, the nominal strength is

Ry = 2.5k + N)Fyut

where
Fy = yield stress of the web
N = length of bearing
k = distance from the outer face of the flange to the web toe of the fillet weld
t, = web thickness

For web local yielding
¢ = 1.0 (LRFD) Q = 1.50 (ASD)

‘Web Crippling

The criteria for the limit state of web crippling also depend on the location of the force with
respect to the end of the girder.

When the concentrated compressive force is applied at a distance from the member
end that is greater than d/2

L5
oo 13 7) ()] /2o
f W

When the force is applied at a distance less than d/2 and N/d < 0.2

15
R, = 0.40: [1 i 3(&) (‘i) ] EFyty
d ty Iy
and when N/d > 0.2

R, =0.402| 1 + (ﬂ - 0.2)(2)1.5 EFyty
v d Iy ty

¢ = 0.75 (LRFD) = 2.0 (ASD)

For web crippling

Web Sidesway Buckling

The web of a plate girder is generally a slender element, as has already been discussed. If
the tension and compression flanges of the girder are not prevented from displacing laterally
with respect to each other at the point of load, web sidesway buckling must be assessed. Two
provisions are provided for sidesway buckling: (1) if the compression flange is restrained
against rotation, and (2) if it is not.
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When the compression flange is restrained against rotation and the ratio of web slen-
derness to lateral buckling slenderness, (h/t,,)/(I/bs) < 2.3, the nominal strength is given
as

If, (h/t,)/(I/bs) > 2.3, the limit state does not apply.
When the compression flange is not restrained against rotation and the ratio of web
slenderness to lateral buckling slendemess, (h/f,)/(l/bs) < 1.7, the nominal strength is

given as
C.t3t; e\
h="p [0'4(%)

and if (h/1,.)/(I/bg) > 1.7, the limit state does not apply.
In the above equations

| = largest laterally unbraced length along either flange at the point of load -
C, = 960,000 ksi when M, < M, or 1.5M, < M, and 480,000 ksi when M, = M,
or L5SM, =M,

For web sidesway buckling

¢ = 0.85 (LRFD) Q = 1.76 (ASD)

Flange Local Bending

This limit state applies when a single tensile concentrated force is applied to the flange
and the length of loading across the member flange is greater than 0.15b, as shown in
Figure 7.20. The nominal strength is

Ry =625t} Fy

—10.15 by [~

b

by Figure 7.20 Flange Local Bending for an Applied Tension Load.
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If the force is applied at a distance less than 10¢; from the member end, the strength
must be reduced by 50%.
For flange local bending,

¢ = 0.9 (LRFD) Q = 1.67 (ASD)

7.4.3 Bearing Stiffener Design

Once the appropriate limit states are checked, a decision is made as to the need for bearing
stiffeners. Although it is possible to select a web plate that would not require stiffeners,
this is not usually the most economical approach, even though the addition of stiffeners is
a high labor and thus high cost element. When bearing stiffeners are to be sized, Section
J10.8 of the Specification requires that they be sized according to the provisions for tension
members or compression members as appropriate.

Stiffeners designed to resist tensile forces must be designed according to the require-
ments of Chapter D, for the difference between the required strength and the minimum
available limit state strength. The stiffener must be welded to the flange and web and these
welds must be sized to resist the force being transferred to the stiffeners.

Stiffeners required to resist compressive forces must be designed according to the
provisions of Chapter E, except for stiffeners with KL/r < 25, which may be designed with
F., = F,, according to Section J4.4, for the difference between the required strength and
the minimum available limit state strength. These stiffeners must also be welded to the
flange and web and these welds must be sized to resist the force being transferred to the
stiffeners.

EXAMPLE 7.3
Plate Girder Flexural
and Shear Strength

GOAL:  Determine the available moment and shear strength using tension field action.

GIVEN: A built-up member is shown in Figure 7.21. Assume that the beam is laterally braced
continuously. Use A572 Gr. 50 for the member plates and A36 for the stiffeners. §, = 464 in’.

e

1.0in. —T—

/Stifrencrs 4.50in. x ¥g in. @ 5 ft-0 in. on center

—af |y i,

S

Figure 7.21 Plate Girder for Example 7.3.

10in. =
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SOLUTION

Step 1:  Check the web slenderness to determine which section of the Specification must be used.

An.=-’!-=ﬂ=]6ﬂ>l,:5.7‘}w=l37
. 045 50

Therefore, this is a slender web plate girder and the provisions of Section F5 must be
applied.
Step 2: Determine the bending strength reduction factor.
The ratio of web area to flange area is given as

40.0(0.250)
ool R
= 70.0(1.00)
and
e N f AR g DO s g
1200 + 300(1,00) \ 0.250 50

Step 3: Determine the nominal strength for the limit state of yielding.
0.985(50)(464
e (50)(464)
12

Step 4: Determine the nominal moment strength for lateral-torsional buckling.
The flange is fully braced, so this limit state does not apply.

Step 5: Determine the nominal moment strength for the limit state of flange local buckling.
The flange slenderness is

= 1900 ft-kips

B 50 29,000
=—=-—=50<038,/—— =9.15
il 50
Therefore, the flange is compact and there is no reduction in strength.
Step 6: Determine the lowest nominal moment strength for the limit states calculated.
M, = 1900 kip-ft

Step 7:  Determine the available moment strength.

For LRFD
M, = 0.9(1900) = 1710 ft-kips
For ASD
1900
= —— = 1140 fi-ki
Me= T e

2

Step 8: Determine the shear strength with tension field action. First check the intermediate stif-
feners against the prescriptive requirements.
Proportions of panel
a 600
—=—=150<3
h 400 =

2

2 2
2 @) :(ﬂ) =264
A/t 0.0/0.250
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Proportions of web to flange

Ay 42.0(0.250)

b3 T e
Proportions of flange width to web height
S0 50
BT

Because the criteria have been satisfied, it is permissible to use tension field action in all
but the last panel.

Step 9:  Determine whether tension field action increases shear strength by checking the web shear

slenderness.
5
=5+ ——==5+—"——=7.
(afh)* (60.0/40.0) e
thus
kE [7.22(29,000)
App =11 — =11,/ —————— =
P F, 1.1 0 T1:2
and
k E 7.22(29,000)
Ayr = 137 | — =137, ———~ =
Fy 50 e

B o h 40.0 :
.ccause ’ = : = 0—25—0 = 160 is greater than Awyp and A, tension-field action pro-
vides an increase in web shear strength.
Step 10:  Determine the shear strength coefficient.
1.51(29,000)(7.22)
e e e ()04
(160)~(50)

The nominal shear strength is

1 —0.247
V, = 0.6(50)(42.0)(0.250) (0.247 = e R L ) e
1.15y/1 + (1.50)? .

Step 11:  Determine the available shear strength.

For LRFD
} V. =10.9(192) =173 kipsw
For ASD
192
Vo= — = i
=157 115 kips

Step 12:  Check the intermediate stiffener size for meeting the criteria.
For a single plate stiffener

b’ 0.375(4.50)°

Iy =
3 3

=11.4in*
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Step 13:

which must be greater than at}, j with
25
= (60074007
Because j must be greater than or equal to 0.5
ar) j = 60.0(0.250°(0.5) = 0.468 < 11.4

J 2=-089>05

and the stiffener satisfies this requirement.
Check the minimum stiffener area.

Because this minimum area is a function of the ratio of required shear strength to
available shear strength, the minimum stiffener area is first determined with that ratio as
an unknown. Thus

Ay, = 4.50(0.375) = 1.69

and

50 Ve Ve
Ay = = 0.15(2.4)(40.0%(0.250)(1 — 0.247) —) — 18(0.250)* | = 3,??(—) - 1.56
36 V. V.
Thus, as long as the ratio of required-to-available strength is less than 0.862, these stiffeners
are adequate to permit tension field action. With this limitation, the maximum nominal
shear strength in a panel where tension field action is used is as given on page 207 in

Step 11.

7.5 PROBLEMS

1. Determine the available moment strength of an A36 plate
girder with a web plate of 50- x l/2-in. and equal flange plates
of 12- % 1-in, Assume there is full lateral support. Determine by
(a) LRFD and (b) ASD.

2. Determine the available moment strength of an A572 Gr. 50
plate girder with a web plate of 80- x '/3-in. and equal flange
plates of 16- x '/3-in. Assume there is full lateral support. De-
termine by (a) LRFD and (b) ASD.

3. Determine the available moment strength of an A572 Gr.
50 plate girder with a web plate of 40- x |/2-in. and equal flange
plates of 10- x 1-in. Assume there is full lateral support. Deter-
mine by (a) LRFD and (b) ASD.

4. Determine the available moment strength of an A36 plate
girder with a web plate of 75- x ¥s-in. and equal flange plates
of 14- x 1'/-in. Assume there is full lateral support. Determine
by (a) LRFD and (b) ASD.

5. For a plate girder spanning 80 ft with lateral supports at the
supports and midspan, determine the nominal moment strength.
The girder is an A36 member with a web plate of 45- x Ya-in.
and flange plates of 9- x ¥4-in.

6. Determine the available shear strength of an A572 Gr.
50 plate girder without transverse stiffeners. The web plate is

100 x ¥, in. and the flange plates are 15- x 1'/;-in. Determine
by (a) LRFD and (b) ASD.

7. Determine the available shear strength of an A572 Gr. 50
plate girder with transverse stiffeners spaced every 100 in. The
web plate is 100- x Y;-in. and the flange plates are 15- x 1'/3-in.
Determine by (a) LRFD and (b) ASD.

8. Determine the available moment and available shear
strength of an A36 plate girder on a 100-ft span with stiffen-
ers at the ends and 20 in. from the ends, along with intermediate
stiffeners spaced at 40 in. on center within the span. The girder
has a web plate of 40- x Ys-in. and flange plates of 8- x Yy-in.
Determine by (a) LRFD and (b) ASD.

9. Agirderistobe designed to span 125 ftand carry a uniformly
distributed live load of 2.0 kip/ft and a uniformly distributed dead
load of 1.9 kip/ft including the beam weight. Assume that the
compression flange has full lateral support and determine the
web and flange plates necessary if the web plate is limited to a
depth of 50 in. Determine any stiffener requirements for a non-
tension field girder. Use A572 Gr. 50 steel. Design by (a) LRFD
and (b) ASD.

10. Design a girder for the conditions of Problem 9 if the com-
pression flange is braced at the '/ points.
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Beam-Columns and
Frame Behavior

8.1 INTRODUCTION

Beam-columns are members subjected to axial forces and bending moments simultaneously.
Thus, their behavior falls somewhere between that of an axially loaded column and a beam
under pure bending. Itis therefore possible to consider the beam or axially loaded member as
special cases of the beam-column. Practical applications of the beam-column are numerous.
They occur as chord members in trusses, as elements of rigidly connected frameworks, and
as members of pin-connected structures with eccentric loads. It is not always possible to
look at a member and determine whether it is a beam-column or not. There must be some
knowledge of the actual forces being carried by the member to categorize it as a beam-
column. However, many structural members are subjected to these combined forces and the
beam-column is a very common element in building structures.
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P

Figure 8.1 Ultimate Interaction Surface for a
’ Stocky Beam-Column.

The manner in which the combined loads are transferred to a particular beam-column
significantly impacts the ability of the member to resist those loads. Starting with the
axially loaded column, bending moments can occur from various sources. Lateral load
can be applied directly to the member, as is the case for a truss top chord or a column
supporting the lateral load from a wall. Alternatively, the axial force can be applied at
some eccentricity from the centroid of the column as a result of the specific connections.
In addition, the member can receive end moments from its connection to other members of
the structure such as in a rigid frame. In all cases, the relation of the beam-column to the
other elements of the structure is important in determining both the applied forces and the
resistance of the member.

To understand the behavior of beam-columns, it is common practice to look at the
response predicted by an interaction equation. The response of a beam-column to an axial
load, P; major axis moment, M,; and minor axis moment, M is presented on the three-
dimensional diagram shown in Figure 8.1. Each axis in this diagram represents the capacity
of the member when it is subjected to loading of one type only, whereas the curves represent
the combination of two types of loading. The surface formed by connecting the three curves
represents the interaction of axial load and biaxial bending. This interaction surface is of
interest to the designer.

The end points of the curves shown in Figure 8.1 depend on the strength of the beam-
columns as described for compression members (Chapter 5) and bending members (Chapter
6). The shape of the curves between these end points depends on the properties of the
particular member as well as the properties of other members of the structure.

Table 8.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.

8.2 SECOND-ORDER EFFECTS

The single most complicating factor in the analysis and design of a beam-column is what
is known as second-order effects. Second-order effects are the changes in member forces
and moments as the direct result of structural deformations. Because the common elastic
methods of structural analysis assume that all deformations are small, these methods are
not able to account for the additional second-order effects. The results of that type of
analysis are called first-order effects, that is, first-order forces, first-order moments, and
first-order displacements. To account for the influence of the deformations, an additional
analysis must be performed. The results of this additional analysis are referred to as the
second-order effects.
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Table 8.1  Sections of Specification and Parts of Manual Found in this Chapter

Specification
B3 Design Basis
c Stability Analysis and Design
H Design of Members for Combined Forces and Torsion
Appendix 6 Stability Bracing for Columns and Beams
Appendix 7 Direct Analysis Method

Manual

Part 1 Dimensions and Properties
Part 3 Design of Flexural Members
Part 4 Design of Compression Members
Part 6 Design of Members Subject to Combined Loading

Several approaches are available for including second-order effects in an analysis. A
complete second-order inelastic analysis would take into account the actual deformation of
the structure and the resulting forces, as well as the sequence of loading and the behavior
of the structure after any of its components are stressed beyond the elastic limit. This
approach to analysis is generally more complex than is necessary for normal design. A
similar approach that includes the actual deformations but does not include inelastic behavior
is usually sufficient. The direct analysis method presented in Appendix 7 of the Specification
is this type of analysis. This method has a significant advantage to the designer because it
incorporates all factors necessary to carry out a beam-column design without any further
modifications or use of the effective length factor. The direct analysis method is briefly
discussed in Section 8.7.

An approach that is consistent with normal design office practice and with how beam-
columns have been handled for many years uses a first-order elastic analysis to approximate
the second-order conditions. This approach applies multipliers to the results of the first-order
analysis to obtain the second-order effects.

Twao different deflection components that could occur in a beam-column influence the
moments in that beam-column. The first, illustrated in Figure 8.2a, is the deflection along

A——"”
M, M‘/—\ M,
5 H
M, 77
k/j Moment diagram \{‘;l AT,
M. 1
* 'P Moment diagram

p
(a) Member effect
Figure 8.2 Column Displacements for Second-Order Effects.

(b) Structure effect

212 Chapter8 Beam-Columns and Frame Behavior

8.3 INTERACTION

the length of the member that results from the moment gradient along the member. In this
case, the member ends must remain in their original position relative to each other, thus,
no sway is considered. The moment created by the load, P, acting at an eccentricity, ,
from the deformed member is superimposed on the moment gradient resulting from the
applied end moments. The magnitude of this additional, second-order moment depends on
the properties of the column itself. Thus, this is called the member effect.

When the beam-column is part of a structure that is permitted to sway, the displacements
of the overall structure also influence the moments in the member. For a beam-column that
is permitted to sway an amount A, as shown in Figure 8.2b, the additional moment is giv‘en
by P A. Because the lateral displacement of a given member is a function of the properties
of all of the members in a given story, this moment is called the structure effect.

Both of these second-order effects must be accounted for in the design of beam-columns.
Procedures for incorporating these effects will be addressed once an overall approach to
beam-column design is established.

PRINCIPLES

The interaction of axial load and bending within the elastic response range of a beam-
column can be investigated through the straightforward techniques of superposition. This is
the approach normally considered in elementary strength of materials in which the normal
stress due to an axial force is added to the normal stress due to a bending moment.
Although the superposition of individual stress effects is both simple and correct for
elastic stresses, there are significant limitations when applying this approach to the limit
states of real structures. These include:
1. Superposition of stress is correct only for behavior within the elastic range and only
for similar stress types.
2. Superposition of strain can be extended only into the inelastic range when deforma-
tions are small.
3. Superposition cannot account for member deformations or stability effects such as
local buckling.
4. Superposition cannot account for structural deflections and system stability.

With these limitations in mind, it is desirable to develop interaction equations that \fill
reflect the true limit state’s behavior of beam-columns. Any limit state interaction equation
must reflect the following characteristics:

Axial Load

1. Maximum column strength

2. Individual column slenderness

Bending Moment

1. Lateral support conditions

2. Sidesway conditions

3. Member second-order effects

4. Structure second-order effects

5. Moment gradient along the member
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The resulting equations must also provide a close correlation with test results and
theoretical analyses for beam-columns, including the two limiting cases of pure bending
and pure compression.

Application of the resulting interaction equations can be regarded as a process of deter-
mining available axial strength in the presence of a given bending moment or determining
the available moment strength in the presence of a given axial load. An applied bending
moment consumes a portion of the column strength, leaving a reduced axial load strength.
When the two actions are added together, the resulting total load must not exceed the total
column strength. Conversely, the axial load can be regarded as consuming a fraction of the
moment strength. This fraction, plus the applied moments, must not exceed the maximum
beam strength.

EQUATIONS

A simple form of the three-dimensional interaction equation is

'PJ' Ml‘_l MJ’ ¥y

E+M=.z+;f_‘-;5]'0 (8.1
where the terms with the subscript r represent the required strength and those with the
subscript ¢ represent the available strength.

This interaction equation is plotted in Figure 8.3. The figure shows that this results in a
straight line representation of the interaction between any two of the load components. The
horizontal plane of Figure 8.3 represents biaxial bending interaction, whereas the vertical
planes represent the interaction of axial compression plus either strong or weak axis bending.
It should also be apparent that the three-dimensional aspect is represented by a plane with
intercepts given by the straight lines on the three coordinate planes.

The Specification interaction equations in Chapter H of the Specification result from
fitting interaction equations of the form of Equation 8.1 to a set of data developed from an
analysis of forces and moments for various plastic stress distributions on a stub column,
Figure 8.4a shows the actual analysis results for a W14 x 82 stub column. Figure 8.4b shows

F{
P

1.0

‘\“I ‘:b
H
kl =
L3 ]
"
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Figure 8.3 Simplified Interaction
o Surface.
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M, (fi-kips)
Figure 8.4a Interaction Diagram for Stub W14 x 82 Column.

the same data plotted as functions of the normalized axial and ﬂeisura] stmnqu In both
cases, the influence of length on the axial or flexural strength is not included. Usnpg curves
of this type, developed for a wide variety of steel beam-co]umr? shapes, two cq}lat:ons were
developed that are conservative and accurate for x-axis bending. W!‘ben applied to y-axis
bending, they are significantly more conservative. Simplicity of design and the low level
use of weak axis bending justify this extra level of conservatism.

An additional modification to these equations is required to account for the length
effects. Rather than normalizing the curves on the yield load and the plastic moment as
was done in Figure 8.4b, the equations were developed around the nomin‘a.l strength of. the
column and the nominal strength of the beam. The resulting equations, given as Equations
Hi-la and HI-1b in the Specification, are given here as Equations 8.2 and 8.3 a.nd are
plotted in Figure 8.5. The equations shown here consider bending about both principal
axes, whereas the plot in Figure 8.5 is for single axis bending.

0.80

0.60

PPy

0.40

Specification equations

0.20

| | ] ]
O'D%_u 0.2 0.4 0.6 0.8 1.0

M, M,

Figure 8.4b Normalized Interaction Diagram for Stub W14 82 Column.
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Figure 8.5 Interaction
Equations 8.2 and 8.3.

==

P, 8(My M,
+ < 1.0 (HI-1a) (8.2)

M. Mry

For % <0.2

I3

P (M, M,
3P, + (M“ + ‘M_‘-,.) =1.0 (H1-1b) (8.3)

where

= required compressive strength, kips

= available compressive strength, kips

= required flexural strength, ft-kips

available flexural strength, ft-kips

= subscript relating symbol to strong axis bending
= subscript relating symbol to weak axis bending

I

« x X8 o

It is important to note that
1. The available c?lumn strength, P, is based on the axis of the column with the largest
slenderness ratio. This is not necessarily the axis about which bending takes place.

2. Tl.1e avai]a!:le bend‘!ng strength, M., is based on the bending strength of the beam
without axial load, including the influence of all the beam limit states.

3. The required compressive strength, P,, is the second-order force on the member.

4. The r:equired flexural strength, M, is the second-order bending moment on the
member,
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Second-order forces and moments can be determined through a second-order analysis or
by a modification of the results of a first-order analysis using amplification factors. These
amplification factors will be discussed as they relate to braced frames (Section 8.5) and
moment frames (Section 8.6).

Additional provisions are available for cases where the axial strength limit state is
out-of-plane buckling and the flexural limit state is in-plane bending. Equations H1-1a and
1-1b are conservative for this situation but an additional approach is available. Specification
Section H1.3 provides that (1) for in-plane instability, Equations H1-1a and H1-1b should
be used where the compressive strength is determined for buckling in the plane of the frame,
and (2) for out-of-plane buckling

P, M\

= — ) <10

P (M) .
where

P., = available compressive strength out of the plane of bending
M, = available flexural strength for strong axis bending

If bending is about only the weak axis, the moment term is neglected. If there is significant
biaxial bending, meaning both axes exhibit a required-moment-to-available-moment ratio
greater than or equal to 0.05, then this option is not available. Although this optional
approach can provide a more economical solution in some cases, it is not used in the
examples or problems of this book.

8.5 BRACED FRAMES

A frame is considered to be braced if a positive system, that is, an actual system such
as a shear wall (masonry, concrete, steel, or other material) or diagonal steel member, as
illustrated in Figure 8.6, serves to resist the lateral loads, to stabilize the frame under gravity
loads, and resist lateral displacements. In these cases, columns are considered braced against

Shear wall

Diagonal bracing

Figure 8.6 Braced Frame.
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— M,
M,

«—'—| P

Moment diagram

" Figure 8.7 An Axially Loaded Column with
(b)

Equal and Opposite End Moments.

lateral translation and the in-plane K -factor is taken as 1.0 or less. This is the type of column
that was discussed in Chapter 6. Later in this chapter the requirements for bracing to insure
that a structure can be considered a braced frame, as found in Appendix 6, are discussed.

If the column in a braced frame is rigidly connected to a girder, bending moments result
from the application of the gravity loads to the girder. These moments can be determined
through a first-order elastic analysis. The additional second-order moments resulting from
the displacement along the column length can be determined through the application of an
amplification factor.

The full derivation of the amplification factor has been presented by various authors.!2
Although this derivation is quite complex, a somewhat simplified derivation is presented
here to help establish the background. An axially loaded column with equal and opposite
end moments is shown in Figure 8.7a. The resulting moment diagram is shown in Figure
8.7b where the moments from both the end moments and the secondary effects are given.
The maximum moment occurring at the midheight of the column, M, , is shown to be

M, =M, + P3

The amplification factor is defined as

M, M
AF = = Ll i
M, M,
Rearranging terms yields
1
AF = : 75
M, + P&

Two simplifying assumptions will be made. The first is based on the assumption that &
is sufficiently small that

S
M1+PE_M1

'Galambos, T. V., Structural Members and Frames, Englewood Cliffs, NJ: Prentice Hall, Inc., 1968.

2Johnson, B. G., Ed., Guide to Stability Design Criteria for Metal Structures, 3rd ed., SSRC, New York: Wiley,
1976.
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Figure 8.8 Amplified Moment: Exact and Approximate.

and the second, using the beam deflection, & = M| L?/8EI, assumes that
M, 8EI wEl

5 Lz LT °
Because these simplifying assumptions are in error in opposite directions, they tend to be
offsetting. This results in a fairly accurate prediction of the amplification. Thus,

|
1— PJP.

A comparison between the actual amplification and that given by Equation 8.4 is shown in
Figure 8.8.

The discussion so far has assumed that the moments at each end of the column are
equal and opposite and that the resulting moment diagram is uniform. 'H?is is the mc_ist
severe loading case for a beam-column. If the moment is not uniformly distnl:tuted, lhe‘(hs-
placement along the member is less than previously considered and the resulting amplified
moment is less than indicated. It has been customary in design practice to use the case of
uniform moment as a base and to provide for other moment gradients by converting them
1o an equivalent uniform moment through the use of an additional factor, Cy,.

Numerous studies have shown that a reasonably accurate correction results for bcarr?—
columns braced against translation and not subject to transverse loading between their
supports, if the moment is reduced through its multiplication by Cy,, where

Ci = 0.6 — 0.4(My/M2) (8.5)

M /M, is the ratio of the smaller to larger moments at the ends of the member_unbraced
length in the plane of bending. M) /M, is positive when the member is bent in reverse
curvature and negative when bent in single curvature. )

For beam-columns in braced frames where the member is subjected to transverse l'oad-
ing between supports, C,, may be taken from Commentary Table C-C2.1 or conservatively
taken as 1.0. '

The combination of the amplification factor, AF, and the equivalent moment factor.
C,, accounts for the total member secondary effects. This combined factor is given as B,
in the Specification and is shown here as Equation 8.6.

B = e = 1.0 (8.6)
1 — abf,
' el
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where

R
I

1.6 for ASD and 1.0 for LRFD to account for the nonlinear behavior of the
structure at its ultimate strength

P, = required strength
P!I

Euler buckling load for the column with an effective length factor, K = 1.0
Thus, the value of M, in Equations 8.2 and 8.3 is taken as
M, =BM

where M is the maximum moment on the beam-column. It is possible for C,, to be less than
1.0 and for Equation 8.6 to give an amplification factor less than 1.0. This indicates that
the combination of the P3 effects and the nonuniform moment gradient result in a moment

less than the maximum moment on the beam-column from first-order effects. In this case,
the amplification factor B; = 1.0.

EXAMPLE 8.1a
Column Design for
Combined Axial and
Bending by LRFD

GOAL:  Design column Al in Figure 8.9 for the given loads using the LRFD provisions and
the second-order amplification factor provided in the Specification.

WA

1 2 3 4
l——a@mﬂﬂoﬁ%—'
- £ i H

(a)

P,=291% P:=221%
M, =37.7%% M, =287k
e — M, =37.70k -— — M, =287k
16 ft 16 fi
_29-1k Moment 221 Moment
Loading diagram Loading diagram
(b) For LRFD (c) For ASD

Figure 8.9 Three-Dimensional Braced Frame for a Single-Story Structure.
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Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

GIVEN:
8.9, Rigid connections are provided at the roof level for columns Al, B1, A4, and B4. All other
column connections are pinned. Dead Load = 50 psf, Snow Load = 20 psf, Roof Live Load =
10 psf, and Wind load = 20 psf horizontal. Use A992 steel. Assume that the X-bracing is so much
stiffer than the rigid frames that it resisis all lateral load.

The three-dimensional braced frame for a single-story structure is given in Figure

Determine the appropriate load combinations. From ASCE 7, Section 2.3, the following
two combinations are considered.

1.2D + 1.6(L; or § or R) + (0.5L or 0.8W) {ASCE 7-3)

1.2D + 1.6W + 0.5L + 0.5(L. or S orR } (ASCE 7-4)

Determine the factored roof gravity loads for each load combination.

1.2(50) + 1.6(20) = 92 psf (ASCE 7-3)

1.2(50) + 0.5(20) = 70 psf (ASCE 7-4)

Because column Al does not participate in the lateral load resistance, use a uniformly
distributed roof load of 92 psf.

Carry out a preliminary first-order analysis. Because the structure is indeterminate, a
number of approaches can be taken. If an arbitrary 6-to-1 ratio of moment of inertia for
beams to columns is assumed, a moment distribution analysis yields the moment and
force given in Figure 8.9b. Thus, the column will be designed to carry

P, =29.1kips and M, = 37.7 fi-kips

Select a trial size for column Al and determine its compressive gth and b £
strength.
Try W10x33. (Section 8.8 addresses trial section selection.)

A=971in2, rjr,=216, r,=419in, r,=19in, [, =171in’

The column is oriented so that bending is about the x-axis of the column. It is braced
against sidesway by the diagonal braces in panel A2-A3 and is pinned at the bottom
and rigidly connected at the top in the plane of bending. Because this column is part
of a braced frame, K= 1.0 should be used. Although the Specification permits the use
of a lower K -factor if justified by analysis, this is not recommended because it would
likely require significantly more stiffness in the braced panel.

From Manual Table 4-1

&P, = 213 kips for KL = 16.0 ft
From Manual Table 3-2

&M, = 113 fi-kips for L, = 16.0 ft

Check the W10x 33 for combined axial load and bending in-plane.
For an unbraced length of 16 ft, the Euler load is

_ WE_ w(29.0000171)
KLY T (16.0(12))

= 1330 kips

el

The column is bent in single curvature between bracing points, the end points, and the
moment at the base is zero; therefore M/M; = 0.0. Thus

Crn=06-04(00)=06
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Therefore, the amplification factor becomes

0.6
i T

=150
The specification requires that B, not be less than 1.0. Therefore, taking B, = 1.0
M, = By(M,) = 1.0(37.7) = 37.7 ft-kips
To determine which equation to use, calculate
P 29.1

=0.61<1.0

E =T =0.137 <02
Therefore, use Equation 8.3 (H1-1b)
0.5(0.137) + ?;7—11;? =0402 < 1.0

thus, the W10 33 will easily carry the given loads

The solution to Equation H1-1b indicates that there is a fairly wide extra margin of safety,
It would be appropriate to consider a smaller column for a more economical design.

EXAMPLE 8.1b
Column Design for
Combined Axial and
Bending by ASD

SOLUTION

www _FEngineeringFbooksPdf com
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MOMENT FRAMES

A moment frame depends on the stiffness of the beams and columns that compose the
frame for stability under gravity loads and under combined gravity and lateral loads. Unlike
braced frames, there is no external structure to lean against for stability. Columns in moment
frames are subjected to both axial load and moment and experience lateral translation.

The same interaction equations, Equations 8.2 and 8.3, are used to design beam-columns
in moment frames as were previously used for braced frames. However, in addition to the
member second-order effects discussed in Section 8.5, there is the additional second-order
effect that results from the sway or lateral displacement of the frame.

Figure 8.10 shows a cantilever or flag pole column under the action of an axial load
and a lateral load. Figure 8.10a is the column as viewed for a first-order elastic analysis
where equilibrium requires a moment at the bottom, M;, = HL. The deflection that results

at the top of the column, A, is the elastic deflection of a cantilever beam, thus

HL?

A= —
3EI

(8.7)

A second-order analysis yields the forces and displacements as shown in Figure 8.10b.
The displacement, A;, is the total displacement including second-order effects and the

moment including second-order effects is

B:My, =HL+ PA;

(8.8)

An equivalent lateral load can be determined that results in the same moment at the
bottom of the column as in the second-order analysis. This load is H + PA;/L and is

shown in Figure 8.10c.

It may be assumed, with only slight error, that the displacement at the top of the column
for the cases in Figures 8.10b and 8.10c are the same. Thus, using the equivalent lateral

load
(H+ PAy/LYL?  HE? PAs PA;
R L e o PO L R W] (B N J5 @ 8.
z 3EI e\ THL ! HL @9)
Pl Anp A2,
H ﬁ‘ l H g+ B
fu S [t L

707

P
(a) 1st-order elastic
Figure 8.10 Structure Second-Order Effect: Sway.

(b) 2nd order elastic

T

7 T :
\ My =HL \F/&Mn = HL+PA; \_/lbwg
P

(c) Equivalent lateral load

224  Chapter 8

Beam-Columns and Frame Behavior

Equation 8.9 can now be solved for A; where
A
Ar = -

It
HL

and the result substituted into Equation 8.8. Solving the resulting equation for the amplifi-

cation factor, B, and simplifying yields

1
Bz:

" HL

PA
1 1

(8.10a)

Considering that the typical beam-column will be part of some larger structure, this

equation must be modified to include the effect of the multistory and multibay characteristics
of the actual structure. This is easily accomplished by summing the total gravity load on the
columns in the story and the total lateral load in the story. Thus, Equation 8.10a becomes
1
By= —EP&T (8.10b)
EHL

This amplification factor is essentially that given by the Specification as Equation C2-3
in combination with Equation C2-6b

By = 1 = : (8.11)
{— aZ Py, _aXPy Ay
P RyE HL
where
L P, = total gravity load on the story
X P,» = measure of lateral stiffness of the structure = Ry iHL
Ay = story drift from a first-order analysis due to the ]atera’i' load, H
a = 1.0 for LRFD and 1.6 for ASD to account for the nonlinear behavior of the
structure at its ultimate strength
Ry = 0.85 for moment frames to account for the influence of the member effect on

the sidesway displacement that could not be accounted for in the simplified
derivation above. For braced frames, R,, = 1.0

Itis often desirable to limit the lateral displacement, or drift, of a structure during the design
phase. This limitcan be defined using a drift index which is the story drift divided by the story
height, Ay /L. The design then proceeds by selecting members so that the final structure
performs as desired. This is similar to beam design where deflection is the serviceability
criterion. Because the drift index can be established without knowing member sizes, it can
be used in Equation 8.11. Thus, an analysis with assumed member sizes is unnecessary.

If, however, the column sizes of the structure are known, determination of B, is possible
using the sidesway buckling resistance given as

wEl
P, S(KgL)z (8.12)

where K is the sidesway buckling effective length factor for each column in the story that
participates in the lateral load resistance.
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With this amplification for sidesway, the moment, M, . to be used in Equations 8.2 and
8.3, can be evaluated. M, must include both the member and structure second-order effects.
Thus, a first-order analysis without sidesway is carried out, yielding moments, M,,, that
is without translation, to be amplified by Bj. Next, a first-order analysis including lateral
loads and permitting translation must be carried out. This yields moments, M;,, that is with
translation, to be amplified by B,. The resulting second-order moment is

M, = BiM,, + B:M;, (8.13)
where
By is given by Equation 8.6
B; is given by Equation 8.11
M, = first-order moments with no translation
M, = first-order moments that result from lateral translation
M, could include moments that result from unsymmetrical frame properties or loading as
well as from lateral loads. In most real structures, however, moments resulting from this
lack of symmetry are usually small and often ignored.
The second-order force is
P, = Py + B2 Fy

The sum of P,, and P, should equal the total gravity load on the structure but for an
individual column, it is important to amplify the portion of the individual column force that
comes from the lateral load.

For situations where there is no lateral load on the structure, it may be necessary to
incorporate a minimum lateral load in order to capture the second order effects of the
gravity loads. This is covered briefly in Section 8.7 where the three methods provided in
the Specification for treating second order effects are discussed.

EXAMPLE 8.2a
Strength Check for
Combined Compression
and Bending by LRFD

SOLUTION

GOAL: Using the LRFD provisions, determine whether the W14 90, A992 column shown in
Figure 8.11 is adequate to carry the imposed loading.

GIVEN:  An exterior column from an intermediate level of a multi-story moment frame is
shown in Figure 8.11. The column is part of a braced frame out of the plane of the figure. Figure
8.11a shows the member to be checked. The same column section will be used for the level above
and below the column AB. A first-order analysis of the frame for gravity loads plus the minimum
lateral load results in the forces shown in Figure 8.11b, whereas the results for gravity plus wind
are shown in Figure 8.1 1c. Assume that the frame drift under service loads is limited to height/300.

Step 1: Determine the column effective length factor in the plane of bending.
Using the effective length alignment chart introduced in Chapter 5 and given in the
Commentary, determine the effective length for buckling in the plane of the moment
frame.

thus, K = 1.66
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W24x76

1

W24x76
I,=2100in4

30ft |
Total load E H = 148%
LP,=1670%
LP,=2110%
(a)

r =522% r =453%=354 4990 r =348% 1? =343% = 280 + 62.0

0142“"* mzs1n*h=95_7+ 154 ( }95.0"*‘!’ nn«i"*‘*:?sm 96.0

Un.u"'“" Um"*‘v=4a,3+ 154 U-ﬂ.o"*'v L) 1350KP = 39,0 4 96.0

L =520 L =453 L =348k P=343%=280 +62.0
1.2D + 1.6L 1.2D +0.5L + 1.6W D+L D +0.75L +0.75W
(b) (€) (d) (e)

Figure 8.11 Exterior Column From an Intermediate Level of a Multistory Rigid Frame (Example 8.2).

Step 2: Determine the controlling effective length.
With r, /r, = 1.66 for the W14 x90

KL, = 1.66(12.5)/1.66 = 12.5 ft
KL, = 1.0(12.5) = 12.5ft

Step 3:  Determine the column design axial strength.
From the column tables, Manual Table 4-1, for KL = 12.5 ft

P, = 1060 kips

Step 4: Determine the first-order moments and forces for the loading case including wind.
The column end moments given in Figure 8.11c are a combination of moments
resulting from a nonsway gravity load analysis and a wind analysis. These moments are
Moment for end A

M, = 96.7 ft-kips
M), = 154 fi-kips
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Moment for end B
M,, = 48.3 ft-kips
M;, = 154 ft-kips
Compression
P, = 354 kips
Pj = 99.0 kips

Step 5: Determine the second-order moments by amplifying the first-order moments.
The no-translation moments must be amplified by B,, where

Cp, = 0.6 — 0.4(0.50) = 0.4

2
P, = 1_1&9_090)(922 = 12,700 kips
(L0(12.5)(12))°
0.4
8[ = IW =0.411 < 1.0
T 12,700

Therefore, By = 1.0.

The translation moments must be amplified by B;. Because the complete design
is not known and the design drift limit is known, Equation 8.11 using the drift index
formulation is used here.

Additional given information:

The total lateral load on this story is

I H = 148 kips
The total gravity load for this load combination is
ZP, =2110kips
The drift limit under the lateral load of 148 kips is
Ay = L/300 = 12.5(12)/300 = 0.50 in.
Thus, with ¢ = 1.0 for LRFD
_ 0.85(148)(12.5)(12)

- = 37,700 ki
ZP, 050 37,700 kips
10
= — u.mzno) =19
~ 3700

Thus, the second-order compressive force and moments are
P, = 354 + 1.06(99) = 459 kips
M, = 1.0(96.7) + 1.06(154) = 260 fi-kips
These represent the required strength for this load combination.
Step 6: Determine whether this shape will provide the required strength based on the appropriate
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The unbraced length of the compression flange for pure bending is 12.5 ft, which is
less than L , = 15.2 ft for this section, taking into account that its flange is noncompact.
Thus, from Manual Table 3-2 the design moment strength of the section is

&M, = 573 ft-kips
Determine the appropriate interaction eguation.

P 459
— = —— =10433 L ion 8.2 -1z
P, 1060 > 0.2, thus use Equation (H1-1a)
which yields
8 7260
.43 | ==} =0 A
0 3+9(573) 0.836 < 1.0

Thus

the W14x90 is adequate for this load combination

Step 7:  Check the section for the gravity-only load combination, 1.2D + 1.6L.

Because this is a gravity-only load combination, Specification Section C2.2a requires
that the analysis include a minimum lateral load of 0.002 times the gravity load. For this
frame the minimum lateral load is 0.002(2110) = 4.2 Kips at this level.

The forces and moments given in Figure 8.1 1b include the effects of this minimum
lateral load. The magnitude of the lateral translation effect is small in this case. Thus, the
forces and moments used for this check will be assumed to come from a no-translation
case.

A quick review of the determination of B, from the first part of this solution indicates
that there is no change, thus

B =10

With the assumption that there is no lateral load
My, = 0.0 and B, is unnecessary
Again using Equation 8.2 (H1-1a)

522 8 (I42

L] (s W TP
1060 " 9 573) =

Thus, the

W14x90 is adequate for both loading conditions considered

interaction equation.

EXAMPLE 8.2b
Strength Check for
Combined Compression
and Bending by ASD

SOLUTION

GOAL:  Using the ASD provisions, determine whether the W14x90, A992 column shown in
Figure 8.11 is adequate to carry the imposed loading.

GIVEN:  An exterior column from an intermediate level of a multi-story moment frame is
shown in Figure 8.11. The columnis part of a braced frame out of the plane of the figure. Figure
8.11a shows the member to be checked. The same column section will be used for the level above
and below the column AB. A first-order analysis of the frame for gravity loads plus the minimum
lateral load results in the forces shown in Figure 8.11d, whereas the results for gravity plus wind
are shown in Figure 8.1 le. Assume that the frame drift under service loads is limited to height/300.

Step 1: Determine the column effective length factor in the plane of bending.
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A quick review of the determination of B; from the first part of this solution indicates
that there is no change, thus

B =10
With the assumption that there is no lateral load
M,;; = 0.0 and B; is unnecessary

Again using Equation 8.2 (H1-1a)

348  8(95.0

Thus, the

W14x90 is adequate for both loading conditions considered

The moments in the beams and the beam-to-column connections must also be amplified
for the critical case to account for the second-order effects. This is done by considering
equilibrium of the beam-to-column joint. The amplified moments in the column above and
below the joint are added together and this sum is distributed to the beams which frame
into the joint according to their stiffnesses. These moments then establish the connection
design moments,

8.7 SPECIFICATION PROVISIONS FOR STABILITY
ANALYSIS AND DESIGN

Up to this point, the discussion of the interaction of compression and bending has con-
centrated on the development of the interaction equations and one approach to incorporate
second-order effects. The Specification actually provides three overlapping approaches to
deal with these two closely linked issues. As mentioned earlier, the most direct approach is
to use the Direct Analysis Method described in Appendix 7.

The Direct Analysis Method yields forces and moments that can be used directly in
the interaction equations of Chapter H. The nominal strength of members is determined
using the strength provisions already discussed with the additional provision that the effec-
tive length of compression members shall be taken as the actual length, that is, K = 1.0.
The analysis required in this approach can be either a general second-order analysis or the
amplified first-order analysis already presented. There are no limitations on the use of the
direct analysis method, although the specific provisions do require modifications of member
stiffnesses and the application of additional lateral loads, called notional loads. The other
two design methods given in the Specification are based on the direct analysis method.

The second method, Design by Second-Order Analysis, given in Specification Section
C2.2a, is the approach already described in this chapter for braced and unbraced frames.
This approach is valid as long as the ratio of second-order deflection to first-order deflection,
Aa /A, isequal to or less than 1.5. Another way to state this requirement is to remember that
Aa /A = By, therefore the method is valid as long as B; < 1.5. An additional modification
can be applied when B; < 1.1. In this case, columns can be designed using K = 1.0. The
Manual calls this method the effective length method because it is essentially the same
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method used in recent practice with the addition of the requirement of a minimum lateral
load to be applied in all load cases.

A third method is given in the Specification, Section C2.2b, and called Design by First-
Order Analysis. This approach permits design without direct consideration of second-order
effects except through the application of additional lateral loads. This is possible because
of the many limits placed on the implementation of this method. For further information on
this approach, consult Section C2.2b and the Manual.

8.8 INITIAL BEAM-COLUMN SELECTION

Beam-column design is a trial-and-error process that requires the beam-column section be
known before any of the critical parameters can be determined for use in the appropriate
interaction equations. There are numerous approaches to determining a preliminary beam-
column size. Each incorporates its own level of sophistication and results in its own level
of accuracy. Regardless of the approach used to select the trial section, one factor remains:
The trial section must ultimately satisfy the appropriate interaction equations.

To establish a simple, yet useful, approach to selecting a trial section, Equation H1-1a
is rewritten. Using Equation 8.2 and multiplying each term by P, yields

8 MuP.  8M,P. _

P+ = g Y 8.14
9 M, 9 My &9
Multiplying the third term by M, /M, letting
SPC MCJ‘
= and U =
"= oM., M,
and substituting into Equation 8.14 yields
P, +mM,+mUM,, < P, (8.15)

Because Equation 8.15 calls for the comparison of the left side of the equation to the
column strength, P., Equation 8.15 can be thought of as an effective axial load. Thus

P = P, +mMy, + mUM,, < P, (8.16)

The accuracy used in the evaluation of m and U dictates the accuracy with which
Equation 8.16 represents the strength of the column being selected. Because at this point
in a design the actual column section is not known, exact values of m and U cannot be
determined.

Past editions of the AISC Manual have presented numerous approaches to the evaluation
of these multipliers. A simpler approach however, is more useful for preliminary design.
If the influence of the length, that is, all buckling influence on P, and M., is neglected,
the ratio, P, /M., becomes A/Z, and m =8A/9Z,. Evaluation of this m for all Wé to
W14 shapes with the inclusion of a units correction factor of 12 results in the average m
values given in Table 8.2. If the relationship between the area, A, and the plastic section
modulus, Z,, is established using an approximate internal moment arm of 0.89d, where d is
the nominal depth of the member in inches, m reduces to 24/d. This value is also presented
in Table 8.2. This new m is close enough to the average m that it may be readily used for
preliminary design.
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Table 8.2 Simplified Bending Factors

Shape m 24/d U

w6 4.41 4.00 3.0
w8 3.25 3.00 R D
w10 2.62 2.40 3.62
Wiz 2.08 2.00 3.47
Wi4 1.72 1.71 2.86

When bending occurs about the y-axis, U must be evaluated. A review of the same
W6 to W14 shapes results in the average U values given in Table 8.2. However, an in-
depth review of the U values for these sections shows that only the smallest sections for
each nominal depth have U/ values appreciably larger than 3. Thus, a reasonable value of
U =3.0 can be used for the first trial.

More accurate evaluations of these multipliers, including length effects, have been
conducted, but there does not appear to be a need for this additional accuracy in a preliminary
design. Once the initial section is selected, however, the actual Specification provisions must
be satisfied.

EXAMPLE 8.3a
Initial Trial Section
Selection by LRFD

SOLUTION

GOAL:  Determine the initial trial section for a column.

GIVEN:  The loadings of Figure 8.11c are to be used. Assume the column is a W14 and use
A992 steel. Also, use the simplified values of Table 8.2,

Step 1:  Obtain the required strength from Figure 8.11c.

, = 453 kips
M, =251 ft-kips

Step 2:  Determine the effective load by combining the axial force and the bending moment.
Fora Wld, m = 1.71, thus

Ps =453 + 1.71(251) = 882 Kips
Step 3:  Select a trial column size to carry the required force, Py,

Using an effective length KL = 12.5 ft, from Manual Table 4-1, the lightest W14 to
carry this load is

W14x90 with &P, = 1060 kips

Example 8.2 showed that this column adequately carries the imposed load. Because the
approach used here is expected to be conservative, it would be appropriate to consider
the next smaller selection, a W14 x 82, and check it against the appropriate interaction
equations.
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EXAMPLE 8.3b
Initial Trial Section
Selection by ASD

SOLUTION

GOAL:  Determine the initial trial section for a column.

GIVEN: The loadings of Figure 8.11e are to be used. Assume the column is a W14 and use
A992 steel. Also, use the simplified values of Table 8.2,

Step 1:  Obtain the required strength from Figure 8.11e.
P, =343 kips
M, = 174 ft-kips

Step 2: Determine the effective load by combining the axial force and the bending moment.
Fora W14, m = 1.71, thus

Pr =343 + 1.71(174) = 641 kips

Step 3:  Select a trial column size to carry the required force, Py

Using an effective length KL = 12.5 ft, from Manual Table 4-1, the lightest W14 to
carry this load is

W14x90 with P,/ =703 kips

Example 8.2 showed that this column adequately carries the imposed load. Because the
approach used here is expected to be conservative, it would be appropriate to consider
the next smaller selection, a W14 x 82, and check it against the appropriate interaction
equations.

Every column section selected must be checked through the appropriate interaction
equations. Thus, the process for the initial selection should be quick and reasonable. The

experienced designer will rapidly learn to rely on that experience rather than these simplified
approaches.

8.9 BEAM-COLUMN DESIGN USING MANUAL PART 6

Perhaps the most useful tables in the Manual are those in Part 6, Design of Members Subject
to Combined Loading. Although these tables are presented here as they relate to combined
loading, they can also be used for pure compression, pure bending, and pure tension, each
with only a slight modification needed.

The Specification interaction equation, H1-1a, is repeated here in a slightly modified

form as
( l )P A ( )M + ( )M <1.0
PipE oM M,y i

This equation can be rewritten as

PR 4 beMy + byM,, < 1.0 (8.17)
where
ol
P=%
8
by =
M.
8
b, =
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Equation H1-1b can then be rewritten as

Ya pPr + % (b M, + byM,,) < 1.0 (8.18)

It should be clear that p, b, and b, are functions of the strength of the member.
In Example 8.2, the column section was checked by determining the axial strength and
bending strength from the appropriate beam and column equations or corresponding Manual
tables, Using the formulation presented here in Equations 8.17 and 8.18, all the necessary
information is obtained from a single table in Part 6 of the Manual.

Figure 8.12 is a portion of Manual Table 6-1. It shows that the compressive strength
term, p, for a given section is a function of unbraced length about the weak axis of the
member. This table is used in exactly the same way as the column tables in Part 4 of
the Manual. The strong axis bending strength, b, is a function of the unbraced length
of the compression flange of the beam. Previously, this information was available only
through the beam curves in Part 3 of the Manual. Weak axis bending is not a function
of length so only one value for b, is found for each shape. Although not used for beam-
columns, when tension is combined with bending, the table also provides values for 1,
and 1,.

EXAMPLE 8.4a
Combined Strength
Check Using Manual
Part 6 and LRFD

SOLUTION

GOAL:  Check the strength of a beam-column using Manual Part 6 and compare to the results
of Example 8.2a.

GIVEN: It has already been shown that the W14x90 column of Example 8.2a is adequate by
LRFD. Use the required strength values given in Example 8.2a and recheck this shape using the
values found in Figure 8.12 or Manual Table 6-1.

Step 1:  Determine the values needed from Manual Table 6-1 (Figure 8.12). The column
is required to carry a compressive force with an effective length about the y-axis
of 12.5 ft and an x-axis moment with an unbraced length of 12.5 ft. Thus, from
Figure 8.12

p = 0.000047
by, = 0.00155

Step 2: Determine which interaction equation to use.
pP. = 0.000947(459) = 0.435 = 0.2

Therefore, use Equation 8.17.
pP +bM, = 1.0

0.000947(459) + 0.00155(260) = 0.838 < 1.0

Therefore, as previously determined in Example 8.2a, the shape is adequate for this
column and this load combination. The results from Manual Tables 6-2 and 4-1 have
slight differences due to rounding. Thus, the results by this approach will not always be
exactly the same as those from the approach of Example 8.2a.
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S Table 6-1 (continued)
Combined Axial sl
- = Sl
o and Bending y
Wk W Shapes.
s Widx
i 90f 82 74
px10? b, % 10° px 103 b, x10° px10° b, x10°
Design _Gkips) | (kip-fy | (kips)”! (kip-f)! | (kips)”! | (kip-fi)!

ASD | LRFD | ASD | LRFD | ASD | LRFD | ASD | LRFD | ASD | LRFD | ASD | LRFD

1.26 | 0.840 |'233'| 1.55 | 1.39 | 0.924 | 256 | 1.71 | 163 | 1.02 | 2.83 | 1.88

0
6 |130 0863233 | 155|148 |0933| 256 | 1.71 | 163 | 1.09 | 283 | 1.88
7 1.31)] 0.872 | 2339 1.55 ["1.51°| 1.00 ["2567] 1.71 |["467| 1.11 | 283 | 1.88
8 |[1:83 0.882 [283| 155 [1.85°| 1.03 [[256 ] 1.71 | 171 | 1.14 | 283 | 1.88
9 |1:34|0894 | 233 | 1.55 [ 1.60 | 1.06 | 287 | 1.71 | 176 1.17 | 2:84 | 1.89
10 |[1.36|0907| 233 | 155 [ 1.65 | 1.10 | 261 | 1.74 | 182 | 1.21 | 2.89 | 1.92

1 1.38 [ 0921 233 | 155 | 1.71 | 1.14 | 266 | 1.77 | 1.89 | 1.26 | 284 | 1.96
12 | 141 | 0938 |'233| 1.55 [9.78 | 1.18 | 270 ( 1.80 | 196 | 1.31 [ 289 ( 1.99
13 | 144 | 0.956 | 233 | 1.55 [ 1.85 | 1.23 | 2775 | 1.83 | 205 | 1.36 | 8.08 | 2.03
14 | 147 | 0976 | 233 | 1.55 [ 1.94 | 1.20 | 278 | 1.86 | 214 | 1.43 | 310 | 2.07
15 | 150 | 0.998 [ (233 | 1.55 ['2.04 | 1.36 | 284 | 1.80 [ 225 | 1.50 | 846 | 210

16 1.64 | 1.02 [285¢| 1.57 || 215 | 1.43 | 289 | 1.92 | 238 | 1.58 [ 322 | 2156
17 1:58 | 1.05 | 2:38°( 1.59 [12:28 | 1.52 | 284 | 1.96 [ 282 | 1.67 [ 329 | 2.19
162 | 1.08 | 242°| 161 (242 | 161 [ 300 | 1.99 | 267 | 1.78 | 335 | 223
19 167 | 1.11 [[245 | 163 | 258 | 1.71 | 805 ( 203 | 285 | 1.89 | 342 | 2.28
20 172 | 1.14 [ 248 | 1.65 | 275 | 1.83 | &11 | 2.07 | 3.04 | 2.02 | 3.50 | 2.33

183 | 1.22 [\255 | 1.70 | 348 | 212 | 823 | 215 | 351 | 234 | 3865 | 243
187 | 131 | 262 1.74 | 373 | 248 [ 837 | 224 [ 412 | 2.74 | 382 | 254
212 | 141 [[270 | 1.79 | 438 | 291 | 351 | 234 | 483 | 3.22 [ 400 | 266
281 | 153 | 278 | 1.85 | 508 | 3.38 | 367 | 2.44 | 561 | 373 | 420 | 280
252 | 168 | 286 | 191 ['583 | 3.88 | 384 | 255 | 644 | 4.28 | 442 | 2.94

277 | 1.85 | 295 | 1.97 (663 | 4.41 | 403 | 268 | 7.82 | 487 | 473 | 3.15
307 | 204 | 305 | 203 | 749 | 4.98 | 428 | 2.85 | 8.27 | 550 | 509 | 3.38
343 | 228 | 316 | 2.10 | 839 | 559 | 457 | 3.04 | 927 | 6.17 | 544 | 3.62
382 | 254 | 827 | 217 [ 985 | 6.22 | 486 | 3.24 | 10.3 | 6.87 | 580 | 3.86
423 | 281 [ 339 | 2.25 | 104 | 690 | 515 | 3.43 | 114 | 761 [ 615 | 4.09

Effective length KL (ft) with respect to least radius of gyration r,
or Unbraced Length L, (ft) for X-X axis bending
=

E88ER EBBER

Other Constants and Properties

b, 10° (ip-fy™* 4.90 3.26 7.95 5.29 8.80 5.85
1, % 10% (kips)™’ 1.26 0.840 1.39 0.924 1.53 1.02
£x 10% (kips)™! 1.55 1.03 1.7 1.14 1.88 1.26

ndr, 1.66 2.44 2.44

" Shape does not meet compact limit for flexure with £, = 50 ksi.

Figure 8.12 Combined Axial and Bending Strength for W-Shapes. Copyright (©) American Institute
of Steel Construction, Inc. Reprinted with Permission. All rights reserved.
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EXAMPLE 8.4b
Combined Strength
Check Using Manual
Part 6 and ASD

SOLUTION

GOAL:  Check the strength of a beam-column using Manual Part 6 and compare to the results
of Example 8.2b.

GIVEN: It has already been shown that the W14 x 90 column of Example 8.2b is adequate by
ASD. Use the required strength values given in Example 8.2b and recheck this shape using the
values found in Figure 8.12 or N)lanual Table 6-1.

Step 1: Determine the values needed from Manual Table 6-1 (Figure 8.12). The column is
required to carry a compressive force with an effective length about the y-axis of 12.5 ft
and an x-axis moment with an unbraced length of 12.5 ft, Thus, from Figure 8.12

p =0.00143
b, = 0.00233
Step 2: Determine which interaction equation to use.
PP =0.00143(347) = 0.496 > 0.2

Therefore, use Equation 8.17,
PP +bM, <10

0.00143(347) + 0.00233(182) = 0.920 < 1.0

Therefore, as previously determined in Example 8.2b, the shape is adequate for this
column and this load combination. The results from Manual Tables 6-2 and 4-1 have
slight differences due to rounding. Thus, the results by this approach will not always be
exactly the same as those from the approach of Example 8.2b.

8.10 COMBINED SIMPLE AND RIGID FRAMES

The practical design of steel structures often results in frames that combine segments of
rigidly connected elements with segments that are pin connected. If these structures rely on
the moment frame to resist lateral load and to provide the overall stability of the structure,
the rigidly connected columns are called upon to carry more load than what appears to
be directly applied to them. In these combined simple and moment frames, the simple
columns “lean” on the moment frames in order to maintain their stability. Thus, they are
often called leaning columns. They are also called gravity columns because they participate
only in carrying gravity loads. These columns can be designed with an effective length
factor, K = 1.0. Because these leaning columns have no lateral stability of their own, the
moment frame columns must be designed to provide the lateral stability for the full frame.
Although this combination of framing types makes design of a structure more complicated,
it can also be economically advantageous, because the combination can reduce the number
of moment connections for the full structure.

Numerous design approaches have been proposed for consideration of the leaning
column and associated moment frame design.>* Yura proposes to design columns that

*Yura, J. A., “The Effective Length of Columns in Unbraced Frames,” Engineering Journal, AISC, Vol. 8, No. 2,
1971, pp. 37-42.

*LeMessurier, W. ., “A Practical Method of Second Order Analysis,” Engineering Journal, AISC, Vol. 14,

No. 2, 1977, pp. 49-67.
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Figure 8.13 Pinned Base Unbraced Frame.

provide lateral stability for the total load on the frame at the story in question, whereas
LeMessurier presents a modified effective length factor that accounts for the full frame
stability. Perhaps the most straightforward approach is that presented by Yura, as follows.

The two-column frame shown in Figure 8.13a is a moment frame with pinned base
columns and a rigidly connected beam. The column sizes are selected so that, under the
loads shown, they buckle in a sidesway mode simultaneously because their load is directly
proportional to the stiffness of the members. Equilibrium in the displaced position is shown
in Figure 8.13b. The lateral displacement of the frame, A, results in a moment at the top
of each column equal to the load applied on the column times the displacement, as shown.
These are the second-order effects discussed in Section 8.6. The total load on the frame is
700 kips and the total P A moment is 700 A, divided between the two columns based on
the load that each carries.

If the load on the right-hand column is reduced to 500 kips, the column does not buckle
sideways because the moment at the top is now less than 600 A, To reach the buckling
condition, a horizontal force must be applied at the top of the column, as shown in Figure
8.14b. This force can result only from action on the left column that is transmitted through

100 + 100 600% — 100¥
l 100 & 100 & l
100 A L L
m -— = [ )owa
! !
I !
! [
i [
i / /
/ [
i i
i /
I /
; 1
7/ /!
1
200% 500+ Figure 8.14 Columns From Unbraced
(a) (b) Frame with Revised Loading.
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the beam. Equilibrium of the left column, shown in Figure 8.144a, requires that an additional
column load of 100 kips be applied to that column in order for the load on the frame to be
in equilibrium in this displaced position. The total frame capacity is still 700 kips and the
total second order moment is still 700A.

The maximum load that an individual column can resist is limited to that permitted
for the column in a braced frame for which K = 1.0. In this example case, the left column
could resist 400 kips and the right column 2400 kips. This is an increase of 4 times the
load originally on the column because the effective length factor for each column would be
reduced from 2.0 to 1.0. The additional capacity of the left column is only with respect to
the bending axis. The column would have the same capacity about the other axis as it did
prior to reducing the load on the right column.

The ability of one column to carry increased load when another column in the frame
is called upon to carry less than its critical load for lateral buckling is an important charac-
teristic. This allows a pin-ended column to lean on a moment frame column, provided that
the total gravity load on the frame can be carried by the rigid frame.

EXAMPLE 8.5a
Moment Frame Strength
and Stability by LRFD

SOLUTION

GOAL:  Determine whether the structure shown in Figure 8.15 has sufficient strength and
stability to carry the imposed loads.

GIVEN:  The frame shown in Figure 8.15 is similar to that in Example 8.1 except that the
in-plane stability and lateral load resistance is provided by the moment frame action at the four
corners. The exterior columns are W8 x40 and the roof girder is assumed to be rigid. Out-of-plane
stability and lateral load resistance is provided by X-bracing along column lines 1 and 4.

The loading is the same as that for Example 8.1: Dead Load = 50 psf, Snow Load = 20 psf,
Roof Live Load = 10 psf, and Wind Load = 20 psf horizontal. Use A992 steel.

Step 1:  The analysis of the frame for gravity loads as given for Example 8.1 will be used.
Because different load combinations may be critical, however, the analysis results for
nominal Snow and nominal Dead Load are given in Figure 8.16b, The analysis results
for nominal Wind Load acting to the left are given in Figure 8.16¢c.

Step 2: Determine the first-order forces and moments.
For ASCE 7 load case 3

P, = 1.2(15.8) + 1.6(6.33) + 0.8(0.710) = 29.1 + (.568 = 29.7 kips
M, = 1.2(20.5) + 1.6(8.20) + 0.8(32.0) = 37.7 4+ 25.6 = 63.3 ft-kips

A

Suﬁ7
J_ 1 2 3 4 /
F—s@aun:%n—.]
H i i i i

Figure 8.15 Frame Used in Example 8.4.
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Figure 8.16 Nominal Wind Load, Snow Load, and Dead Load (Example 8.4).

Step 3:

Step 4:

For ASCE 7 load case 4

P, = 1.2(15.8) + 0.5(6.33) + 1.6(0.710) = 22.1 + 1.34 = 23.4 kips
M, = 1.2(20.5) 4+ 0.5(8.20) + 1.6(32.0) = 28.7 + 51.2 = 79.9 fi-kips

Determine the total story gravity load acting on one frame.

Dead = 0.05 ksf (90 ft)(50 ft)/2 frames = 113 kips
Snow = 0.02 ksf (90 ft}(50 f1)/2 frames = 45.0 kips

Determine the second-order forces and moments for loading case 3.
From Step 2

P, =297kips, M, =37.7fi-kips, M, = 25.6ft-kips
For the W8 x40
=117in2, I, =146int, r, =3.53in, r./r,=173

In the plane of the frame

0
=06-04| — ]| =0.6
Cu =06 04(31_;)

wEL, m(29,000)(146)

= .= — = 1130 kips
4T oLy (16.0(12))° 3
and
0.6
B] = T =0616 = I,ﬂ
1130

Therefore, use B, = 1.0.

To determine the sway amplification, the total gravity load on the frame is
P, = 1.2(113) + 1.6(45.0) = 208 kips

A serviceability drift index of 0.003 is maintained under the actual wind loads. There-
fore, ZH = 4.0 kips and A/L = 0.003 is used to determine the sway amplification
factor.

1 1
B; =

" - 118
2 708
- EP"(E)) 1 - 22(0.003)
sH\L 30




Step 5:

Step 6:

Step 7:
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Thus, the second-order force and moment are
M. = 1.0{37.7) 4+ 1.18(25.6) = 67.9 ft-kips
P, =129.1 + 1.18(0.568) = 29.8 kips

Determine whether the column satisfies the interaction equation.

Because the roof beam is assumed to be rigid in this example, use the recom-
mended design value of K = 2.0 from Figure 5.17 case f in the plane of the frame,
KL, = 2.0(16.0) = 32.0 ft. Out of the plane of the frame, this is a braced frame where
K = 1.0; thus, KL, = 16.0 ft.

Determine the critical buckling axis.

KL, 320
KLy=—=—=18. = 16.
= 18 8.5ft> KL, = 16.0ft
Thus, from Manual Table 4-1, using KLy = 18.5 ft
&P, = 222 kips

and from Manual Table 3-10 with an unbraced length of L, = 16 ft
M, = 128 fi-kips

Determine the appropriate interaction equation to use.

B, 29.8
=—=0. i
oP. = 2 134 < 0.2

Therefore, use Equation 8.3 (H1-1b).

29.8 67.9
2(2—22) +*’E'S— =0.598 < 1.0

Thus, the column is adequate for this load combination,
Determine the first-order forces and moments for loading case 4 from Step 2.

P, =23.4kips, M, =28.7ftkips, M, = 51.2ftkips

Determine the second-order forces and moments,
In the plane of the frame, as in Step 4

Con=06— 0.4(1) =0.6

28.7
wiEl, w%(29, 000)(146)
P = = = 1130 ki
'T oLy (16(12)7 L

and 06

By = TW =0.613 < 1.0

1130

Therefore, use B, = 1.0.

To determine the sway amplification, the total gravity load on the frame is
P, = 1.2(113) + 0.5(45.0) = 158 kips

Again, a serviceability drift index of 0.003 is maintained under the actual wind loads.
Therefore, £ H = 4.0 kips and A/L =0.003 is used to determine the sway amplification
factor.

1 1
By = = =113

P, A 158
= = .
. (E‘.H (L)) 4.0 B0
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Step 8:

Step 9:

Step 10:

Thus, the second-order moments are
M, = L.0O(28.7) + 1.13(51.2) = B6.6 ft-kips
and adding in the effect of lateral load (1.6W) amplified by B,
P, =22.1 4+ 1.13(1.34) = 23.6kips

Determine whether the column satisfies the interaction eguation.
Using the same strength values found in Step 5, determine the appropriate interaction
equation

P 23.6
= — =0.106 < 0.2
FY ) b
Therefore, use Equation 8.3 (H1-1b).
23.6 86.6 = 0730 < 1.0

202 T 1w

Thus, the column is adequate for this load combination also.

The W8 x40 is shown to be adequate for gravity and wind loads in combination. Now,
check to see that these columns have sufficient capacity to brace the interior pinned
columns for gravity load only.

For stability in the plane of the frame, the total load on the structure is to be resisted
by the four comer columns; thus
Dead Load = 0.05 ksf (50 ft)(90 ft)/4 columns = 56.3 kips
Snow Load = 0.02 ksf (50 ft)(90 ft)/4 columns = 22.5 kips
Thus, for load combination 3
P, = 1.2(56.3) + 1.6(22.5) = 104 kips
M, = 1.2(20.5)+ 1.6(8.20) = 37.7 fi-kips
As determined in Step 5 for in plane buckling
&P, = 222kips
&M, = 128 fi-kips
Checking for the appropriate interaction equation
1 104
¢—}',” = 335 = 0468 > 02

Thus, use Equation 8.2 (H1-1a).
For an effective length KI, = 16.0 ft, P,; = 1130 kips.
As before, C,, = 0.6. Thus
B = "I—U?”"U'&" =066 < 1.0
T 1130
Therefore, use 8, = 1.0
and

P, 8/ M. 104 8377
Y + {—— =t = —|=0730<1.0
Py 9(¢m.) 7 il 9( 128 ) *
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Thus, the W8 x40 is adequate for both strength under combined load and stability for
supporting the leaning columns.

EXAMPLE 8.5b
Moment Frame Strength
and Stability by ASD

SOLUTION

www _FEngineering
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8.10 Combined Simple and Rigid Frames 245

8.11 PARTIALLY RESTRAINED (PR) FRAMES

The beams and columns in the frames considered up to this point have all been connected
with moment-resisting fully restrained (FR) connections or simple pinned connections.
These latter connections had been considered a special case of the more general partially
restrained (PR) connections provided for in the Specification. However, these simple con-
nections are now separately defined in Specification Section B3.6a. Partially restrained
connections, defined in Specification Section B3.6b along with FR conections, have histor-
ically been referred to as semirigid connections. When these PR connections are included as
the connecting elements in a structural frame, they influence both the strength and stability
of the structure.

Before considering the partially restrained frame, it will be helpful to look at the
partially restrained beam. The relationship between the end moment and end rotation for a
symmetric, uniformly loaded prismatic beam can be obtained from the well-known slope

deflection equation as
EI6 . WL
M= -2—L_ e (8.19)

‘This equation is plotted in Figure 8.17a and labeled as the beam line.
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8.11  Partially Restrained (PR) Frames 247

Rigid

PR

Beam line

Simple

] 8
(a) Beam line (b) Connections
‘igure 8.17 Moment Rotation Curves for Uniformly Loaded Beam and Typical Connections.

AlIPR connections exhibit some rotation as a result of an applied moment. The moment-
rotation characteristics of these connections are the key to determining the type of connection
and thus the behavior of the structure. Moment-rotation curves for three generic connections
are shown in Figure 8.17b and are labeled rigid, simple, and PR. A lot of research has been
conducted in an effort to identify the moment-rotation curves for real connections, Two
compilations of these curves have been published.:

The relationship between the moment-rotation characteristics of a connection and a
beam can be seen by plotting the beam line and connection curve together, as shown in
Figure 8.18. Normal engineering practice treats connections capable of resisting at least
90% of the fixed-end moment as rigid and those capable of resisting no more than 20% of
the fixed-end moment as simple. All connections that exhibit an ability to resist moment
between these limits must be treated as partially restrained connections, accounting for their
true moment-rotation characteristics.

The influence of the PR connection on the maximum positive and negative moments
on the beam is seen in Figure 8.19. Here, the ratio of positive or negative moment to the
fixed-end moment is plotted against the ratio of beam stiffness, Ef/L, to a linear connection
stiffness, M/6. The moment for which the beam must be designed ranges from 0.75 times
the fixed-end moment to 1.5 times the fixed-end moment, depending on the stiffness of the
connection.

When PR connections are used to connect beams and columns to form PR frames,
the analysis becomes much more complex. The results of numerous studies dealing with
this issue have been reported. Although some practical designs have been carried out,
widespread practical design of PR frames is still some time off. In addition to the problems
associated with modeling a particular connection, the question of loading sequence arises.
Because real, partially restrained connections behave nonlinearly, the sequence of applied
loads influences the structural response. The approach to load application may have more
significance than the accuracy of the connection model used in the analysis.

*Goverdhan, A. V., A Collection of Experimental Moment Rotation Curves and Evaluation of Prediction
Equations for Semi-Rigid Connections, Master of Science Thesis, Vanderbilt University, Nashville, TN, 1983.
®Kishi, N., and Chen, W. E.. Data Base of Steel Beam-to-Column Connections, C E-STR-86-26, West Lafayette,
IN: Purdue University, School of Engineering, 1986.
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Rigid
1.0
09 ——--
M
FEM PR
Simple
2 A-— e — -

Rotation, &
Figure 8.18 Beam Line and Connection Curves.

Although a complete, theoretical analysis of a partially resp'ained frame may currentl'y
be beyond the scope of normal engineering practice, a simp]lf]ed app_roach exists thalt is
not only well within the scope of practice, but is commonly cqnw out in e\:rerysiay design.
This approach can be referred to as Flexible Moment Conn_ecrmns. It has hifmncally'r been
called Type 2 with Wind. The Flexible Moment Connection approach relies heavily on
the nonlinear moment-rotation behavior of the PR connection although ?he actual curve is
not used. In addition, it relies on a phenomenon called shake down, which shows that the

Fixed end moment = M, = %

0 0.5 1.0 1.5 2.0
. . _ ELL
Stiffness ratio, u = )

Figure 8.19 Influence of the PR Connection on the Maximum Positive and Negative Moments of a
Beam.
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connection, although exhibiting nonlinear behavior initially, behaves linearly after a limited
number of applications of lateral load.’

) The moment-rotation curve for a typical PR connection is shown in Figure 8.20a along
with the beam line for a uniformly loaded beam. The point labeled 0 represents equilibrium
for the applied gravity loads. The application of wind load produces moments at the beam
en.ds that add to the gravity moment at the leeward end of the beam and subtract from the
windward end. Because moment at the windward end is being removed, the connection
behaves elastically with a stiffness close to the original connection stiffness, whereas at
lhg leeward end, the connection continues to move along the nonlinear connection curve.
Points labeled 1 and 1" in Figure 8.20b represent equilibrium under the first application of
wind to the frame.

When the wind load is removed, the connection moves from points 1 and 1’ to points 2
and 2', as shown in Figure 8.20c. The next application of a wind load that is larger than the
first and in the opposite direction will see the connection behavior move to points 3 and 3.
Note that on the windward side, the magnitude of this applied wind moment dictates whether
the connection behaves linearly or follows the nonlinear curve, as shown in Figure 8.20d.
Removal of this wind load causes the connection on one end to unload and on the other end
to Iulad, both linearly. Any further application of wind load, less than the maximum already
applied, will see the connection behave linearly. In addition, the maximum moment on the
connection is still close to that applied originally from the gravity load. Thus, the condition
described in Figure 8.20f shows that shake-down has taken place and the connection now
behaves linearly for both loading and unloading.

. _ E i
Geschwindner, L. F.. and Disque, R. 0., “Flexible Moment Connections for Unbraced Frames Subject to
Lateral Forces—A Return to Simplicity.” Engineering Journal, AISC, Vol. 42, No. 2, 2005, pp99-112.
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The design procedure used to account for this shake-down is straight forward. All
beams are designed as simple beams using the appropriate load combinations. This assures
that the beams are adequate, regardless of the actual connection stiffness, as was seen in
Figure 8.19. Wind load moments are determined through a modified portal analysis where
the leeward column is assumed not to participate in the lateral load resistance. Connections
are sized to resist the resulting moments, again for the appropriate load combinations. In
addition, it is particularly important to provide connections that have sufficient ductility
to accommodate the large rotations that will occur, without overloading the bolts or welds
under combined gravity and wind.

Columns must be designed to provide frame stability under gravity loads as well as
gravity plus wind. The columns may be designed using the approach that was presented for
columns in moment frames, but with two essential differences from the conventional rigid
frame design:

1. Because the gravity load is likely to load the connection to its plastic moment
capacity, the column can be restrained only by a girder on one side and this girder
will act as if it is pinned at its far end. Therefore, in computing the girder stiffness
rotation factor, I, /L, for use in the effective length alignment chart, the girder
length should be doubled.

2. One of the external columns, the leeward column for the wind loading case, cannot
participate in frame stability because it will be attached to a connection that is at
its plastic moment capacity. The stability of the frame may be assured, however, by
designing the remaining columns to support the total frame load.

For the exterior column, the moment in the beam to column joint is equal to the capacity
of the connection. It is sufficiently accurate to assume that this moment is distributed one-half
to the upper column and one-half to the lower column. For interior columns, the greatest,
realistically possible difference in moments resulting from the girders framing into the
column should be distributed equally to the columns above and below the joint.

EXAMPLE 8.6a
Column Design with
Flexible Wind
Connections by LRFD

SOLUTION

GOAL:  Design the girders and columns of a building with flexible wind connections and
determine the moments for which the connections must be designed.

GIVEN:  An intermediate story of a three-story building is given in Figure 8.21. Story height

is 12 ft. The frame is braced in the direction normal to that shown. Use the LRFD provisions and
A992 steel.

Step 1: Determine the required forces and moments.

The loads shown in Figure 8.21 are the code-specified nominal loads. The re-
quired forces are calculated using tributary areas as follows. Gravity loads on exterior
columns.

1.2DL = 1.2(25 kips + 0.75 kips/ft(15 ft)) = 43.5 kips
1.6LL = 1.6(75 kips + 2.25 kips/ft(15 ft)) = 174 kips
Total 218 kips
Gravity loads on interior columns
1.2DL = 1.2(50 kips + 0.75 kips/ft(30 ft)) = 87.0kips
1.6LL = 1.6(150 kips + 2.25 kips/ft(30 ft)) = 348 kips

Total 435 kips
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(¢) Nominal wind load

Figure 8.21 Intermediate Story of a Three-Story Building (Example 8.5).

Step 2:

Step 3:

Step 4:

Gravity load on girders:
1.2DL = 1.2(0.75 kips/ft(30 ft)) = 27.0 kips
L6LL = 1.6(2.25 kips/fl(30 ft)) = 108 kips
Total 135 kips
Design the girder for the simple beam moment using Table 3-2.
M, = 135(30.0)/8 = 506 ft-kips
Use W21x62 (dM, = 540 fi-kips, [, = 1330in.%)

Design the columns for the gravity load on the interior column using Table 4-1.
For buckling out of the plane in a braced frame

K =10 and KL, = 12.0
Thus, with P, = 435 kips

try W14x53, (bP, = 465 kips)
To check the column for stability in the plane, determine the effective length factor from

the alignment chart with
541
2(120)
( 1330
2(30.0)

Note that only one beam is capable of restraining the column and that beam is pinned
at its far end, thus the effective beam length is taken as twice its actual length.

Gwp = G ponam = =4.07
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Step 5:

Step 6:

Step 7:

Step 8:

Step 9:

Considering the stress in the column under load, the stiffness reduction factor can be
determined.

f, =435/15.6 = 279 ksi

Thus, from the Manual Table 4-21, the stiffness reduction factor, 7, = 0.807. The inelastic
stiffness ratio then becomes

Grup = Gpoiom = 0.807(4.07) = 3.28
which yields, from the alignment chart
K =187

Determine the effective length in the plane of bending.
KL L.87(12.0)
i 3.07
Determine the column compressive strength from Manual Table 4-1.
$P, = 602 kips

=7.311t

Determine the second-order moment.

The applied wind moment is M, = 1.6(6.0)(12.0) = 115 ft-kips and the applied
force is P, = 435 kips.

Considering all the moment as a translation moment

w2(29,000)(541) .
Pp= —————— =2140ki
P (1.87012.0)(12) P
Therefore
1
By = —3@5 =1.26
3(2140)

and M, = 1.26(115) = 145 ft-kips
Determine whether the column satisfies the interaction equation
P, 435
=—=0721>02
&P, 602

Therefore, use Equation 8.2 (H1-1a), M, = 285, from Manual Table 3-10, which
results in

8
721 + =
o721+

145

—_— ) =1. 1.0
285) 117 >

This indicates that the W14x53 is not adequate for stability. The next larger column
should be considered.
Determine the required moment strength for the connections.

All beam-to-column connections must be designed to resist the amplified wind
moments.

Thus

M, cann = 290 ft-kips
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EXAMPLE 8.6b
Column Design with
Flexible Wind
Connections by ASD

SOLUTION
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After an acceptable column is selected, the lateral displacement of the structure must
be checked. Coverage of drift in wind moment frames is beyond the treatment intended
here but is covered in Geschwindner and Disque.

8.12 BRACING DESIGN

Braces in steel structures are used to reduce the effective length of columns, reduce the
unbraced length of beams, and provide overall structural stability. The discussion of columns
in Chapter 5 showed how braces could be effective in reducing effective length and thereby
increasing column strength. Chapter 6 demonstrated how the unbraced length of a beam
influenced its strength and earlier in this chapter the influence of sway on the stability of
a structure was discussed. Every case assumed that the given bracing requirements were
satisfied; however, nothing was said about the strength or stiffness of the required braces.
Appendix 6 of the Specification treats bracing for columns and beams similarly, although
the specific requirements are different. Two types of braces are defined, nodal braces and
relative braces.

Nodal braces control the movement of a point on the member without interaction with
any adjacent braced points. These braces would be attached to the member and then to a
fixed support, such as the abutment shown in Figure 8.22b.

Relative braces rely on other braced points of the structure to provide support, A
diagonal brace within a frame would be a relative brace, as shown in Figure 8.22a. In
this case, the diagonal brace and the horizontal strut together compose the relative brace.
Because the horizontal strut is usually a part of a very stiff floor system that has significant
strength in its plane, the strength and stiffness of the diagonal element usually controls the
overall behavior of this braced system.

The brace requirements of the Specification are intended to enable the members being
designed to reach their maximum strength based on the length between bracing points and
an effective length factor, K = 1.0. A brace has two requirements: strength and stiffness.
A brace that is inadequate in either of these respects is not sufficient to enable the member
it is bracing to perform as it was designed.

N |

A—
-~ Typ f
27 brace
’I’ A c \- / E
K=10 -L-4r 5
T ” / g
L e /\ 2
- / £
_i_ Lo B Bl ... 2
| =
-
Strut”” ’,” ™~ Diagonal
L N s ¢ g ipaih
tP 1P 1p 1}"
Relative Nodal

Column bracing
(@) (b)

Figure 8.22 Definitions of Bracing Types. Copyright (€) American Institute of Steel Construction,
Inc. Reprinted with Permission. All rights reserved.
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8.12.1 Column Bracing

For a column relative brace, the required brace strength is
Py = 0.004P,

and the required brace stiffness is

1 (2P, _ ﬁ) D
By = $("L_e,) (LRFD) By _sz( » (ASD)

¢ = 0.75 (LRFD) Q = 2.00 (ASD)

where
Lj = distance between braces

(8.20)

(8.21)

P, = required strength for ASD or LRFD as appropriate for the design method being

used.

For a column nodal brace, the required brace strength is

Py = 0.01P,
and the required brace stiffness is
1 /8P, =Q(8P’){ASD)
By = E(L_},) (LRFD) By T

& = 0.75 (LRFD) Q = 2.00 (ASD)

where
L; = distance between braces

(8.22)

(8.23)

P, = required strength for ASD or LRFD as appropriate for the design method being

used.

8.12.2 Beam Bracing
For a beam relative brace, the required strength of the brace is

Pgr = 0008 M,—C'qﬁla

and the required brace stiffness is

4M.Cy

1 (4M,C4
A il = Q| ——= ) (ASD)
Bor = ¢( Lok, )(LRFD) B ( Lok, )(

& = 0.75 (LRFD) 2 = 2.00 (ASD)

where
h, = distance between flange centroids
C4 = 1.0 for single curvature and 2.0 for double curvature
L, = laterally unbraced length
M, = required flexural strength

(8.24)

(8.25)
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For a beam nodal brace, the required strength of the brace is

P;,,- = O.DZM,C,;/h,, (8.26)
and the required brace stiffness is
1/10M,Cy 10M,C,
By = —(——) LRFD =qf ——<
b =3\ ok, ¢ ) By =9 Lo (ASD) (8.27)

&=075(LRFD) @ = 2.00(ASD)

where
h, = distance between flange centroids
C4 = 1.0 for single curvature and 2.0 for double curvature
Ly = laterally unbraced length

M, = required flexural strength

8.12.3 Frame Bracing

Frame bracing and column bracing are accomplished by the same relative and nodal braces
and use the same stiffness and strength equations.

EXAMPLE 8.7a
Bracing Design
by LRFD

SOLUTION

GOAL:  Determine the required bracing for a braced frame to resist lateral load.

GIVEN:  Using the LRFD requirements, select a rod to provide the nodal bracing shown in the
rJ_1reefbay panel of Figure 8.9a to resist a wind load of 4 kips and provide stability for a gravity
live load of 113 kips and dead load of 45 kips.

Step 1:  Determine the required brace stiffness for gravity load.
For the gravity load, the required brace stiffness is based on 1.2D + 1.6L.

P, = 1.2(113) + 1.6(45.0) = 208 kips

_ l E _ 1 8(208) .
Ber 4;( T ) =075 (_rﬁT) 139000
Step 2: Determine the required brace area accounting for the angle of the brace.

Based on the geometry of the brace from Figure 8.9, where 0 is the angle of the brace
with the horizontal

AwE
By = ——cos” 0 = 139 kips/ft

This results in a required brace area

13 .
Ay = ﬂ% = 0.209in.?
29.000( —)
34
Step 3:  Determine the required brace force for gravity load. The required horizontal brace force
for a nodal brace is

Py, = 0.01P, = 0.01(208) = 2.08 kips
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which gives a force in the member of
Piriangtey = 2.08(34/30) = 2.36 kips

and a required area, assuming F, = 36 ksi for a rod, of
2.36 2
=—"__ =0.0728in.*
A = 5536) 3
Step 4:  For gravity plus wind, determine the stiffness and strength requirements. The stiffness

requirement will be the same.
The strength must be sufficient to resist the 4.0 kip wind load, thus for the wind

portion

34

l‘6(4.0)( )
/- s M g

0.9(36)

Step 5: Determine the required area for the combined wind and gravity loading.
Combining the required area from the gravity force and that from the wind force
yields

Arey = 0.0728 +0.224 = 0.296 in.?

Step 6:  Select a rod to meet the required area for stiffness and strength.

use a 5/8-in. rod with A = 0.307 in.?

EXAMPLE 8.7b
Bracing Design by ASD

SOLUTION

GOAL: Determine the required bracing for a braced frame to resist lateral load.

GIVEN:  Using the ASD requirements, select a rod to provide the nodal bracing shown in the
three-bay panel of Figure 8.9a to resist a wind load of 4 kips and provide stability for a gravity
live load of 113 kips and dead load of 45 kips.

Step 1: Determine the required brace stiffness for gravity load.
For the gravity load, the required brace stiffness is based on D + L.
P, = 113 + 45.0 = 158 kips

8P, TR

Step 2: Determine the required brace area accounting for the angle of the brace.
Based on the geometry of the brace from Figure 8.9, where 0 is the angle of the brace

with the horizontal

By = ";’:‘E cos? B = 158 kips/ft

v
This results in a required brace area

Ay = —]58(34—‘0)2 =0.238in2

30
ow(2)




yields

Step3: Determine the required brace force for gravity load.
The horizontal brace force is

which gives a force in the member of

and a required area, assuming F, = 36 ksi for a rod, of

Step 4:  For gravity plus wind, determine the stiffness and strength requirements. The stiffness

requirement will be the same. The strength must be sufficient to resist the 4.0 kip wind
load, thus for the wind portion

Step 5:  Determine the required area for the combined wind and gravity loading.
Combining the required area from the gravity force and that from the wind force

Step 6:  Select a rod to meet the required area for stiffness and strength.
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P, = 0.01P, = 0.01(158) = 1.58 kips
Poriangtey = 1.58(34/30) = 1.79 kips

1.79

S m—— i 2
0.6036) 0.0829 in.

br

4.0(%)

- -,
0EGH) 36) 0.210in,

=

Areg = 0.0829 +0.210 = 0,293 in.2

use a 5/8-in. rod with A = 0.307 in.2

8.13 PROBLEMS

Unless noted otherwise, all columns should be considered pinned
in a braced frame out of the plane being considered in the prob-
lem with bending about the strong axis.

L. Determine whether a W14x90, A992 column with a length
of 12.5 ft is adequate in a braced frame to carry the following
loads: a compressive dead load of 100 kips and live load of 300
kips, a dead load moment of 30 ft-kips and live load moment
of 70 ft-kips at one end, and a dead load moment of 15 ft-kips
and a live load moment of 35 ft-kips at the other. The member
is bending in reverse curvature. Determine by (a) LRFD and
(b) ASD.

2. A WI2x58, A992 is used as a 14-ft column in a braced
frame to carry a compressive dead load of 50 kips and live load
of 150 kips. Will this column be adequate to carry a dead load

moment of 20 ft-kips and live load moment of 50 ft-kips at each
end, bending the column in single curvature by (a) LRFD and
(b) ASD?

3. Given a W14x120, A992 16-ft column in a braced frame
with a compressive dead load of 90 kips and live load of 270
kips. Maintaining a live load to dead load ratio of 3, determine
the maximum live and dead load moments that can be applied
about the strong axis on the upper end when the lower end is
pinned by (a) LRFD and (b) ASD.

4. Reconsider the column and loadings in Problem 1 if that col-
umn were bent in single curvature by (a) LRFD and (b) ASD.
5. Reconsider the column and loadings in Problem 2 if that
column were bent in reverse curvature by (a) LRFD and
(b) ASD.

260 Chapter 8 Beam-Columns and Frame Behavior

6. A pin-ended column in a braced frame must carry a com-
pressive dead load of 85 kips and live load of 280 kips, along
with a uniformly distributed transverse dead load of 0.4 kips/ft
and live load of 1.3 kips/ft. Will a W14x74, A992 member be
adequate if the transverse load is applied to put bending about
the strong axis? Determine by (a) LRFD and (b) ASD.

For Problems 7 through 9, assume that the ratio of total grav-
ity load on the story to the Euler buckling load, («Z P,/ Z Pr2),
is the same as the ratio of the column load to the column Euler
buckling load for the specific column, (P, /P.).

7. An unbraced frame includes a 12-ft column that is called
upon to carry a compressive dead load of 100 kips and live load
of 300 kips. The top of the column is loaded with a no-translation
dead load moment of 25 ft-kips and a no-translation live load
moment of 80 ft-kips. The translation moments applied to that
column end are a dead load moment of 35 ft-kips and a live load
moment of 100 ft-kips. The lower end of the column feels half
of these moments and the column is bending in reverse curva-
ture. Will a W14x 109, A992 member be adequate to carry this
loading? Assume that the effective length factor in the plane of
bending is 1.66. Determine by (a) LRFD and (b} ASD.

8. A WI14x176, A992 member is proposed for use as a 12.5-
ft column in an unbraced frame. Will this member be adequate
to carry a compressive dead load of 160 kips and live load of
490 kips? The top of the column is loaded with a no-translation
dead load moment of 15 ft-kips and a no-translation live load
moment of 30 fi-kips. The translation moments applied to that
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column end are a dead load moment of 80 fi-kips and a live
load moment of 250 ft-kips. The lower end of the column is
considered pinned and the effective length factor is taken as 1.5.
Determine by {a) LRFD and (b) ASD.

9. WillaW14x38beadequate asa 13-ft column in an unbraced
frame with a compressive dead load of 25 kips and live load of
80 kips? The top and bottom of the column are loaded with a no-
translation dead load moment of 20 fi-kips and a no-translation
live load moment of 55 ft-kips. The translation moments applied
to the column ends are a dead load moment of 10 fi-kips and a
live load moment of 50 fi-kips. The column is bent in reverse
curvature and K, = 1.3. Determine by (a) LRFD and (b) ASD.

10. Determine whether a 10-ft long braced frame W14x43,
A992 column can carry a compressive dead load of 35 kips
and live load of 80 kips along with a dead load moment of
20 fi-kips and live load moment of 40 fi-kips. One half of
these moments are applied at the other end, bending it in single
curvature.

11. A two-story single bay frame is shown below. The uniform
live and dead loads are indicated along with the wind load. A
first-order elastic analysis has yielded the results shown in the
figure for the given loads and the appropriate notional loads.
Assuming that the story drift is limited to height/300 under the
given wind loads, determine whether the first- and second-story
columns are adequate. The members are shown and are all A992
steel. Determine by (a) LRFD and (b) ASD.
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12.  Determine whether the columns of the two-bay unbraced  total Euler load in calculating the second-order amplifications.
frame shown below are adequate to support the given loading.  All members are A992 steel and the sizes are as shown. Deter-
Results for the first-order analysis are provided. Because the  mine by (a) LRFD and (b) ASD.

structure drift is unknown, use the ratio of total applied load to
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13. A non.?ymmeu"ic two-bay unbraced frame is required to  mine whether each column will be adequate. All members are
support the live and dead loads given in the figure below. Using  A992 steel and the sizes are as shown. Determine by (a) LRFD

the results from the first-order elastic analysis provided, deter-  and (b) ASD.
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Assume that the columns described in Problems 14 through 17
are members of moment frames for which a second-order direct
analysis has been performed. Use the approach described in Sec-
tion 8.8 to select trial sections to carry the indicated loads and
check the appropriate interaction equations for column strength.
Assume all members are A992 and that the given forces and
moments are from either LRFD load combinations or 1.6(ASD)
load combinations.

14. Select a W-shape for a column with a length of 18 fi
to carry a force of 700 kips and a moment of 350 ft-Kips by
(a) LRFD and (b) ASD.
15. Select a W-shape for a column with a length of 28 fi to
carry a force of 1100 kips and a moment of 170 fi-kips by
(a) LRFD and (b) ASD.

16. Select a W-shape for a column with a length of 14 ft
to carry a force of 350 kips and a moment of 470 ft-kips by
(a) LRFD and (b) ASD.

17. Select a W-shape for a column with a length of 16 ft to
carry a force of 1250 kips and a moment of 450 ft-kips by
(a) LRFD and (b) ASD.

18. The two-bay moment frame shown below contains a sin-
gle leaning column. The results of a first-order elastic analysis
for each load are given. Determine whether the exterior columns
are adequate to provide stability for the frame. All W-shapes
are given and the steel is A992. Determine by (a) LRFD and
(b) ASD.
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19. The two-story frame shown on page 263 relies on the left-
hand columns to provide stability. Using the first-order analysis

results shown, determine whether the given structure is adequate
if the steel 1s A992,
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20. The two-bay, two-story frame shown below is to be de-
signed. Using the Live, Dead, Snow, and Wind Loads given in
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the figure, design the columns and beams to provide the required
strength and stability by (a) LRFD and (b) ASD.
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WaMu Center, Seattle.
Photo courtesy Michael Dickter/Magnusson Klemencic
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Composite Construction

9.1 INTRODUCTION
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Any structural member in which two or more materials having different stress-strain rela-
tionships are combined and called upon to work as a single member may be considered a
composite member.

Many different types of members have been used that could be called composite. Such
members as shown in Figure 9.1 are (a) a reinforced concrete beam, (b) a precast concrete
beam and cast-in-place slab, (c) a “flitch” girder combining wood side members and a steel
plate, (d) a stressed skin panel where plywood is combined with solid wood members, and
(e) a steel shape combined with concrete.

This last type of member, and those similar members, are normally thought of as
composite members in building applications, The Specification, Chapter I, provides rules
for design of the composite members illustrated in Figure 9.2. These members are (a) steel
beams fully encased in concrete, (b) steel beams with flat soffit concrete slabs, (c) steel
beams combined with formed steel deck, (d) steel columns fully encased with concrete, and
(e) hollow steel shapes filled with concrete.

Encased beams and filled columns, as shown in Figures 9.2a and e, do not specifi-
cally require mechanical anchorage between the steel and concrete, other than the natural
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Figure 9.1 Composite Members.

bond that exists between the two materials; however, the other flexural and compression
members shown in Figures 9.2b, ¢, and d always require some form of mechanical shear
connection.

Regardless of the type of mechanical shear device provided, it must connect the steel
and concrete to form a unit and permit them to work together to resist the load. This
considerably increases the strength of the bare steel shape. Composite beams were first
used in bridge design in the United States in about 1935. Until the invention of the shear
stud, the concrete floor slab was connected to the stringer beams by means of wire spirals
or channels welded to the top flange of the beam, as shown in Figure 9.3.

In the 1940s the Nelson Stud Company invented the shear stud, a headed rod welded to
the steel beam by means of a special device or gun, as shown in Figure 9.4. The company did
not enforce its patent but instead encouraged nonproprietary use of the system, assuming
correctly that the company would get its share of the business if it became popular. In a
very short time, studs replaced spirals and channels, so that today, studs are used almost
exclusively in composite beam construction.

In 1952, AISC adopted composite design rules for encased beams in its specification
for building design and later, in 1956, extended them to beams with flat soffits. Although
the design procedure was based on the ultimate strength of the composite section, the rules
were written in the form of an allowable stress procedure as was common for the time.
As a result, allowable stress design for composite beams has often been criticized as being
convoluted and difficult to understand.

In the current specification, whether for ASD or LRFD, the rules for the design of
composite beams are straightforward and surprisingly simple. The ultimate flexural strength
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Encased Flat soffit With metal deck Encased column Filled column

Figure 9.2 Composite Steel Beams and Columns,

Figure 9.4 Installation of a Shear Stud with a Stud Gun.
Photo Courtesy W. Samuel Easterling.
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Table 9.1 Sections of Specification and Parts of Manual Found in this Chapter

Specification
11 General Provisions
12 Axial Members
13 Flexural Members
14 Combined Axial Force and Flexure
Manual

Part 3 Design of Flexural Members
Part 4 Design of Compression Members

of the composite member is based on plastic stress distribution with the ductile shear
connector transferring shear between the steel section and the concrete slab.

Specification Section I1 gives limitations on material properties for use in composite
concrete members. Concrete is limited to f between 3 ksi and 10 ksi for normal weight
concrete and between 3 ksi and 6 ksi for lightweight concrete. The specified minimum yield
strength of the structural steel and reinforcing steel is up to 75 ksi.

This chapter discusses the design of both composite beams and composite columns.

Table 9.1 lists the sections of the Specification and parts of the Manual discussed in

this chapter.

9.2 ADVANTAGES AND DISADVANTAGES OF
COMPOSITE BEAM CONSTRUCTION

One feature of composite construction makes it particularly advantageous for use in building
structures. The typical building floor system is composed of two main parts: a floor structure
that carries load to supporting members, usually a concrete slab or slab on metal deck;
and the supporting members that span between girders, usually steel beams or joists. The
advantage of a composite floor system stems from the “double counting” of the already
existing concrete slab. All other factors that could be identified as advantages of this type of
construction can be traced back to this single feature. A composite beam takes the already
existing concrete slab and makes it work with the steel beam to carry the load to the girders.
Thus, the resulting system has a greater strength than would have been available from the
bare steel beam alone. The composite beam is stronger and stiffer than the noncomposite
beam.

This factor manifests itself in reduced weight and/or shallower depths of members to
carry the same loads when compared to the bare steel beam. Because the concrete slab is
in compression and the majority of the steel is in tension, both materials are working to
their best advantage. In addition, the effective beam depth has been increased from just the
depth of the steel to the total distance from the top of the slab to the bottom of the steel,
thus increasing the overall efficiency of the member.

With regard to stiffness, the composite section also has an increased elastic moment of
inertia when compared to the bare steel beam. Although actual calculations for the stiffness
of the composite section may be somewhat approximate in many cases, the impact of the
increased stiffness profoundly effects the static deflection.

LR e ]

B ————————

268 Chapter 9 Composite Construction

The only disadvantage with composite construction is the added cost of the required
shear connectors. Because the increased strength, or reduction in required steel weight, is
normally sufficient to offset the added cost of the shear connectors, this increased cost is
usually not a disadvantage.

9.3 SHORED VERSUS UNSHORED CONSTRUCTION

Two methods of construction are available for composite beams: shored and unshored
construction. Each has advantages and disadvantages, which will be discussed briefly. The
difference between these two approaches to the construction of a composite beam is how
the self-weight of the wet concrete is carried.

When the steel shape alone is called upon to carry the concrete weight, the beam
is considered to be unshored. In this case, the steel is stressed and it deflects. This is
the simplest approach to constructing the composite beam because the formwork and/or
decking is supported directly on the steel beam. Unshored construction may, however,
lead to a deflection problem during the construction phase because, as the wet con-
crete is placed, the steel beam deflects. To obtain a level slab, more concrete is placed
where the beam deflection is greatest. This means that the contractor must place more
concrete than the initial slab thickness called for and that the designer needs to pro-
vide more strength than would have been needed if the slab had remained of uniform
thickness.

For shored construction, temporary supports called shores are placed under the steel
beam to carry the wet concrete weight. In this case, the composite section carries the entire
load after the shores are removed. No load is carried by the bare steel beam alone and thus,
no deflection occurs during concrete placement. Two factors must be considered in the
selection of shored construction (1) the additional cost, both in time and money, of placing
and removing the temporary shoring; and (2) the potential increase in long-term, dead load,
deflection due to creep in the concrete, which now is called upon to participate in carrying
the permanent weight of the slab.

Although elastic stress distribution and deflection under service load conditions are
influenced by whether the composite beam is shored or unshored, research has shown that
the ultimate strength of the composite section is independent of the shoring situation. Thus,
the use of shoring is entirely a serviceability and constructability question that must be con-
sidered by both the designer and constructor. Whether using ASD or LRFD provisions, the
nominal strength of the shored and unshored system is the same and is given in Specification
Section I3.

9.4 EFFECTIVE FLANGE

A cross section taken through a series of typical composite beams is shown in Figure
9.5. Because the concrete slab is normally part of the transverse spanning floor system, its
thickness and the spacing of the steel beams are usually established prior to the design of the
composite beams. Because the ability of the slab to participate in load carrying decreases as
the distance from the beam centerline increases, some limit must be established to determine
the portion of the slab that can be used in the calculations to determine the strength of the
composite beam. The Specification provides two criteria for determining the effective width
of the concrete slab for an interior beam and an additional criterion for an edge beam in
Section I3.1a. As shown in Figure 9.5, the effective width, by, is the sum of " on each side
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Figure 9.5 Effective Flange Width.

of the centerline of the steel section. For an interior beam, b’ is the least of

1
b = 2 distance to the adjacent beam

For an edge beam, the additional criteria is

b" < distance to the edge of the slab

The entire thickness of the concrete slab is available to carry a compressive force. However,
the depth of the concrete used in calculations is that required to provide sufficient area in |
compression to balance the force transferred by the shear connectors to the steel shape. The
slab thickness does not influence the effective width of the slab.

9.5 STRENGTH OF COMPOSITE BEAMS AND SLAB

Flat soffit composite beams, Figure 9.2b, are constructed using formwork which is set at
the same elevation as the top of the steel section. The concrete slab is placed directly on the
steel section, resulting in a flat surface at the level of the top of the steel. Composite beams
with formed steel deck, Figure 9.2c, are constructed with the steel deck resting on top of
the steel beam or girder. The concrete is placed on top of the deck so that the concrete ribs
and voids alternate. Provided that the portion of concrete required to balance the tension
force in the steel is available above the tops of the ribs, the ultimate strength of both types
of composite beams are determined in a similar fashion. Although the steel member may be
either shored or unshored, the strength of the composite member is independent of shores
and the design rules are independent of the method of construction.

The flexural strength of a composite beam under positive moment where concrete is
in compression is presented in Section 13.2a of the Specification. In this section, strength
is developed for flat soffit beams. The required modifications to account for the use of
metal deck are presented in the next section. For steel sections with a web slenderness ratio,

'
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Figure 9.6 Plastic Stress Distribution,

developed using all of the concrete is exactly equal to the tension force developed using all
of the steel. For the distribution of Figure 9.6b, the PNA is located within the steel shape.
In this case, all of the concrete is taking compression but this is not sufficient to balance
the tension force that the full steel shape could provide. Thus, some of the steel shape is in
compression in order to satisfy T = C. The plastic stress distribution shown in Figure 9.6¢
is what occurs when less than the full amount of concrete is needed to balance the tensile
force developed in the steel shape. Here the PNA is located within the concrete and that
portion of the concrete below the PNA is not used because it would be in tension.

In all three cases, equilibrium of the cross section requires that the shear connectors
be capable of transferring the force carried by the concrete into the steel. For the cases in
Figures 9.6a and b, this is the full strength of the concrete. For the case in Figure 9.6¢, this
is the strength of the steel shape. Because the shear connectors are carrying the full amount
of shear force required to provide equilibrium using the maximum capacity of one of the
elements, this is called a fully composite beam. It is also possible to design a composite
beam when the shear force that can be transferred by the shear connectors is less that this
amount. In this case, the beam is called a partially composite beam. Although it has less
strength than the fully composite member, it is often the most economical solution.

The Specification indicates that the plastic stress distribution in the concrete shall be
taken as a uniform stress at a magnitude of 0.85 f/. This is the same distribution specified
by ACI 318, the specification for reinforced concrete, In addition, the distribution of stress
in the steel is taken as a uniform F\, as was the case for determining the plastic moment
strength of a steel shape.

The Specification also provides for the use of a strain compatibility method in deter-
mining the strength of a composite section. This approach should be considered when a
section is of unusual geometry or the steel does not have a compact web,

h/t, < 3.76,/E[F,, the case for all rolled W-, S-, and HP-shapes, the nominal moment, 9.5.1 Fully Composite Beams

M,,, is determined from the plastic distribution of stress on the composite section and
&, = 0.90 (LRFD) Qp = 1.67 (ASD)

A composite beam cross section is shown in Figure 9.6 with three possible plastic stress
distributions. Regardless of the stress distribution considered, equilibrium requires that the
total tension force must equal the total compression force, T = C. In Figure 9.6a, the
plastic neutral axis (PNA) is located at the top of the steel shape. The compression force

www_EngineeringFbooksPdf com

Establishing which stress distribution is in effect for a particular combination of steel and
concrete requires calculating the minimum compressive force as controlled by the three
components of the composite beam: concrete, steel, and shear connectors.

If all of the concrete were working in compression

V/ = 0.85f byt ©.1)
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If all of the steel shape were working in tension

V) = A F, 9.2)
If the shear studs were carrying their full capacity

V‘; =Z0, 9.3)

Because full composite action is assumed at this time, V, does not control and is not
considered further. If V) < V/, the steel is fully stressed and only a portion of the concrete
is stressed. This is the distribution given in either Figure 9.6a orc. If V! < V/, the concrete
is fully stressed and the steel is called upon to carry both tension and compression in order
to assure equilibrium. This results in the distribution shown in Figure 9.6b. Once the proper
stress distribution is known, the corresponding forces can be determined and their point of
application found. With this information, the nominal moment, M, can be found by taking
moments about some reference point. Because the internal forces are equivalent to a force
couple, any point of reference can be used for taking moments; however, it is convenient
to use a consistent reference point. These calculations use the top of the steel as the point
about which moments are taken.

Determination of the PNA for the cases in Figures 9.6a and c is quite straightforward.
In both cases the steel is fully stressed in tension so it is referred to as the steel controls and
it is known that the concrete must carry a compressive force equal to V. Only that portion
of the concrete required to resist this force will be used so that C,. = 0.85f’b.ga where a
defines the depth of the concrete stressed to its ultimate. Setting V| = C., and solving for
a yields

VL AR
= 085 by 085f by

(9.4)

For the special case where V, was exactly equal to V/, the value of a thus obtained is
equal to the actual slab thickness, ¢. This is the case shown in Figure 9.6a. For all other
values of a, the distribution of Figure 9.6¢ results. The nominal flexural strength can then
be obtained by taking moments about the top of the steel so that

M, = T,(d/2) + C.lt —a/2) (9.5)

When the concrete controls, V/ < V/, the determination of the PNA is a bit more
complex. It is best to consider this case as two separate subcases: (1) the PNA occurring
within the steel flange, and (2) the PNA occurring within the web. Once it is determined

that V/ controls, the next step is to determine the force in the steel flange and web from

Ty = Fy(byty) 9.6)

T, =T, —2Tf 9.7

A comparison between the force in the concrete and the force in the bottom flange plus
the web shows whether the PNA is in the top flange or web. Thus, if C; > T,, + Ty, more
tension is needed for equilibrium and the PNA must be in the top flange. If C, < T,, + Ty,
less tension is needed for equilibrium and the PNA is in the web. In either case, the difference
between the concrete force, C., and the available steel force, T, must be divided evenly
between tension and compression in order to obtain equilibrium. This allows determination
of the PNA location and the nominal moment strength. Thus, with

A, = area of steel in compression
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and
Ay = total area of steel

equilibrium is given by

Cet+ FyAse =T, — FyA,_, 9.8)
Solving for the area of steel in compression yields
=y
As«' Ty .?.Fy (99)

For the case where the PNA is in the flange, the distance from the top of the flange to
the PNA is given by x, where

; P
x = (9.10)
hjr
and for the case where the PNA is in the web
Aso= bty
e %M + 17 (9.11)
e

Equation 9.11 can be more easily understood if it is related to the areas being considered.
The area of the web in compression is the area of steel in compression less the flange area.
This web compression area is divided by the web thickness and the result is the location of
the PNA measured from the underside of the flange. Thus, x is simply the thickness of the
flange plus the depth of the web in compression.

EXAMPLE 9.1 GOAL:  Determine the nominal moment strength for the interior composite beam shown as Beam
Fully Composite Beam A in Figure 9.7, Also determine the design moment and the allowable moment.

Strength oy
GIVEN:  The section is a W21x44 and supports a 4.5-in. concrete slab. The dimensions are as

shown. F, = 50ksi. f! = 4 ksi. Assume full composite action.

SOLUTION Step 1:  Determine the effective flange width, the minimum of

by = 30.0(12 in./ft)/4 = 90.0 in,

0.85f",
i I+ i byy=90 in.ﬂ <—f‘-|
T .—L 1 C,=650%
T T e 4;“1 PR =——
} A } 3.44 in.
< 1
E PNA
2 Hn W2bd
;a 10.4 in.
T,= 650%
I I__ A, =13.0in?
| | d =20.7 in.
by =6.50 in.
3@ 10ft B i
I | fy =0.450in. Fy =50 ksi
(a) Framing plan (b) Composite section (c) Plastic stress distribution

Figure 9.7 Interior Composite Beam (Example 9.1).




9.5  Strength of Composite Beams and Slab 273

or
by = (10.0 + 10.0)(12 in./ft)/2 = 120in.

Therefore use

by = 90.0in.
Step 2:  Determine the controlling compression force.
V! = 0.85(4.0)(90.0)(4.5) = 1380 kips
V! = 13.0(50) = 650 kips
Assuming full composite action, the shear connectors must carry the smallest of V" and V',
thus
V) = 650 kips
Because V! is less than V/, the PNA is in the concrete.
Step 3:  Determine the PNA location using Equation 9.4.
P ey
0.85(4)(90.0)
The resulting plastic stress distribution is shown in Figure 9.7c.
Step 4:  Determine the nominal moment strength using Equation 9.5.
20.7 2.12 3
M, = GSO(T) +650(4.50 = T) = 9000 in. kips
M, = (&O) = 750 ft kips
12
Step 5:  For LRFD, the design moment is
| &M, = 0.9(750) = 675 ft kips
Step 3: For ASD, the allowable moment is
My 0750 N
— = —— = 4491t ki
R 461 ps
EXAMPLE 9.2 GOAL: Determine the nominal moment strength for the interior composite beam shown as Beam
Fully Composite Beam A in Figure 9.7 using a larger W-shape. Also determine the design moment and the allowable
Strength moment.
GIVEN: Usea W2l x 111 for the steel member and the same materials as in Example 9.1. Again,

assume full composite action.
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SOLUTION Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Step 6:

Determine the effective flange width.
The effective flange width will remain the same, thus

be = 90.0in.
Determine the controlling compression force.
V! = 0.85(4.0)(4.5)(90.0) = 1380 kips
V. = 32.7(50) = 1640 kips
Assuming full composite action
V, = 1380kips
Because V/ is less than V, the PNA is in the steel.
Determine whether the PNA is in the steel flange or web.
Ty = 12.3(0.875)(50) = 538 kips

T, = 1640 — 2(538) = 564 kips

C.=1380> T, + T, = 538 + 564 = 1100
Because additional tension is required to balance the compression in the concrete, the PNA
is in the flange.
Determine the area of steel in compression.
Use Equation 9.9.
1640 — 1380
2(50)

Determine the location of the PNA in the flange.
The PNA is located down from the top of the steel x as given by Equation 9.10.

e = 2.60in.?

x =2.60/12.3 =0.211 in.

The stress distribution for this PNA location is shown in Figure 9.8b.

Determine the nominal moment strength of the composite beam.

Moments could be taken about any point to determine the nominal moment; however,
a simplified mathematical model is shown in Figure 9.8c that makes the analysis quicker.
In this case, the full area of steel is shown in tension and the portion in compression is first
removed (130 kips on the compression side) and then added in compression (another 130
kips on the compression side), shown by the 2(130) = 260 kips. This results in only three

~— 1380% ~— 1380K
408
—_—
130% A,=327in? 2(130) = 260%
d=21.5in.
564% 1640F bi=123 0
—- — =12 u}.
tp=0.875 in.
538
—_—
@ (b) ©

Figure 9.8 Interior Composite Beam (Example 9.2).
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forces and moment arms entering the moment equation. Thus

M, =T, (;) 8l (%) = 2A,(F_,.()—2()

215 i :
M= 1640( 5) + l38(](475) - 2(130)(022#) = 20,700 in.-kips

£
= 20 = 1730 ft-kips
12
Step 7:  For LRFD, the design moment is
&M, = 0.9(1730) = 1560 ft-kips
Step 7:  For ASD, the allowable moment is
M, 1730 )

9.5.2 Partially Composite Beams

The composite members considered thus far have been fully composite. This means that the
shear connectors were assumed to be capable of transferring whatever force was required for
equilibrium when either the concrete or steel were fully stressed. There are many conditions
where the required strength of the composite section is less than what would result from
full composite action. In particular, these are cases where the size of the steel member is
dictated by factors other than the strength of the composite section. Because shear connectors
compose a significant part of the cost of a composite beam, economies can result if the lower
required flexural strength can be reflected in a reduced number of shear connectors when
the steel section and concrete geometry are already given.

If the composite section is viewed under elastic stress distributions, partial composite
action can be more easily understood. Figure 9.9 shows elastic stress distributions for three

Concrete

=

(a) Noncomposite

= .

(b) Partial composite (c) Full composite

Figure 9.9 Levels of Composite Action for Elastic Behavior.
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~a—— Conc. compression

— ——— Steel cor
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NS

Steel
tension

Figure 9.10 Plastic Stress Distribution for Partial Composite Action,

cases of combined steel and concrete. The first case, Figure 9.9a, is what results when the
concrete simply rests on the steel with no shear transfer between the two materials. The
result is two independent members that slip past each other at the interface. If the two
materials are fully connected, the elastic stress distribution is as shown in Figure 9.9¢ and
the materials are not permitted to slip at all. If some limited amount of slip is permitted
between the steel and the concrete, the resulting elastic stress distribution is similar to that
shown in Figure 9.9b. This is how the partially composite beam would behave in the elastic
region.

The plastic moment strength for a partially composite member is the result of a stress
distribution similar to that shown in Figure 9.10. The PNA will be in the steel and the
magnitude of the compression force in the concrete will be controlled by the strength of the
shear connectors.

v, =20,

Regardless of the final location of the PNA, the force in the concrete is limited by the
strength of the shear studs. Thus, an approach combining those taken for the three cases of
fully composite sections is used for the partially composite member. By the definition of
partially composite members

€=V, =T,
and the depth of the concrete acting in compression is given by

EQ"

= 9.12
4= 085 by -

Equations 9.6 through 9.11 can then be used to determine the location of the PNA
within the steel and the nominal moment can be obtained as before.

EXAMPLE 9.3
Partially Composite
Beam Strength

nFbooksPdf com

GOAL: Determine the nominal moment strength of a partially composite beam. Also determine
the design moment and the allowable moment.

GIVEN: Consider the concrete and steel given in Example 9.1 and shown in Figure 9.7. In this
case, however, assume that the shear connectors are capable of transferring only C,, = 500 kips.




SOLUTION

Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Step 6:
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Determine the effective flange width.
This is the same as determined for Example 9.1.

by = 90.0in.

Determine the controlling compression force.
From Example 9.1

V. = 1380 kips

V! = 650kips
From the given data

V, = Cy = 500 kips

Because the lowest value of the compressive force is given by V. thisis a partially composite
member.
Determine the depth of the concrete working in compression from Equation 9.12.

kS 500
~ 0.85(4)(90.0)
Determine the area of steel in compression from Equation 9.9.
650 — 500
App = ——— =150in.?
‘ 2(50) =

Because this is less than the area of the flange, 6.50(0.450) = 2.93 in.2, the PNA is in the
flange.

Determine the location of the PNA from Equation 9.10.

=1.63in.

x = 1.50/6.50 = 0.231 in.

Determine the nominal moment strength using the three forces shown in Figure 9.11.

My = 65{)(&2'7) + 50(}(4.50 - 12—63) - 2{75.0)(-0'1&) = 8590 in.-kips

8590
M, = === =716 fickips

Step 7:

For LRFD, the design moment is

M, = 0.9(716) = 644 ft-kips

Step 8:

For ASD, the allowable moment is

71

o

o|s
-~

= 429 fi-kips

—
o

7
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1.63 in.

023 in. —-— 500%

) ~a— 2(75.0) = 150%
PNA7 !

—_—
650%

Figure 9.11 Stress Distribution and Forces Used in Example 9.3.

The nominal moment strength decreased from 750 ft-kips for the full composite action
of Example 9.1 to 716 ft-kips for the level of partial composite action given in Example
9.3. This is approximately a 5% reduction in strength corresponding to more than a 23%
reduction in shear connector strength. In both cases, the strength of the composite beam is
significantly greater than that of the bare steel beam where the plastic moment strength of
the bare steel beam is M, = 398 ftkips. Itis acceptable to make comparisons at the nominal
strength level because for the bare steel beam and the composite beam, the resistance factors
and safety factors are the same.

9.5.3 Composite Beam Design Tables

nFbooksPdf com

The force transferred between the steel and concrete governs the strength of the composite
beams. The shear studs transfer that force to the concrete so design can be linked to the
total shear force, £ (Q,. Design tables have been developed that use the shear stud strength
in combination with an infinite variety of concrete areas and strengths to determine the
flexural strength of the composite beam. These are given in Manual Table 3-19, an example
of which is shown here as Figure 9.12.

The variables used in Manual Table 3-19 are defined in Figure 9.13. The beam is
divided into seven PNA locations; five are in the flange and two are in the web. When the
PNA is at the top of the flange, position 1, the entire steel section is in tension. This is a
fully composite beam. When the PNA is in the web at location 7, 25% of the potential steel
section force is transferred to the concrete through the studs. As shown in Figure 9.13, the
flange has five PNA locations and the stud strength for location 6 is one-half the difference
between that at locations 5 and 7. These seven PNA locations establish corresponding stud
strengths, ¥ 0, which are also given in the tables.

The contribution of the concrete to the beam strength requires knowledge of the location
of the concrete compressive force. As already discussed, the force in the concrete is equal
to the force in the studs, £ Q,. The moment arm for that force is defined as Y2 in Figure
9.13. It is a function of the concrete strength and concrete geometry. These tables are quite
flexible and accommodate any permitted concrete strength and effective slab width. The
thickness of the slab is limited only by the maximum moment arm given in the table.

Although these tables are of most value in the design of a composite beam, they can
also be used to check a particular combination. Selection of a composite beam is illustrated
in Section 9.9.
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AT Table 3-19 (continued) Table 3-19 (continued)
Composite W Shapes B Composite W Shapes
Available Strength in Flexure, v~ 0 Ksi oh Available Strength in Flexure,

W16-W14 ; kip-ft kip-ft. W16-Wi4

M%) 0,M,

Shape

2

W16x26

23
2
E

W14x38

588% 33

W14x34 205
0.114| 423
0.228 | 347
0.341( 270
0.455( 193
141 | 159
2860 | 125

W14x30 177
0.0963| 378
0.193 ( 313
0.289 | 248
0.385( 183
148 | 147
282 | 1M

W14x26 151
0.105 | 332
0.210( 279
0.315 | 226
0.420 | 174
167 | 135

3.18 | 961

_ASD :2=mmwammmwmmmu.
b y2 = distance from top of the steel beam to concrete flange force. = distance from top of the steel beam to concrete flange force.
Q,=167| 4,-090 °Sueﬁmlm_3—3ciormlouubm 1.67| 6, 0.90 |  See Figure 3-3c for PNA locations.

2 ¥1 = distance from top of the steel beam to plastic neutral axis.

Figure 9.12 Composite W Shapes. Available Strength in Flexure. Copyright (€) American Institute Figure 9.12 (Continued)
of Steel Construction, Inc. Reprinted with Permission. All rights reserved.
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b.’
[
[ ] [
C 71{,.,}*
Ke ||
Koo
L d-2k d
K,
o e, £
{b} . Location of
b effective concrelte
I* | 1% fiange force 2Q,)
v.fall 3=
= Y2 TRy
[——— BFL{pL5)
Y1 (varies—see figure below)

¥1 = Distance from top of steel flange to any
of the seven tabulsted PNA locations

Q, (@ point(®) = £Q,(@pt &; Q, (@pt. 7)
ZQ, (@ point(?) = 0.25F A,

—— ety TR
R T —
top flange | | spaces b
BFL

PNA FLANGE LOCATIONS
Figure 9.13 Definition of Variables for Use with Composite Beam Design Tables. Copyright ©
American Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.

EXAMPLE 9.4
Composite Beam
Strength Using Tables

SOLUTION

GOAL: Determine the design flexural strength and allowable flexural strength for the fully
composite W16x26.

GIVEN:  The W16x26 beam is used with the metal deck and slab shown in Figure 9.14. The
effective flange width is given, by = 60.0 in. f! = 4ksi. Use Table 3-19 from Figure 9.12.

Step 1:  Determine the controlling compression force.

V! = 0.85(4)(3.0)(60.0) = 612 kips

v/ = 7.68(50) = 384 kips

282 Chapter9 Composite Construction

{5 60 in. {
ol =
s {55 b g b 4,;--6-% p
I I 3in.
Metal deck
15.69 in. ‘:l_ﬁ;fig in?
=mit=my

Figure 9.14 Composite Beam for Example 9.4.

Because V| < V/, the steel controls and PNA is at or above the top of the flange. In Figure
9.12 this PNA location confirms that the £Q, = 384 kips.
Step 2: Determine the depth of the concrete acting in compression that is needed to balance this
stud force.
_ 384
“ = 0854)(60.0)
Step 3: Determine the moment arm of the compressive force from the top of the steel.

1.88 |
Y2 =6.0— R 5.06 in.

= 1.88in.

Step 4:  Determine the design moment (LRFD) strength from Figure 9.12.
Entering the table with Y2 = 5.0, which will be slightly conservative for an actual
Y2=5.06,and £0, = 384,
For LRFD, the design moment is

M, = 370 ft-kips

Step 4: Determine the allowable moment (ASD) strength from Figure 9.12.
Entering the table with Y2 = 5.0, which will be slightly conservative for an actual
Y2 =5.06,and £0, = 384.
For ASD the allowable moment is

M,
— = 246 ft-ki
5] i

9.54 Negative Moment Strength

According to Specification Section 13.2b, negative flexural strength can be taken either as
that for the bare steel beam according to the provisions of Chapter F or, if the composite
section satisfies the criteria, as a composite section using a plastic stress distribution. For the
composite section, the concrete in tension is ignored and reinforcing steel is placed in the
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tension region. The resistance factor and safety factor are the same as for the positive moment
case, and the nominal flexural strength is calculated assuming a plastic stress distribution
similar to that for the positive moment case. The limitations of the Specification state that
1. The steel beam must be compact and adequately braced according to Chapter F.
2. Shear connectors are provided in the negative moment region.
3. The required longitudinal reinforcing bars are placed within the effective width of
the slab and are properly developed.

9.6 SHEAR STUD STRENGTH

The Specification recognizes two different types of shear connectors, steel studs and chan-
nels. The nominal strength of a single steel stud, @, is given in Specification Section 13.2d
as

0y =054,/ fIE. < RR,AsF, (9.13)

where

Ay = cross sectional area of the shank of the stud, in2

! = specified compressive strength of the concrete, ksi

F, = minimum specified tensile strength of the stud, ksi

E, = modulus of elasticity of the concrete, w!® /7, ksi, where w, is the unit
weight of the concrete in pounds per cubic foot and f is in ksi. Although
this is somewhat different than the equation used by ACI 318, it provides
sufficiently accurate results for use in this instance.

R;, R, = factors to account for the reduction in stud strength when used in slabs with
ametal deck. When used in a flat soffit slab, R, = R, = 1.0.

The nominal strength of typical ¥/s-in. shear studs is given in Table 9.2 for studs used
in a flat soffit composite beam. Values are given for normal and lightweight concrete with
f! = 3 ksiand 4 ksi. Values are also given for the stud strength based on the tensile strength
of the stud material. The reductions to be applied when these studs are incorporated into a
slab on a metal deck are addressed later.

Although not normally used in today's practice, the Specification provides for channel
shear connectors. The nominal strength of a channel shear connector, Q,, is given as

Qn = 03(1; + 0.50,)L./f'E, (9.14)

Table 9.2 Nominal Horizontal Shear for One Stud, Q,, kips

Normal weight concrete Lightweight concrete

w, = 145 pef w, = 110 pef
Stud diameter (in.) f;=3ksi fl=4ksi fl=3ksi fl=4ksi Based on F, = 65 ksi
3 5.26 6.53 4.28 5.31 7.18
s 9.35 1.6 7.60 9.43 12.8
%k 14.6 18.1 11.9 14.7 19.9
Y 21.0 26.1 17.1 21.2 28.7
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where
ty = thickness of channel flange, in.
t,, = thickness of channel web, in.
L

length of channel, in.

The strength of the channel shear connector must be developed by welding the channel
to the beam flange for the force @, with appropriate consideration of the eccentricity of the
force on the connector.

9.6.1 Number and Placement of Shear Studs

Although a shear stud serves to transfer load between the steel beam and the concrete slab, it
is not necessary to place the studs in accordance with the shear diagram of the loaded beam.
Tests have demonstrated that the studs have sufficient ductility to redistribute the shear load
under the ultimate load condition. Therefore, in design, it is assumed that the studs share
the load equally. Thus, the total shear force determined according to Section 9.5 must be
transferred over the distance between maximum moment and zero moment. For a uniform
load this results in V,//Q, connectors on each side of the maximum moment at the center
line of the beam span. In the case of concentrated loads placed at the third points of the
beam, the same number of studs would be on each side of the beam between the load and
the support, and a minimum number of studs would be required between the loads. This is
shown in Figure 9.15.

Shear studs must be placed so that they have a minimum of 1 in. of lateral concrete
cover, unless placed in ribs of formed steel deck. The diameter of the studs must be no
greater than 2.5 times the flange thickness of the beam to which they are welded if they
are not located directly over the beam web. For studs not placed in steel deck ribs, the
minimum center-to-center spacing of studs is six stud diameters along the member and four
stud diameters transverse to the member. When placed in metal deck ribs, the spacing is
to be no less than four diameters in any direction and the maximum stud spacing is eight
times the total slab thickness or 36 in.

. | ; |
L L
‘ | |

N
5 o -

s

I .

Moment

’*V',IQ., i‘ VylQi i

Stud requirements

Figure 9.15 Stud Placement for Concentrated Load.
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EXAMPLE 9.5
Shear Stud
Determination

SOLUTION

GOAL: Determine the required number of %;-in. shear studs required over the complete beam
span.

GIVEN:  Use the fully composite beam of Example 9.1. Assume normal weight concrete and the
values of Example 9.1.

Step 1:  Determine the strength of a single shear stud.
From Table 9.2, based on the concrete

@, = 26.1 kips
and based on the stud

Q, = 28.7 kips
Use the least Q,, so

Q, = 26.1 kips

Step 2:  Determine the number of studs required.
From Example 9.1
V, =EQ, = 650kips
Thus

#studs = 650,/26.1 = 24.9 studs

Step 3:  Determine the total number of studs required for the beam.
Place 25 ¥;-in. shear studs on each side of the beam between the maximum moment
and the zero moment. Thus,

use 50 studs for the entire beam span

Note that these calculations are independent of ASD or LRFD because the calculations are
carried out at the nominal strength level.

9.7 COMPOSITE BEAMS WITH FORMED METAL DECK

The combination of formed steel deck and composite design is considered today to be one
of the most economical methods of floor construction. The steel deck is a stay-in-place
formwork for the concrete slab. Cells, which can be formed by enclosing the space below
the deck and between the ribs, can then be used to distribute the electrical and electronic
systems of the building, contributing greatly to the overall economy of the system.

The Specification provides rules for steel decks with nominal rib heights of up to 3 in.
and average rib widths of 2 in. or more. For a deck that has ribs narrower at the top than
at the interface with the beam, the width of the rib used in calculations must be taken as
no more than the width at the narrow portion. Deck with this profile is shown in Figure
9.16 along with other common deck profiles. Studs must be ¥, in. in diameter or less and
extend at least 1'/> inches above the top of the steel deck. The concrete slab thickness must
be sufficient to provide /3 in. of cover over the top of the installed stud. The deck must be
anchored to the supporting beam by a combination of puddle welds and studs at a spacing
not to exceed 18 in.
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Figure 9.16 Common Steel Deck Profiles.

9.7.1 Deck Ribs Perpendicular to Steel Beam

Beams supporting the steel deck have the ribs running perpendicular to the beam, as shown
in Figure 9.17. The space below the top of the rib contains concrete only in the alternating
spaces so there is no opportunity to transfer force at this level. Thus, the only concrete
available for calculating the full concrete force is above the top of the deck.

The right-hand side of the inequality of Equation 9.13, without R, or R, accounts for
the tensile strength of the stud material. This strength must be reduced to account for the
fact that the force exerted on the stud is applied at a higher point in this application than
in a flat soffit beam. [t must also be reduced to account for the location of the stud within
the concrete rib, because there is a difference in strength if the stud is placed closer to the
rib wall in the direction of force or closer to the rib wall away from the force. The stud
strength value specified on the right-hand side of the inequality of Equation 9.13 includes
two multipliers, R, and R,. A simplified table of the values for these adjustment factors is
given in Table 9.3 and the strength of the stud as controlled by F, is given in Table 9.2.

R, is used to account for the number of studs in a given concrete rib. If a rib contains
a single stud, R, = 1.0; if the rib contains two studs, R, = 0.85; and if a rib contains 3 or
more studs, R, = 0.7.

R, is used to account for the location of the stud in the rib in either the strong or weak
position. Figure 9.18 shows the strong and weak location of a stud in relation to the applied
force. Because it is difficult to insure that the studs are located in the strong position, it is

neglected

Figure 9.17 Beam with Formed Metal Deck.
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Table 9.3 Shear Stud Strength Adjustment Factors
Copyright (© American Institute of Steel Construction, Inc. Reprinted with
Permission. All rights reserved.

Condition R, R,
No decking® 1.0 1.0
Decking oriented parallel to the steel shape

i

E > 1.5 1.0 0.75

w,

- <15 0.85%* 0.75

"'r
Decking oriented perpendicular to the steel shape
Number of studs occupying the same decking rib

! 1.0 06"
2 0.85 0.6%
3 or more 0.7 0.6

ke = nominal rib height, in. (mm)
wy = average width of concrete rib or haunch (as defined in Section 13.2¢), in. (mm)

*to qualify as “no decking,” stud shear connectors shall be welded directly to the steel shape
and no more than 50 percent of the top flange of the steel shape may be covered by decking or
sheet steel, such as girder filler material.

**for a single stud
*this value may be increased to 0.75 when emig.sy = 2 in. (51 mm)

recommended that R, = 0.6 be used unless it is critical enough to warrant the extra effort
to insure that studs are placed in the strong position. When studs are placed in the strong
position, which is when they are at least 2.0 in. from the loaded side of the rib edge at
mid-height to the stud, as shown in Figure 9.18, R,, can be increased to 0.75.

The maximum stud spacing is specified as 36 in., which is convenient because many
decks have a rib spacing of 6 in.

9.7.2 Deck Ribs Parallel to Steel Beam

For girders supporting beams that carry steel deck, the ribs run parallel to the steel section,
as shown in Figure 9.19. Concrete below the top of the deck can be used in calculating the
composite section properties and must be used in shear stud calculations. For calculation
purposes, concrete below the top of the steel deck can be neglected unless it is needed to
balance the shear stud strength. The design procedure described for flat soffit beams applies
here as well, provided sufficient concrete is available above the top of the steel deck as
determined through Equations 9.4 or 9.12. If the concrete below the top of the steel deck is

Weak Strong
Figure 9.18 Strong and Weak Shear Stud Locations.
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Figure 9.19 Girder with Formed Metal Deck.

needed to balance the stud or steel beam strength, the only difference in the determination
of strength is related to the changed geometry when including a portion of the ribs.

When the depth of the steel deck is 1‘/3 in. or greater, the average width, w,, of the
haunch or rib is not to be less than 2 in. for the first stud in the transverse row plus four stud
diameters for each additional stud. If the deck rib is too narrow, the deck can be split over
the beam and spaced in such a way as to allow for the necessary rib width without adversely
effecting member strength.

For this deck orientation, R, is used to account for the width-to-height ratio of the deck
rib. Whenw, /h, = 1.5, R, = 1.0. When w,/h, < 15, Ry = 0.85;

R, is taken as 0.75 in all cases where the deck ribs are parallel to the supporting
member.

EXAMPLE 9.6
Composite Beam
Design

SOLUTION

GOAL: Calculate the design moment and allowable moment and determine the stud requirements
for a composite section,
Carry out the calculations for the following three cases.

(a) Full composite action. (Figure 9.20)

(b) Partial composite action with Vq' = 387 kips, which results in the PNA at the center of the top
flange of the steel beam. (Figure 9.21)

() Partial composite action with Vq’ = 260 kips, which results in the PNA at the bottom of the top
flange of the steel beam. (Figure 9.22)

GIVEN: Use a W18x35 with a 6-in. slab on a 3-in. metal deck perpendicular to the beam
with the profile shown in Figure 9.16¢. The beam spacing is 12 ft and the beam span is 40 fi.
fl =4ksi. Fy = 50ksi.

Step 1: Determine the effective flange width.

by = 40.0/4 = 10.0 ft (governs)
b = beam spacing = 12.0ft

Step 2: Determine the compression force using the full concrete and full steel areas.

0.85(4)(120)(3.0) = 1220 kips

-
1

=
Il

10.3(50) = 515 kips
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Figure 9.20 Example 9.6, case (a).

Part (a) Full composite action, Figure 9.20

Step 3:  Determine the controlling concrete force.
For full composite action, V is the smallest of V and V, thus

V, = 515kips
Step 4:  Calculate the effective depth of the concrete.

BB RIS o)
T oss@azo - ™

Because a < 3 in. available in the concrete above the deck, the procedures for a flat soffit
beam can be used.

Step 5:  Determine the nominal moment strength.

1757 1.26
M= 5]5(7) = 5[5(6.0 — —2—) = 7320 in.-kips

7320
M, = =Rt 610 fi-kips

Step 6: For LRFD, the design moment is

&M, = 0.9(610) = 549 fi kips

Step 6: For ASD, the allowable moment is

My S0 s
R T L
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Step 7:  Determine the strength of a single stud.

From Table 9.2, the value of a single ¥s-in. stud, with normal weight concrete f =
4 ksi, is 26.1 kips.

However, because the studs are used in conjunction with the metal deck, a check for
any required reduction must be made. Assuming two studs per rib with the studs placed
in the weakest location, from Tables 9.2 and 9.3

R, =085
R, =06
A F, = 28.7kips
R R, A F, = 0.85(0.6)(28.7) = 14.6 < 26.1 kips
The stud strength is the lower value, based on the stud placement in the metal deck.

Step 8: Determine the number of studs required on each side of the maximum moment.
The shear that is to be transferred is 515 kips. Therefore

Number of studs = 515/14.6 = 35.3

Step 9: Determine the total number of studs required for the beam,
Use 36 studs on each half span or

72 studs for the full beam span

With this deck profile, studs can be placed every 12 in. This will nicely accommodate the
72 studs on the 40-ft span with two studs placed in each rib.
Part (b) Partial composite action, Figure 9.21

Step 10: Determine the controlling concrete force.
Because the value of V; = 387 kips given is less than ¥/ and V7, V; controls and this
is a partially composite beam.

Step 11:  Calculate the effective depth of the concrete.
s o
0.85(4)(120)

Because a < 3.0 in. sufficient concrete is available above the metal deck as in Part (a).

= 0.949 in.

Step 12:  Determine the area of steel in compression.

515 — 387
o= ———— = 1.28in?
As 2(50) !
= i 0.85f
b=120in. -1'—0-949|n. ’-—£|
o
R oo B g - =37
gin| 4 _EOim B e & 15-53in, S e
T 0. R PNA S
5051 - C, = 2(64) = 128%
3 in. metal deck 0.213 in. RI=RUE 5
0.425 in. il:;
i R = — 7, =515
6in. F,

Figure 9.21 Example 9.6, case (b).
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Step 13:  Determine the location of the PNA in the steel.
Assume the PNA is in the flange.

Ay 128

B "~ 600
Therefore, the PNA is in the flange.

Step 14:  Determine the nominal moment strength.

1 ) 0.949 ;
M, = SIS(T) + 387(6.0 = —2—) - IZS(M%) = 6680 in kips

=0.213in. <ty = 0.425in.

6680

"= = 557 fi-kips

Step 15:  For LRFD, the design moment is

i GM,, = 0.9(557) = 501 ft-kips

Step 15:  For ASD, the allowable moment is

M, 557 3
E = (m) = 334&{"0}18

Step 16:  Determine the stud requirements.
The shear to be transferred is 387 kips.
The value of stud strength previously determined in Part (a)

Q, = 14.6kips
Step 17:  Determine the required number of shear studs.
#studs = 387/14.6 = 26.5 studs

Step 18:  Determine the total number of studs required for the beam.
Use 27 studs in each half span or

|j4 studs for the full beam span

Part (c) Partial composite action, Figure 9.22

Step 19:  Determine the controlling concrete force.
Because the value of V| = 260 kips given is less than V and V', V, controls and this
is a partially composite beam.
Step 20:  Calculate the effective depth of concrete.
260

= ————————=0.637in.
“ = 085@120) =
Step 21:  Determine the area of steel in compression.
515260
o= T 5 8E g
350) 5in

Enqineerin
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- ( =260%

=——— C, =255

0.85f
b=120in. | a=0.637in. f e
] v
2ol — = O
: £
6in —L S B7p O f‘P-' * :[Sﬁﬂm 6
f =] e ey i
i PNA
=L 0.425in. E
0.425 in. g
2

6in. F,

Figure 9.22 Example 9.6, case (c).

Step 22: Determine the location of the PNA in the steel.
Assume the PNA is in the flange
Aj— _ 255

=222 . 0435 in,
b, 600 A

which is the flange thickness, as expected.
Step 23: Determine the nominal moment strength.

17.7 0.637 0.425
= —_ 60— —— ) —255
e =515(122) 4 250{50- 257 (24

= % = 498 fi-kips

— T, =515%

) = 5980 in.-kips

Step 24:  For LRFD, the design moment is

| &M, = 0.9(498) = 448 fi-kips

Step 24:  For ASD, the allowable moment is

167

%: (493)=293ﬁkips

Step 25:  Determine the stud requirements.
The shear to be transferred is 260 kips.
As before, the single stud strength is

Q, = 14.6 kips

Step 26:  Determine the required number of shear studs.

#studs = 260/14.6 = 17.8 studs.

Step 27:  Determine the total number of studs required for the beam.

Use 18 studs in each half span or 36 studs for the full beam span.

1IFbooksPdf com
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However, this requires only a single stud in each rib so the R, = 0.85 does not need to be
applied. Therefore,

Q, = 1.0(0.6)(28.7) = 17.2 < 26.1 kips
and
#studs = 260/17.2 = 15.1 studs
Thus,

use a total of 32 studs

which will also be accommodated with one stud per rib.

9.8 FULLY ENCASED STEEL BEAMS

Steel beams fully encased in concrete that contributes to the strength of the final member
are called encased beams. Such beams can be designed by one of two procedures given in
Specification Section 13.3. The flexural strength can be calculated from the superposition
of elastic stresses, considering the effects of shoring, with ¢, = 0.9 and €, = 1.67. Or,
when shear connectors are provided, the flexural strength can be based on the plastic stress
distribution or strain compatibility approach for the composite section with &, = 0.85 and
€y = 1.76. Alternatively, the strength can be calculated from the plastic stress distribution
on the steel section alone, with ¢, = 0.9 and 2, = 1.67.

9.9 SELECTING A SECTION

The design of a composite beam is somewhat of a trial-and-error procedure, as are numerous
other design situations. The material presented thus far in this chapter has been directed
toward the determination of section strength when the cross-section and concrete dimensions
are known. This section addresses the preliminary selection of the steel shape to go along
with an already known concrete slab. This procedure is followed by a discussion of the
design tables found in the Manual.

With an estimate of beam depth, the weight of the beam can be estimated. This is based
on the assumption that the PNA is within the concrete so that the full steel section is at yield.
The resulting dimensions are given in Figure 9.23. The moment arm between the tension
force in the steel and the compression force in the concrete is given by

_d a 9.15
momenlarrn_5+(z—-i) (9.15)

| D

; N == L e
Arm

; = w
e

Figure 9.23 Moment Arm for Preliminary Weight Determination.
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If the nominal moment strength is divided by the moment arm, the required tension
force will be determined. If that force is divided by the steel yield stress, the required area is
determined. Multiplying the required area by weight of steel, 3.4 1b./ft for each in.2, yields
an estimate of the beam weight. Thus

M,

d a
(5+-3)m

To determine the beam weight by this approach, the depth of the beam must be esti-
mated. Several approaches have been suggested for this. One simple approach would be to
take the span in feet and divide it by 24 to get the depth in inches. Another approach to
determine the depth of the total composite section (d + 1) is to take the span in feet and
divide by 16 to obtain the depth in inches. Any reasonable approach gives a starting point.
Because the thickness of the slab is determined from the design in the transverse direction,
only the effective depth of the concrete is left to be determined. It is generally sufficient to
assume that the effective depth of the concrete is 1 in.; therefore, a/2 = (.5 in.

Although this approach to finding a starting point for composite beam design might
be helpful, the design tables in the Manual are such that this much effort is not needed to
establish a starting point. Manual Table 3-19 (Figure 9.12) has already been discussed in the
context of determining the strength of a given combination of steel and concrete. It will now
be approached from the perspective of selecting a section through the use of an example.

beam weight = (3.4) (9.16)

EXAMPLE 9.6a
Composite Beam
Design by LRFD

SOLUTION

GOAL:  Select the most economical W-shape to be used as a composite beam.

GIVEN:  The composite beam spans 30.0 ft and is spaced at 10.0 ft from adjacent beams. It
supports a 5-in. slab on a 2-in. formed steel deck with a profile similar to that shown in Figure
9.16a. The beam must carry a dead load moment of 50.0 ft-kips and a live load moment of 150
ft-kips. In addition, the bare steel beam must be checked for the dead load plus construction live
load, which produces a moment of 40.0 ft-kips. F, = 50ksi and f = 3 ksi.

Step 1:  Determine the required moment for the composite beam.
M, = 1.2(50.0) 4+ 1.6(150) = 300 fi-kips

Step 2:  Determine the starting moment arm for the concrete from the top of the steel.
Manual Tables 3-19 are most effective when entered with a value for Y2. In order to
start the design process, the moment arm for the compressive force in the concrete must
be estimated. It is almost always adequate to assume, as a starting point, that a = 1.0
in. Thus i .
Y2=5-—=45in
2
Step 3:  Select potential W-shapes from Figure 9.12.

Enter the column in Figure 9.12 with Y2 = 4.5 and proceed down to identify the
potential section that will carry the design moment of 300 ft-kips.

W16x26 with M, = 306 ftkips and £Q,, = 242 kips

Using additional portions of Table 3.19 from the Manual yields additional possibilities
W16x31 with M, = 319 fikipsand Z0, = 164 kips
W14 %34 with M, = 308 ftkipsand 20, = 159 kips

W14 30 with M, = 311 fikips and £Q, = 248 kips
W14x26 with M, = 312 fikipsand £Q, = 332kips
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Step 4:  Determine the effective flange width.
30.0(12)
4
by < 10.0(12) = 120 in.

= 90.0in.

ff <

Therefore by = 90.0in.

Step 5:  Determine the depth of concrete needed to balance the force in the shear studs.
For the beam span and spacing given, considering further the W16x31, using the
value of £0Q, and the effective flange width already determined.

164
4= 0.85(3)(90.0)
Because thisis less thana = 1.0in. that was assumed to start the problem, the assumption
was conservative. Design could continue with the determination of a more accurate
required stud strength or this conservative solution could be used. The required number
of studs would be determined as before, accounting for the presence of any formed steel
deck and its influence on the individual stud strength.

Step 6: Determine the required strength of the bare steel beam under dead load plus construction
live load,

=0.715in.

M, = 1.2(50.0) + 1.6(40.0) = 124 ft-kips

Step 7:  Check to verify that the bare steel beam will support the required strength.
From Manual Table 3-19, the W16x31 has a design strength of,

&M, = 203 ft-kips > 124 fi-kips
Therefore, the W16 x 31 is an acceptable selection for strength.

Step 8:  To show what happens when the assumption for a is not quite as good, the W14 x 26
is considered. Again using the £ @, determined from the table and the effective flange
width

-
= D 853)00.0)

This is significantly greater than the assumed value. To consider this section further,
determine a new Y2 such that

= 1.45in.

1.4
Y2=5- TS =4.28in.
Entering Manual Table 3-19 with Y2 = 4.0 as a conservative number, M,, = 300 ft-kips
is determined and it corresponds to the same required shear stud strength. Thus, this

section also meets the strength requirements and the design can proceed with stud
selection.

EXAMPLE 9.6b
Composite Beam
Design by ASD

GOAL:  Select the most economical W-shape to be used as a composite beam.

GIVEN:  The composite beam spans 30.0 ft and is spaced at 10.0 ft from adjacent beams. It
supports a 5-in. slab on a 2-in. formed steel deck with a profile similar to that shown in Figure
9.16a. The beam must carry a dead load moment of 50.0 fi-kips and a live load moment of 150
fi-kips. In addition, the bare steel beam must be checked for the dead load plus construction live
load, which produces a moment of 40.0 ft-kips. F, = 50 ksi and f! = 3 ksi.
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SOLUTION

Composite Construction

Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Step 6:

Step 7:

Determine the required moment for the composite beam.
M, = 50.0 + 150 = 200 fi-kips

Determine the starting moment arm for the concrete from the top of the steel.

Manual Tables 3-19 are most effective when entered with a value for Y2. In order to
start the design process, the moment arm for the compressive force in the concrete must
be estimated. It is almost always adequate to assume, as a starting point, that a = 1.0
in. Thus

Y2=5- ik =45in
2
Select potential W-shapes from Figure 9.12.

Enter the column in Figure 9.12 with Y2 = 4.5 and proceed down to identify the
potential section that will carry the design moment of 200 ft-kips.

W16x26 with M, = 204 ftkips and T Q,, = 242Kips
Using additional portions of Table 3-19 from the Manual yields additional possibilities
W16x31 with M, = 212 ftkipsand EQ,, = 164 kips
W14 x 34 with M, = 205 ftkipsand E@, = 159 kips
W14 x30 with M, = 207 ftkipsand £Q, = 248 kips
W14 x26 with M, = 208 ftkipsand £Q, = 332 kips
Determine the effective flange width.

30002 _ gpivi

o =
by = 10.0(12) = 120 in.

Therefore b,y = 90.0in.
Determine the depth of concrete needed to balance the force in the shear studs.

For the beam span and spacing given, consider further the W16x 31, using the value
of £Q, and the effective flange width already determined.

164

I B ks
4= GR5(3)90.0) 4

Because this is less than @ = 1.0 in. that was assumed to start the problem, the assump-
tion was conservative. Design could continue with the determination of a more accurate
required stud strength or this conservative solution could be used. The required number
of studs would be determined as before, accounting for the presence of any formed steel
deck and its influence on the individual stud strength.

Determine the required strength of the bare steel beam under dead load plus construction

live load. ¢

M, = 50.0 + 40.0 = 90.0 ft-kips

Check to verify that the bare steel beam will support the required strength.
From Manual Table 3-19, the W16x31 has an allowable strength of

% = 135 fikips > 90.0 fi-kips

Therefore, the W16x31 is an acceptable selection for strength.
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Step 8: '_I'o sho?v what happens when the assumption for a is not quite as good, the W14x26
is considered. Again using the ©Q, determined from the table and the effective flange
width

il A3
"~ 0.85(3)(90.0)

This is significantly greater than the assumed value. To consider this section further,
determine a new Y2 such that

= 1.45in.

1.45
Y2=5- = =428 in.

Entering Manual Table 3-19 with Y2 = 4.0 as a conservative number, M, = 200 ft

Kips is determined and it corresponds to the same required shear stud strength. Thus,

this section also meets the strength requirements and the design can proceed with stud
selection.

Which of the many possible sections should be chosen as the final design depends on
the overall economics of the situation. One way to compare several choices is to look at
the total weight of the steel sections combined with the total quantity of studs required. To
make this comparison it is often effective to assume that an installed single shear stud has
the equivalent cost of 10 pounds of steel. To make this type of comparison, the five potential
sections found initially are presented in Table 9.4. Here, it was assumed that 0, = 21.0
kips. This means that no consideration was taken for metal deck reduction. In addition
no check was made for the assumed versus actual a dimension. This table is simply t(;
help determine which of the potential shapes should be considered further. Based on this
table, it could be said that the W16x26 with an equivalent weight of 1020 Ibs. should be
investigated further.

9.10 SERVICEABILITY CONSIDERATIONS

Three important serviceability considerations are associated with the design of composite
floor systems: deflection during construction, vibration under service loads, and live load
deflection under service loads.

9.10.1 Deflection During Construction

As‘ discussed in Section 9.3, the Specification permits either shored or unshored construction.
With unshored construction, the Specification requires that the steel section alone have

Table 9.4 Shapes Selected for Example 9.6

Weight of Equivalent weight Equivalent total

Shape M, 0, steel # studs of studs weight of beam
Wi6x31 319 164 930 16 160 1090
W16x26 306 242 780 24 240 1020
W14x34 308 159 1020 16 160 1180
Wi14x30 311 248 900 24 240 1140
Wi14x26 312 332 780 32 320 1100
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adequate strength to support all loads applied prior to the concrete attaining 75% of its
specified strength. The bare steel beam, under the weight of these loads, deflects as an
elastic member. Because of this deflection of the beam under the weight of the wet concrete,
cambering of the steel beam is often specified. Cambering is the imposition of a permanent
upward deflection of the beam in its unloaded state so that, under load, the downward
deflection results in a beam without excessive deflection. Predicting the necessary camber
is difficult because of the varying methods and sequences of concrete placement used
by different contractors as well as such factors as the end restraint provided by the beam
connection. Even with camber it is often prudent for the designer to add a little extra concrete
load into the design dead load and for the contractor to allow for a little extra concrete in
the quantity estimate.

In the case of shored construction, deflection during construction is usually not a
concern, because the shores are not removed until the concrete has achieved some strength
and composite action can be counted upon. The deflection under the wet concrete for shored
construction is at a minimum. On the other hand, long-term deflection due to creep of the
concrete may have to be investigated because the concrete is stressed under the self-weight
as a permanent load along with the sustained service loads.

9.10.2 Vibration Under Service Loads

Composite construction usually is shallower than comparable noncomposite construction
and, therefore, may be more susceptible to perceived vibrations. Because vibration calcula-
tions assume that the beam behaves compositely, even when it is not a composite beam, the
additional stiffness of a composite beam does not improve its vibration characteristics. If
problems occur, they usually occur in applications with long spans and little damping. For
instance, a large area of a department store containing only a light jewelry display might
exhibit vibrations that would be perceptible to some customers. On the other hand, an office
building, constructed with the same floor system, could contain full or partial height parti-
tions that would provide sufficient damping to obviate any perceived vibration. Because of
wide differences in human perception of vibration and many other factors, vibration prob-
lems do not lend themselves to simple solutions. AISC Design Guide 11 Floor Vibrations
Due to Human Activity provides more information and gives the designer an approach to
vibration-acceptance criteria, damping, and rational design techniques.

9.10.3 Live Load Deflections

Live load deflections can be a critical design consideration for many applications. Excessive
deflection could cause problems with the proper fit of partitions, doors, and equipment and
may also result in an unacceptable appearance, including cracking of finishes and other
visible evidence of distress. Therefore, a live load deflection calculation should be carried
out for most situations. As discussed in Chapter 6, this calculation is made with the service
loads for which deflection is of interest, usually the nominal live loads.

Because beam deflections are a function of the stiffness of the beam, the modulus of
elasticity and moment of inertia of the composite section must be determined. The true
moment of inertia at the service load level for which deflections are to be calculated are
not easily determined. In addition, the modulus of elasticity of the composite section must
account for the interaction of steel and concrete. The normal approach is to transform the
concrete into a material that behaves like steel, with the same modulus of elasticity. The
moment of inertia of the new transformed section can then be determined. Transformation
of the concrete into steel is accomplished by dividing the concrete area by the modular
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ratio, n = E,/E,, and maintaining the same thickness. Although this seems like a fairly
straightforward process, the problem is determining the thickness of the concrete that is
actually participating in resisting the deflection.

One approach is to assume that the only concrete participating in resisting deflection is
what is also providing strength. Thus, whether it is a fully composite or partially composite
member, a moment of inertia can be determined using the known value of a from the
strength calculations. Because the nominal strength is calculated at the ultimate load level,
the amount of concrete actually participating for service loads could be significantly more
than that used in the strength calculations. Thus, a moment of inertia determined by this
approach is less than might actually be available and is called a lower bound moment of
inertia, Is,. Figure 9.24 is an example of Manual Table 3.24, which gives the lower bound
moment of inertia in a format that parallels the strength tables already discussed. Use of
these [y values results in a conservative estimate of service load deflections.

EXAMPLE 9.7
Deflection

SOLUTION

GOAL:  Determine the construction load deflection of the bare steel beam and the service load
deflection for the composite beam of Example 9.6.

GIVEN:  Consider the W16 26 as the beam designed in Example 9.6. Check the beam for a dead
load of 0.45 kip/ft, a construction live load of 0.36 kip/ft and an in-service live load of 1.35 kip/ft.
Compare the construction load deflection to span/360. For the live load deflection, use the lower

bound moment of inertia from Figure 9.24 and compare the calculated deflection to spanf360 as a
design limit.

Step 1:  Determine the total construction load for deflection calculations.
W =Wp + Wicong, = 0.45 4 0.36 = 0.81 kip/ft

Step 2:  Determine the moment of inertia of the W16x26 from Manual Table 1-1 or Manual
Table 3-20.

1, =301in*
Step 3: Calculate the construction load deflection and compare to span/360.

” _5(0.81)(30.0)*(1728)
“ 7 T384(29,000)(301)

Because the deflection exceeds our limit, cambering of the beam or shoring during con-
struction would be required. Shoring has a significant cost impact as well as a scheduling
impact, therefore, it is likely that the beam would be cambered or a larger section would be
used.
Step 4:  Assuming that the construction load deflection issue would be resolved, determine the live
load deflection under the in-service live load.
From Example 9.6, the W16x 26 was selected using Y2 = 4.5 and the resulting shear
stud force was EQ, = 242 kips at PNA location 4.
Step 3: Determine the lower bound moment of inertia.
Using Manual Table 3-20, with the values given in Step 4 and select

= 1.69in, >

3
o Lo = 1.0in
360

Iip = 754in.*
Step 4:  Determine the live load deflection.

_5(1.35)(30.0)*(1728)

L= 384(20,000)(754) = 1.13in.
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Table 3-24 (continued)
Lower Bound Elastic Moment
of Inertia, I, 5, for Plastic LB
Composite Sections i b

yie | £4, Y25, in.
n. | kip | 2 |25| 3 | 35| 4 (45| 5 |55 | 6 |65 ]| 7

{
:

W16x26
(301)

0 | 384 | 673 | 712 | 753 | 795 | 840 | B86 | 935 | 985 | 1040 | 1090 | 1150
I0.0863) 337 | 649 | 685 | 723 | 763 | 805 | 848 | B93 | 940 | 989 | 1040 | 1090
0.173| 289 | 621 | 654 | 680 | 726 | 764 | 804 | 845 | 888 | 933 | 980 | 1030
0.259| 242 | 589 | 619 | 650 | 683 | 718 | 754 | 791 | 830 | 870 | 912 | 955
0.345| 194 | 551 | 577 | 604 | 633 | 663 | 694 | 726 | 760 | 795 | 832 | 869
204 | 145 | 505 | 526 | 549 | 572 | 596 | 622 | 648 | 676 | 705 | 734 | 765
400 | 96 | 450 | 465 | 482 | 499 | 517 | 535 | 554 | 575 | 585 | 617 | 640

0 | 558 | 842 | 894 | 949 | 1010 | 1070 | 1130 | 1200 | 1260 | 1340 | 1410{ 1490
0.129| 471 | 803 | 851 | 901 | 954 | 1010 (1070 | 1130 | 1190 | 1260 | 1320 | 1390
0.258| 384 | 758 | 8OO | B45 | 891 | 941 | 992 | 1050 | 1100 | 1160 | 1220 | 1280
0.386) 297 | 703 | 739 | 777 | 817 | 858 | 902 | 948 | 996 | 1050 | 1100 | 1150
0515| 209 | 634 | 662 | 692 | 723 | 756 | 791 | B27 | 864 | 903 | 943 | 985
142 | 174 | B02 | 627 | 653 709 | 739 | 770 | 803 | 837 | &72 | 909
255 | 140 | 568 | 589 | 611 656 | 684 | 710 | 738 | 766 | 796 | 827

680
634
0 | 500 | 744 | 790 | 839 | 890 | 944 | 1000 | 1060 | 1120 | 1180 | 1250 | 1320
0.114| 423 | 710 | 753 | 797 | 844 | 894 | 945 | 999 | 1050 | 1110 | 1170 | 1240
0.:228| 347 | 671 | 709 | 749 | 791 | 835 | 881 | 929 | 879 | 1030 | 1090 | 1140
726
646
605
560

W14x38
(385)

W1d:x34

0.341| 270 | 623 | 656 | 690 764 | 803 | B44 | 887 | 932 | 978 | 1030
0.455( 193 | 565 | 591 | 618
141 | 159 | 535 | 557 | 581 631 | 659 | 687 | 716 | 747 | 779 | 812

260 | 125 | 502 | 520 | 540 582 | 604 | 628 | 652 | 677 | 704 | T3

0 | 442 868 | 919 | 973 | 1030 | 1090 | 1150
0.0063 378 | 615 | 653 | 692 | 734 | 777 | 823 | 870 | 920 | 972 | 1030 | 1080
0.193| 33 616 | 652 769 | 812 | 857 | 903 | 951 | 1000
0.289| 248 573 706 | 743 | 781 | 822 | 863 | 907
0.385| 183 521 | 546 | 572 629 | 659 | 680 | 723 | 757 | 793
148 | 147 487 579 | 605 | 631 | 659 | 688 | 19
282 | 1M 522 | 543 | 565 | 587 | 611 | 635

750 | 795 | B42 | B91 | 942 | 994
713 | 754 | 798 | B43 | 890 | 939
707 | 747 | 788 | 830 | 875
619 | 652 | 687 | 723 | 760 | 799
559 | 587 | 617 | 647 | 679 | T2
507 | 531 | 555 | 580 | 607 | 634
447 | 465 | 484 | 503 | 523 | 544

W14x30
(291)

g
8
E
3

g

88
23
(=1

g RRRER

W14x26
(245)

589
564
534

0.105| 332
0.210) 279
0.315| 226
0.420| 174
167 | 135
3.18 | 961

s o
wﬂ%m
=~ o =

459
424

284888 &

S588838 8E8
g

SERNHER 38

£a

a3

8 ¥1 = distance from top of the steel beam to plastic neutral axis.
& y2 = distance from top of the steel beam to concrete flange force.
© See Figure 3-3c for PNA locations.

9\alue in p Is 7, (in*) of steel shape.

Figure 9.24 Lower Bound Elastic Moment of Inertia. /g, for Plastic Composite Sections. Copyright
© American Institute of Steel Construction, Inc. Reprinted with Permission. All rights reserved.
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Step 5: Compare the calculated deflection with the given limit.

span _ 30(12)

Au=18> 38 =70

1.0/n

Because the calculated deflection is greater than the limiting value, the live load deflection is
not acceptable based on the given criteria. This result, combined with the construction load
deflection issue, would likely lead the designer to select a larger section for this situation
as was actually done in Example 9.6,

Deflection calculations are carried out under service loads and are independent of design
by LRFD or ASD.

9.11 COMPOSITE COLUMNS

Composite columns in building construction have been much slower to gain acceptance
than composite beams. Specification provisions were first provided in the 1986 LRFD
Specification and, until the 2005 Specification, were never available for ASD. Although the
use of composite columns in buildings is still quite limited, the attention to hardening of
structures against blast forces will likely bring them more to the forefront.

Specification Section 12 provides two types of composite columns: open shapes en-
cased by concrete and hollow shapes filled with concrete. Composite columns exist at the
interface between specification provisions for steel and those for concrete. The 2005 Spec-
ification closes the gap between the AISC and ACI material-specific requirements, For a
member to qualify as a composite column under the Specification, it must meet the following
limitations:

1. The cross-sectional area of the steel member must comprise at least 1% of the gross
area.

2. The concrete encasement must be reinforced with longitudinal steel as well as lateral
ties or spirals. The longitudinal steel area must be at least 0.004 times the gross area
and the tie area must be at least 0.009 in.? per in. of tie spacing.

3. The concrete strength, f, must be between 3 ksi and 10 ksi for normal weight
concrete and 3 ksi and 6 ksi for lightweight concrete.

4. The maximum value of F, to be used in calculations is 75 ksi.

b
5. Hollow sections must have a minimum wall thickness such that ¥ <226 %E— for
V £

D E
rectangular HSS and 7 = U,ISF for round HSS.

y

Although these requirements are usually readily satisfied, for situations where they are
not, ACI 318 should also be consulted.

To account for the effects of slenderness on the nominal strength of a composite column,
the equations found in Chapter E for steel columns are used with slight modification. Because
of the combination of two dissimilar materials and the general uncertainties of composite
column behavior, the resistance and safety factors are taken as

$. =075(LRFD) . =2.00(ASD)
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To convert the column equations, Equations 5.10 and 5.11, for use with a composite
column, the yield stress is replaced by a nominal axial strength and the elastic critical
buckling stress is replaced by the elastic critical buckling strength of the composite column
using an effective stiffness. This is presented in Specification Section 12.1 for encased
columns where

For P, = 0.44P,

(%)
A8 P,.1:0.658 o ] 9.17)
and for P, < 0.44P,

P, =0877P, (9.18)

where
P, = AFy + Ay Fyr + 0854, f!
2 Elg
(KLY
Elg = E; I, + 0.5E I, + C\E 1,

=T

A
C, =OII+2(AI-+A,) <03

In these equations, the s subscript refers to the steel section, the sr subscript refers to
the longitudinal reinforcing steel, and the ¢ subscript refers to the concrete.
For filled columns, the following are to be used

P, = AFy + Ay Fyr + C2A ]
Ely = E, + El, + C3EI,
C, = (.85 for rectangular sections
= (.95 for round sections

A
Ca 06+2(A(.+A_,)_

These two separate cases can easily be combined through the use of the already defined
constant, C2, and the new constants, Cy and Cs.

Ptl = A:F_\' + A.UF_\T + (:2"'1(}“‘r (919)
Elg = E, + CsE I, + CsE.l, (9.20)

(5 = 0.85 for encased sections and rectangular HSS
= (.95 for round HSS
C4 = 0.5 for encased sections

= 1.0 for filled HSS

"

Cs =01+ 2( 7y ) < 0.3 for encased sections

€ 5

=06+2 As ) < 0.9 for filled HSS
A+ A
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EXAMPLE 9.8
Composite Column
Strength

SOLUTION

GOAL: Determine the nominal strength of a composite column. Then determine the design
strength and the allowable strength,

GIVEN:  The column is composed of a W14x53 encased in 18 in, x 22 in. of concrete as shown
in Figure 9.25. Additional given information is as follows:

Column effective length = 15 ft.

Steel shape: F, = 50 ksi

Reinforcing: four #9 bars, Gr. 60, F, = 60 ksi

Concrete strength: f = 5 ksi

E, = 145"%/5 = 3900 ksi

Step 1:  Determine the areas of the components.

A, = 15.6in2
Ay = 4(1.0) = 4.0in.?
A. = 18.022.0) — 15.6 — 4.0 = 376in.2

Step 2:  Check the minimum steel ratios.

o= ﬁi = L = 0.0394 = 0.001
Ay 22.0(18.0)
o=t 30 __ 50101 > 0.004
A, 22.0(18.0)
So the specified minimums are satisfied.
Step 3:  Determine P, and F,.
C,=0.85
Cy=05
15.6
= — ] =0. 0.3
Cs=0.1+ 2(3?5_‘_ ]5,6) 0.180 <

h=22in. -

{ 2.375in.
s |'- "

Figure 9.25 Composite Column (Example 9.8).
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By inspection, the y-axis will be the critical buckling axis.

I, =1, =57.7in4
1y = 4(1.0)(6.625)* = 176 in.*
R 22.0(18.0)°

e T —57.7— 176 = 10,500 in.*

P, = 15.6(50) + 4.0(60) + 0.85(5)(376) = 2620 kips

El oy = 29,000(57.7) + 0.5(29,000)(176) + 0.180(3900)(10,500) = 11.6 x 10° in.-kips

By w116 % 10°
Pim T g FULSEID)  octbine
®D? T (15.0(12))

Step 4: Determine the controlling column strength equation.
P. 3530
—=—=135> 044
T s

Therefore, because P, > 0.44P,, use Equation 9.17.

Step 5:  Determine the nominal compressive strength.

P
P, = P,(0.658)7 = 2620(0.658)T3 = 1920 kips

Step 6:  For LRFD, the design compressive strength is

L &P, = 0.75(1920) = 1440 kips

Step 6: For ASD, the allowable compressing strength is

/it 1920 N
BET o

The strength of filled HSS is determined in the same fashion as just discussed for
the encased shapes, with the use of the appropriate C constants. Primarily because of the
unlimited possible combinations of steel section and concrete size, the Manual does not
provide tables for composite encased columns. However, because filled HSS represent a
limited set of possible geometries; Manual Part 4 does give strength tables for these shapes.

These tables are used exactly like the column tables for the bare steel column previously
discussed.

9.12 COMPOSITE BEAM-COLUMNS

Composite beam-columns have the same potential to occur as bare steel beam-columns.
Any application where bending moment and axial force are applied simultaneously needs
to be addressed according to the provisions of Specification Section 14,




Axial force, P
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Figure 9.26 Composite Column

Moment, M Interaction Diagrams,

For doubly symmetric composite beam-columns, the most common composite beam-
columns found in building construction, the interaction equations of Specification Chapter H
can be used conservatively. For a more accurate approach to determining the available
strength, the interaction surface can be developed based on plastic stress d‘i stributions and
the length modification from Specification Section 12, as discussed in Section 9.11. )

Figure 9.26 provides several potentially useful interaction diagrams for a composite
beam-column. Curve 1 is the interaction curve based on a strain-compatibility approach
similar to that used for developing similar diagrams for reinforced concrete columns, without
consideration of length effects. Curve 2 represents a segmented straight line approximation
based on plastic stress distributions, again without incorporating any length effects. Curve 3
is a further simplification of Curve 2, incorporating resistance or safety factors and the length
effects. Curve 4 is the result of applying the equations of Chapter H.

Only Curves 3 and 4 in Figure 9.26 account for the effects of length on beam-column
strength. The conservatism of the Chapter H approach is not that great when compared to
the Curve 3 approach. Thus, a detailed discussion of beam-column behavior will not be

undertaken.

9.13 PROBLEMS

1. Determine the location of the plastic neutral axis and the
available moment strength for a flat soffit, fully composite beam
composed of a W16x 26 spanning 20 ft and spaced 8 ft on cen-
ter, supporting a 6-in. concrete slab. Use f! = 4 ksi and A992
steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

2. Determine the location of the plastic neutral axis and the
available moment strength for a flat soffit, fully composite beam
composed of a W16x45 spanning 22 ft and spaced 8 ft on cen-
ter, supporting a 5-in. concrete slab. Use f = 5 ksi and A992
steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

3. Determine the location of the plastic neutral axis and the
available moment strength for a flat soffit, fully composite beam

composed of a W18 x50 spanning 20 ft and spaced 6 ft on cen-
ter, supporting a 5-in. concrete slab. Use f] = 5 ksi and A992
steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

4. Determine the location of the plastic neutral axis and the
available moment strength for a fiat soffit, fully composite beam
composed of a W18x71 spanning 18 ft and spaced 5 ft on cen-
ter, supporting a 4-in. concrete slab. Use f =4 ksi and A992
steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

5. Determine the location of the plastic neutral axis and the
available moment strength for a flat soffit, fully composite beam
composed of a W14x43 spanning 20 ft and spaced 5 ft on cen-
ter, supporting a 4-in. concrete slab, Use f' = 3 ksi and A992
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steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

6. Determine the location of the plastic neutral axis and the
available moment strength for a flat soffit, fully composite beam
composed of a W14 61 spanning 24 ft and spaced 6 ft on cen-
ter, supporting a 4-in. concrete slab. Use f/ = 3 ksi and A992
steel. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

7. Repeat Problem 1 with the shear stud capacity limited to
V, = 250 kips. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

8. Repeat Problem 2 with the shear stud capacity limited to
V, = 500 kips. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.
9. Repeat Problem 3 with the shear stud capacity limited to
V, = 500 kips. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

10. Repeat Problem 4 with the shear stud capacity limited to
V, = 400 kips. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

11.  Repeat Problem 5 with the shear stud capacity limited to
V, = 300 kips. Determine (a) design strength by LRFD and
(b} allowable strength by ASD.

12.  Repeat Problem 6 with the shear stud capacity limited to
V; = 600 kips. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

13. A WI2 composite beam spaced every 10 ft is used to sup-
port a uniform dead load of 1.0 k/ft and live load of 0.9 k/ft on
a 20-ft span. Using a 4-in. flat soffit slab with [ = 4 ksi, ¥;-in.
shear studs, and A992 steel, determine the least-weight shape
and the required ber of shear ct 5 to support the load.
Design by (a) LRFD and (b) ASD.

14. A W14 composite beam is to support a uniform dead load
of 1.2 k/ft and live load of 1.2 k/ft. The beam spans 24 fi and
is spaced 8 fi from adjacent beams. Using a 5-in. flat soffit slab
and ¥;-in. shear studs, determine the least-weight shape to sup-
port the load if f = 4 ksi and A992 stecl is used. Design by
(a) LRFD and (b) ASD.

15. Compare the least-weight A992 W16 and W14 members
required to support a uniform dead load of 2.4 k/ft and live load
of 3.2 k/ft. The beams span 18 ft and are spaced 12 ft on center.
They support a 6-in. concrete slab with f’ = 4 ksi. Design by
(a) LRFD and (b) ASD.

16. A series of W16x36 A992 composite beams are spaced
at 10-ft intervals and span 24 ft. The beams support a 2Y/s-in.
metal deck perpendicular to the beam with a slab whose to-
tal thickness is 5 in. Assuming full composite action, de-
termine the available moment strength and the number of
Ya-in. shear studs required. The deck has 6-in. wide ribs
spaced at 12 in. Use f = 4 ksi. Determine by (a) LRFD and
(b) ASD.

17. Determine the available moment gth of a W18x35
A992 composite beam supporting a slab with a total thickness of
5 in. on a 3-in. metal deck perpendicular to the beam. The beam
spans 28 ft and is spaced 12 ft from adjacent beams. Use f’ =
5 ksi. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

18. Determine the available moment strength for a W18x46
A992 member used as a partially composite beam to support 3 in.
of concrete on a 3-in. metal deck for a total slab thickness of 6 in.
The beam spans 30 ft and is spaced 11 ft from adjacent beams.
Shear stud strength is V, =400 kips, f/ =5 ksi. Determine
(@) design strength by LRFD and (b) allowable strength by ASD.
19. A composite beam is to span 20 ft and support a 4-in. slab
including a 1'/;-in. metal deck. The deck span is 10 ft. The beam
must accommodate a uniformly distributed dead load of 75 psf
including the slab weight and live load of 100 psf. The deck has
2-in. ribs spaced 6 in. on center. Determine the required A992
‘W-shape and the number of ¥s-in. shear studs. Use fi=73ksi.
Design by (a) LRFD and (b) ASD,

20. Determine the required W-shape and ¥s-in. shear studs for
acomposite girder that spans 30 ft and supports two concentrated
dead loads of 12 kips and live loads of 20 kips at the third points.
The 1'/2-in. metal deck with 2-in. ribs spaced at 6 in. on center
is parallel to the girder and supports a total slab of 5 in, Use
f! = 4 ksi and A992 steel. Design by (a) LRFD and (b) ASD.

21. Determine the live load deflection for a W24x76 A992
composite beam with an 8 in. total thickness slab on a 3-in.
metal deck. The beam spans 28 ft and is spaced at 10-ft inter-
vals. The beam is to carry a live load of 3.4 k/ft. Assume Y2 =
6.0 in. and £Q, = 393 kips.

22. Determine the live load deflection for a W16x26 A992
composite beam supporting a 6-in. slab on a 2';-in, metal deck.
The beam spans 24 ft and is spaced at 8 ft on center. The live
load is 2.1 k/ft, Assume Y2 = 5.5 in. and £Q, = 384 kips.

23. Determine the available compressive strength of a 20-ft ef-
fective length 18- » 18-in. composite column encasing an A992,
W10x68 and eight #8, Gr. 60, reinforcing bars, f/ = 5 ksi. Each
face has three bars with their centers located 2.5 in. from the face
of the concrete. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

24. Determine the available comp gth of a 22- x
22-in. composite column with an effective length of 16 ft. The
concrete encases an A992, W12 x 120 and eight #9, Gr. 60, bars,
f. =35 ksi. Each face has three bars with their centers located
25 in. from the face of the concrete. Determine (a) design
strength by LRFD and (b) allowable strength by ASD.

25. Determine the available compressive strength of a 20- x
22-in. composite column with an effective length of 12 ft. The
concrete encases an A992 W12x 136 and eight #10, Gr. 60, bars,
f! =5 ksi. Each face has three bars with their centers located
25 in. from the face of the concrete. Determine (a) design
strength by LRFD and (b) allowable strength by ASD.
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10.1

University of Phoenix Stadium.
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Connection Elements

INTRODUCTION

A steel building structure is essentially a collection of individual members attached to each
other to form a stable and serviceable whole, called the frame. The assumed behavior of the
connection between any two members determines how the structure is analyzed to resist
gravity and lateral loads. This analysis, in turn, determines the moments, shears, and axial
loads for which the beams, columns, and other members are designed. It is, therefore,
essential that the designer understand the basic behavior of connections.

Members are attached to each other through a variety of connecting elements, such as
plates, angles, and other shapes, using mechanical fasteners or welds. The characteristics
of these connecting elements and fasteners must be understood to assess the response
of the complete connection. With each connection, the load transfer mechanism must be
understood so that the applicable limit states of the joint can be evaluated.

Table 10.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.

10.2 BASIC CONNECTIONS

The wide variety of potential geometries and arrangements of members available for con-
struction makes listing the corresponding potential connections quite complex. Every joint
between members must be analyzed and designed according to the unique aspects of that
joint.
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Table 10.1  Sections of Specification and Parts of Manual Found in this Chapter

Specification

B3 Design Basis
Chapter D Design of Members for Tension
Chapter E Design of Members for Compression

G2 Members with Unstiffened or Stiffened Webs

J2 Welds

13 Bolts and Threaded Parts

J4 Affected Elements of Members and Connecting Elements
Manual

Part 7 Design Considerations for Bolts

Part 8 Design Considerations for Welds

Part 9 Design of Connecting Elements

Figure 10.1 shows several examples of tension connections. The connections shown
in Figures 10.1a, b, and ¢ illustrate ways that a tension member can be spliced. In each
case, the bolts are subjected to a shear force. The butt joint (Figure 10.1a) and the lap
joint (Figure 10.1b) provide a connection between two members whereas the joint shown
in Figure 10.1c shows the connection of a single member to a pair of members. This type
of joint can also be considered as a portion of the butt joint shown in Figure 10.1a. The
joint shown in Figure 10.1d represents a hanger connected to the lower flange of a beam;
in this case the connection is accomplished with a WT-shape, and the bolts are subjected
to a tensile load. The connection of a tension member to a gusset plate is shown in Figure
10.1e. Here again, the bolts are subjected to a shear force. All of these examples illustrate
bolted connections. Similar connections can be accomplished with welds.

The connections illustrated in Figure 10.2 are bracket connections. The connection
shown in Figure 10.2a shows a bracket attached to the flange of a column. In this case,

T
P O o

e — ....—....,»____:_O.Q_.___.,»__-. 4__.‘»._;-0——0—- N
;o o 1o o

(b) (c)

- - o 0
e

x T (= I =]

(d) (e}

Figure 10.1 Tension Connections.
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ccoo
—

(@) (&) Figure 10.2 Bracket Connections.

the bolts are subjected to shear and moment in the plane of the connection when loaded as
shown. The bracket shown in Figure 10.2b, when loaded as shown, subjects the bolt group
to shear in the plane of the connection and a moment out of the plane that results in a tensile
force in the top bolts.

10.3 BEAM-TO-COLUMN CONNECTIONS

I
|
I
|
I
|
I
|
I
|
A

[

(a) Double-angle connection

The connection of a beam to a column can also be accomplished in a variety of ways.
Figure 10.3 illustrates several connections of W-shaped beams to W-shaped columns. The
classification of these connections is a function of the forces being transferred between the
members. The connections shown in Figure 10.3a through d are usually called simple or
shear connections whereas those in Figure 10.3e through h are generally referred to as fixed
orf moment connections.

A

)
|
|
|
|
|
|
[

(b} Single-plate connection (c) Seated connection (d) Stiffened-seat connection
(shear tab)

]

1
- -
1

A

T — e e e e

(e) Shear plate moment
connection at flange

—

(f) Shear plate moment (g) Field-bolted moment (h} End-plate moment
connection at web connection connection

e o s e

Figure 10.3 Beam-to-Column Connections.
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Curve a

Curve b

/'_Cu”'”

Rotation, §

Moment, M

Figure 10.4 Beam-to-Column Moment-Rotation
Curves.

Although normal practice tends to classify beam-to-column connections as simple or
fixed, these connections actually exhibit a wide range of behaviors as discussed in Chapter 8.
This behavior can be described through a plot of the moment-rotation characteristics of
a particular connection. Typical moment-rotation relationships for three beam-to-column
connections are presented in Figure 10.4. When a connection is very stiff, it deforms very
little, even when subjected to large moments. This type of connection is represented by
Curve a in Figure 10.4. At the other extreme, when a connection is quite flexible, it will
rotate considerably but will not develop a significant moment, as shown by Curve ¢ in
Figure 10.4. Curve b in Figure 10.4 is representative of any connection whose moment
rotation behavior occurs somewhere between Curves a and c. These connections have some
appreciable stiffness but still exhibit a degree of flexibility; thus, significant rotation will
occur along with significant moment resistance.

For the purposes of design, connections have usually been assumed to behave according
to the simplified behaviors represented by the vertical axis of Figure 10.4 as a fixed con-
nection and the horizontal axis of Figure 10.4 as a simple connection. Because connections
do not actually behave in this way, those that follow Curves a and ¢ and exhibit a behav-
ior close to the idealized connection are called fixed connections and simple connections,
respectively. Specification Section B3.6 divides connections into two categories: simple
connections and moment connections. Within the moment connection category, it defines
Fully Restrained Moment Connections (FR) and Partially Restrained Moment Connections
(PR). FR connections transfer moment with a negligible rotation between the connected
members, as shown in Curve a. PR connections transfer moment between the members but
the rotation is not negligible, as demonstrated by Curve b.

It is the designers’ responsibility to match connection behavior with the appropriate
analysis model and to complete the connection design so that the actual connection behavior
matches that used in the analysis. Often, this requires experience and judgment; the state-
of-the-art is such that it is usually not possible to predict the actual M-8 curve with much
accuracy for anything but the simplest of connections.

104 FULLY RESTRAINED CONNECTIONS

The basic assumption for frames with FR connections is that the beams and columns
maintain their original relationship during the entire loading history. This is normally called
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a rigid or fixed connection. Figures 10.3e through h show examples of beam-to-column
connections that are usually treated as FR connections. Although they may show some
relative rotation between members, they have sufficient stiffness to justify ignoring this
rotation.

Figure 10.3e shows a connection with a web plate shop welded to the column flange
and field bolted to the beam web. The beam flanges have been beveled in the shop and are
field welded to the column. Although the beam web is not continuously connected to the
column, it has been repeatedly demonstrated that this connection can adequately transfer
the full plastic moment of the beam to the column. Most of the moment strength is derived
from the flange connections, which is equal to the flange force times beam depth. The small
amount of moment in the web connection and local strain hardening in the flanges add to
the connection’s ability to reach the full plastic moment of the beam. This connection is
generally known as the pre-Northridge connection because it was the standard connection
for seismic applications prior to the 1994 Northridge, California earthquake. Because its
performance under the seismic load of that event was not as favorable as expected, it is no
longer used in seismic resisting frames. However, it is still used to resist moments due to
gravity and wind loads.

Figure 10.3f is similar to Figure 10.3e except that the beam frames into the web of
the column. To ensure that this connection has adequate ductility it is important to extend
the flange connecting plates beyond the column flange and to design these plates a little
thicker than the beam flange. Extending the connecting plate reduces the possibility of a tri-
axial stress condition near the column flange tips. Thickening the plate reduces the average
tension stress in the plate. It also facilitates welding to the beam flange.

The connection illustrated in Figure 10.3g is a flange plate connection. As with the
pre-Northridge connection, the web is connected to transfer the beam shear force only. The
flange force is first transferred to the top and bottom plates and then into the column flange.
This connection is shown as a bolted connection but it is also possible to fabricate this as a
welded connection. For fully welded connections, special care should be taken to address
erection issues due to the requirement for field welding.

Figure 10.3h is an extended end plate connection. For this connection, a plate is shop
welded to the end of the beam and then bolted to the column flange. Although very popular
with some fabricators, others tend to avoid it. It must be fabricated with special care so that
the end plates are parallel with each other. Also, it is not a very forgiving connection and
can make erection difficult and expensive.

10.5 SIMPLE AND PARTIALLY RESTRAINED CONNECTIONS

A frame with PR connections must be analyzed accounting for the actual moment-rotation
characteristics of the connection. These connections are now referred to as partially
restrained connections but have historically been called semi-rigid connections. It is typ-
ically not possible to determine whether a connection should be classified as PR just by
looking at it. Several connections that appear to be simple actually have the potential to
resist significant moment. In the simple connection case, the analysis assumes that the con-
nections are pinned, and free to rotate. The rotation capacity of the connection must be
sufficient to accommodate the simple beam rotation of the beam to which it is connected.

There are basically two ways in which a simply connected frame can be designed
to resist lateral loads and to provide stability for gravity loads. In one case, a positive
bracing system is provided, such as diagonal steel bracing or a shear wall. In the second
case, lateral stability is provided by the limited restraint offered by the connections and
members themselves. This type of connection is called a flexible moment connection.
Flexible moment connections are designed with a limited amount of moment resistance
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accompanied by a significant amount of rotation. The connections are flexible enough to
rotate under gravity loads so that no gravity moments are transferred to the columns. At the
same time they are assumed to have sufficient strength and stiffness to resist the lateral loads
and to provide frame stability. This approach to frame design was addressed in Section 8.11.
Connection design for these flexible moment connections will follow the same approach as
other connections discussed later.

The design of PR connections requires that the frame be analyzed considering the
true semi-rigid behavior of the connections. In this case, the actual M-8 curve of the
connection must be known. The resulting analysis tends to be rather complex because
of the nonlinear behavior of the connection. Although there are currently no commercially
available computer programs for analysis of frames with PR connections, there are simplified
approaches that will aid in the use of these connections.

Figure 10.3 shows examples of simple and PR connections. As mentioned earlier, it is
not normally possible to tell by a visual inspection whether a connection should be treated
as a PR connection. Figure 10.3a shows a double-angle connection also referred to as a
clip angle connection. This connection has been used extensively over the years. In fact, it
is usually considered the standard to which other simple connections are compared. Even
though it is readily accepted as a simple connection, it has been shown that under certain
circumstances it can be relied upon to resist some moment from lateral load.

Figure 10.3b shows a single plate framing connection that is often referred to as a shear
tab. Care must be taken when designing these connections as simple connections to insure
that the elements have sufficient flexibility to accommodate the simple beam rotation.

Figure 10.3c shows a seated connection and Figure 10.3d a stiffened seated connection.
Either can be bolted or welded and they are usually used to frame a beam into the web of a
W-shaped column section. Although they may appear to be stiffer than the standard double-
angle connection, they are designed to rotate sufficiently without transferring a moment to
the column so that they can be treated as simple connections.

10.6 MECHANICAL FASTENERS

The mechanical fasteners most commonly used today are bolts. The Specification provides
for the use of common bolts and high-strength bolts. It also provides some direction for
cases where bolts are to be used in conjunction with rivets in new work on historic structures.
There are no provisions for rivets in new construction, however, because these connectors
are no longer used in buildings.

10.6.1 Common Bolts

Common bolts are manufactured according to the ASTM A307 specification as discussed in
Section 3.6.3. When used, they are usually found in simple connections for such elements
as girts, purlins, light floor beams, bracing, and other applications where the loads are
relatively small. Although permitted by the Specification, they are not recommended for
normal steel-to-steel connections and should not be used where the loads are cyclic or
vibratory, or where fatigue may be a factor.

Common bolts are also called machine, unfinished or rough bolts. They are identified
by their square heads and nuts and should have the grade designation 307A or 307B on the
heads. They are available in diameters from /4 in. to 4 in.

These bolts are usually installed using a spud wrench. No specified pretension is re-
quired. Because no clamping force is assumed, it is only necessary to tighten the nut
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sufficiently to prevent it from backing off of the bolt. The design shear and tensile strength
are given in Specification Section J3, Table J3.2.

10.6.2 High-Strength Bolts

Three types of high-strength bolts are currently permitted in steel structures according to
Specification Section J3: ASTM A325, High-Strength Bolts for Structural Joints; ASTM
A490, Quenched and Tempered Alloy Steel Bolts for Structural Joints; and F1852, Twist
Off Type Tension Control Structural Bolt/Nut/Washer Assemblies. F1852 bolts have the
strength characteristics of A325 bolts. Since publication of the Specification, ASTM has
issued ASTM F2280, Standard Specification for Twist Off Type Tension Control Structural
Bolt/Nut/Washer Assemblies, Steel, Heat Treated, 150 ksi Minimum Tensile Strength. These
bolis have strength characteristics of A490 bolts. Details of the material and other properties
of these bolis are described in Section 3.6.3. In most cases, the nominal strength of A490
bolts is 25% greater than that of A325 bolts because bolt strength is based on the tensile
strength of the bolt material. All three types of bolts can be used for simple, FR, or PR
connections and for both static and dynamic loading. Bolts have always been very popular
for field installation. Their use in the shop has increased considerably with the introduction
of automated equipment and the F1852 tension controll bolt.

A325 bolts are available in two types. Type |, manufactured from a medium-carbon
steel, is the most commonly used. It is available in sizes ranging from '/5 in. through 1'/5 in.
in diameter. Type 3 is a weathering steel bolt with corrosion characteristics similar to that
of ASTM A242, A588, and A847 steels. Type 3 bolts are also available from /> through
1/ in. in diameter. For /- to 1-in. bolts, ¥, = 120 ksi, whereas for bolts larger than 1.0
in. F, = 105 ksi.

A490 bolts are also available as Type | and Type 3 and in sizes ranging from /5 in. to
1'/3 in. in diameter. All A490 bolis have F,, = 150 ksi.

A325 Type 1 bolts are identified by the mark “A325" or by three radial lines 120 degrees
apart on the bolt head. Type 3 bolts have the designation “A325" underlined. A490 bolts
carry the symbol “A490" with the “A490" underlined for Type 3. Example bolt markings
are shown in Figure 10.5. All bolts should also be marked with a symbol to designate the
manufacturer as shown in the figure.

Figure 10.6a shows the principle parts and dimensions of a high-strength bolt: head,
shank, bolt length, and thread length, whereas Figure 10.6b shows the principle parts of a
tension control bolt.

Both A325 and A490 bolts can be installed with a spud wrench or, in cases where
a clamping force is necessary, using an impact wrench. F1852 bolts are installed with
a mechanical device that simultaneously holds the bolt shank and nut and rotates them
relative to each other. The end of the bolt twists off when the prescribed tensile force is
reached, insuring the required pretension.

A32s
Type 3

Figure 10.5 Example Bolt Identification Markings from St. Louis Screw and Bolt Company.
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=— Bolt length J Bolt length

(a) High-strength bolt (b) Tension control bolt
Figure 10.6 Bolt Definitions.
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Because the hole into which a bolt is inserted will impact the strength of the bolts in place,
it is important to address the hole requirements at this point. The Specification defines four
types of bolt holes that are permitted in steel construction: standard, oversize, short slot,
and long slot. Table 10.2 shows the nominal hole dimensions for each of these types and
for bolts from !/, in. diameter up. Figure 10.7 shows the four hole sizes for a ¥s-in. bolt.

Standard holes or short-slotted holes transverse to the direction of load are the standard
to be used unless one of the other types is permitted by the designer. This is because the other
arrangements will adversely affect the final bolt strength. A standard hole has a diameter that
is /16 in. greater than the bolt diameter to accommodate placement of the bolt. Short-slotted
holes have this same dimension in one direction but are elongated in the other direction to
assist in fit-up of the connection parts. Any slot longer than a short slot should be classified
as a long slot, even if it is not the full length of a long slot as shown in Table 10.2.

Oversize holes and long-slotted holes are specified when the increased tolerance is
needed to accomplish the actual connection. If a design includes other than standard holes,
the requirements of Specification Section J3.2 for washers come into play. For the examples
in this book, only standard holes will be used.

In addition to prescribing the size of bolt holes, the Specification gives minimum
and maximum hole spacing and edge distances. Figure 10.8 shows a plate with holes
dimensioned with the standard variable names used in the Specification. The minimum
hole spacing, s, for standard, oversized, or slotted holes must not be less than 2%/; times the
bolt diameter. A spacing of 3 diameters, 3d, is preferred. It will be shown later that even
at a minimum spacing of 3d, bolt strength may be less than what it could be if the spacing

Table 10.2 Nominal Hole Dimensions, in.

Hole dimensions

Bolt Standard Oversize Short slot Long slot
diameter (dia.) (dia.) (width x length) (width x length)
' s % %e x e *he % 14
% e e "Whe x Us e x 1%
s e e Bhe x 1 e x Uk
s Yhe e “he x 1% e x e
1 Ve 1, 6 x g Ve x 2V
21 d+ ' d+ % (d+ ) x (d + %) (d+ i) x (2.5 x d)
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(a) Standard (b) Oversized (¢) Short slotted (d) Long slotted

-

Figure 10.7 Hole Sizes for a ¥, in. Diameter Bolt.

were just a little bit greater. The maximum spacing of bolts in a connection is 12 times the
thickness of the connected part or 6 in. This maximum is not a strength requirement but
rather one that is intended to keep a connection together and prevent any potential moisture
build-up between the elements.

The minimum edge distances, L, specified are intended to facilitate construction and
are not strength related. Table 10.3 shows the minimums from Specification Table J3.4.
Because these dimensions will be shown to directly impact bolt strength, it is critical to
provide edge distances that are compatible with the required strength of the connection. The
table gives different edge distances for sheared and rolled edges. The use of these values
will depend on the type of connecting element being used, such as a plate that might have
been sheared or an angle that has a rolled toe. The maximum edge distance is the same as
the maximum spacing and for the same reasons.

10.7 BOLT LIMIT STATES

Three basic limit states govern the response of bolts in bolted connections: shear through
the shank or threads of the bolt, bearing on the material being connected, and tension in the
bolt.

Cases where load reversals are expected or fatigue is a factor have an additional limit
state to prevent slip in the connection. This limit state applies only to connections that are
classified as slip-critical.

10.7.1 Bolt Shear

The most common application of bolts in connections is to resist shear. Shear through the
shank of the bolt is the means whereby the load, P, in Figure 10.9a is transferred from one
plate to the other. In this case, the bolt is sheared along one plane. Thus, it is said to be a
bolt in single shear. The arrangement in Figure 10.9b shows two side plates connected to a
central plate. In this case, the load, P, is transferred from the center plate to the side plates

L
L,

!

g

i

T
P 3 4 Figure 10.8 Hole Spacing, Guage, and Edge
Wil Distances

J:lr
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Table 10.3  Minimum Edge Distance,” in., from Center of Standard Hole” to Edge of
Connected Part Copyright (€) American Institute of Steel Construction, Inc. Reprinted with
Permission. All rights reserved.

At rolled edges of plates, shapes,

Bolt diameter (in.) At sheared edges or bars, or thermally cut edges’
Y s s
¥ 1Y ko
Ya VA 1
s 1 1'%
1 1 1Yy
1Y% 2 14
15 2% 1%
Over 14 1Y xd 1Yy % d

“Lesser edge distances are permitied to be used provided provisions of Section 13,10, as appropriate, are satisfied.
bFor oversized or slotted holes, see Table J3.5,

“All edge distances in this column are permitted to be reduced Yy in. when the hole is at a point where required
strength does not exceed 25% of the maximum strength in the element.

“These are permitted to be 11 in. at the ends of beam connection angles and shear end plates.

and the bolt is therefore loaded in double shear. A bolt in double shear has twice the shear
strength as a bolt in single shear.

For the limit state of bolt shear, the nominal strength is based on the tensile strength
of the bolt and the location of the shear plane with respect to the bolt threads. Section J3.6
provides that

Rn — FJJAF’
and
& = 0.75 (LRFD) Q = 2.00 (ASD)
where
F, = shear stress, F,,, from Specification Table J3.2
Ap = area of the bolt shank

The information in Table 10.4 is taken from Specification Table J3.2. Each high-strength
fastener has two descriptions: The first is for cases where the threads are not excluded

e
—:— -P*l— Al? | . = P'JE
—— T ] —=rn

(a) Single-shear failure of bolt (b) Double-shear failure of bolt

(¢} Tear out failure of plate (d) Bearing failure of plate
Figure 10.9 Bolt Failure Modes.
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Table 10.4 Nominal Stress of Fasteners and Threaded Parts, ksi (MPa)

Nominal shear stress

Nominal tensile in bearing-type
stress, Fr, connections, F,y,
Description of fasteners ksi ksi
A307 bolts 45 24
A325 or A325M bolts, when threads are not excluded from shear planes 90 48
A325 or A325M bolts, when threads are excluded from shear planes 90 60
A490 or A490M bolts, when threads are not excluded from shear planes 113 60
A490 or A490M bolts, when threads are excluded from shear planes 113 75
Threaded parts meeting the requirements of Section A3.4, when threads are 0.75F, 0.40F,
not excluded from shear planes
Threaded parts meeting the requirements of Section A3.4, when threads are 0.75F, 0.50F,

excluded from shear planes

10.7.2  Bolt Bearing

from the shear plane and the second is for when the threads are excluded from the shear
plane. Because in every case, the area of the bolt shank is used to determine the nominal
strength, the reduced area when the shear plane passes through the threads is accounted for
by reducing the nominal shear stress. When threads are excluded from the shear plane, the
bolts are called either A325X or A490X bolts. In these cases, F,, = 0.5F,. When threads
are not excluded from the shear plane, the bolts are referred to as either A325N or A490N
bolts. In these cases, F,, = 0.4F,. Only one value is provided for A307 bolts and that value
is based on the assumption that the threads occur in the shear plane.

Unless the designer can be sure that the final connection will result in the bolt threads
being excluded from the shear plane, it is usually best to design the connection for the worst
case of threads included in the shear plane.

The available strength for the limit state of bearing is specified in Section J3.10. Because
the material strength of a bolt is greater than that of the material it is bearing on, the
only bearing check is for bearing on the material of the connected parts. The Specification
provision considers two limit states for bearing strength at bolt holes: the limit state based
on shear in the material being connected as shown in Figure 10.9¢, and the limit state of
material crushing as shown in Figure 10.9d.

When the clear distance from the edge of the hole to the edge of the part or next hole
is less than 2 times the bolt diameter, the limit state of shear in the plate material, also
referred to as tear out, will control. In this case, failure occurs by a piece of material tearing
out of the end of the connection as shown in Figure 10.9¢ or by tearing between holes in
the direction of force. The nominal strength for this failure mode, R,, is provided by shear
along the two planes. From statics

R, = (shear strength) (2 planes) (clear distance) (material thickness)

R, = 0.6F,(2L.)t = 1.2F, L.t
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10.7.3 Bolt Tension

where
0.6F, = ultimate shear strength of the connected material, ksi

t = thickness of the material, in.
L;

clear edge distance, measured from the edge of the hole
to the edge of the material or the next hole

If the clear distance exceeds 2d, bearing on the connected material will be the controlling
limit state, as shown in Figure 10.9d. In this case, the limit state is that of hole distortion
and the calculated bolt strength will be

R, = 2.4dtF,
where
d = bolt diameter
t = connected part thickness
F, = tensile strength of the connected part

]

These two expressions are provided in Specification Section J3.10 in a single expression as
Ry, = 12LtF, <24dtF, (10.1)

[f deformation at the bolt hole is not a design consideration at service loads, both of these
limit states may be increased so that

R, = 1.5L.tF, <3.0dtF, (10.2)

When bolts are used in a connection with long slots and the force is perpendicular to the
slot, bolt strength is reduced such that

Ry =1.0LF, =2.0dtF, (10.3)

As was the case for bolt shear, the resistance and safety factors for the limit state of bolt
bearing are

& = 0.75 (LRFD) Q2 = 2.00(ASD)

For the limit state of bolt tension, strength is directly based on the tensile strength of the
bolt material. Section J3.6 provides that

Ry = Fy Ay
and

& = 0.75 (LRFD) 2 = 2.00(ASD)
where

F, = tensile stress, F,, from Specification Table J3.2

Ay = area of the bolt shank
Table 10.4 shows the nominal tensile stress, F,,, for bolts taken from Specification Table
J3.2. Note that there is no distinction for the location of the shear plane, because the bolt is
loaded axially and the limiting stresses occurs over the net tensile area, The area of the bolt
shank is again used and the nominal tensile stress is given as 0.75F,.
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EXAMPLE 10.1
Bolt Shear Strength

SOLUTION

GOAL: Determine the available bolt shear strength.

GIVEN: (a) a single ¥4-in. A325N bolt.
(b) a single s-in. A490X bolt.

Part (a) a single ¥,-in. A325N bolt
Step 1:  Determine the bolt shank area.

wd® w075 ;
s iy =0.442in?
Step 2:  Determine the nominal shear stress.
For an A325 bolt
F., = 120 ksi

and for the threads included (N)

F,, = 0.4F, = 0.4(120) = 48 ksi
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Step 3: For LRFD, ¢ = 0.75 and the design strength is

bry = 0.75(75)(0.601) = 33.8 kips

Step 3: For ASD, € = 2.00 and the allowable strength is

o (1060)
o= = 225kips

Manual Table 7-1 provides single-bolt strength values for a wide range of bolt sizes and
strengths.

Step 3:  For LRFD, ¢ = 0.75 and the design strength is

br, = 0.75(48)(0.442) = 159 kips

Step 3: For ASD, £ = 2.00 and the allowable strength is

o (48)(0.442) !
=55 =10:6kips

Part (b) a single "/g-in. A490X bolt
Step 1:  Determine the bolt shank area.

A 'rr_d'2 = w(0.875)%

i 7 = 0.601 in.”

Step 2:  Determine the nominal shear stress.
For an A490 bolt

F, = 150 ksi
and for the threads excluded (X)

F,y = 0.5F, = 0.5(150) = 75 ksi

EXAMPLE 10.2
Lap Splice Connection
Strength

SOLUTION

GOAL:  Determine the available shear and bearing strength for a four-bolt connection.

GIVEN: A lap joint using >-in. A36 plates is given in Figure 10.10. Use (a) /g-in. A325X bolts
and (b) Yg-in. A325N bolts.
Part (a) "s-in. A325X bolts
Step 1:  Determine the nominal shear strength.
F,, = 0.5(120) = 60 ksi

Ap = 0.601 in.2
ry = (60)(0.601) = 36.1 kips

Step 2: For LRFD, the design shear strength for a single bolt is
br, = 0.75(36.1) = 27.1 kips

Step 3:  For the four bolts in shear

U:R,, =4(27.1) = 108 kips

P -t

15 in.——‘
2.5in.

L_ 1.5 in: Figure 10.10 Lap Joint for Example
10.2.
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Step 2:  For ASD, the allowable shear strength for a single bolt is
ra  (36.1) .
B 18.1 kips
Step 3:  For the four bolts in shear
3
R, ;
= 4(18.1) = 72.4 kips
Step 4:

Determine the nominal bearing strength.

The clear distance from the bolt hole to the end of the member

1
L.= 15— (5)(7/8-}— 1/16) =1.03 < 2d = 2(7/8) = 1.75in.
and between holes in the direction of force

L,=25—(7/8+1/16) = 1.56 < 2d = 2(7/8) = 1.75 in,
In both cases, because the clear distance is less than two bolt diameters, tear-out controls.
Thus, for each end bolt

r, = 1.2(58)(1.03)(0.5) = 35.8 kips
and for each interior bolt

rﬁ

1.2(58)(1.56)(0.5) = 54.3 kips

Step 5:

For LRFD, the design bearing strength for four bolts in bearing (tear out)

bR, = 0.75(2(54.3) + 2(35.8)) = 135 kips

Step 5:

For ASD, the allowable bearing strength for four bolts in bearing (tear out)

R _ (2(54.3) + 2(35.8))
o sl e

700 = 90.1 kips

Step 6:

Determine the final connection strength.

The connection strength is the lowest value of strength for the limit states of bolt shear
or bolt bearing; thus, the final connection bolt strength is

For LRFD

$R, = 108 kips for the limit state of bolt shear

Chapter 10 Connection Elements

For ASD

-ﬁ'i = 72.4 kips for the limit state of bolt shear

Part (b) /s-in. A325N bolts
Step 1:  Determine the nominal shear strength.
Fup = 0.4(120) = 48 ksi
Ay = 0.601 in.?
ry = (48)(0.601) = 28.8 kips
Step 2:  For LRFD, the design shear strength for a single bolt is
¢r, = 0.75(28.8) = 21.6 kips
Step 3:  For the four bolts in shear
bR, = 4(21.6) = 86.4 kips
Step 2:  For ASD, the allowable shear strength for a single bolt is
ry  (28.8) ;
B i 14.4 kips
Step 3:  For the four bolts in shear
R, ;
P 4(14.4) = 57.6 kips
Step 4:  Determine the nominal bearing strength.

For bearing, the location of the threads is not a factor; thus, the bearing strength is again
135 kips for LRFD and 90.1 kips for ASD, and the connection bolt strength is still controlled
by bolt shear.

Step 5:  For LRFD, the design strength is

Step 5:

For ASD, the allowable strength is

R, I
— =576k
o ips

EnqineeringFbooksPdf com
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EXAMPLE 10.3
Butt Splice Connection
Strength

SOLUTION

GOAL:  Determine the available strength of the bolts in the butt splice connection shown in Figure
10.11.

GIVEN:  Use */4-in. A490N bolts and A36 plates.

Step 1: Determine bolt nominal shear strength.

Fpy = 0.4(150) = 60 ksi
Ap = 0.442in.?
ra = (60)(0.442) = 26.5 kips

Step 2:  For LRFD, determine the design shear strength.
For a single bolt in single shear

r, = 0.75(26.5) = 19.9 kips

For the four bolts in double shear

R, = 4(2(19.9)) = 159 kips

Step 2: For ASD, determine the allowable shear strength.
For a single bolt in single shear
Tn (26.5) T 4
T 13.3 kips

For the four bolts in double shear

% = 4(2(13.3)) = 106 kips

Step 3: Determine the nominal strength for bearing.
With the arrangement of plates shown, the bearing strength is controlled by the middle
plate with a thickness of '/, in. For bearing, determine the clear distance from the bolt hole

3,’3in, Hzin.
P i : ] —_—
3/gin.
I['I
1
o o : : o o]
P -— bk <~ —p
o (o] wn{ B o I S
I

11/ in,

i
s m'A—. 3in.

Figure 10.11 Butt Joint for Example 10.3.
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to the end of the member
1
L.=125— (E)(3/4 +1/16) = 0.844 < 2d = 2(3/4) = 1.50in.

and between holes in the direction of force
L.=30-3/4+1/16) =2.19 > 2d =2(3/4) = 1.50in.

Thus, the clear distance is less than two bolt diameters for the end bolt and tear-out
controls. But, between holes the clear distance is greater than two bolt diameters and
bearing controls.

Thus, for each end bolt

ry = 1.2(58)(0.844)(0.5) = 29.4 kips
and for each interior bolt
r, = 2.4(3/4)(0.5)(58) = 52.2 kips
Thus, for the four bolts in bearing (tear-out), the nominal strength is
R, = (2(29.4) + 2(52.2)) = 163 kips

Step 4:

For LRFD, the design bearing strength is

bR, = 0.75(163) = 122 kips

Step 4:

For ASD, the allowable strength for bearing is

Step 5:

Determine the final connection strength.
The connection strength is determined by the lowest of bolt shear strength or bolt
bearing strength; thus, the final connection strength based on the limit state of bolt bearing is

For LRFD

For ASD

L,

]
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The limit state of slip is associated with connections that are referred to as slip-critical. Slip-
critical connections are permitted to be designed to prevent slip either as a serviceability limit
state or at the required strength limit state. They should be used only when the connection
is subjected to fatigue or the connection has oversized holes or slots parallel to the direction
of load. In any case, the connection must also be checked for strength as a bearing type
connection by the methods discussed in the previous sections. The nominal strength of a
single bolt in a slip-critical connection is given in Specification Section J3.8 as

Ru = #DuhschN-i
where

ft = mean slip coefficient = 0.35 for Class A surfaces with other values found in
Specification Section J3.8

D, = 113
hge = 1.0 for standard-size holes with other values found in Specification Section J3.8
N; = number of slip planes

T, = minimum bolt tension specified
For connections in which slip prevention is a serviceability limit state
¢ = 1.00 (LRFD) Q = 1.50 (ASD)
and for connections in which slip prevention is required at the strength level
& =085(LRFD) = 1.76 (ASD)

Detailed use of the slip-critical connection is not addressed here. Examples of slip-critical
connection design can be found in the AISC Manual Companion CD, Section II.

10.7.5 Combined Tension and Shear in Bearing-Type Connections

When bolts are subjected to simultaneous shear and tension, Specification Section J3.7
provides a nominal tensile stress modified to include the effects of shearing stress, F,, to
be used in determining the nominal bolt tensile strength such that

R, =F, A
and
& = (.75 (LRFD) Q =2.00(ASD)

When the required stress in either shear or tension is less than or equal to 20% of the
corresponding available stress, the effects of the combined stresses can be ignored. If both
required stresses exceed this 20% limit, the modified tensile stress is given as

Fﬂ'

F i' fv = Fnr

ry

Fl, = 1.3F, -

where
F,; = nominal tensile stress when only tension occurs

v

F
F,, = available shear stress, &F,, for LRFD or 2
FPN‘
£y

for ASD

nominal shear stress when only shear occurs
required shear stress, either for LRFD or ASD

I
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10.8 WELDS

Connection Elements

Welding is a process of joining steel by melting additional metal into the joint between
the two pieces to be joined. The ease with which various types of steel can be joined by
welding, without exhibiting cracks and other flaws, is called weldability, Most structural
steels used today accept welding without the occurrence of unwanted defects. The American
‘Welding Society (AWS) defines weldability as “the capacity of a metal to be welded under
fabrication conditions imposed, into a specific, suitably designed structure and to perform
satisfactorily in the intended service.”

Weldability depends primarily on the chemical composition of the steel and the thick-
ness of the material. The impact on weldability of the various chemical elements in the
composition of steel was discussed in Chapter 3.

10.8.1 Welding Processes

For structural steel, the four most popular welding processes and their abbreviations as
designated by AWS are

Shielded Metal Arc (SMAW)
Submerged Arc (SAW)

Gas Shielded Metal Arc (GMAW)
Flux Cored Arc (FCAW)

Shielded Metal Arc Welding (SMAW)

Shielded Metal Arc Welding (SMAW) is one of the oldest welding processes. It is often
called manual or stick welding. Figure 10.12a is a schematic representation of this welding
process. A high voltage is induced between an electrode and the metal pieces that are to be
joined. The electrode is the source of the metal introduced into the joint to make the weld.
It is called the consumable electrode. When the welding operator strikes an arc between
the electrode and the base metal, the resulting flow of current melts the electrode and the
base metal adjacent to it. The electrode is coated with a special ceramic material called flucx.
This flux protects the molten metal from absorbing hydrogen and other impurities during
the welding process. When the metal cools, a permanent bond exists between the electrode

Electrode coating

Gaseous shield Flux tube

Arc stream Molten
; Mol 1 oot
el T Base
e Fia Base metal N ] metal
inp s / . L /
% / i /%/ / ]
(a) SMAW (b) SAW

Figure 10.12 (a) Shielded Metal Arc Welding; (b) Submerged Arc Welding.




10.8 Welds 327

material and the base material. Because the flux cools at a different rate than the metal, it
separates from the weld and is easily removed from the joint.

Submerged Arc Welding (SAW)

Submerged Arc Welding (SAW) is an automatic or semi-automatic process that is used
primarily when long pieces of plate are to be joined. It is shown schematically in Figure
10.12b. SAW welds must be made in the near flat or horizontal position. The flux is a granular
material introduced through a flexible tube on top of the electric arc. It is an economical
process for applications in which repetitive and automated fabrication procedures lend
efficiency to the work.

Gas Shielded Metal Arc Welding (GMAW)

Gas Shielded Metal Are Welding (GMAW) is a process in which a continuous wire is fed
into the joint to be welded. The molten metal is protected from the atmosphere by gas
surrounding the wire. When used in the field, it is necessary to ensure that wind does not
blow the gas away from the joint. This is the method often referred to as MIG welding for
its use of inert gasses.

Flux Cored Arc Welding

Flux Cored Are Welding (FCAW) is also a continuous wire process, except that the wire is
essentially a thin hollow tube, filled with flux that protects the metal as the wire melts. It
can be arranged as a semi-automatic process, and exceptionally high production rates can
be attained.

10.8.2 Types of Welds

0707w

Four basic types of welds are used in steel construction, including fillet welds, groove welds,
plug welds, and slot welds. Fillet and groove welds are shown in Figure 10.13. Plug and
slot welds fill a hole or slot with weld material to attach one piece to another.

Figure 10.13a shows a fillet weld. The leg of the weld is measured along the interface
between the weld metal and the base metal. The throat of the weld is the shortest dimension
of the weld. Because most fillet welds are symmetrical, with a 45-degree surface, the throat

e

(a) Fillet weld

I dimension Backup bar

(b) Complete penetration groove weld (c) Partial penetration groove weld

Figure 10.13 Fillet and Groove Welds in Section.
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Groove
welds

Flat position Horizontal position Vertical position Overhead position

Figure 10.14 Terminology for Fillet and Groove Weld Positions.

is 0.707 times the leg dimension as shown. The size of a fillet weld is given by its leg
dimension, in increments of /¢ in.

A groove weld can be either a complete joint penetration groove weld (CIP), as shown
in Figure 10.13b, or a partial joint penetration groove weld (PJP), as shown in Figure 10.13c.
Both types of groove welds have been prequalified by AWS. This prequalification means
that certain weld configurations, including the root opening, R; the angle of preparation, «;
and the effective thickness, S, are deemed to be practical to build and will carry the intended
load. AWS specifies provisions for prequalifying any weld configuration if circumstances
indicate that it is practical. These prequalified complete and partial joint penetration groove
welds are shown in detail in Manual Table 8-2. The configurations shown in Figure 10.13
are schematic representations.

Both fillet welds and groove welds can be laid down in a variety of different positions
depending on the orientation of the pieces to be joined. The terminology for these positions
is shown in Figure 10.14.

Specification Section J2 addresses effective areas and sizes for welds. The effective dimen-
sions of groove welds are given in Specification Tables J2.1 and J2.2. The effective areas
of fillet welds are given in Specification Section J2.2. The minimum sizes for fillet welds
are based on the thinner of the parts being joined and are given in Specification Table J2.4.
The maximum size of fillet welds for material less than '/4-in. thick is the thickness of the
material, whereas for material '/4-in. thick or greater, the maximum size is the material
thickness less '/ in.

10.9 WELD LIMIT STATES
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The only limit state to be considered for a weld is that of rupture. Yielding of the weld metal
will occur but it occurs over such a short distance that it is not a factor in connection behavior.
Strain hardening occurs and rupture takes place without excessive yielding deformation.
The ultimate tensile strength of an electrode may vary from 60 to 120 ksi, depending
on the specified composition. AWS classifies electrodes according to the tensile strength of
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Table 10.5 Matching Weld Electrodes for Commonly Used Steels

Steel Minimum SAW matching
Group specification yield strength electrode strength
I A36 36 E60 or ET70
AS53 35
AS00Gr A 33
AS00GrB 42
AS501 36
A529 42
IT AS572Gr42 42 E70
AS574 Gr 50 50
AS5B8 50
A618 46-50
A913 50
A992 50
v A852 70 E90

the weld metal and indicates electrode strength as Fgxy. In this notation, the E represents
the electrode and the XX represents the tensile strength. Thus, a typical electrode used to
weld A992 steel would have a strength of 70 ksi and be designated as an E70 electrode.

AWS and AISC specify that for a particular grade of structural steel, as indicated by
yield strength, there is a maiching electrode. Table 10.5 shows the matching electrodes for
commonly used steels. Both organizations further specify that the steel can be joined by
welding only with the matching electrode or one that is no more than one grade higher. This
is to encourage yielding in the base metal before it occurs in the weld.

10.9.1 Fillet Weld Strength

For a fillet weld as shown in Figure 10.13a, load is transferred by shear through the throat
of the weld and the weld rupture strength is a function of the properties of the electrode.
Shear strength provisions for welds are found in Specification Section J2.4 and Table J2.5
where

R,=F, A,

¢ = 0.75 (LRFD) Q =2.00(ASD)
and
F,, = nominal strength of the weld metal per unit area = 0.6Fgyy

A, = effective area of the weld
Fexy = weld electrode classification number, the weld strength

Because the limit state of all fillet welds is one of shear rupture through the throat, the
effective area of the weld is the width of the weld at the throat, 0.707w, times the length of
the weld, L, so that

Ay = 0707wl
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The resulting nominal weld strength is

R, = 0.6Fgxx(0.707TwL)

For the most commonly used electrode, Frxx = 70 ksi, the design strength for LRFD
can be determined as

R, = 0.75(0.6(70))(0.70TwL) = 22.2Twl

and the allowable strength for ASD can be determined as
R, _ (0.6(70)(0.707wL)
AT 2.0

It is convenient in design to use the fillet weld strength for a fillet weld with a '/j6-in. leg,
which gives

Design strength for LRFD

R, =222Twl = 22.27(1—16) (1.0) = 1.392 kips per /15 of weld per in. of length

Allowable strength for ASD
% = 14.85wl = 14.85(716) (1.0) = 0.928 kips per 16 of weld per in. of length

Therefore, a !/4-in. fillet weld has a design strength of 1.392 x 4 (sixteenths) = 5.57 kips
per inch of length and an allowable strength of 0.928 x 4 (sixteenths) = 3.71 kips per inch
of length.

‘When an in-plane load is applied to a fillet weld at an angle other than along the length
of the weld, more strength is available than given by these calculations. The Specification
provides an alternative for the weld nominal stress, based on the angle of the load to the
longitudinal axis of the weld. Thus

F. = 0.60Fgxy(1.0 + 0.5sin" 6)

where
6 = angle of loading measured from the weld longitudinal axis

This strength equation is intended to be used for welds or weld groups in which all elements
are in line or parallel. When welds with different orientations are combined in the same
joint, deformation of these different welds must be accounted for. Specification Section
J2 provides two alternate approaches for combining welds that are not in line or parallel.
The simplest case is for concentrically loaded fillet weld groups consisting of elements
that are both longitudinal and transverse to the direction of the applied load. For this case,
the nominal weld strength is taken as the larger of the simple sum of the welds without
considering orientation, given by

Ry = Ry + Ry
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or
R, =0.85R,; + 1.5R,,
where
Ry = nominal strength of the longitudinally loaded weld without considering the angle
of load
Ry = nominal strength of the transversely loaded weld without considering the angle
of load
EXAMPLE 10.4 GOAL:  Determine the available strength of the three welds given in Figure 10.15.
Weld Strength and
Load Angle GIVEN:  The welds are %;-in. welds, 8.0 in. long, and loaded (a) along the length of the weld,
(b) transversely to the weld, and (c) at a 45-degree angle to the weld. Use E70 electrodes.
SOLUTION Part (a) Weld loaded along its length

Step 1:  Determine the number of Y4 units for the given weld.
A Ys-in. weld is twelve /yg-in. units across the leg.
Step 2:  Determine the strength of the weld when loaded along its length.
The strength values already discussed can be used because the weld is loaded along its
length.

For LRFD

bR, = 8.0(12)(1.392) = 134 kips

For ASD

R
o = B0012)(0.928) = 89.1 kips

Part (b) Weld loaded at 90 degrees to the weld length
Step 1:  Determine the nominal weld strength using the alternate strength equation to account for
the angle of load.
Fy = (0.60Fgxy)(1.0 + 0.5 5in'0)
= (0.60Fpxx)(1.0 + 0.5 5in"*(90)) = (0.60Fxx )(1.5)

Therefore, the strength of the weld is increased by 1.5 over what it is when the load is along

the weld. Thus

8in. | |[=-—p

(| ~-— P
=8 in. —~|

(a) (b)
Figure 10.15 Welds for Example 10.4.
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Step 2: For LRFD, the design strength is

bR, = 1.5(134) = 201 kips J

Step 2: For ASD, the allowable strength is

R, Rt
o = L5(9.1) = 134 kips

Part (c) Weld loaded at 45 degrees to the weld
Step 1: Determine the nominal weld strength using the alternate strength equation to account for
the angle of load.
F,, = (0.60Fzxx)(1.0 4+ 0.5 sin'3(45)) = (0.60 Fxx )(1.30)

Therefore, the strength of the weld is increased by 1.30 over what it is when the load is
along the weld. Thus

Step 2: For LRFD, the design strength is

$R, = 1.30(134) = 174 kips

Step 2:  For ASD. the allowable strength is

% = 1.30(89.1) = 116 kips

Enqineerin

EXAMPLE 10.5a
Weld Strength and Load
Angle by LRFD

SOLUTION
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GOAL:  Determine the design strength for C-shaped welds.

GIVEN: A C-shaped weld group is shown in Figure 10.16 to attach a tension plate to a gusset.
Use E70 electrodes and a 7s-in. weld.

Step 1: Determine the design strength for the two 2.0-in. welds parallel to the load.
bR, = 2(2.0)(14)(1.392) = 78.0 kips

Step 2:  Determine the design strength for the 6.0-in. weld transverse to the load.

bR, = 6.0(14)(1.392) = 117 kips
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Step 4: Determine the allowable strength considering the added contribution of the transverse
welds while reducing the contribution of the longitudinal welds so that

R, .
o 0.85(52.0) + 1.5(78.0) = 161 kips
Step 5: Determine the weld strength by selecting the largest from Steps 3 or 4.
< i
Ry i
— = 161ki
o) ps
Figure 10.16 C-Shaped Weld for Example 10.5. 109.2 Groove Weld Strength
A groove weld can be either a complete or partial joint penetration weld as shown in Figures
Step 3: Determine the connection design strength by adding the strength based on length of 10.13b and c. The complete joint penetration grove weld (CIP) is not designed in the usual
2 g gth of the J pe g
welds. sense because the weld metal is always stronger than the base metal when properly matching
&R, =78.0+ 117 = 195 kips electrodes are used. Therefore, the strength of the base metal controls the design.

S s . ey In the case of a complete joint penetration groove weld, the nominal strength of the
tep 4: DE‘_T““;;‘E the design strength considering the added contribution of the transverse welds tension joint is the product of the yield strength of the base material and the cross-sectional
while reducing the contribution of the longitudinal welds so that area of the smallest piece joined. The nominal strength of a partial joint penetration groove
&R, = 0.85(78.0) + 1.5(117) = 242 kips weld in a tension joint is similar except that the full cross-sectional area of the joined pieces

is not effective. In this case, AWS defines an effective throat dimension, §, which is a
function of the configuration of the bevel as shown in Figure 10.13¢ and Manual Table 8-2.

10.10 CONNECTING ELEMENTS

The plates, angles, and other elements that go into making up a connection are called
connecting elements. They, along with the region of the members actually involved in

Step 5:  Determine the weld strength by selecting the largest from Steps 3 or 4.

the connection, are treated in Specification Section J4. There are provisions for tension,
compression, shear, and block shear. There are no special provisions for connecting elements

EXAMPLE 10.5b in flexure.

GOAL: Determine the design strength for C-sh
Weld Strength and Load gn strength for C-shaped welds.
i i 10.10.1 Connecting Elements in Tension

Angle by ASD
GIVEN: A C-shaped weld i in Fi i
ety a“:"/:—ingf:i];t;? shown in Figure 10.16 to attach a tension plate to a gusset. Although the Specification addresses tension in connecting elements in Section J4.1, it does
not alter the basic tension provisions found in Specification Chapter D. This means that two
SOLUTION Step1: Determine the allowable strength for the two 2.0-in, welds parallel to the load limit states are to be considered, the limit state of yielding and the limit state of rupture.
k X v Again, for the tension limit states, the resistance and safety factors are different for the two
%l = 2(2.0)(14)(0.928) = 52.0 kips limit states so any comparison of strength must be made at the design or allowable strength
; ; ] L it level. The design strength is given by $R,, and the allowable strength by R, /S, as has been
Step 2:  Determine the allowable strength for the 6.0-in. weld transverse to the load. the case throughout the Specification. For the limit state of yielding of connecting elements
R, | !
T = 6.0(14)0.928) = 78.0 kips Rn = FyAq
Step 3:  Determine the connection allowable strength by adding the strength based on length ¢ = 0.90 (LRFD) Q = 1.67 (ASD)

of the i W s .
Helds, For the limit state of rupture of connecting elements

% = 52,0+ 78.0 = 130kips R, = FuA,
&=075(LRFD)  § = 2.00(ASD)

o|®
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The definition of terms are the same as for all other tension members previously considered [+ Cope—+
except for the requirement that the effective net area, A,, for bolted splice plates may not
be taken greater than 0.85A,, regardless of the area deducted for holes.

Shear
10.10.2 Connecting Elements in Compression area Shear

Most connecting elements in compression are relatively short and have a fairly small slen- ;1';5"“ N
derness ratio. In addition, determination of the appropriate effective length factor requires Tensile
application of significant engineering judgment, usually amounting to making an educated
guess for an appropriate factor. With this in mind, and in order to simplify connection design l

somewhat, the Specification provides, in Section J4.4, a simple relation for the compres- 2t

sive strength of connecting elements if the slenderness ratio is less than 25. For this case, () (b)
Py = FyAg and the resistance and safety factors are the same as for other compression Figure 10.17 Example Block Shear Failure.
members as

d=090(LRFD)  © = 1.67(ASD) where

0l . . A v
If the slenderness ratio of the compression element is greater than 25, the element must be g .
designed according to the column provisions of Specification Chapter E. Ay = net tension area

gross shear area

A,y = net shear area
10.10.3 Connecting Elements in Shear Ups = 1.0for uniform tension stress distribution and U, = 0.5 for nonuniform tension
Member design for shear requires the consideration of the limit states of shear yielding and Sl

shear buckling. Connecting elements and the portion of members affected by the connection
must be checked for the limit states of shear yielding and shear rupture. Shear yielding occurs
on the gross area of the element whereas shear rupture occurs on a section containing holes. $=0.75(LRFD) £ =2.00(ASD)
Thus, for shear yielding of the element

The resistance and safety factors for the limit state of block shear rupture are again

Figure 10.17 shows a single-angle tension member attached to a gusset plate and a cgped
Ry =0.6F,A, beam end with the holes located in a single line. The tension area and shear area are identified
: for each and the area that would tear out is shaded.
¢ = 1.00 (LRFD) Q = 1.50 (ASD)

The resistance and safety factors for this case are the same as those for the special case of
rolled I-shaped members given in Specification Section G2.1.
For the limit state of shear rupture

I &
R, = 0.6F, Ay, b %3’}1
&=075(LRFD)  Q = 2.00(ASD)

where (a) Welded angle (b) Single-row t_>e.am (c) Angle ends (d) Gusset plates
end connections

A,, = net area subjected to shear Cases for which Uy, = 1.0

As was the case for tension rupture, the net area is determined by removing the area of holes
from the gross area.

10.10.4 Block Shear Strength ~

The limit state of block shear rupture can occur on the connecting elements or the affected
members, It is a complex failure mode that combines shear and tension failures into a single
mode of failure. Block shear was discussed in Section 4.7 as it pertained to tension members (¢) Multiple-row beam
because it is a major factor in determining tension member strength. It can also be a factor end connections

in determining the strength of a beam end reaction, depending on the connection geometry.
Thus, it is repeated here. The nominal strength for the limit state of block shear rupture is

Rn = 0.6F,Any + UpcFuAn < 0.6FyAgy + UpsFulp

Cases for which Uy, = 0.5
Figure 10.18 Block Shear Tensile Stress Distribution.
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A review of the block shear equation given on page 336 shows that the expected failure
mode will always include tension rupture whereas the shear failure mode will be the smaller

of the sh

ear rupture or shear yield. As noted on page 336, the tension stress distribution factor,

Uy, is a function of the variation of the tension stress over the tension area. Figure 10.18
shows several elements and the corresponding assumed tensile stress distribution. The only

case ide

ntified by the Commentary where the tensile stress distribution is not uniform is

that of a coped beam with two rows of bolts, as shown in Figure 10.18e.

EXAMPLE 10.6 GOAL:
Block Shear Strength
GIVEN:
standard

SOLUTION Step 1:

Determine the block shear design strength and allowable strength for a coped beam.

A coped W16x40, A992 beam end is shown in Figure 10.19. Assume that the beam has
holes for ¥-in. bolts.

Determine the gross and net shear areas and net tension area for the beam.,

Remember from the discussion of net area for tension members that for net area, an
additional }/is in. must be deducted to account for any hole damage from the punching
operation.

Ag = 11.0(0.305) = 3.36in2
Ane = [11.0 — 3.5(5/8 + 1/8)1(0.305) = 2.55 in.2
Ag = [4.25 = 1.5(5/8 + 1/8)1(0.305) = 0.953 in.2

Step 2:  Determine the shear yield and rupture strength and the tension rupture strength.
For this geometry, the tensile stress distribution is nonuniform; therefore, Uy, = 0.5.
Shear Yield = 0.6(50)(3.36) = 101 kips
Shear Rupture = 0.6(65)(2.55) = 99.5 kips
Tension Rupture = 0.5(65)(0.953) = 31.0 kips
Step 3:  Determine the nominal block shear strength.
Because shear rupture is less than shear yield, combine the shear rupture with the tensile
rupture. Thus
R, =1(99.5+31.0) = 131 kips
3in.
11/, in,—=] ’—-—‘
2in. H
o9
3in
o 9 Shear <
3in. : aea [
o 0
3in ;
--0--0
Tension area

Figure 10.19 Coped Beam End for Example 10.6.

338 Chapter 10 Connection Elements

Step 4:  For LRFD, the design strength is

&R, = 0.75(131) = 98.3 kips

Step 4:  For ASD, the allowable strength is

= % = 65.5 kips

o=

o

10.11 PROBLEMS

1. Develop a table showing the nominal shear strength for
A325-N bolts for the following sizes: %3, ¥4, /g, and 1 in.

2. Develop a table showing the nominal shear strength for
A325-X bolts for the following sizes: ¥y, Vs, 7, and 1 in.

3. Develop a table showing the nominal shear strength for
A490-N bolts for the following sizes: %, ¥s, /s, and 1 in.

4. Develop a table showing the nominal shear strength for
A490-X bolts for the following sizes: ¥s, V4, /s, and 1 in.

5. Develop a table showing the design shear strength for A325-
N, A325-X, A490-N, and A490-X bolts for the following sizes:
Vs, Ya, /s, and 1 in.

6. Develop a table showing the allowable shear strength for
A325-N, A325-X, A490-N, and A490-X bolts for the following
sizes: ¥g, Y4, s, and 1 in.

7. Determine the available strength of the ¥y-in. A325-N bolts
in the lap splice shown with two >-in. A36 plates. Determine
(a) design strength by LRFD and (b) allowable strength by ASD.

1 1/4 in,—e={

FU/ in.
3in. | 3in. %

P10.7

8. Determine the available strength of the Y4-in. A325-X bolts
in the lap splice shown for Problem 7, with two z-in. A36
plates, Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

9, Determine the available strength of the 7/s-in. A325-N bolts
in the lap splice shown for Problem 7, with two '5-in. A36
plates. Determine (a) design strength by LRFD and (b) allowable
strength by ASD.

10. Determine the available strength of the 7s-in. A490-N bolts
in the lap splice shown with two %;-in. A36 plates. Determine (a)
design strength by LRFD and (b) allowable strength by ASD.

T
1
1
1
|
| 1
=1 1/, in.

P10.10

11. Determine the available strength of the 7-in. A490-X bolts
in the lap splice shown for Problem 10 with two ¥;-in. A36
plates. Determine (a) design strength by LRFD and (b) allow-
able strength by ASD,

12. Determine the available strength of the ¥4-in. A325-N bolts
in the butt splice shown with two 1,-in. side plates and a 1-in.
main plate. Use A36 plates. Determine (a) design strength by
LRFD and (b) allowable strength by ASD.
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13. Determine the available strength of the four ¥;-in. A325-N
bolts in the single L3x3x '/, A36 when the bolts are placed as
shown. Determine (a) design strength by LRFD and (b) allow-
able strength by ASD.

P10.13

14. Determine the available strength of the three ¥/-in. A325-N
bolts in the single L4 x3x%; A36 when the bolts are placed as
shown. Determine (a) design strength by LRFD and (b) allow-
able strength by ASD.

11/, .m:E"—") o O = —

11/ in. —=

P10.14

15. Determine the available strength of the six ¥-in. A325-N
bolts in a 7-x ¥s-in. A36 plate when the bolts are placed as
shown. Determine (a) design strength by LRFD and (b) allow-
able strength by ASD.

1§

: o o o

4in, - —
o

11/4in, ° it
11/, in. —ut

A Jin. ' 3in
P10.15

16. Determine the available strength of the eight ¥-in. A490-
N bolts in a WT6x 20, A992 steel plate when the bolts are placed
as shown, Determine (a) design strength by LRFD and (b) al-
lowable strength by ASD.

11, in.-l

P10.16

17. Determine the available strength of two ¥;-in. welds that

are loaded parallel to their length, are 10 in. long, and are made
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from E70 electrodes. Determine (a) design strength by LRFD
and (b) allowable strength by ASD.

18. Determine the available strength of two '/;-in. welds that
are loaded parallel to their length, are 8 in. long, and made from
E70 electrodes. Determine (a) design strength by LRFD and
(b) allowable strength by ASD.

19. Ifthe welds of Problem 17 were loaded at their centroid and
at 90 degrees to the weld length, determine (a) design strength
by LRFD and (b) allowable strength by ASD.

20. Ifthe welds of Problem 18 were loaded at their centroid and
at 45 degrees to the weld length, determine (a) design strength
by LRFD and (b) allowable strength by ASD.

21. Three Ys-in. welds are grouped to form a C and are loaded
at their centroid. Determine the available weld strength if the
single transverse weld is 9 in. and the two longitudinal welds are
each 3 in. Use E70 electrodes. Determine (a) design strength by
LRFD and (b) allowable strength by ASD.

22, Repeat Problem 21 with the transverse weld at 3 in. and
the two longitudinal welds at 9 in. each. Determine (a) design
strength by LRFD and (b) allowable strength by ASD.

23. Determine the available block shear strength for a coped
W16%26, A992 beam with holes for ¥/s-in. bolts as shown. De-
termine (a) design strength by LRFD and (b) allowable strength
by ASD.

o—1yin.

lin.
0—_

3in. WI6x26
o—2>L

| |~—llflil‘l.

P10.23

24. Determine the available block shear strength for a coped
W21x182, A992 beam with holes for ¥;-in. bolts as shown. De-
termine (a) design strength by LRFD and (b) allowable strength
by ASD.

4

o o — 1Y, in.
Jin.
Q O—p
Jin.
Q) (O W21x182
Jin
Q QO
11,in,
g 3in.
P10.24

25. Determine the available block shear strength for a coped
W24 x146, A992 beam with holes for ¥/;-in. bolts as shown. De-
termine (a) design strength by LRFD and (b) allowable strength
by ASD.

s
° 11/, in.
Jin.
0—_
Jin.
O— W24x146
3in
o 2
- |—— 2in.
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American Airlines Terminal, JFK International
Airport
Photo courtesy Steven Rankel, PE.

Simple Connections

11.1 TYPES OF SIMPLE CONNECTIONS

This chapter addresses two types of connections, simple beam shear connections and sim-
ple bracing connections. The connecting elements and the connectors required for these
connections have already been discussed in Chapter 10. The limit states that control the
connection have also been discussed individually, although their link to connection de-
sign may not yet be completely clear. Connection design is a combination of element and
connector selection with a checking of all appropriate limit states. The goal is to obtain
a connection with sufficient strength and the appropriate stiffness to carry the load in a
manner consistent with the model used in the structural analysis. In addition to these simple
shear connections, beam bearing plates and column base plates will be discussed.

The limit states to be considered for a particular connection depend on the connection
elements, the connection geometry, and the load path. They will be identified in the following
sections as each connection type is considered. A summary of the potential limit states at this
time, however, may prove useful. For bolts, the limit states of tensile rupture, shear rupture,
bearing and tear-out, as well as slip, will be considered. For welds, the only limit state to be
considered is shear rupture, although weld group geometry will add some complexity to that
consideration. For connecting elements, the limit states are tension yielding and rupture,
compression buckling, and shear yielding and rupture.

Table 11.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.
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Table 11.1  Sections of Specification and Parts of Manual Found in this Chapter

Specification
B3.13 Gross and Net Area Determination
12 Welds
13 Bolts and Threaded Parts
14 Affected Elements of Members and Connecting Elements
Jio Flanges and Webs with Concentrated Forces
Manual

Part 7 Design Considerations for Bolts

Part 8 Design Considerations for Welds

Part 9 Design of Connecting Elements

Part 10 Design of Simple Shear Connections

Part 14 Design of Beam Bearing Plates, Column Base Plates, Anchor Rods, and Column Splices
Part 15  Design of Hanger Connections, Bracket Plates, and Crane-Rail Connections

11.2 SIMPLE SHEAR CONNECTIONS

A significant variety of potential connection geometries are associated with the various
types of members to be connected. Five of the most commonly used simple shear con-
nections are described in the following sections with design examples following. These
connections are shown in Figures 11.1a through e as: double-angle, single-angle, single-
plate commonly called a shear tab, unstiffened seated, and stiffened seated connections.
Part 10 of the Manual includes many tables that can simplify connection design; how-
ever, the examples presented here show the required calculations when necessary to im-
prove understanding. Once a calculation is sufficiently demonstrated, the Manual tables are
used.

Several design considerations apply to all of the shear connections to be discussed and
in some cases to other types of connections, It is helpful to address these before dealing with
the specific connection. The first issue to consider is the location of the hinge within the
connecting elements. It is critical that this hinge can actually occur in the real connection,
because the analytical model of the connection assumes it behaves as a hinge or pin. The
location of the hinge determines what forces and moments, if any, the individual elements
must be designed for. In all cases, the hinge is located at the most flexible point within the
connection. This may be at the face of the supporting member or at some other point within
the connection. Several general design guidelines help insure that the connection behaves
as desired. In most cases, this means that the hinge occurs at the face of the supporting
member.

For double-angle connections, angle thickness should be limited to a maximum of %
in. The bolts in the outstanding legs, those connecting to the supporting member, should
be spaced at as wide a gage as possible and for welded outstanding legs, the vertical welds
should be spaced as far apart as possible. These characteristics insure that the connection
behaves as a simple connection through bending of the outstanding legs.

For simple beam connections, the permitted tolerance for beam length must be consid-
ered. Although this tolerance is not normally a consideration for member design, it becomes
important when the details of connecting members are considered. Beamn length tolerance
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Two angles

(a) Double angle

(b) Single angle

1

Stabilizing
clip

KN
o

2in.

Alternate
clip

Seat

! Single plate
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®
® 1
@
A
¥
{c) Shear tab
e |
¥
4in. :
Stabilizing
_-i |-_ £ clip
-1 _*_
== 2in.

T' Alternate
clip
position

[ Seat
s Stiffner
Optional
trim lines
A

(d) Unstiffened secat

Figure 11.1 Simple Shear Connections.

(e) Stiffened seat
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is '/4 in. To accommodate this, the beam is assumed to be held back '/ in. from the face
of the supporting member. In addition, when considering the edge distance from a bolt hole
to the end of the member, the distance used in calculations should be taken as /4 in. less
than that actually detailed.

For welded connections, when a weld would end in the air, as would be the case for
the welds on a shear tab, the effective length of the weld used in the calculations is the weld
length less twice the weld size.

It is also helpful to remember the considerations for hole sizes. First, standard holes
are sized /¢ in. larger than the bolt to be inserted. Then, when considering net sections
for the limit states of tension rupture or shear rupture, Specification Section B3.13 re-
quires that an additional '/ in. be deducted to account for any material damage resulting
from the hole-punching process. When a clear distance is calculated for the limit state
of bearing, specifically the tear-out portion of the bearing check, the actual hole size is
used.

These design considerations are used in the examples to follow.

11.3 DOUBLE-ANGLE CONNECTIONS: BOLTED-BOLTED

A double-angle shear conncction, as shown in Figure 11.1a, is perhaps the most com-
mon simple shear connection used in steel construction. It is a fairly simple connection to
fabricate and also a fairly casy connection for erection. When double-angle connections
are to be installed back to back, there may be some problems, particularly when the sup-
porting member is a column web. In the case of attachment to a column web, the safety
requirements of OSHA call for special attention. One solution is to stagger the double an-
gles. This connection can easily accommodate variation in beam length within acceptable
tolerances.

The double-angle shear connection must be checked for the following limit states,
grouped according to the elements that make up the connection: bolts, beam web, angles,
and supporting member:

1. Bolts
a. Shear rupture

2. Beam
a. Bolt bearing on beam web
b. Shear yielding of the web
¢. Block shear on coped beam web
d. Coped beam flexural strength

3. Angles
a. Bolt bearing on angles
b. Shear rupture
¢. Shear yield
d. Block shear

4. Supporting member
a. Bolt bearing

Each of thesc limit states has been addressed previously in this book. In the examples that
follow, these limit state checks are combined into a complete connection design.
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EXAMPLE 11.1a
Bolted-Bolted
Double-Angle Shear
Connection by LRFD

SOLUTION

GOAL:

GIVEN:

Step 1:

Step 2:

* 2in—= |

Design a bolted-bolted double-angle shear connection for an W18x 50 beam.

The W18x50 beam must provide a required strength, R, = 83.0kips. The beam is

A992 and the angles are A36. The beam flange is coped 2 in. Use 7/s in. A325-N bolts in standyrd
holes in the legs on the beam web and short slots on the outstanding legs. The basic starting
geometry is given in Figure 11.2.

Determine the number of bolts required based on the shear rupture of the bolts.
From Manual Table 7-1, the design strength per bolt is
dr, = 21.6kips
Because the bolts are in double shear, the total number of bolts required is

83.0

= =192
2(21.6)

Therefore, try two bolts.

Check the bolt bearing on the web.
For the two-bolt connection, the top bolt is 1.25 in. from the beam cope and the
second bolt is spaced 3.0 in. from the first. Determine the clear distances for each of

these bolts.
For the top bolt

L.=125— %(?,fﬂ + 1/16) = 0.781 < 2(7/8) = 1.75

Thus, tear-out controls and the nominal bolt strength is

R, = 1.2(0.781)(0.355)(65) = 21.7 kips
For the second bolt

L.=30—-(7/8+1/16)=2.06=> 2(7/8) = 1.75
Therefore, bearing controls, and the nominal bolt strength is
R, = 2.4(7/8)(0.355)(65) = 48.5 kips
Thus, for the two-bolt connection, the design strength is
&R, = 0.75(21.7 + 48.5) = 52.7 < 83.0 kips

Therefore, the two-bolt connection will not carry the load.

2in, :

14 in,

[l [
=

3in. W18x50 e

Iin.-——! |___ Fivsg in.

ty=0.355 in.

Figure 11.2 Connection Geometry for Example 11.1.
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Step 3:

Step 4:

Step 5:

Step 6:

Step 7:

Step 8:

Determine the number of bolts required considering bearing.
Adding a third bolt spaced at 3.0 in., as shown in Figure 11.2, gives a connection
design strength for bolt bearing of

bR, = 0.75(21.7 + 2(48.5)) = 89.0 > 83.0kips

Consider the outstanding legs of the angles.

A similar calculation should be made for the bolts on the outstanding legs of the
angles that connect to the supporting member. In this case, the bolts are in single shear
but there are twice as many bolts so the load per bolt is half of the load in the bolts in
the beam web. If the supporting member thickness is at least one-half of the beam web
thickness and the strengths are the same, the bolts in the supporting member will be
satisfactory. This is the assumed case for this example.

Evaluate the minimum depth of the connection.

The beam web connection should be at least half the depth of the beam web measured
as the distance between the fillets, T, given in Manual Table 1-1. This requirement
is to prevent twisting of the simple supports. For this beam, T = 15" in. so that
the minimum angle depth should be 7%; in. Thus, the 8),-in. long angle will be an
acceptable connection depth,

Check shear yield of the beam web.

This is a check that should be carried out during the beam design process. At the
point of connection design it is too late to be finding out that the beam will not be
adequate. From Manual Table 3-2

$V, = 192 kips > 83.0kips

Check the beam web for block shear,

The equations for block shear are found in Specification Section J4.3 and were
presented in Section 10.10.4.

First calculate the required areas, remembering to account for the beam length
tolerance in the tension area calculation,

1/7 1 -
A = (1,75 % E(E + E))w.ass; = 0.444in.

Ay, = 7.25(0.355) = 2.57 in.2
Ay = (?,25 - 2.5(% + %))(0.355) = 1.69in.?

Consider shear yield and shear rupture and select the least nominal strength, thus
0.6F, A, = 0.6(50)(2.57) = 77.1 kips
0.6F, A, = 0.6(65)(1.96) = 65.9 kips

Selecting the shear rupture term and combining it with the tension rupture term gives a
connection block shear design strength, recalling that U, = 1.0 for the case of uniform
tensile stress distribution, we have

&R, = 0.75(65.9 + 1.0(65)(0.444)) = 71.1 < 83.0 kips

Thus, the given three-bolt connection is not adequate with block shear being the critical
limit state to this point in our calculations,

Revise the connection to meet the block shear strength requirements.

Consideration could be given to increasing the number of bolts and thereby in-
creasing the length of the connection. However, because bolt shear required only two
bolts, this would not be a particularly economical solution. If the connection were to
be lowered on the beam end so that the distance from the center of the top bolt to the
edge of the cope were 2.5 in., the connection would have more block shear strength.
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Thus, the new shear areas become
A, = 8.5(0.355) = 3.02in.?
An = (8.5 — 2.5(7/8 + 1/8))(0.355) = 2.13in.2
and the nominal shear yield and rupture strengths become
0.6F, Az = 0.6(50)(3.02) = 90.6 kips
0.6F, A, = 0.6(65)(2.13) = 83.1 kips
The resulting block shear design strength is
&R, = 0.75(83.1 + 1.0(65)(0.444)) = 84.0 > 83.0kips

Check the flexural strength of the coped beam.

It is a good idea to check this limit state during the initial design of the beam. It
should be anticipated that a coped connection will be required during the design stage
and it is at that stage that a change in beam section can most easily be accommodated.

Flexural strength of the coped beam is not addressed in the Specification directly
but is covered in Part 9 of the Manual. The moment in the coped beam is taken as the
shear force times the eccentricity from the face of the support to the edge of the cope,
taken as 4.5 in. in this example.

M, = 83.0(4.5) = 374 in.-kips

To determine the flexural strength of the coped beam, the net section modulus is taken
from Manual Table 9-2. With the depth of the cope,

d. =20in., 5, =23.4in?
For flexural rupture, ¢ = 0.75 and

M, = F,S, = 65(23.4) = 1520 in.-kips

M, = 0.75(1520) = 1140 in.-kips > 374 in.-kips
For flexural local buckling, & = 0.9 and
M, = ForSpet

The critical stress is given in Manual Part 9 as

2
Fo= 26.210(;‘—") &

For this example % 24)
= — = —— = 0444
f d 1 g
1.65 1.65
k:ZZ(}ﬁ) =2.2(ﬁ) = 2157
¢
and 2
0.355 . .
Fop = 26,210 160 (0.444)(21.7) = 124 ksi > F, = 50ksi
Thus

M, = 50(23.4) = 1170 in.-kips

&M, = 0.9(1170) = 1050 in.-kips > 374 in.-kips

So the coped beam has sufficient flexural strength.
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Step 11:

Step 12:

Step 13:

Step 10:  Check bolt bearing on the A36 angle.

Assume a %)4-in. angle and maintain the 1.25-in. end distance as shown in Figure
11.2. The other bolts are spaced as originally shown at 3.0 in.
For the top bolt

1
L,.=125- E(T/8+ 1/16) = 0.781 < 2(7/8) = 1.75

Again, tear-out controls and the nominal bolt strength is

Ry = I.Z(G.TBI}(-I%)(SS) = 17.0 kips
For the second and third bolt

L.=30—(7/8+1/16)=2.06 > 2(7/8) = 1.75
and bearing controls, giving a nominal bolt strength of
5

R, = 2.4(7/3)(3)(53) = 38.1 kips

Thus, for the three-bolt connection, the design strength is

Ry = 0.75(17.0 + 238.1) = 69.9kips > 3 = 41.5 kips

Therefore, the three-bolt connection in the angles is more than adequate.
Check the angles for shear rupture.
The net area of the angle on the vertical shear plane is

Am = (8.5-3(7/8 + usn(%) =1.72in?
and the design strength is

bV, = (0.75)(0.6F, An) = (0.75)(0.6(58)(1.72)) = 44.9 > 41.5 kips

So the angle is adequate for shear rupture.

Check the angles for shear yield.
The gross area of the angle on the vertical shear plane is

5 2
Ap =(8.35) = | =266in"
# (SS)(lﬁ) 2.66in
and the design strength is

$Vy = (LO)O.6F, A;) = (1.0)(0.6(36)(2.66)) = 57.5 > 41.5 kips

So the angle is also adequate for shear yield.

Check the angles for block shear.

The equations for block shear in the angle are the same as those for the web and as
presented in Section 10.10.4.
First calculate the required areas,

1
A= (1.0 - 5018+ ]{8))(%) =0.156in.2
Ap =725 = ]| =227in2
- 5(16) 2.27in

An = (1.25-2.50/8 + usn(%) = 148in?
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Step 14:

S/ in. angle Figure 11.3 Final Connection Design for Example 11.1.

Consider shear yield and shear rupture and select the least nominal strength, thus
0.6F, Ay, = 0.6(36)(2.27) = 49.0 kips

0.6F,Ap, = 0.6(58)(1.48) = 51.5 kips

Selecting the shear yield term and combining it with the tension rupture term gives a
connection block shear design strength, again Uy, = 1.0 for this case of uniform tensile
stress distribution, of

OR, = 0.75(49.0 4 1.0(58)(0.156)) = 43.5 > 41.5kips

Present the final connection design.

The three-bolt connection, revised as shown in Figure 11.3, is adequate
to carry the imposed load of 83.0 kips.

EXAMPLE 11.1b
Bolted-Bolted
Double-Angle Shear
Connection by ASD

GOAL:

Design a bolted-bolted double-angle shear connection for an W18x 50 beam.

GIVEN: The W18x50 beam must provide a required strength, R, = 55.0 kips. The beam is
A992 and the angles are A36. The beam flange is coped 2 in. Use /s in. A325-N bolts in standard
holes in the legs on the beam web and short slots on the outstanding legs. The basic starting
geometry is given in Figure 11.2.
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Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Determine the number of bolts required based on the shear rupture of the bolts.
From Manual Table 7-1, the allowable strength per bolt is

T .
— =144
= 14.4 kips
Because the bolts are in double shear, the total number of bolts required is

55.0

= 151

Therefore, try two bolts.

Check the bolt bearing on the web.

For the two-bolt connection, the top bolt is 1.25 in. from the beam cope and the
second bolt is spaced 3.0 in. from the first. Determine the clear distances for each of
these bolts.

For the top bolt

L.=125- %(7/8+ 1/16) = 0.781 < 2(7/8) = 1.75
Thus, tear-out controls and the nominal bolt strength is
Ry = 1.2(0.781)(0.355)(65) = 21.7 kips
For the second bolt
L, =3.0-(7/8+1/16) = 2,06 > 2(7/8) = 1.75
Therefore, bearing controls, and the nominal bolt strength is
Ry = 2.4(7/8)(0.355)(65) = 48.5 kips

Thus, for the two-bolt connection, the allowable strength is

R (L7+485) ’
e = 35.1 < 55.0kips

Therefore, the two-bolt connection will not carry the load.

Determine the number of bolts required considering bearing,
Adding a third bolt spaced at 3.0 in,, as shown in Figure 11.2 gives a connection
allowable strength for boit bearing of

Ru (217 + 2(48.5))
£ i 2.00
Consider the outstanding legs of the angles.

A similar calculation should be made for the bolts on the outstanding legs of the
angles that connect to the supporting member. In this case, the bolts are in single shear
but there are twice as many bolts so the load per bolt is half of the load in the bolts in
the beam web. If the supporting member thickness is at least one-half of the beam web
thickness and the strengths are the same, the bolts in the supporting member will be
satisfactory. This is the assumed case for this example,

Evaluate the minimum depth of the connection.

The beam web connection should be at least half the depth of the beam web measured
as the distance between the fillets, T, given in Manual Table I-1. This Tequirement
is to prevent twisting of the simple supports. For this beam, T = 15% in. so that
the minimum angle depth should be 7Y, in. Thus, the 8%-in. long angle will be an
acceptable connection depth.

= 59.4 > 55Kkips
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114 DOUBLE-ANGLE CONNECTIONS: WELDED-BOLTED

The double-angle shear connection can also be constructed by combining welding and
bolting. In this case the angles are welded to the beam web, as shown in Figure 11.4. The
limit states to be considered are:

1. Bolts
a. Shear rupture
2. Weld
a. Rupture
3. Beam
a. Shear yielding of the web
b. Block shear on coped beam web
¢. Coped beam flexural strength
d. Web strength at the weld

4. Angles
a. Bolt bearing on angles
b. Shear rupture
¢. Shear yield
d. Block shear

The limit states that were not considered for the bolted-bolted connection from Section
11.3 are those associated with the weld. These include block shear of the beam web as a
result of the welded connection; weld rupture, which is influenced by the eccentricity of
the force on the weld group; and the strength of the beam web at the weld.

Block shear for a welded connection differs only slightly from block shear for a bolted
connection. The difference is in the lack of holes to be deducted when determining the net

Two angles

Figure 11.4 Welded-Bolted Double-Angle Connection.
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area, Thus, the net shear area and gross shear area are the same. As a result, yielding is the
controlling shear term in the block shear equation for this type of welded connection.

Weld rupture is a much more complex limit state to incorporate in this type of con-
nection design. Chapter 10 discussed the strength of a weld loaded at its centroid and at
any angle. The welds in the double-angle connection are loaded parallel to the length on
one side of the angle and perpendicular to their lengths on the other two sides. Unfor-
tunately, these welds are not loaded through their centroid so the simplified approach to
combining them, previously shown in Chapter 10, cannot be used. The Manual uses the
instantaneous center of rotation method to determine weld strength in cases like this. This
approach accounts for the loading at an angle to the weld as well as the eccentricity of the
load to the weld group. Figure 11.5 shows a C-shaped weld with the geometric variables
labeled. In the typical connection design, the geometry can be set and Manual Table 8-8
can be used to determine the weld group strength. The application of this table is shown in
Example 11.2.

The beam web strength at the weld is also a bit difficult to calculate. The usual approach
is to determine the total strength of the weld and then proportion that force to the web based
on a one-inch length of web and one-inch length of weld. This, too, is illustrated in Example
11.2.

EXAMPLE 11.2
Welded-Bolted
Double-Angle Shear
Connection

SOLUTION

GOAL: Determine the available strength of the welded-bolted connection shown in Figure 11.6a.

GIVEN:  Determine the design strength and allowable strength of the connection shown in Figure
11.6a for the three new limit states discussed for the welded-bolted double-angle connection.

Step 1: Determine the nominal strength for the limit state of block shear.
For the tension area, the length is found by taking the 3-in. angle leg and subtracting the
}/3-in. setback and the '/s-in. potential beam tolerance. Thus,

o = 2.25(0.255) = 0.574in.?

For the gross shear area, the angle is 8.5 in. long and set down from the cope !/, in. Thus
Ag = 9.0(0.255) = 2.30in.?

Therefore, with Uy, = 1.0, the nominal block shear strength is

R, = 0.6(50)(2.30) + (1.0)(65)(0.574) = 106 kips
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Figure 11.6 Connection for Example 11.2.

Step 2: For LRFD, the design strength is

&R, = 0.75(106) = 79.5 kips

Step 2: For ASD, the allowable strength is

&y Tiibey T
o =500 = $0kips

Step 3: Determine the nominal strength for the limit state of weld rupture.

The geometry of the weld is given in Figure 11.6b. The angle is 8.5 in. long so the weld
length is L = 8.5 in. The leg of the angle is 3.0 in. and the weld length is kL = 3.0 — ', in.
setback — '/ in. under run = 2.25 in. Thus

_ 225

k = — =0.265
8.5

From Manual Table 8-8, the location of the weld centroid can be determined. Enter the table
with k = 0.265 and interpolate for x from the values at the bottom of the table, which yields
x = 0.0466, With this, the weld centroid is determined as

xL = 0.0466(8.5) = 0.396 in.
The eccentricity of the force is then determined as

e (3.0-0.396)
g 0.306
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Using this value for @ and the previously determined value for k, the value of C can be
determined from the table as C = 2.59. As indicated in the table, the nominal strength of
the weld group is then

R, = CC,DL

where C has been determined above. C, represents the electrode strength and is 1.0 for the
E70XX electrodes used here. D is the number of sixteenths-of-an-inch in the fillet weld size
and L is the defined length of the weld group. Thus, for this weld

R, = (2.59)(1.0)(3)(8.5) = 66.0 kips for each angle

Step 4: For LRFD the design strength of a single angle is
&R, = 0.75(66.0) = 49.5 kips for each angle

Or, for the double angle connection

$R, = 2(49.5) = 99.0 kips

Step4: For ASD the allowable strength of a single angle is

i RSN o o, A N
o = 200 = 33.0 kips for each angle
Or, for the double angle connection

%.g'zjt-sa;p;;—.-ssaqksps )

Step 5:  For LRFD determine the design rupture strength for the beam web at the weld.
The design rupture strength of the ¥%4-in. weld of unit length on both sides of
the web, using the weld design strength determined in Chapter 10, is 2(3)(1.392) =
8.35 kips. Using the strength determined above, the effective length of the weld is
99.0/8.35=11.9in.

The design rupture strength of a unit length of the beam web is
&(0.6F,t,,) = 0.75(0.6(65)(0.255)) = 7.46 kips

Therefore, the beam web design rupture strength at the weld is

GR, = (11.9)(7.46) = 88.8 kips
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Step 5:  For ASD, determine the allowable rupture strength for the beam web at the weld.
The allowable rupture strength of the % g-in. weld of unit length on both sides of
the web, using the weld design strength determined in Chapter 10, is 2(3)(0.928) =
5.57 kips. Using the strength determined above, the effective length of the weld is
66.0/5.57 = 11.9in.
The allowable rupture strength of a unit length of the beam web is
(0.6F,1,) _ (0.6(65)(0.255))
s 2.00
Therefore, the beam web allowable rupture strength at the weld is

= 4.97 kips

dR, = (11.9)(4.97) = 59.1 kips

Step 6:  Determine the controlling limit state for the three limit states considered in this example.
The connection is limited by the limit state of block shear.

Step 7:  For LRFD, the design strength is
. = 79.5 kips

Step 7:  For ASD, the allowable strength is

= = 53.0kips.

=

2|

11.5 DOUBLE-ANGLE CONNECTIONS: BOLTED-WELDED

This connection is shown in Figure 11.7 where the angles are bolted to the beam web and
welded to the supporting member. The beam has a cope on the tension flange to permit the
beam to be inserted in the space between the double angles like a knife being inserted into

N

2L3x3%5/16x0 ft-81/2 in.

ol 18
W14x26

R

‘r A992 © 8l/2in.

f,=0255in. O l
2in.

_V_< Return at Top
Ygin.

Figure 11.7 Double-Angle Bolted-Welded Connection for Example 11.3.
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its sheath. This connection might be used on a beam-to-column flange connection but it
would not be used as a beam-to-girder connection because of the interference of the girder
flange.

For this connection, the new limit state of weld strength on the outstanding legs of the
angles must be considered. In addition, consideration must be given to the flexural strength
of the coped beam with the tension flange removed.

The strength of the weld on the outstanding leg of the angle is determined by an elastic
method that assumes a uniform shear stress on the weld and a linearly varying tension stress
over the lower 5/6th of the angle. The resulting weld stress is then determined by taking
the square root of the sum of the squares of the tension and shear stresses. Part 10 of the
Manual gives the resulting weld strength as

J R, 0.928DL
SR, =2 Lt SR (LRFD) and —* =2| ———— | (ASD)
12.96¢* Q 12.96¢*
oy bt =

where L is the length of the angle and e is the width of the outstanding leg.

EXAMPLE 11.3
Bolted-Welded
Double-Angle Shear
Connection

SOLUTION

GOAL: Determine the available strength of the welds for a bolted-welded double angle connection.

GIVEN: The bolted-welded double angle connection is shown in Figure 11.7. Assume Y4-in. welds
with a ',-in. return on top as shown,

Step 1: For LRFD, determine the design strength.
With the given information, D =4, L = 8.5 in., and ¢ = 3.0 in.; thus

1.392DL 1.392(4)(8.5
bR, =2 i (4)(8.5)

12.96¢* 12.96(3)*
1+ ’ i
‘/ Iz \/ * (8.5)

&R, = 58.5 kips

Step 1:  For ASD, determine the allowable strength.
With the given information, D =4, L = 8.5 in., and e = 3.0 in.; thus

Ri_,| _0928DL | | 09284)85)
2.4, 129682 | 2
‘/1 n 92 | 4 12960)
L (8.5)°
% = 39.0 kips
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11.6 DOUBLE ANGLE CONNECTIONS: WELDED-WELDED

The double-angle welded-welded connection is not a particularly common connection be-
cause it requires field welding. If it is desirable for a particular situation, however, the limit
states are those that have already been discussed. The procedures are the same and all
potential limit states must be checked.

11.7 SINGLE-ANGLE CONNECTIONS

The single-angle connections shown in Figure 11.1b illustrate a bolted-bolted connection
and a bolted-welded connection. In both cases, the connection is shown on a beam-to-
girder connection. This is a particularly efficient connection because it eliminates erection
problems when transverse beams frame into a girder at the same point on opposite sides of
the girder web. It is also efficient because it has fewer parts than the double-angle connection.
This connection is growing in popularity with both fabricators and erectors. It aids in erection
efficiency because the beam can be installed from one side with the angle pre-attached to
the girder. The disadvantages of this connection are that the components, such as angles,
bolts, and welds, are larger than for the double-angle connection. For this connection, the
bolts in the beam web are in single shear and, if the controlling limit state were bolt shear,
it would require twice as many bolts than if it were a double-angle connection. Because all
of the beam force must pass through only one angle, the angle likely needs to be larger.
Greater weld size and weld length is also required. However, the single angle is still the
best choice in many situations, particularly when limit states like block shear might control
the strength of the connection.

The single-angle connection easily behaves as a simple shear connection, as it is mod-
eled in analysis, because it is more flexible than the previously considered double-angle con-
nections. Because of this increased flexibility, however, this connection is not recommended
for laterally unsupported beams that rely on their end connections for lateral stability.

The limit states to be checked for the single-angle connection are the same as those
for the double-angle connection with some modifications and additions. The major mod-
ifications have to do with the eccentricities induced in the connecting elements. For the
supported beam, as long as there is only one row of bolts, no eccentricities are considered
and this portion of the connection is treated as for the double-angle connections. For the
outstanding leg, the bolts or welds must be designed to account for the connection eccen-
tricity. This eccentricity also adds the limit states of flexural yielding and flexural rupture
for the outstanding leg of the angle.

Figures 11.8a and b show how the eccentricity is measured for a bolted and a welded
outstanding leg. Note that the eccentricity is measured, in both cases, from the center line
of the supported beam web. Figures 11.8c and d illustrate, with a bold line, the location and
cross section for the moment in the angle for the limit states of flexural yielding (Figure
11.8¢c) and flexural rupture (Figure 11.8d).

The limit state of flexural yielding is calculated based on the plastic moment of the
element. Thus, the plastic section modulus for the angle leg without holes, Z = 1, L% /4, is
used and the nominal moment strength is given as

M,, = R,e, = F),Z.
For the flexural yielding limit state, ¢ = 0.9 and Q = 1.67.

For the limit state of flexural rupture, the plastic section modulus of the net section is
needed. This can be either determined by calculation or obtained from Manual Table 15-2.
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Figure 11.8 Single-Angle Connection Eccentricities.

The resulting nominal moment strength is then
M" = Rpey = F,Z,

For the flexural rupture limit state, ¢ = 0.75 and £ = 2.00.

To account for the eccentricity of the load on the bolt group, an equivalent number
of bolts must be determined. This can be accomplished using Manual Table 7-7 and is
illustrated in Example 11.4. To account for the eccentricity on the weld group, Manual
Table 8-11 can be used. This table is for an L-shaped weld group with the welds on only
two sides. The top of the leg is kept free to insure sufficient rotation capacity. Application
of this table is also demonstrated in Example 11.4.

EXAMPLE 11.4a
Single-Angle Shear
Connection by LRFD

GOAL:  Determine the design strength of a bolted-bolted and a bolted-welded single-angle
connection,

GIVEN: A single-angle connection is shown in Figure 11.9 for the bolted outstanding leg
case (Figure 11.9b) and the welded outstanding leg case (Figure 11.9¢). The angle is A36 steel,
3% x 3% x ¥ x 12 in. The bolts are ¥;-in. A325N, the weld is ¥4 in. ET0XX, and the beam is
a W16x31, A992 steel.

2Wyin. 24in. 3zin.
1fzin, [ [=—113in. 11/ in.—= 1Vzin
t 1 1
1
(o] o
l Wi6x31
o] (o]
3at3in. 12 in. - Jat3in. 12 in.
0 Q
o 1, =0.275 in, o
f t
1'/2in. 1Hzin.

(a) (b) (c)
Figure 11.9 Single-Angle Connection for Example 11.4.
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Part (a)
Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Step 6:

Consider first the connection to the supported beam.

Determine the bolt shear rupture strength.
From Manual Table 7-1, ¢r, = 15.9 kips. Therefore, for the four bolts, the design
shear strength is

&R, = 4(15.9) = 63.6 kips

Determine the bolt bearing strength on the angle.

The bottom bolt is 1.5 in. from the bottom of the angle with the remaining bolts
spaced at 3.0 in. Determine the clear distances for each of the bolts.

For the bottom bolt

Le=15- %(3/4+ 1/16) = 1.09 < 2(3/4)= 1.5

Thus, tear cut controls and the nominal bolt strength is

R, = 1.2(1.09)(0.375)(58) = 28.4 kips
For the other bolts

L.=30-(3/4+1/16)=2.19> 2(3/4)= 1.5

Therefore, bearing controls, and the nominal bolt strength is

R, = 2.4(3/4)(0.375)(58) = 39.2 kips
Thus, for the four-bolt connection, the design strength is

&R, = 0.75(28.4 + 3(39.2)) = 110 kips

Determine the bolt-bearing strength on the beam web.
Because the clear distance is greater than two times the bolt diameter

R, = 2.4(3/4)(0.275)(65) = 32.2 kips

and
&R, = 0.75(4(32.2)) = 96.6 kips

Determine the shear yield strength of the angle.
A = 12.0(0.375) = 4.50in.2
&V, = 1.0(0.6(36))(4.5) = 97.2 kips
Determine the shear rupture strength of the angle.
Ap = (120 — 4(3/4 + 1/8))(0.375) = 3.19in.2
&V, = 0.75(0.6(58))(3.19) = 83.3 kips

Determine the block shear strength of the angle.
First calculate the required areas

Ay = (1.25 - %(3/4 + 1,?8))(0.3?5] =0.305in.2

Ap = 10.5(0.375) = 3.94 in.2
w = (10.5 = 3.5(3/4 + 1/8))(0.375) = 2.79in.?
Consider shear yield and shear rupture and select the least strength, thus
0.6F, A, = 0.6(36)(3.94) = 85.1 kips
0.6F,A,, = 0.6(58)(2.79) = 97.1 kips




Step 7:

Part (b)
Step 8:

Step 9:

Step 10:
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Selecting the shear rupture term and combining it with the tension rupture term, with
U, = 1.0 for this case of uniform tensile stress distribution, gives

bR, = 0.75(85.1 4+ 1.0(58)(0.305)) = 77.1 kips

Determine the design strength of the leg attached to the supported member.
The design strength is controlled by bolt shear where

bR, = 63.6kips

Consider the bolted outstanding leg.
Check the eccentric shear using Manual Table 7-7 to account for the eccentricity on
the bolt group.

The eccentricity of the load on the line of bolts is the bolt distance from the angle
heel plus one half of the beam web, thus

0.275
ey =225+ - = 2.39in.

For the four-bolt connection with bolt spacing of 3.0 in., Manual Table 7-7 gives the
effective number of bolts as C = 3.12. Therefore

&R, = 3.12(15.9) = 49.6 kips

The strength of the bolts in the outstanding leg will be less than that in the leg on the
supported beam b the ding leg must nodate an eccentricity that
is not present in the leg on the beam. Therefore, there really was no reason to have
checked the bolt shear on the beam, except that it will be needed when the welded
connection is checked.
Determine the flexural yielding strength of the outstanding leg.

The plastic section modulus is determined for the rectangle formed by the length and
thickness of the angle, and the nominal moment strength is determined by multiplying
the plastic section modulus by the yield stress, thus

(0.375)(12%)
Z - T

=135in>
and
M, = 36(13.5) = 486 in.-kips

Because the moment is the shear force times the eccentricity

&M, 0.9(486)
s = e =
Determine the flexural rupture strength of the outstanding leg.
The net plastic section modulus is determined for the rectangle less the holes.
Although this can readily be calculated, it can also be obtained from Manual Table
15-2 where Z,,., = 9.56in.>. Thus

= 183 kips

M, = 58(9.56) = 554 in.-kips

and

dM, _ 0.75(554)

bR, = —" = = 174kips
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Step 11:

Part (c)
Step 12:

Step 13:

Step 14:

Determine the controlling limit state strength for the bolted outstanding legs.
For the bolted ding leg, the gth is controlled by the eccentric shear of
the bolts where

bR,

Because this is less than the value for the leg attached to the beam, this is the strength
of the bolted-bolted single-angle connection.

Consider the welded outstanding leg.

Determine the eccentric weld rupture strength.

Manual Table 8-10 will be used to determine the eccentric weld rupture strength.
The weld for the single-angle connection is applied to the bottom edge of the angle.
not the top. This insures that the angle is sufficiently flexible to behave as a simple
connection as modeled. Manual Table 8-10 shows this weld on the top but this does not
impact the use of the table because the geomeltry is the same whether the horizontal
weld is at the top or bottom of the connection.

Based on the dimensions given in Figure 11.9¢, L =12.0, kL = 3.5, thus
k = 0.292. The weld is a J4-in. weld with E70 electrodes. From the table, interpolating
between k = 0.2 and 0.3, yields x = 0.0336. Therefore, the eccentricity is

o
&5 :H+—2~—.d

e, =35+ @ —0.0336(12.0) = 3.23 in.

and

e 323

T

With a double interpolation between k& = 0.2 and 0.3 and a = 0.25 and 0.30, the

coefficient C is determined as

a=

C=217
Therefore, the nominal weld strength is
R, = CC\DL = 2.17(1.0)(3)(12.0) = 78.1 kips
And the design strength is
bR, = 0.75(78.1) = 58.6 kips

Determine the design strength for the limit state of flexural yielding.
For the limit state of flexural yielding of the angle the strength is determined as was
shown for the bolted outstanding leg, thus

$R, = 183 kips

Determine the controlling limit state’s strength for the welded outstanding legs.
For the welded outstanding leg, the design strength is controlled by eccentric shear

on the weld where
&R, = 58.6 kips

Because this is less than the value for the leg attached to the beam, this is the design
strength of the bolted-welded single-angle connection.

e 239
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EXAMPLE 11.4b
Single-Angle Shear
Connection by ASD

SOLUTION
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Step 10:

Step 11:

Part (c)

Step 12:
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and
M, = 36(13.5) = 486 in.-kips

Because the moment is the shear force times the eccentricity

R, M, (486) :
, R T e T e i g
Determine the flexural rupture gth of the ling leg.
The net plastic section modulus is determined for the rectangle less the holes.
Although this can readily be calculated, it can also be obtained from Manual Table
15-2 where Z,,, = 9.56 in.%. Thus

M, = 58(9.56) = 554 in.-kips

and

Determine the controlling limit state strength for the bolted outstanding legs.
For the bolted outstanding leg, the strength is controlled by the eccentric shear of
the bolts where

" — 33,1 kips

::J|==

Because this is less than the value for the leg attached to the beam, this is the strength
of the bolted-bolted single-angle connection.

Consider the welded outstanding leg.

Determine the eccentric weld rupture strength.

Manual Table 8-10 will be used to determine the eccentric weld rupture strength.
The weld for the single-angle connection is applied to the bottom edge of the angle.
not the top. This insures that the angle is sufficiently flexible to behave as a simple
connection as modeled. Manual Table 8-10 shows this weld on the top but that does
not impact the use of the table because the geometry is the same whether the horizontal
weld is at the top or bottom of the connection.

Based on the dimensions given in Figure 11.9¢, L =12.0, kL = 3.5, thus
k = 0.292. The weld is a ¥,4-in. weld with E70 electrodes. From the table, interpolating
between k = 0.2 and 0.3, yields x = 0.0336, Therefore, the eccentricity is

e,=kl+—2-—xl
0.275
ex -—35+— =0.0336(12.0) = 3.23 in.
and
o 1333
== = 0.269

With a double interpolation between k = 0.2 and 0.3 and @ = 0.25 and 0.30, the coef-
ficient C is determined as

C =217
Therefore, the nominal weld strength is
R, = CC\DL = 2.17(1.0)(3)(12.0) = 78.1 kips
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And the allowable strength is

R 78.1) N
=== B0 T
I e
Step 13: Determine the allowable smength for the limit state of flexural yielding.
For the limit state of flexural yielding of the angle the strength is determined as was
shown for the bolted outstanding leg, thus
R, ;
= 122 kips
Step 14:  Determine the controlling limit state’s strength for the welded outstanding legs.
For the welded outstanding leg, the allowable strength is controlled by eccentric
shear on the weld where

:a|==

= 39.1 kips

Because this is less than the value for the leg attached to the beam, this is the allowable
strength of the bolted-welded single-angle connection.

11.8 SINGLE-PLATE SHEAR CONNECTIONS

The single-plate shear connection, also called a shear tab connection, is shown in Figure
11.1c. It consists of a plate, shop welded to the support, and field bolted to the beam and
is similar to the single-angle connection when it comes to erection. The shear tab consists
of only a single-plate, which is about as simple as can be expected. It is welded to the
supporting member and must be bolted to the supported beam in order to accommodate the
required rotation. Even when bolted to the beam, this connection is stiffer than the single-
or double-angle connections and requires careful detailing to insure sufficient flexibility.

The behavior of this connection is similar to that of a double-angle connection except
that it achieves its rotation capacity through the bending of the tab and deformation of the
plate or beam web in bearing at the bolt holes. Because of the complexity of assessing some
of the limit states for this connection, AISC has developed two design approaches including
a somewhat prescriptive approach for what is called the conventional configuration and a
detailed limit states checking procedure for all others, which is referred to as the extended
configuration.

The limit states that must be checked are the same for either configuration; the difference
is that in the conventional configuration, physical limitations have been set so that most of
those limit states do not govern. The potential limit states are:

1. Bolts
a. Shear rupture
2. Beam
a. Bearing on the web
b. Shear yielding of web
3. Plate
a. Bearing on the plate
b. Elastic yield moment
¢. Shear yield
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d. Shear rupture

e. Block shear rupture

f. Buckling

g. Plastic flexural yielding with shear interaction
4. Weld

a. Weld rupture with eccentricity

Of these 11 limit states, those associated with flexure and buckling of the plate are new
to the discussion of simple connection design, and the weld rupture limit state is treated a
little bit differently than those weld limit states already discussed.

The conventional configuration of the shear tab results in a connection thatis very simple
to design. This is the type of connection that is treated here. For other configurations, the
detailed procedures are given in Part 10 of the Manual. The dimensional limitations of the
conventional shear tab require:

1. Only a single vertical row of bolts limited to 2 to 12 bolts
2. The distance from the bolt line to the weld line cannot exceed 3'/; in.
3. Only standard or short slotted holes can be used

4. The horizontal edge distance, L, must be at least 2d}, for both the plate and beam
web where d, is the bolt diameter

5. The vertical edge distance must satisfy the Specification minimum from Table J3.4
6. Either the plate or beam web must have ¢ < (dy/2 + Yj6)

If the connection is additionally limited to a maximum of 9 bolts, or Manual Table 10-9
is used, eccentricity can be ignored. Once these limitations are satisfied, the connection
need be checked only for

a. Bolt shear rupture

b. Bolt bearing

¢. Block shear rupture

d. Plate shear yielding

e. Plate shear rupture

EXAMPLE 11.5a
Shear Tab Conventional
Configuration by LRFD

SOLUTION

GOAL:  Determine the design strength of a conventional configuration shear tab connection.

GIVEN:  The shear tab connection is given in Figure 11.10. The beam is a W16x 50, A992
framing into the flange of a W14x90, A992 column with an A36 /s x4'/,x 12 plate. Use four
%a-in. A325N bolts in standard holes.

Step 1:  Determine whether the given shear tab meets the limitations for the conventional con-
figuration.
Limitations for the conventional configuration:
1. 4 bolts—is between 2 and 12
a = 3.0 in—does not exceed 3'/; in.
. Standard holes 1 or short-slotted are permitted
L Loy = 1.5 in—at least 2d, = 1.5 in.
L, = L.5in. > 1.25 in. from Table J3.4

S MBLR

3
< Bptare = Yo = less ﬂlﬂﬂ(d—; + 1!'10) = (% + ]fus) ="
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Figure 11.10 Shear Tab Connection for Example 11.5.

Step 2:  Determine the bolt design shear strength.
From Manual Table 7-1

bR, =4(15.9) = 63.6 kips

Step 3:  Determine the bolt design bearing strength on the plate.
For the top bolt

L.=15- %(3;’4 +1/16)=1.09 < 2(3/4) = 1.5
Thus, tear-out controls and the nominal bolt strength is
R, = 1.2(1.09)(0.250)(58) = 19.0kips
For the other bolts
L.=30-(3/44+1/16)=2.19 > 23/4)= 1.5
Therefore, bearing controls, and the nominal bolt strength is
R, = 2.4(3/4)(0.250)(58) = 26.1 kips
Thus, for the four bolts, the design strength is
&R, = 0.75(19.0 + 3(26.1)) = 73.0 kips

Step 4: Determine the bolt design bearing strength on the web.
For the beam web, the material is A992 and the web thickness is 0.380 in. Because

both the strength and thickness are greater than the comparable values for the plate, the
beam web does not control.
Step 5:  Determine the design block shear st
Calculating the required areas

gth of the plate.

Ay = (1.5 - %(3;’4 + ];‘8))({},250) =0.266in.?
Ag = 10.5(0.250) = 2.63in.?
A = (10.5 = 3.5(3/4 + 1/8))(0.250) = 1.86in.”
Consider shear yield and shear rupture and select the least strength, thus
0.6F, A, = 0.6(36)(2.63) = 56.8 kips
0.6F, A, = 0.6(58)(1.86) = 64.7 kips
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Selecting the shear yield term and combining it with the tension rupture term gives a
connection design block shear strength, with Uy, = 1.0, of
dR, = 0.75(56.8 + 1.0(58)(0.266)) = 54.2 kips
Step 6: Determine the design shear yield strength of the plate.
bR, = 1.0(0.6(36))(12.0)(0.250) = 64.8 kips
Step 7:  Determine the design shear rupture strength of the plate.
GR, = 0.75(12.0 — 4(3/4 + 1/8))(0.250)(58) = 92.4 kips
Step 8:  Determine the design weld rupture strength.
The conventional configuration requires that the plate be welded to the supporting
member through a pair of fillet welds on each side of the plate with the weld leg width,
w = %st,. This develops the strength of either an A36 or an A992 plate and therefore
does not require any further limit states check.
Step9: Determine the controlling limit state and design strength of the connection.
The design strength is controlled by the limit state of block shear rupture of the plate

where

A check of Manual Table 10-9 shows that this is quite close to the tabulated value for
the 11.5-in. plate given there, as would be expected.

EXAMPLE 11.5b
ShmMC’omMual
Configuration by ASD

SOLUTION

www _FEngineeringFbooksPdf com
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11.9 SEATED CONNECTIONS

Anunstiffened seated connection is shown in Figure 11.1d and a stiffened seated connection
is shown in Figure 11.1e. These connections are typically used to attach a beam to the web
of a column. They can also be used to add capacity to other types of existing connections
in a retrofit situation. Because of their simplicity, they are fairly easy connections to erect.
They have very few parts, a seat angle, a connection to the supporting member through
welds or bolts, a limited connection to the supported member, and a top connection to
insure stability of the beam. All of the force is transferred through bearing of the beam on
the seat and then through the connection of the seat to the supporting member. When the
seat lacks sufficient strength in bending of the top leg, it can be stiffened to produce the
stiffened seated connection.

The seat can be welded or bolted to the supporting member and is usually bolted
to the supported member. The connection to the supported member is not designed
for a specific strength when only a vertical force is being transferred. The seated con-
nection performs excellently as a simple connection. It can rotate sufficiently about
the bottom of the beam without imposing any significant moment to the supporting
member.

The simplicity of this connection results in relatively few limit states to be checked.
Because the transfer of force between the beam and seat is through the bearing of the
beam on the seat, the limit states of beam web yielding and beam web crippling must be
checked. These limit states were introduced in Section 6.14. The outstanding leg of the seat
angle must be checked for the limit states of flexural yielding and shear yielding, and the
connection to the supporting member, bolts, or welds must be checked for their appropriate
limit states. In summary, the potential limit states are:

1. Beam
a. Web yielding
b. Web crippling
2. Seat angle
a. Flexural yielding
b. Shear yielding
3. Connector
a, Bolt or weld shear

The nominal strength for the limit state of web yielding was discussed in Sections 6.14
and 7.4. If the strength equation for a force applied at the end of a member is rewritten
to solve for the minimum required bearing length, it can be used for design. Thus, from
Specification Section J10.2, for the limit state of web local yielding

— R"
T Fy,

Nin — 2.5k

For the limit state of web yielding, & = 1.00, and £ = 1.50.

Similarly, from Specification Section J10.3, for the limit state of web crippling, an
equation for the minimum required bearing length can be determined. However, there are
three different strength equations, depending on the relationship N /d. Because it is most
likely that N' will be less than d /2 and very likely it will be less than 0.2d, only Specification

Equation J10-5a is treated here. The other situations can both be handled in the same way
if need be. Thus, rearranging Equation J10-5a to solve for the minimum required bearing
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Figure 11.11 Seated Beam Connection.

length for the limit state of web crippling yields, for N/d < 0.2

. _E R, L,l (fi)lis
T3] 04002\ EF 5 t;

For the limit state of web crippling, & = 0.75, and Q = 2.00.

Because the unstiffened angle is a very flexible connection, the load levels usually
considered are quite low. This tends to result in very small minimum required bearing
lengths and, in some calculations, a negative minimum required bearing length. To offset
this potential problem, the minimum bearing length for seated connections is taken as k.
A review of Manual Table 1-1 shows two values for k: kg is a dimension used in design
calculations and is the smaller of the two values, kg, is a dimension normally used in
detailing and is used here because it is the larger of these two values. These two ks are the
result of differences in production by different mills. They represent the extremes of the
values actually found and are selected within a calculation to give a conservative answer.

The outstanding leg of the angle must be capable of supporting the beam reaction
applied at an eccentricity from the critical section of the angle. This requires checking the
limit state of flexural yielding of the leg. The angle shown in Figure 11.11a is an unstiffened
seat angle. The critical section for both flexure and shear is taken as ¥ in. out from the face
of the vertical leg, the radius of the fillet. The eccentricity is measured from this line to the
mid-point of the minimum required bearing length of the beam on the angle, N. Thus, the
eccentricity is

N
e:%+3/4—(Ia+3/8)=?+3/8—r(,

The nominal beam reaction strength, for the limit state of flexural yielding, is based on the
plastic section modulus of the seat leg of the angle. Thus

5
Z=—
4
and L2
] o e
M, F,Z N
R,.=—='—=—
e & e

Because this is based on flexural yielding, ¢ = 0.9, and Q2 = 1.67.
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For the limit state of shear yielding, the gross area of the angle leg at this same location
is used. Because this is beyond the angle fillet, the angle thickness is used to determine the

gross area and
R, = 0.6F,Lt,
For the limit state of shear yielding, & = 1.0 and Q@ = 1.5.

EXAMPLE 11.6a
Seated Connection
Design by LRFD

SOLUTION

GOAL:  Design an unstiffened welded seated connection.

GIVEN:  An unstiffened welded seated connection is shown in Figure 11.12. A W16x 36 beam
is framing into a W1490 column. The beam has an LRFD required strength of V, = 35 kips.
The beam and column are A992 and the angle is A36. From Manual Table 1-1, kg, = 1Y in.

Step 1:  Determine the minimum required bearing length for web yielding.

R, 35/(1.0)
Nuin = — 2.5k = ———— — 2.5(0. =0. in. = ' in.
Fta (0)(0.295) 2.5(0.832) = 0.293in. < ky,, = 'z in
Step 2:  Determine the minimum required bearing length for web crippling, assuming that

Njd <02

N 159 35/0.75 0.295 030y
™3] (0.40)(0.295)7 || 29,000(50)(0.430) (0.295) =0T x ke

Thus, N = kg = 1.125in.and N/d = 1.125/15.3 = 0.0735 < 0.2 so the correct equa-
tion has been used and the bearing length is taken as the minimum required length of
1.125in.
Step 3:  Determine the eccentricity to be used in calculating angle thickness.
Assume an angle thickness of '/; in.

N 1125 3 1
e=—+4+38—t, = —— 4 = —=-=0438in.
3 / la ) + 373 0.438in
Step4: Determine the minimum required angle thickness based on the limit state of flexural
yielding.
Center line of Web
Wi4x90
——| I—- 1,=0.440 in.
Wl6x36
b=6.99in.
fr=0.430in.
Ly =3 d=159in.
, =0.295 in.
|
kgu=1 ing
Kge = 0.832 in.
Laxdx!fzx 0 ft-8 in.

Figure 11,12 Unstiffened Seated Beam Connection for Example 11.6.
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Assume an 8.0-in. long angle so that it extends beyond the beam flange on both sides

and
[4V,e 4(35/0.9)(0.438) .
= = [—————— =04 #
(o FL G6)8.0) 0.486 in

Step 5: Determine the minimum angle thickness for the limit state of shear yielding

Va (35/1.0) ;
tnin = ——— = —————— =0.203in.
0.6F,L _ D.6(36)8.0) o
Step 6:  Check the selected angle thickness.
The '/2-in. angle provides a thickness greater than each of the minimums determined
in Steps 4 and 5. Thus, the '/-in. angle is adequate.

Step 7: Determine the required weld size.
Use Manual Table 8-4 to account for the eccentricity.
The eccentricity for the weld is taken from the center of bearing to the face of the
supporting column which yields

3 1128

g Z+T = 1.31in.
Assuming an angle with a 4.0-in. outstanding leg,
e 1.31
=—=—"—=0.328
A D

From Manual Table 8-4, the coefficient is determined for k = 0 through interpolation as
C = 2.97, so the minimum weld is

R = 33 =393
&CC L 0.75(1.0(2.97)(4.0))

Therefore, the calculated minimum weld is '/, in. and the angle is a4 x 4 x '/, as shown
in Figure 11.12.

Note: In addition to the seat angle, a top clip angle is needed to provide lateral
stability. This angle is not normally designed to support any load and is usually a '/s-in.
angle attached with two bolts to the beam and the supporting member.

Dyin =

EXAMPLE 11.6b
Seated Connection
Design by ASD

SOLUTION

GOAL: Design an unstiffened welded seated connection.
GIVEN:  An unstiffened welded seated connection is shown in Figure 11.12. A W16 x 36 beam

is framing into a W14 x 90 column. The beam has an ASD required strength of V, = 23 kips. The
beam and column are A992 and the angle is A36. From Manual Table 1-1, kg = 1Y in.

Step 1:  Determine the minimum required bearing length for web yielding.

Ry 1:5(23) - R
min = —— — 2.5k = ————— — 2.5(0.832) = 0.25%9in. < kg = | i
Now = g =R G T Wi ez L
Step 2: Determine the minimum required bearing length for web crippling, assuming that
N/d <0.2

_ 159]  23(2.00) 0.295 0.430)'-’ i
Ny 55 [{0.40)(0.295)2\/ 29,000(50)(0.430) 1] (0-295 ST
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Thus, N = kgt = 1.125in.and N /d = 1.125/15.3 = 0.0735 < 0.2 so the correctequa-
tion has been used and the bearing length is taken as the minimum required length of
1.125 in.
Step 3: Determine the eccentricity to be used in calculating angle thickness.
Assume an angle thickness of '/, in.

g N 1250 30l .
e= 5—+3/B—r,, ] T+ S =0.438in.
Step4: Determine the minimum required angle thickness based on the limit state of flexural

yielding.
Assume an 8.0-in. long angle so that it extends beyond the beam flange on both sides

and
AL et [4(1.67(23))(0.438) s i
Ireg = L T Gaaey, 0.483 in.

Step 5:  Determine the minimum angle thickness based on the limit state of shear yielding.

V, 1.50(23)
tmin = ——— = —————— = 0.200in.
06F,L — 06GEE0) - oovin
Step 6:  Check the selected angle thickness.
The '/>-in. angle provides a thickness greater than each of the minimums determined
in Steps 4 and 5. Thus, the '/4-in. angle is adequate.
Step 7:  Determine the required weld size.
Use Manual Table 8-4 to account for the eccentricity.
The eccentricity for the weld is taken from the center of bearing to the face of the
supporting column which yields

3 1125

e=z+~2-—v=].31m.
Assuming an angle with a 4.0-in. outstanding leg
Rk 7L
A 0.328

From Manual Table 8-4, the coefficient is determined for k = 0 through interpolation as
C = 2.97, so the minimum weld is
QR, 2.00(23)
Dip= e = 3|
T CGL T (1.02.97)(4.0) s

Therefore, the calculated minimum weld is Vs in. and the angle is a 4 x 4 x '/, as shown
in Figure 11.12,

Note: In addition to the seat angle, a top clip angle is needed to provide lateral
stability. This angle is not normally designed to support any load and is usually a Y;-in,
angle attached with two bolts to the beam and the supporting member.

A stiffened seated connection is shown in Figure 11.1e, and a detail of the stiffened
seated connection is shown in Figure 11.11b. This type of connection is used when the loads
are (oo large to be supported by an unstiffened seat. The stiffener can be a single plate, the
stem of a Tee, or the back-to-back legs of a pair of angles. A plate on top of the stiffener
provides for the bearing surface and the location of the bolts required to attach the beam
flange to the seat. The limit states for this connection are the same as for the unstiffened
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connection already discussed but also include the additional limit state of punching shear
in the supporting member.
Punching shear on a column web will not be critical if the following parameters are
met:
1. The simplified approach is applicable to columns in the following depths with weights
per foot no less than: W14 x43, W12x40, W10x33, W8x 24, W6 %20, and W5x 16.
2. The width of the stiffener W is no greater than 7.0 in.
3. The beam is bolted, not welded, to the bearing plate at a point no greater than W/2
or 2% in. from the column face.
4. The top angle must have a minimum thickness of /s in.

The eccentricity of the beam reaction is taken as 0.8W when determining the strength of
the weld or bolt group connecting the seat to the supporting member. Part 10 of the Manual
provides tables for the design of stiffened seated connections.

11.10 LIGHT BRACING CONNECTIONS

Bracing connections have as many potential variations as do the simple shear connections
discussed above, Figure 11.13a shows a bolted-welded tension brace connection and Figure
11.13b shows a welded-bolted tension brace connection. It is also permissible to have a
welded-welded connection or a bolted-bolted connection although these are not illustrated
here.

The limit states for these connections have already been addressed. For the bolted-
welded connection, shown in Figure 11.13a, they are:

1. Angles
a. Tension yielding
b. Tension rupture
¢. Bolt bearing and tear-out
d. Block shear rupture

2. Bolts
a. Shear rupture

(a) (b)
Figure 11.13 Light Bracing Connections.
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3. Gusset plate
a. Tension yielding
b. Tension rupture
c. Bolt bearing and tear-out

4. Welds
a. Weld rupture for combined tension and shear

For the welded-bolted connection, Figure 11.13b, the limit states are:

1. Angles
a. Tension yielding
b. Tension rupture

2. Welds
a. Weld rupture

3. Tee stem
a. Tension yielding
b. Tension rupture
c. Block shear
d. Shear yielding

4. Tee flange
a. Flange bending
b. Shear yielding
¢. Shear rupture
d. Bolt bearing and tear-out
e. Block shear

5. Bolts
a. Combined shear and tension

6. Column flange
a. Flange bending
b. Bolt bearing and tear-out

7. Column web
a. Web yielding

Although they appear to be simple connections, light bracing connections require checking
for quite a number of different limit states. Three of these limit states have not previously
been addressed (1) tension rupture and tension yield on the Whitmore Section, (2) limit state
of bolt rupture due to combined shear and tension, and (3) high-strength bolts in tension
with prying action.

Figure 11.14 shows a single-angle brace attached to a gusset plate with welds along
the sides of the angle. Research has shown that the distribution of stresses from the brace
through the welds into the gusset is such that the entire width of the gusset is not effective
if it exceeds the width defined by a 30-degree angle from the beginning of the connection
to the end of the connection. This width is defined as the Whitmore Section. When the
gusset is wider than the Whitmore Section, only the Whitmore Section can be considered to
resist the force and when the Whitmore Section is wider than the available plate dimension,
only the width of the plate at the connection end can be considered to resist the force. If
the connection is bolted rather than welded as shown, the Whitmore Section distribution
starts at the first bolt and proceeds to the last bolt in the connection. This is illustrated in
Example 11.7.
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NNN

Critical
section
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A

Figure 11.14 Whitmore Section in a Gusset Plate.

EXAMPLE 11.7
Tapered Gusset Plate
Strength

SOLUTION

GOAL:  Determine the available strength of a gusset plate connected to a double-angle brace.

GIVEN:  The gusset plate portion of the connection is shown in Figure 11.15. The brace is a double
angle bolted to a tapered gusset with the dimensions as shown in Figure 11.15b. The plate is A36
steel.

Step 1: Determine the width of the plate at the location of the last bolt.
This is also the location of the Whitmore Section. By proportions, as seen in Figure
11.15¢

Therefore, x =0.707 in. and the width of the plate at this location is W = 5.0+
2(0.707) = 6.41 in.

Step 2:  Determine the width of the Whitmore Section using the geometry shown in Figure 11.15d.
W = 2(6tan(30°)) = 6.93 in.

Step 3: Determine the width to be used to determine the plate strength.
Because the actual plate width at this location is less than the Whitmore Section, the
actual plate width is used to determine the strength of the plate.

Step 4: Determine the nominal strength for the limit state of plate yielding.
The gross area at the critical location is

Ay = 6.41(0.5) = 3.21in.?
and the nominal tensile strength is

T, =(36)(3.21) = 116 kips

Step 5:  For LRFD, the design tensile strength is

T, = 0.9(116) = 104 kips
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1/2in. plate
T = Jii
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I 3in.'3in. Hiatn Wy,
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(a) (b)

114 in.

Figure 11.15 Tapered Gusset Plate for Example 11.7.

Step 5:  For ASD, the allowable tensile strength is
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Step 7:

For LRFD, the design tensile strength is

@"ﬂ = 0.75(158) = 119kips

Step 7:

For ASD, the allowable tensile strength is

T B
o = 500 = 190kips

Step 8:

Determine the strength of the gusset plate based on the controlling limit state.

The design strength of the gussetis T, = 104 kips, based on the limit state of yielding.
The allowable tensile strength of the gusset is 7,/ 2 = 69.5 kips, based on the limit state
of yielding.

Step 6: Determine the nominal strength for the limit state of plate rupture.
The net area at the same location is

A, = (641 — (3/4 + 1/8))(0.5) = 2.77in.> > 0.854, = 0.85(3.21) = 2.73in2

Therefore, using the maximum permitted net area for a connecting element, from Speci-
fication Section J4.1, the nominal tensile strength is

» = (58)(2.73) = 158 kips

Enqineerin

EXAMPLE 11.8
Uniform Width Gusset
Plate Strength

SOLUTION

1IFbooksPdf com

GOAL:
GIVEN:

Determine the available strength of a gusset plate of uniform width.

Determine the available strength of a gusset plate for the same situation as in Example

11.7, except that the plate is a uniform width of 8.0 in. The plate is again A36 steel.

Step 1:

Step 2:

Determine the controlling width at the critical section.

The width of the plate at the location of the last bolt is given as 8.0 in.

The width of the Whitmore Section is determined using the same geometry as shown
in Figure 11.15d, which again yields

W = 2(6 tan(30°)) = 6.93 in.

In this case, the actual plate width is greater than the Whitmore Section so the Whitmore
Section width is used to determine the strength of the plate.

Determine the nominal tensile strength for the limit state of plate yielding.
The gross area at the critical location is

Ay = 6.93(0.5) = 3.47in?
The nominal tensile strength is

T, = (36)(3.47) = 125kips

Step 3:

For LRFD, the design tensile strength is

&T, = 0.9(125) = 113 kips
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Step 3:  For ASD, the allowable tensile strength is

= ——= = 74.9kips

(125)
1.67

bl iy}

Step4: Determine the nominal strength for the limit state of plate rupture.
The net area at the same location is
A, =(6.93 — (3/4+ 1/8))(0.5) = 3.03in.> > 0.854, = 0.85(3.47) = 2.95in.?
Therefore, using the maximum permitted net area for a connecting element

T, = (58)(2.95) = 171 kips

Step 5: For LRFD, the design strength is

&T, = 0.75(171) = 128 kips

Step 5: For ASD, the allowable strength is

B ATl
o = 300 = B53kips

Step 6: Determine the strength of the gusset plate based on the controlling limit state.

The design strength of the uniform-width gusset is limited to T, = 113 kips, again
based on the limit state of yielding. The allowable strength is T,/ = 74.9 kips based
on the limit state of yielding. Note that there is no advantage to using a plate wider than
6.93 in.

The next limit state to address is high-strength bolts in combined shear and tension. A bolt
loaded in combined shear and tension has a reduced capacity to resist shear in a bearing-type
connection due to the presence of tension. In a slip-critical connection, the tension reduces
the contact force and, thus, lowers the shear required to cause the connection to slip. These
reductions must be accounted for in the design of connections where these combined limit
states oceur.

Tests have shown that the interaction of shear and tension in a bearing-type connection
can be fairly well predicted through an elliptical interaction curve. However, for simplicity,
the Specification has adopted three straight lines to approximate the ellipse. Both the ellipse
and straight line are shown in Figure 11.16. Section J3.7 gives two equations for this
interaction, one for ASD and one for LRFD, where the nominal tensile stress including the
effects of shear-tension interaction is

¥ F
Fl,=13F, — ¢Tmf" < Fu (LRFD)

nv

QF,
= fu < F (ASD)

F,:, =1.3F,; — F =
n
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0.3¢F,, or
0.3F,,/0

Required tensile stress, f;

0.36F,, or
0.3F,/%

OF , or F,JC

Required shear stress, f,

Figure 11.16 Shear-Tension Interaction for Bolts.

where

Fuy = nominal tensile stress for tension alone from Specification Table J3.2
F, = nominal shear stress for shear alone from Specification Table J3.2
f = required shear stress

These two equations can be combined and written in terms of nominal stren gthif the required
shear stress, f,, is combined with ¢ and @ to give the nominal shear stress including the
effects of shear-tension interaction, Thus

F, = L (LRFD) or = Q2f, (ASD)

d

F

T

v

Figure 11.17 Modified Shear-Tension Interaction for Bolts.
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s0 that
' Fu
Fl,=13F,— ERVF"" < Fy

If this equation is then divided by F,, another form of the interaction equation results as

i =13- I =10
Fu Fy
This relationship is shown in Figure 11.17.

In a slip-critical connection, the shear-tension interaction equation serves a different
purpose. In this case, shear is assumed to be transferred by friction between the plies. The
strength of the connection, therefore, is a linear function of the force compressing the plies.
This force is the initial pretension, T, minus the applied load, T. The specified slip-critical
shear value is, therefore, reduced by the factor, (1 — T/T}). The actual reduction factor is
provided in Specification equation J3-5, again with one for ASD and one for LRFD.

EXAMPLE 11.9a
Bolts in Combined Shear
and Tension by LRFD

SOLUTION
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Step 4:  Check the design tensile stress vs. the required tensile stress.

$F,, = 0.75(53.4) = 40.1 ksi > 14.6 ki[

Thus, by LRFD, the bolts are adequate.

GOAL: Determine the strength of a connection using bolts in combined shear and tension and
compare to the applied load.

GIVEN:  An inclined hanger that supports a dead load of 10 kips and a live load of 50 kips is
shown in Figure 11.18. The connection uses four 1.0-in. A325-N bolts.

Step 1:  Determine the required strength for the appropriate load combination.
R, = 1.2(10.0) + 1.6(50.0) = 92.0 kips

Step 2: Determine the force assigned to each bolt in tension and shear.

92.0
Bolt Tension = sin(30°)(T) = 11.5kips

92.0
Bolt Shear = cas(30°)(T) = 19.9 kips

. 11.5 ,

Bolt Tensile Stress = f;, = 078 = 14.6 ksi
19.9 ;

Bolt Shear Stress = f, = 0% = 25.4ksi

Step 3: Determine the reduced nominal tensile stress.
The nominal shear and tensile stress from Specification Table 3.2
Frn = 48 ksi
For = 90 ksi
and the nominal shear stress including the effects of tension-shear interaction is
S 254 :
F,,===—=7339ks
=% T 075 '
Thus

F, 90
Fop=13Fy — 2= F,, = 1.3(090) — (E)tss,g; =534=90

-

EXAMPLE 11.9b

Bolis in Combined Shear GOAL:  Determine the strength of a connection using bolts in combined shear and tension and

and Tension by ASD

SOLUTION

compare to the applied load.

GIVEN:  An inclined hanger that supports a dead load of 10 kips and a live load of 50 kips is
shown in Figure 11.18. The connection uses four 1.0-in. A325-N bolts.

Step 1:  Determine the required strength for the appropriate load combination.
R, = 10.0 4 50.0 = 60.0 kips

Step 2: Determine the force assigned to each bolt in tension and shear.

Bolt Tension = sin(30“)(9:—0) = 7.50 kips

Bolt Shear = cos(S()")(%’o) = 13.0 kips

7.50
Bolt Tensile Stress = f, = —— =9, i
sile L 0785 9.55 ksi

13.0
Bol =fi=——= i
t Shear Stress = f; 0785 16.6 ksi

Figure 11.18 Connection for Example 11.9.
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Step 3: Determine the reduced nominal tensile stress.
The nominal shear and tensile stress from Specification Table J3.2

Fy = 48 ksi
Fy, = 90 ksi

and the nominal shear stress including the effects of tension-shear interaction is
i F., = Qf, = 2.00(16.6) = 33.2 ksi
Thus
’ Fu 90
B3l — ﬁF':" = 1.3(90) — (E)m.z) =54.8<90

Step4: Check the allowable tensile stress vs. the required tensile stress.

Fl, 548 : :
o = ooy = 24ksi > 9.55 ki

Thus, by ASD, the bolts are adequate.

When high-strength bolts are installed with an initial pretension, they act as a clamp,
holding the two connected elements together. Figure 11.19 shows a typical tension hanger
where the bolts are expected to carry the applied tension load. Any pretension from the bolt
actually causes a compressive force to develop between the connected parts. Application
of the applied load reduces the contact force but has little effect on the bolt tension, as
long as contact is maintained between the plates. Once the plates are separated, the initial
conditions have no influence and the bolt force must equal the applied load.

Ifthe attached element, in this case the flange of the Tee, is permitted to deform, as shown
in Figure 11.20, additional forces develop at the tips of the flange. These additional forces,
g, are the result of prying action and are called the prying forces. There is a relationship
between the thickness of the flange and the prying force. When 1 is large, the plate does
not bend and no prying action takes place. When ¢ is small, bending of the plate may be
extensive and the prying force may be large. Prying action may be completely eliminated in
adesign by selecting a sufficiently thick plate, although this may not be a practical solution.
It may also be avoided if washers are used to keep the flange from coming in contact with
the support; however, this, too, is normally not desirable.

1 Figure 11.19 Hanger Connection with Bolts
r in Tension.
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Bolt force

o

Figure 11.20 Tee Deformation with
Applied force Prying Action.

The details for design of this type of connection including prying action are given in
Part 9 of the Manual. It suggestes that the minimum plate thickness to eliminate prying
action be determined. If this is a reasonable thickness, no further action is required. [f this
mit:_kness is not reasonable for the details of the design, a design that takes into account
prying action should be undertaken with a goal of having a reasonable combination of
strength and stiffness that results in an economical connection.

Figure 11.21 shows a WT section used as a hanger attached to the supporting member
with bolts. The dimensions given are used to determine a relationship between the flexural
ftrength of the flange and the applied load. The applied load is 2T so that the load per bolt
is T. It is not a simple matter to determine the actual moment in the flange but the design
approach given assumes that &’ will be a good representation of the moment arm so that the
moment is M, = Tb'. It has also been found that the strength should be calculated in terms
of F, rather than F. So, using a tributary width of plate associated with each bolt, p, the
nominal moment

2
M" = l’»’--“.ll"llmin
4

¢ = 0.9 (LRFD) Q = 1.67 (ASD)

Setting the required strength equal to the available strength yields the following equa-
tions

[4.44T, b [6.66T,b'
Ipin = R (LRFD) g = _pFT" (ASD)

Figure 11.21 Force Equilibrium Considering Prying
Action.
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EXAMPLE 11.10a
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Step 2: Determine the force per bolt.
T, = 20.0 + 60.0 = 80.0 kips

T, = ? = 20.0 kips/bolt

Step 3:  Determine the minimum flange thickness to ignore prying action.
Rl 6.66T,6'  [6.66(20.0)(1.29)
S U BV T rR 4.5(65)

Step 4:  Compare the available thickness with the required thickness.

= 0.766 in.

I Inin = 0.766 in. < t; = 0.870in.

Because the actual flange thickness is greater than the minimum, the WT9x48.5 is
adequate without considering prying action.

, GOAL: Determine whether the WT hanger connection is adequate without considering prying
Hanger Connection by St
LRFD
GIVEN: A WT9x48.5 section, A992 steel, is used as shown in Figure 11.21 to carry a dead
load of 20 kips and a live load of 60 kips. Four 7/s-in. diameter A325 bolts are used in a 9-in. long
fitting,
SOLUTION Step 1:  Determine the moment arm, b’, based on the properties of the section.
ty =0.870in., 7, = 0.535in., by = 11.1in., gage =4in.,, p =9/2 =4.5in.
- - 3
b gage — 1, s (4.0 — 0.535) 1w
2 2
7
b =b- c;_,, — 1.73——2§= 1.29in.
Step 2: Determine the force per bolt.
T, = 1.2(20.0) + 1.6(60.0) = 120 kips
T, = ii_o = 30.0 kips/bolt
Step 3: Determine the minimum flange thickness to ignore prying action.
- 4.44T,b _ 4.44(30.0)(1.29) — 0.7661n.
pF, 4.5(65)
Step4: Compare the available thickness with the required thickness.
Imin = 0.766in. < ty = 0.870in.
Because the actual flange thickness is greater than the minimum, the WT9x48.5 is
adequate without considering prying action.
R ITT l'l.ﬂ b GOAL: Determine whether the WT hanger connection is adequate without considering prying
Hanger Connection ’
action.
by ASD
GIVEN: A WT9x48.5 section, A992 steel, is used as shown in Figure 11.21 to carry a dead
load of 20 kips and a live load of 60 kips. Four "/s-in. diameter A325 bolts are used in a 9-in. long
fitting.
SOLUTION Step 1:  Determine the moment arm, &', based on the properties of the section.

t; = 0.870in., t, = 0.535in., by = 11.1in., gage = 4in., p = 9/2 = 4.5 in.

gage—t, _ (4.0-0535)

h= 3 3 = 1.73in.
it Ghow Wi
bV =b— ST 1.73 2 =1.29in.

11.11 BEAM-BEARING PLATES AND COLUMN BASE PLATES

The connections discussed throughout this chapter transfer force through a series of con-
necting elements to a supporting member. Two other types of simple connections deserve
mention here, the beam bearing plate and the column base plate. These plates transfer a
force through direct bearing from one member to another member or directly to a support.
Although these plates are used in two very different applications, the actual behavior of
each is quite similar.

For design of the plate, three properties must be determined: the width and breadth
which results in an appropriate area, and the thickness. The area of the plate is determined
by assessing the limit states of the supporting member or material and those of the member
applying the force to the plate. The thickness of the plate is determined through the limit
state of flexural yielding of the plate.

To determine the required plate thickness for either type of plate, two primary assump-
tions are made: (1) the plate exerts a uniform pressure on the supporting material, and (2)
the plate is treated as a cantilevered strip that is 1.0 in. wide. For a bending cross section
1.0 in. wide with a thickness, 7,, the nominal flexural strength for the limit state of yielding

is
; 1.0t}
MIJ=E\'Z=E\'

4

For a uniform contact pressure between the plate and the supporting material, f,. and a
cantilever length, /, the required moment strength for the cantilever is

M, = 5
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For LRFD, the required plate thickness can be obtained by setting the design moment equal
to the required moment where the required moment is obtained using f,, thus

which yields

Similarly, for ASD, using f,

which yields

oM, = M,
Fyrﬁ B ﬁ
& 2
fu
1, =149 [~
P F_-,-
Mﬂ
=M,
Q
Fet 1P
4Q 2
t, = 1.831 %

¥

The determination of the cantilever distance, [, to be used in the case of a beam-bearing
plate or a column-base plate is addressed in Manual Part 14.

11.12 PROBLEMS

For Problems | through 6, use ¥ 5-in. A36 angles, ¥;-in. A325-N
bolts in standard holes, and uncoped beams.

1. Design an all-bolted double-angle connection for a
WI8x50, A992 beam to carry a dead load reaction of 15 kips
and a live load reaction of 45 kips. The beam is connected to the
flange of a W14.x 109. Design by (a) LRFD and (b) ASD.

2. Design an all-bolted double-angle connection for a
W27x 102, A992 beam to carry a dead load reaction of 30 kips
and a live load reaction of 90 kips. The beam is connected to the
web of a W36x 135. Design by (a) LRFD and (b) ASD.

3. Design an all-bolted double-angle connection for a
W24x 146, A992 beam to carry a dead load reaction of 25 kips
and a live load reaction of 75 kips. The beam is connected to the
flange of a W14 x 132, Design by (a) LRFD and (b) ASD.

4. Design an all-bolted double-angle connection for a
W16x67, A992 beam to carry a dead load reaction of 20 kips
and a live load reaction of 60 kips. The supporting member is
not critical. Design by (a) LRFD and (b) ASD.

5. Design an all-bolted double-angle connection for a
W18 143, A992 beam to carry a dead load reaction of 25 kips
and a live load reaction of 75 kips. The supporting member is
not critical. Design by (a) LRFD and (b) ASD.

6. Design an all-bolted double-angle connection for a W8 x 40,
A992 beam to carry a dead load reaction of 8 kips and a live load
reaction of 24 kips. The supporting member is not critical. De-
sign by (a) LRFD and (b) ASD.

For Problems 7 through 12, use 6-in. A36 angles, ¥,-in. A325-
N bolts in standard holes, and assume that the beams are coped
so that the edge distance is 1'/4 in. Assume that the supporting
member is not critical.

7. Design an all-bolted double-angle connection for a
W30x 191, A992 beam spanning 40 ft and carrying a total uni-
formly distributed dead load of 60 kips and live load of 180 kips.
Design by (a) LRFD and (b) ASD.

8. Design an all-bolted double-angle connection for a
W18x76, A992 beam to support a dead load reaction of 16
kips and a live load reaction of 48 kips. Design by (a) LRFD and
(b) ASD.

9. Design an all-bolted double-angle connection for a
W21x68, A992 beam spanning 20 ft and carrying a total uni-
formly distributed dead load of 28 kips and live load of 84 kips.
Design by (a) LRFD and (b) ASD.

10. Design an all-bolted double-angle connection for a
W24 x84, A992 beam to support a dead load reaction of 25
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kips and a live load reaction of 75 kips. Design by (a) LRFD and
(b) ASD.

11. Design an all-bolted double-angle connection for a
W12x87, A992 beam to support a dead load reaction of 14
kips and a live load reaction of 42 kips. Design by (a) LRFD and
(b) ASD.

12. Design an all-bolted double-angle connection for a
W16x67, A992 beam spanning 20 ft and carrying a total uni-
formly distributed dead load of 23 kips and live load of 69 kips.
Design by (a) LRFD and (b) ASD.

For Problems 13 through 18, use 70-ksi welding electrodes and a
connection welded to the beam web being supported and bolted
to the supporting member. Use ¥4-in. A36 angles and ¥,-in.
A325-N boelts in standard holes,

13. Design a welded-bolted double-angle connection for an
uncoped W18:x50, A992 beam to carry a dead load reaction of
15 kips and a live load reaction of 45 kips. The beam is connected
to the flange of a W14 109. Design by (a) LRFD and (b) ASD.

14. Design a welded-bolted double-angle connection for an
uncoped W27 x 102, A992 beam to carry a dead load reaction of
30kips and a live load reaction of 90 kips. The beam is connected
to the web of a W36x 135. Design by (a) LRFD and (b) ASD.

15. Design a welded-bolted double-angle connection for an
uncoped W24 x 146, A992 beam to carry a dead load reaction of
25 kips and a live load reaction of 75 kips. The beam is connected
to the flange of a W14 132. Design by (a) LRFD and (b) ASD.

16. Design a welded-bolted double-angle connection for a
coped W18x76, A992 beam to support a dead load reaction
of 16 kips and a live load reaction of 48 kips. Assume the beam
is coped so that the edge distance is 1'/4 in. Design by (a) LRFD
and (b) ASD.

17. Design a welded-bolted double-angle connection for a
coped W12x87, A992 beam to support a dead load reaction
of 14 kips and a live load reaction of 42 kips. Assume the beam
is coped so that the edge distance is 1'/s in. Design by (a) LRFD
and (b) ASD.

18. Design a welded-bolted double-angle connection for a
coped W16x67, A992 beam spanning 20 ft and carrying a total
uniformly distributed dead load of 23 kips and live load of 69
kips. Assume the beam is coped so that the edge distance is 1Y/;
in. Design by (a) LRFD and (b) ASD.

For Problems 19 through 21, use ¥;-in. A36 angles and ¥/,-in.
A325-N bolts in standard holes.

19. Design a bolted-bolted single-angle connection for an un-
coped W18x 50, A992 beam to carry a dead load reaction of 8
kips and a live load reaction of 24 kips. The beam is connected
to the web of a W360x 150. Design by (a) LRFD and (b) ASD.
20. Design a welded-bolted single-angle connection for a
coped W12x87, A992 beam to support a dead load reaction
of 7 kips and a live load reaction of 21 kips. Assume the beam

is coped so that the edge distance is 1'/; in. Design by (a) LRFD
and (b) ASD.

21. Design a welded-welded single-angle connection for a
coped W16x67, A992 beam spanning 20 ft and carrying a to-
tal uniformly distributed dead load of 12 kips and live load of
36 kips. Assume the beam is coped so that the edge distance is
1Y in. Design by (a) LRFD and (b) ASD.

For Problems 22 through 25, use a %-in. thick, A36, shear tab
and ¥/;-in. A325-N bolts. Assume that the supporting member is
not critical.

22. Design a shear tab connection for an uncoped W18x 50,
A992 beam to carry a dead load reaction of 10 kips and live load
reaction of 30 kips.

23. Design a shear tab connection for an uncoped W27x 102,
A992 beam to carry a dead load reaction of 15 kips and a live
load reaction of 45 kips.

24. Design a shear tab connection for a coped W21 x 68, A992
beam spanning 20 ft and carrying a total uniformly distributed
dead load of 23 kips and live load of 70 kips. Assume that the
edge distance at the cope is 1'/y in.

25. Design a shear tab connection for a coped W18x76, A992
beam to carry a dead load reaction of 10 kips and a live load
reaction of 30 kips. Assume an edge distance of 1/, in.

26. Design a welded seated connection for a W16x26, A992
beam framing into the web of a W14 99 column, The seat must
carry a dead load reaction of 6 kips and a live load reaction of
18 kips. Use an equal leg A36 angle and E70 electrode.

27. Design a welded seated connection for a W18x40, A992
beam framing into the web of a W14 x 109 column. The seat must
carry a dead load reaction of 10 kips and a live load reaction of
30 kips. Use an equal leg A36 angle and E70 electrode.

28. Design the connection for an A36 double-angle tension
member connected to a uniform-width A36 gusset plate. The
angles are 4 x 4 x '/, and carry a dead load of 10 kips and a live
load of 30 kips. The angles are connected to the gusset plate by
a single line of %;-in. A325-N bolts. The gusset plate is welded
perpendicular to the axis of the member with welds from E70
electrodes. Design by (a) LRFD and (b) ASD.

29. Aninclined WT hanger is used to support a tension mem-
ber carrying a dead load of 8 kips and a live load of 24 kips. The
force is applied at an angle of 45 degrees from the horizontal
and is transferred by four- A325-N bolts. Determine whether
the bolts have sufficient gth to carry the applied load by (a)
LRFD and (b) ASD.

30. A WT7x24, A992 steel is used as a tension hanger with
four ¥;-in. A325-N bolts in the flanges similar to that shown in
Figure 11.21. The hanger must resist a dead load of 11 kips and
a live load of 33 kips. Determine whether prying action must be
included to determine the connection strength by (a) LRFD and
(b) ASD.
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Moment Connections

12.1 TYPES OF MOMENT CONNECTIONS

Although they are called moment connections, these connections are expected to transfer
both shear and moment between the connected members. The moment connections defined
by the Specification are either Type FR (fully restrained) or Type PR (partially restrained).
The impact of these connection types on the behavior of a steel frame was discussed in
Chapter 8. Figure 8.18, shown here as Figure 12.1, shows three moment-rotation curves for
connections with distinctly different behavior. For fully restrained connections, the moment
is transferred while the relative rotation of the members remains zero. For partially restrained
connections, the moment is transferred while some predictable relative rotation is permitted.
For the simple shear connection as discussed in Chapter 11, no moment is expected to be
transferred and the connection is assumed to rotate freely. The rigid and simple connection
behavior shown in Figure 12.1 illustrates that real connection behavior does not exactly
follow the ideal behavior demonstrated by the vertical axis for a rigid connection and the
horizontal axis for the simple connection,

Five moment connections that are common for connecting beams framing into the
strong axis of columns are illustrated in Figure 12.2. For the first four examples, which
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FR (fully restrained)

PR (partially restrained)

Beam line

Simple

Rotation Figure 12.1 Connection Behavior.

include the direct welded flange (Figure 12.2a), the welded flange plate (Figure 12.2b), the
bolted flange plate (Figure 12.2c), and the bolted Tee (Figure 12.2d), shear is transferred
through a web connection similar to those discussed in Chapter 11 whereas the moment is
transferred through the various flange connections. In the extended end plate connection,
Figure 12.2e, shear and moment are combined and transferred through the connecting plate
and bolts.
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(a) Direct-welded flange (b) Welded flange plate (c) Bolted flange plate
A A
¥ ¥
ih
E
.‘h-
alp
ilp
A A
¥ v
(d) Bolted tee (e) Extended end plate

Figure 12.2 Moment Connections.
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Because shear is resisted by the web of a wide flange beam, it is logical that the
shear force is transferred through the web connection to the supporting member. Similarly,
because the moment is resisted primarily through the flange of a wide flange beam, the
flange connections primarily transfer the moment to the supporting member. Because of
the moment resistance provided by the flanges, there is no need to consider eccentricity in
the design of the web shear connection. Thus, the web plate or angles are sized to resist
only shear, simplifying the connection design. The flange connection is designed to resist
the full moment, even though the flanges do not actually carry this full moment. Through
strain hardening, and in combination with some moment strength of the web connection,
the flange connections are capable of developing the full moment.

The welded flange connection, Figure 12.2a, is the most direct moment connection and
requires the fewest number of parts. The flanges are field welded to the supporting member
with complete joint penetration groove welds. The web connection is usually a single plate
welded to the column and bolted to the beam. In this arrangement, the flange force, Py, is
determined by dividing the moment by the distance between flange midpoints. Thus

P Me
T @=m

The flange plated connections, Figure 12.2b and ¢, transfer the flange forces to the cor-
responding plates through either bolt shear or weld shear. The plate force is then transferred
to the supporting member through welds. The flange plate connectors, bolts or welds, are
sized to resist the force developed at the plate-flange interface. Thus

MJ’

Pf=7

The bolted Tee connection, Figure 12.2d, is needed when the connection to the sup-
porting member must be bolted. Although this connection is not as clean and simple as the
flange-plated connections, it provides a solution for when there is a compelling reason to
require an all-bolted connection. The connection to the beam flange is treated as with the
flange plate connections and the connection to the support is treated similar to the tension
connection discussed in Chapter 11.

The extended end plate connection shown in Figure 12.2e represents a connection that
may take a variety of forms. The end plate is fully welded to the end of the beam and then
bolted to the support. The end plate must extend beyond the beam flange on the tension side
so that a minimum of four bolts can be symmetrically spaced with the flange located at the
bolt centroid. If an extended end plate connection is called upon to resist a moment that is
always in the same direction, it may be extended on only one side. However, if the moment
is expected to reverse, the plate must be extended beyond both the top and bottom flanges.

Table 12.1 lists the sections of the Specification and parts of the Manual discussed in
this chapter.

The limit states that control the strength of these connections are the same as those that have
already been considered for the shear connections. Their specific application depends on
the complete connection geometry and the forces that the elements are expected to carry.
These limit states include

1. Bolts
a. Shear rupture
b. Tension
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Table 12.1  Sections of Specification and Parts of Manual Found in this Chapter

Specification
B4 Classification of Sections for Local Buckling
D3 Area Determination
F13 Proportions of Beams and Girders
12 Welds
14 Affected Elements of Members and Connecting Elements
1o Flanges and Webs with Concentrated Forces

Manual

Part 7 Design Considerations for Bolts
Part 8 Design Considerations for Welds
Part 9 Design of Connecting Elements
Part 10 Design of Simple Shear Connections
Part 15 Design of Hanger Connections, Bracket Plates, and Crane-Rail Connections

¢. Shear-tension interaction
d. Bearing/tear out

2. Welds
a. Tension rupture
b. Shear rupture

3. Plates
a. Compression buckling
b. Tension yielding
¢. Tension rupture
d. Shear yielding
e. Shear rupture
f. Block shear

4. Beam
a. Flexure of reduced section
b. Shear yield
c. Shear rupture

In addition to these limit states, which are all associated with the beam side of the
connection, the designer must consider the impact of the connection on the column to
which it is attached. These limit states include

5. Column

. Flange local bending

. Web local yielding

. Web local crippling

. Web compression buckling
. Web panel zone shear

e ae o

12.3 MOMENT CONNECTION DESIGN

Design of moment connections is presented in two parts. First, examples are given for a
direct welded beam-to-column connection, a welded flange plate connection, and a bolted
flange plate connection. These examples treat the beam side of the connection without
considering the column to which the connection is attached.
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This is followed with a discussion of the limit states associated with the column and
examples are given to illustrate that design process.

12.3.1 Direct Welded Flange Connection

The direct welded flange moment connection provides an FR connection with very few
connecting elements. As the name implies, the flanges are directly welded to the supporting
member, usually the flange of a column. These welds are either complete joint penetration
groove welds or a pair of fillet welds on each side of the beam flanges. The groove weld
provides a weld that can be made in the downward position for both flanges whereas the
fillet welds require overhead welding on the bottom of each flange. The only limit state to
consider for the flange connection is tension or shear rupture of the weld.

The web connection is usually made with a single plate, the same as the shear tab
simple connection discussed in Chapter 11. However, unlike the shear tab connection, the
web plate in this FR connection does not need to account for any eccentricity because the
flanges are designed to carry all of the moment. The limit states for the web connection are
those previously discussed for the shear tab.

EXAMPLE 12.1a 7 ; [
Direct Welded Moment GOAL:  Design a direct welded beam-

Connection by LRFD GIVEN: A direct welded beam-to-column moment connection is shown in Figure 12.2a. The
beam is a W24 x 76 and the column is a W14 x 109. Bolts are ¥;-in, A325-N and the electrodes are
ET70. The shapes are A992 steel and the plate is A36. The required strength is M|, = 500 ft-kips
and V, = 60.0 kips.

moment cc

SOLUTION Step 1:  Obtain the beam and column properties from Manual Table 1-1.

Beam — W24x76 d =239in. by =899%in.
t, = 0.440in. 1, = 0.680in.
Z = 200in.?

Column — W14x109 d = 14.3in. b, = 14.6in.
te = 0.525in. 1y = 0.860in.
Step 2:  Check the flexural strength of the beam.

This check should have been made during design of the beam. Because the beam
section is not reduced because of bolt holes in the flange, M, can be determined using
the gross section plastic section modulus as

0.9(50)(200)
12
Thus, the flexural strength is adequate.
Step 3:  Design the flange-to-column weld.

The flange-to-column weld can be either a complete joint penetration groove weld
(CJP} or fillet welds. CJP welds are used in this example. Because they will develop
the full strength of the beam flanges, no further calculations are needed.

Step4: Design the web plate.

First consider the shear rupture of the bolts to determine the minimum number of
bolts required.

For a 7/s-in. A325-N bolt, ¢r, = 15.9 kips, therefore

oM, = dbM, = = 750 ft-kips > 500 ft-kips

Required number of bolts = % =377

Step 5:

Step 6:

Step 7:

Step 8:

Step 9:

Moment Connections

Thus, try a four-bolt connection with bolt spacing of 3.0 in. and end distances of 1.5
in. Thus, L = 12.0in., which is greater than T/2 = 10.4 in. Assume that the plate has
t = Y in.
Determine the bolt bearing strength.

For the last bolt, determine the clear distance.

L.=15- %(3{4+ 1/16) = 1.09 < 2(3/4) = 1.5
Thus, tear-out controls and the bolt nominal strength is
R, = 1.2(1.09)(0.375)(58) = 28.4 kips
For the other bolts
L.=30-(3/4+1/16)=2.19>2(3/4)=1.5
Therefore, bearing will control, and the bolt nominal strength is
R, = 2.4(3/4)(0.375)(58) = 39.2 kips
Thus, for the four-bolt connection, the design strength is
&R, = 0.75(28.4 + 3(39.2)) = 110 > 60.0 kips
Check the plate for shear yield.
Ag = (0.375)(12.0) = 4.50in.?
&V, = 1.0(0.6(36))(4.50) = 97.2 > 60.0 kips
Check the plate for shear rupture.
Am = (120 — 4(3/4 + 1/8))(0.375) = 3.19in.?
&V, = 0.75(0.6(58))(3.19) = 83.3 > 60.0 kips

Check the block shear of the plate.
First calculate the required areas.

Am

(I 5= %(3;4 + 1;81)(0.3?5) =0.398 in.?

Ag = 10.5(0.375) = 3.94 in.?2
w = (10.5 = 3.5(3/4 + 1/8))(0.375) = 2.79 in.?

Il

Consider shear yield and shear rupture and select the least strength, thus
0.6F, A, = 0.6(36)(3.94) = 85.1 kips
0.6F, A, = 0.6(58)(2.79) = 97.1 kips

Selecting the shear yield term and combining it with the tension rupture term gives a
connection block shear strength, with Uy, = 1.0, of

&R, = 0.75(85.1 + 1.0(58)(0.398)) = 81.1 > 60.0 kips

Check the beam web for bolt bearing.

Because the beam is not coped, there is no need to check the clear distance for the
top bolt. Thus, for each bolt L, = 2.19 > 2(*4) = 1.5 in. so the bolt nominal strength
based on bearing is

R, = 2.4(3/4)(0.440)(65) = 51.5 kips
and for the four-bolt connection the design strength is

&R, = 0.75(4(51.5)) = 155 > 60.0 kips
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Figure 12.3 Connection for Example 12.1.

Step 10:  Select the plate-to-column weld.
Based on a fillet weld on each side of the plate, with a weld design strength of 1.392
kips/in./sixteenth

60.0

= m = 1.80 sixteenths

Therefore, use a %4-in. weld, the minimum weld for the Yg-in. plate, as given in
Specification Table J2.4.

Step 11:  Final design.
Figure 12.3 shows the final design using

four ¥-in. A325N bolts in a 3!/ x 12.0- x ¥s-in. plate

EXAMPLE 12.1b
Direct Welded Moment
Connection by ASD

SOLUTION

GOAL:  Design a direct welded beam-to-column moment connection.

GIVEN: A direct welded beam-to-column moment connection is shown in Figure 12.2a. The
beam is a W24 %76 and the column is a W14 x 109. Bolts are ¥4-in., A325-N and the electrodes are
E70. The shapes are A992 steel and the plate is A36. The required strength is M, = 333 ft-kips
and V, = 40.0 kips.

Step 1:  Obtain the beam and column properties from Manual Table 1-1.

Beam — W24x76 d =239in. by =8.99in.
t, = 0.440in. 1, = 0.680in.
Z =200.0in>

Column — W14x109 J = 143in. b, = 14.6in.
f, =0525in. £, =0.860in.
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Step 2:

Step 3:

Step 4:

Step 5:

Step 6:

Step 7:

Check the flexural strength of the beam.

This check should have been made during design of the beam. Because the beam
section is not reduced because of bolt holes in the flange, M, can be determined using
the gross section plastic section modulus as

My A_wlﬁ _ (50)200) /1
LD T O e

Thus, the flexural strength is adequate.

Design the flange-to-column weld.

The flange-to-column weld can be either a complete joint penetration groove weld
(CIP) or fillet welds. CJP welds are used in this example. Because they will develop
the full strength of the beam flanges, no further calculations are needed.

Design the web plate.

First consider the shear rupture of the bolts to determine the minimum number of
bolts required.

For a Yy-in., A325-N bolt, ’5 = 10.6 kips, therefore

Required number of bolts = % =371

) = 499 fi-kips > 333 ft-kips

Thus, try a four-bolt connection with bolt spacing of 3.0 in. and end distances of 1.5
in. Thus, L = 12.0in., which is greater than 7'/2 = 10.4 in. Assume that the plate has
= 3/3 in.

Determine the bolt bearing strength.
For the last bolt, determine the clear distance.

Lo=1%— %(3/4 +1/16) = 1.09 < 2(3/4) = 1.5
Thus tear-out controls and the bolt nominal strength is
R, = 1.2(1.09)(0.375)(58) = 28.4 kips
For the other bolts
Lo=3.0—(3/4+1/16) =2.19 > 2(3/4) = 1.5
Therefore, bearing will control, and the bolt nominal strength is
R, = 2.4(3/4)(0.375)(58) = 39.2 kips

Thus, for the four-bolt connection, the allowable strength is

Sai QB SN a5 W' ips

Q 2.00
Check the plate for shear yield.
Ay = (0.375)(12.0) = 4.50 in.”
= iﬂﬁw = 64.8 > 40.0 kips

Check the plate for shear rupture.
Ap = (120 — 4(3/4 + 1/8))(0.375) = 3.19 in.?

Vo _ (0.6(58))3.19) :
T T 55.5 > 40.0 kips




Step 8:

Step 9:

Step 10:

Step 11:
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Check the block shear of the plate.
First calculate the required areas.

Ay = (I.S - 36/4+1 /8))(0.375) =0.398in.2
Ag = 10.5(0.375) = 3.94in.2

Ay = (10,5 — 3.5(3/4 + 1/8))(0.375) = 2.79 in.?
Consider shear yield and shear rupture and select the least strength, thus

0.6F, A, = 0.6(36)(3.94) = 85.1 kips
0.6F, A, = 0.6(58)(2.79) = 97.1 kips

Selecting the shear yield term and combining it with the tension rupture term gives a
connection block shear allowable strength, with U}, = 1.0, of
& ol (85.1 + 1.0(58)(0.398))
Y 2.00
Check the beam web for bolt bearing.
Because the beam is not coped, there is no need to check the clear distance for the
top bolt. Thus, for each bolt L, = 2.19 > 2(%) = 1.5 in. so the bolt nominal strength
based on bearing is

= 54.1 > 40.0 kips

R, = 2.4(3/4)(0.440)(65) = 51.5 kips
and for the four-bolt connection, the allowable strength is

Ry _ (4(51.5) N
T 103 > 40.0 kips
Select the plate-to-column weld.
Based on a fillet weld on each side of the plate, with a weld allowable strength of

0.928 kips/in./sixteenth
e 40.0
"~ (2(0.928)(12.0))
Therefore, use a ¥5-in. weld, the minimum weld for the ¥s-in. plate, as given in
Specification Table J2.4.
Final design.
Figure 12.3 shows the final design using

= 1.80 sixteenths

four %-in., A325N boltsina 3!~ x 12.0- x Y-in. plate
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flange width and the bottom flange plate is at least 1.0 in. greater in width than the beam
flange width. Manual Figure 8-11 provides minimum shelf dimensions for specific fillet
weld sizes.

The limit states associated with the tension flange plate are yielding, rupture, and block
shear whereas those associated with the compression flange plate are yielding, local plate
buckling, and compression buckling. These limit states are evaluated in Example 12.2.

12.3.2 Welded Flange Plate Connection

The welded flange plate connection replaces the directly welded flanges with plates that are
welded to the supported beam flange and to the supporting column. The web connection
is usually the typical single plate shear connection. To accommodate the plate-to-beam
flange weld, the top flange plate must be kept to a width at least 1.0 in. less than the beam

EXAMPLE 12.2a
Welded Flange Plate
Moment Connection
by LRFD

SOLUTION

GOAL:  Design a welded flange plate beam-to-column moment connection.

GIVEN: A welded flange plate beam-to-column moment connection is shown in Figure 12.2b,
The beam is a W18 50 and the column is a W14 x90. Bolts are Jz-in. A325-N and the electrodes
are E70. The shapes are A992 steel and the plates are A36. The LRFD required strength is
M, = 250 fi-kips and V,, = 45 kips. Assume the moment will cause the top flange to be in tension
and the bottom flange to be in compression.

Step 1:  Obtain the beam and column properties from Manual Table 1-1.
Beam — W18x50 d = 18.0in. by =7.50in.
t, = 0.355in. 1y =0.570in.
Column — Wi4x90 d = 14.0in. by = 14.5in.
ty = 0.440in. r; =0.710in.

Step 2: Determine the force to be carried in each flange plate.
Conservatively assume the moment arm is the depth of the beam. Thus

M, — 250(12)

=—= = 167 ki
“Td T 1m0 g
Step 3: Determine the minimum plate area based on the limit state of yielding.
B 167 .
Ap=— = ——=515in?
* T $F, ~ 0.9G6) '

The top flange plate should be narrower than the beam flange to facilitate welding in
the down position. Therefore, try a 7/s- x 6.5-in. plate. A, = 5.69in.%

Step 4: Check the plate for tension rupture.
The shear lag factor, U, for a welded joint is given in Specification Table D3.1 Case
4. Here it is noted that the lowest value for U is 0.75. This value is used as a conservative
approach at this time. Thus

P, = UF,A, = 0.75(58)(5.69) = 248 kips
and
$P, = 0.75(248) = 186 > 167 kips

Thus, the tension rupture limit state does not control regardless of the final weld length.
Step 5:  Select the fillet weld size based on weld rupture.
The minimum size weld for a /g-in. plate attached to a 0.570-in. beam flange, based
on Specification Table J2.4, is '/s in. Therefore, determine the required length of a pair
of !/-in. fillet welds on the sides of the flange plate.

167

L= 2—-—--—--“.392(4” = 15.0in.
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(c) Connection geometry

Figure 12.4 Connection for Example 12.2.

Step 6:

Step 7:

This length appears to be reasonable for this connection. Thus, the top plate is 6.5- x
17.0- x "s-in., as shown in Figure 12.4.
Consider the block shear rupture of the top flange of the beam.

Because the plate is welded to the flange, the critical shear limit state is shear
yielding. For the two blocks on each side of the web, as shown in Figure 12.4b, the
required areas are

Agy
A

16.5(0.570) = 9.41 in.?
%(0.570) =0.285in.?

Ii

and the design strength is

bR, = 2[0.75(0.6(50)(9.41) + 1.0(65))(0.285)] = 451 > 167 kips

Determine the required compression flange plate.

This plate must be checked for local buckling and overall buckling. As a starting
point, assume that yielding will be the controlling limit state. Thus, the same area will
be required as for the tension plate. However, this plate should be wider than the beam
flange so that the welds can again be placed in the downward position. Assume a plate
width of 8.5 in. Thus

et ]

I = T 0.606 in.
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Step 8:

Step 9:

Step 10:

Step 11:

Check the compression plate for local buckling.

Local buckling of the compression plate is checked with the width/thickness limits
from Specification Table B4. 1. The width of plate between welds is treated as a stiffened
plate and the width that projects beyond the weld is treated as an unstiffened plate.

For the stiffened plate, Case 14

b 15 E
b =120<149 [ = =423
{062 st E="

For the unstiffened plate, Case 3

|

=
L]

0.5 E
22— 0.80 < 0.56 | = =159
0.6 = F,

- | o

So the plate strength is not limited by local buckling.

Determine the compressive strength of the plate.

The plate is assumed to have a length for compression buckling of 2.0 in. from the
column flange to the end of the weld, as shown in Figure 12.4a. The effective length
factor is taken as 0.65, the value re ded in the C y for a fixed-fixed
column. Determine the slenderness ratio for this plate. =

_ 1 _ [ [e25}

KL  0.65(2.0)
> = oas0 ~ 2

For compression elements that are part of connections, Specification Section J4.4 in-
dicates that, when the slenderness ratio is less than 25, F,, = F,. Thus, the selection
of this plate for yielding, as was originally done, is correct and the 8.5- x g-in. plate
is acceptable for the compression limit states,

Determine the welds required to connect the flange plates to the column flange.

The force to be transferred is the same for both plates. A comparison of the plate
width with the column flange width shows that they are compatible because each
plate is narrower than the column flange width, b; = 14.5 in. In addition, the force is
perpendicular to the weld so the weld strength can be increased by 1.5. Thus, for fillet
welds on both the top and bottom of the plate

_ 167 _ 400
T 15(1.392)(2b,) b,

For the top flange plate
40.0

D= == 6.15 sixteenths, therefore use a pair of 7/;g-in. welds
For the bottom flange plate
40.0 3 WeFC e
D= 55 = 4.71 sixteenths, therefore use a pair of 7/j4-in. welds

Final design.

The web connection design that was demonstrated in Example 12.1a must also be
carried out here. The final geometry for the welded flange plate connection is shown
in Figure 12.4.

Select a %-in. plate for further consideration.
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EXAMPLE 12.2b
Welded Flange Plate
Moment Connection
by ASD

SOLUTION

GOAL:  Design a welded flange plate beam-to-column moment connection.

GIVEN: A welded flange plate beam-to-column moment connection is shown in Figure 12.2h.
The beam is a W18x50 and the column is a W14x90. Bolts are Yg-in., A325-N and the elec-
trodes are E70. The shapes are A992 steel and the plates are A36. The ASD required strength is
M, = 167 ft-kips and V, = 30 kips. Assume the moment will cause the top flange to be in tension
and the bottom flange to be in compression.

Step 1:  Obtain the beam and column properties from Manual Table 1-1.

Beam — WI8x50 d = 18.0in. b, = 7.50n.
t =0355in. 1, =0.570in.

Column — W14x90 d =14.0in. b; = 14.5in.
. 4, = 0.440in.  t; = 0.710in.

Step 2: Determine the force to be carried in each flange plate.
Conservatively assume the moment arm is the depth of the beam. Thus

e 167(12)
AT
Step 3: Determine the minimum plate area based on the limit state of yielding.

4 - 0B _ L6701
TR T

=111 kips

=5.15in?

The top flange plate should be narrower than the beam flange to facilitate welding in
the down position. Therefore, try a 7s- x 6.5-in. plate. A, = 5.69in.?
Step4:  Check the plate for tension rupture.
The shear lag factor, U, for a welded joint is given in Specification Table D3.1 Case
4. Here it is noted that the lowest value of U is 0.75. This value is used as a conservative
approach at this time. Thus

Py = UF, A, = 0.75(58)(5.69) = 248 kips

and
£y (248)) :
o = 300 =124 > 11kips
Thus, the tension rupture limit state does not control regardless of the final weld length.
Step 5:  Select the fillet weld size based on weld rupture.

The minimum size weld for a 7/s-in. plate attached to 40.570-in. beam flange, based
on Specification Table I2.4, is '/; in. Therefore, determine the required length of a pair
of Yi-in. fillet welds on the sides of the flange plate.

111
L=——m——— =15.0in.
30.9s@y) — 0in
This length appears to be reasonable for this connection. Thus, the top plate is 6.5- x
17.0- x 7fg-in., as shown in Figure 12.4.
Step 6: Consider the block shear rupture of the top flange of the beam.

Because the plate is welded to the flange, the critical shear limit state is shear

yielding. For the two blocks on each side of the web, as shown in Figure 12.4b, the
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required areas are
Ay = 16.5(0.570) = 9.41 in?
Ay = $(0.570) = 0.285in?
and the allowable strength is

Q 2.00

Step 7:  Determine the required compression flange plate,

This plate must be checked for local buckling and overall buckling. As a starting
point, assume that yielding will be the controlling limit state. Thus, the same area will
be required as for the tension plate. However, this plate should be wider than the beam
flange so that the welds can again be placed in the downward position. Assume a plate
width of 8.5 in. Thus

R _, [(0.5(50)(9.41) it 1.0(65))(0.285)] L 300> 111kips

S.15
= T 0.606 in.

Select a %;-in. plate for further consideration.
Step 8: Check the compression plate for local buckling.

Local buckling of the compression plate is checked with the width/thickness limits
from Specification Table B4-1. The width of plate between welds is treated as a stiffened
plate and the width that projects beyond the weld is treated as an unstiffened plate.

For the stiffened plate, Case 14

E = i =12.0 < 1.49 £ =423
t  0.625 F,

For the unstiffened plate, Case 3

b 0.5 E
e 0.80 < 0.56 F} =159

So the plate strength is not limited by local buckling.
Step 9: D ine the compressive strength of the plate.

The plate is assumed to have a length for compression buckling of 2.0 in. from the
column flange to the end of the weld, as shown in Figure 12.4a. The effective length
factor is taken as 0.65, the value recommended in the Commentary for a fixed-fixed
column. Determine the slenderness ratio for this plate.

i W (0.625)
) = 0.180
L e e e e

KL  0.65(2.0)
7 T 0,180
For compression elemerits that are part of connections, Specification Section J4.4 in-
dicates that, when the slenderness ratio is less than 25, F,, = F,. Thus, the selection
of this plate for yielding, as was originally done, is correct and the 8.5- x %-in. plate
is acceptable for the compression limit states.
Step 10:  Determine the welds required to connect the flange plates to the column flange.
The force to be transferred is the same for both plates. A comparison of the plate
width with the column flange width shows that they are compatible because each
plate is narrower than the column flange width, b! = 14.5 in. In addition, the force is

=122
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perpendicular to the weld so the weld strength can be increased by 1.5, Thus, for fillet
welds on both the top and bottom of the plate

o 111 s

© 15(0.928)2b,) b,

For the top flange plate

D= 3_69«52 = 6.14 sixteenths, therefore use a pair of "/4-in. welds

For the bottom flange plate

D= % = 4.69 sixteenths, therefore use a pair of %j4-in. welds

Step 11:  Final design.
The web connection design that was demonstrated in Example 12.1b must also be
carried out here. The final geometry for the welded flange plate connection is shown
in Figure 12.4.

12.3.3 Bolted Flange Plate Connection

The bolted flange plate connection is similar to the welded flange plate connection except
that the attachment of the plate to the beam flange is through bolts. The addition of bolts
to the beam tension flange means that a new limit state, the flexural strength of the beam
based on rupture of the tension flange, must be assessed. The other limit states that result
from the use of bolts have been described several times and are applicable again here,

The bolted flange plate connection is an effective connection from the erection stand-
point. The plates can be shop-welded to the column flange and the beam inserted between
the plates and bolted in the field. To accommodate this field erection process, the top plate
is usually set a bit high and a filler used once the beam is in place.

The following example demonstrates the limit state checks associated with the transfer
of the flange force, as was done for Example 12.2. The web connection will not be designed
because no new limit states are to be considered.

EXAMPLE 12.3a
Bolted Flange Plate
Moment Connection
by LRFD

SOLUTION

GOAL:  Design a bolted flange plate beam-to-column moment connection.

GIVEN: A bolted flange plate beam-to-column moment connection is shown in Figure 12.2¢.
This connection is to be designed for the same conditions as those in Example 12.2a. The beam
is a W18x50 and the column is a W14x90. Bolts are Te-in., A325-N and the electrodes are E70.
The shapes are A992 steel and the plate is A36. The required strength is M, = 250 ft-kips and
Vi = 45.0kips. Assume the moment will cause the top flange to be in tension and the bottom
flange to be in compression.

Step 1:  Determine the beam and column properties.
The member dimensions are the same as those given for Example 12.2a. In addition,
for the W18x50, from Manual Table 1-1, §, = 88.9in.}
Step 2: Check the reduced beam section for flexure.
Although the connection has not yet been designed, it is known that at a section

through the connection, there will be two bolt holes in the tension flange. This may

Step 3:

Step 4:

Step 5:

Step 6:
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reduce the strength of the beam below the required strength. If that is the case, there
will be no reason to continue with this connection design. Thus, the pmvis:ons‘of
Specification Section F13 must be applied for the limit state of rupture of the tension
flange.
Determine the gross and net areas of the tension flange.
A = 7.5(0.570) = 4.28 in?
Ap = (1.5 - 2(7/8 + 1/8))0.570) = 3.14in?

Check the yield stress to tensile strength ratio to determine a value for ¥,.

B2 _0%<b8
F 6

Therefore, for all A992 shapes, ¥, = 1.0 and for this W18x50 beam with a pair of
holes for Jg-in. bolts

F, A, = 50(4.28) = 214 kips

F,Ap = 65(3.14) = 204 kips

Because F, Ay < Y, F,Ag, the nominal gth is limited by Specification
Equation F13-1 to

W=Dy ﬁ(ss,g)(%) = 353 fu-kips

Ap 4.28
and
&M, = 0.9(353) = 318 > 250 ft-kips

5o the flexural strength is adequate.
Check the flange plate for tension yield.

The flange plate will likely be similar to the one used in Example 12.2a. Try a
74- % Ys-in. plate
A, = 7.25(0.750) = 5.44in.2
&R, = 0.9(36)(5.44) = 176 = 167 kips
Check the plate for tension rupture.
A, = (7.25 — 2(7/8 + 1/8))(0.750) = 3.94 in.2
®R, = 0.75(58)(3.94) = 171 > 167 kips

So the plate size is adequate based on tension.

Determine the number of bolts required based on the bolt shear rupture.
First consider the shear rupture of the bolts to determine the minimum number of

bolts required. .
For a 'fg-in. bolt, from Manual Table 7-1, ¢r, = 21.6 kips, therefore
167
Required number of bolts = 516 = 7.73

Thus, try an eight-bolt connection with bolt spacing of 3.0 in. and end distances of at
least twice the bolt diameter so that the full bolt strength can be used.

Determine the bolt bearing strength on the plate.
R, = 2.4(7/8)(0.750)(58) = 91.4 kips

Thus, for the eight-bolt connection in the plate, the design strength is
dR, = 0.75(8)(91.4) = 548 > 167 kips




13/4in.
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n\f
Inin.

3in.; 3in.; 3in. -
ot

17/g in.

3 f

3lpin.
p=__ uif}

1748 in.

plate 13 x 71/4 x 344 in,

(a) (b)

Figure 12.5 Connection for Example 12.3.

Step 7:

Step 8:

Step 9:

Determine the bolt bearing strength on the beam flange, again assuming that all bolts
have sufficient clear distance to be controlled by bearing.

R, = 2.4(7/8)(0.570)(65) = 77.8 kips
Thus, for the eight-bolt connection in the beam flange, the design strength is
&R, = 0.75(8)(77.8) = 467 > 167 kips
The assumption of an end distance of 2dj is not a problem because if only six bolts
were considered, the limit state of bolt bearing would still not be critical.
Check the plate for block shear rupture.

Check the plate for block shear using the geometry shown in Figure 12.5. Because
there are two possible block shear failure patterns, one with the center portion failing
in tension and the other with the two outside portions failing in tension, the worst case
must be identified. The critical tension area for block shear will be the one associated
with the least tension width. In this case it will be for the middle 3%, in.-section and
the critical net tension area is

An = (3.5 —(7/8 + 1/8))(0.750) = 1.88in.?

and the shear areas are

Ag = 10.75(0.750) = 8.06 in.?
An = (10.75 — 3.5(7/8 4+ 1/8))(0.750) = 5.44 in.?

Consider the shear yield and shear rupture and select the least strength, thus

0.6F, Ay, = 0.6(36)(8.06) = 174 kips
0.6F, A, = 0.6(58)(5.44) = 189 kips

Selecting the shear yield term and combining it with the tension rupture term gives a
connection design block shear strength, with Uy, = 1.0, of

bR, = 0.75(174 + 1.0(58)(1.88)) = 212 > 167 kips

Check the beam flange for block shear.
In this case, the beam web prevents a block shear failure in the middle portion so
check the sum of the two outer portions.

Kl 2(2.00 = %ms +1/8))(0.570) = 171 in?
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Step 10:

Step 11:

Step 12:

and the shear areas are
Ag = 10.75(0.570) = 6.13in.?
Ap = (10.75 = 3.5(7/8 + 1/8))(0.570) = 4.13in.2
Consider the shear yield and shear rupture and select the least strength, thus
0.6F, A, = 0.6(50)(6.13) = 184 kips
0.6F, A, = 0.6(65)(4.13) = 161 kips
Selecting the shear rupture term and combining it with the tension rupture term gives
a connection design block shear strength, with Uy, = 1.0, of
&R, = 0.75(161 + 1.0(65)(1.71)) = 204 > 167 kips

Check the compression plate for local buckling.

Try the same plate as was used for the tension plate using the geometry given in
Figure 12.5a.

Check the plate for local buckling in a similar fashion to what was done for the
welded plate. In this case, the stiffened plate width is the distance between the bolt
lines and the unstiffened width is from the bolt line to the free edge. Thus

For the stiffened plate
e s I B o e
7 VF

For the unstiffened plate
|E
=250 < 0.56 | — = 15.9
Fy

So the plate strength is not limited by local buckling.
Check the compression plate for buckling over its length. )

The distance from the column flange to the first bolt is taken as the buckling length
of the plate, thus, L = 1.75 + 0.50 = 2.25 in. Assuming the effective length factor of
a fixed-fixed column, k = 0.65, is appropriate

pai B o JOTE it
12 12

KL 0SSRD) | ci4<25
r 0217

Thus, F., = F, and the strength is the same as for the tension yield limit state.

bl -

(=}
h
=

b
t

87.
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th

=3
3

and

Determine the welds required to connect the flange plates to the column flange.

The force to be transferred is the same for both plates. A comparison of the plate
width with the column flange width shows that they are compatible because the plates
are narrower than the column flange width, by = 14.5in. In addition, the force is
perpendicular to the weld so the weld strength can be increased by 1.5. Thus, for fillet
welds on both the top and bottom of the plate

i 167 _ 400
T L5(1.392)(26,) b,

For both flange plates

= ;—-Oig = 5.52 sixteenths

therefore, use a pair of J5-in. welds which exceeds the minimum for this plate thickness.

D




Step 13:

Step 14:

‘bolts, as shown in Figure 12.5a and b,
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Consider the web connection.
The same web shear connection as was used in the welded flange plate connection
could be used in this connection.

Final design.
The flange plates of this connection are 13- x 7%- x J-in. with cight 7-in., A325N

)

¥

EXAMPLE 12.3b
Bolted Flange Plate
Moment Connection
by ASD

SOLUTION
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Step 9:

Step 10:

Step 11:
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Consider the shear yield and shear rupture and select the least strength, thus
0.6F,A,, = 0.6(36)(8.06) = 174 kips
0.6F, A, = 0.6(58)(5.44) = 189 kips
Selecting the shear yield term and combining it with the tension rupture term gives a
connection allowable block shear strength, with U, = 1.0, of
Ry (174 + 1.0(58)(1.88))
Q 2.00

Check the beam flange for block shear.
In this case, the beam web prevents a block shear failure in the middle portion so
check the sum of the two outer portions.

=142 > 111 kips

1
A =2(2.00 - 5018+ 1/8))(0.570) = 171 in?
and the shear areas are
Ag = 10.75(0.570) = 6.13 in.2
A = (10.75 — 3.5(7/8 + 1/8))(0.570) = 4.13 in.?2
Consider the shear yield and shear rupture and select the least strength, thus
0.6F,A,, = 0.6(50)(6.13) = 184 kips
0.6F,A,, = 0.6(65)(4.13) = 161 kips
Selecting the shear rupture term and combining it with the tension rupture term gives
a connection allowable block shear strength, with Uy, = 1.0, of
R, _ (161 + LO(65)(1.71))
i 2.00
Check the compression plate for local buckling.
Try the same plate as was used for the tension plate using the geometry given in
Figure 12.5a.
Check the plate for local buckling in a similar fashion to what was done for the

welded plate. In this case, the stiffened plate width is the distance between the bolt
lines and the unstiffened width is from the bolt line to the free edge. Thus

=136 > 111 kips

For the stiffened plate

b 3.5 |E

T~ 5% =467 < 1.49 E =423
For the unstiffened plate

b~ 1.875 | E

So the plate strength is not limited by local buckling.
Check the compression plate for buckling over its length.
The distance from the column flange to the first bolt is taken as the buckling length

of the plate, thus, L = 1.75 + 0.50 = 2.25 in. Assuming the effective length factor of
a fixed-fixed column, & = 0.65, is appropriate

[ h? 10.752 "
r= E_ —12 =0.217in.

KL _ 0650225 _
== =671 <2s

Thus, F, = F, and the strength is the same as for the tension yield limit state.

and
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Step 12:  Determine the welds required to connect the flange plates to the column flange.

The force to be transferred is the same for both plates. A comparison of the plate
width with the column flange width shows that they are compatible because the plates
are narrower than the column flange width, by = 14.5in. In addition, the force is
perpendicular to the weld so the weld strength can be increased by 1.5, Thus, for fillet
welds on both the top and bottom of the plate

B 11 3919
~1.5(0.928X26,) b,
For both flange plates
b= ;—9 = 5.50 sixteenths

therefore, use a pair of %-in. welds which exceeds the minimum for this plate thickness.
Step 13:  Consider the web connection. ;
The same web shear connection as was used in the welded flange plate connection
could be used in this connection. :
Step 14:  Final design.
The flange plates of this connection are 13- x 7%- x ¥-in. witheight J-in., A325N
bolts, as shown in Figures 12.5a and b.

124 COLUMN STIFFENING

The connection designs illustrated in the previous examples treated the beam side of the con-
nection. That is, they looked at only the connecting elements and their influence on the beam
to which they were attached. They did not consider, however, the influence of the connec-
tion and transfer of forces to the supporting element. Normally, a fully restrained moment
connection is made to the flange of a column. This is the most efficient use of the column
because the strong axis is resisting the transferred moment.

As with each connecting element, the application of force to a supporting element
requires a check of all applicable limit states. The typical moment connection, like those
illustrated in Figures 12.2a through 12.2¢, results in the transfer of a concentrated force to
the column flange. The limit states for flanges and webs with concentrated forces that are
applicable to the beam-column connection are defined in Specification Section J10 as

1. Flange local bending

2. Web local yielding

3. Web crippling

4. Web compression buckling
5. Web panel zone shear

Application of these limit states vary, depending on whether the applied force is tension
or compression and whether the connection is on one side or both sides of the column. If
the limit states are exceeded, either the column section should be changed or stiffeners and
web doubler plates are required.
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W

Figure 12.6 Flange Local Bending.

12.4.1 Flange Local Bending

Flange local bending (J10.1) is illustrated in Figure 12.6, This limit state is applicable only
where a tensile force is applied to the column flange. The primary concern addressed through
this limit state is the stress distribution in the weld if the flange deformation is excessive.
Thus, the limit on the applied force is set in order to prevent excessive deformation. The
nominal strength for flange local bending is

R, = 6.2513 Fy
and
$=09(LRFD) £ = 1.67(ASD)

If the force is applied over a small central portion of the column flange, less than 15%
of the flange width, this limit state does not need to be checked because the force is applied
close to the column web and very little flange deformation occurs.

If the force is applied close to the end of the column, the distribution of the force within
the flange is limited by the proximity of the end of the column and the resulting deflection
increases. Thus, if the force is applied closer than 10¢; to the end of the member, the nominal
strength must be reduced by 50%. When this limit state is exceeded, a pair of half-depth
transverse stiffeners are needed.

12.42 Web Local Yielding

Web local yielding (J10.2) is the same limit state that was considered for bearing of the
web in a seated connection as discussed in both Chapter 11 and Section 6.14. Although
previously discussed for compressive forces, this limit state is also applicable to tensile
forces. Figure 12.7 illustrates the application of a concentrated force to the web of the

o e
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Figure 12.7 Distribution of Concentrated Forces on Column
2 Web.
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column. This force could be transfered through a directly welded beam flange or a beam
flange plate. The bearing length N is taken as the thickness of the plate applying the force,
or the plate thickness plus the weld width when attached with fillet welds. The force is
distributed in both directions, provided the connection is at least the depth of the column
from the column end. This distribution is on a slope of 2.5:1 over the depth given by kg, in
Manual Table 1-1. In this case
Ry = (Skges + N)Ev’w
¢ = 1.0(LRFD) © = 1.50(ASD)

If the connection is closer to the end of the column than the depth of the column, d, the

distribution of the force can take place in only one direction and the factor 5 is replaced by

2.5. This is the relationship that was used for the seated connection. When this limit state
is exceeded, a pair of half-depth stiffeners or a web doubler plate is needed.

1243 Web Crippling
Web crippling (J10.3) applies only to compressive forces. It is the limit state that predicts
the crumpling of the web beneath a compressive force. It is similar to local web yielding
but occurs in more slender webs whereas local web yielding occurs in more stocky webs.
‘Web crippling strength depends on how close the force is applied with respect to the
column end. For illustration here, it is assumed that the force is at least d/2 from the column
end. When this limit state was considered for the seated connection, the force was assumed
to be applied less than d/2 from the end. The nominal strength for this case is given by
Specification Equation J10-4 as

N 71\ [EF,
R.k=o.ao,3{|+3(_)(f_) ] EFyt
d tr tw

& =075(LRFD) =2.00(ASD)

If the web crippling limit state is exceeded, a pair of half-depth stiffeners or a half-depth
doubler plate are required.

12.4.4 Web Compression Buckling

Web compression buckling (J10.5) applies only when compressive forces are applied on
opposite sides of the column, putting the web into compression. If the forces are close to
the end of the column (less than d/2), the strength is reduced by 50%. The strength is given
by Specification Equation J10-8 as

- 24t /EF,
- h

& = 0.90 (LRFD) Q = 1.67 (ASD)

If the web compression buckling limit state is exceeded, a single full-depth stiffener, a
pair of full-depth stiffeners, or a full-depth doubler plate are required.

12.4.5 Web Panel Zone Shear

Web panel zone shear (J10.6) within the boundaries of a fully rigid connection may be
significant. The strength of the panel zone is based on shear yielding of the web unless a
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significant axial force also exists. In this case, shear/axial interaction is considered. When
the effects of panel zone shear are not included in the structural analysis, the panel zone is
expected to behave elastically. If the behavior of the panel zone is included in the structural
analysis, the nonlinear behavior of the panel zone can be included and its strength increased
accordingly. When panel-zone deformations are not included in the analysis, panel zone
strength given by Specification Section J10.6 is

For P, = 04P,

R, = 0.60F,d.1,

For P, > 0.4P,

P!
R, = 0.60F,d.1, ( 14— ?)

&

and
¢ = 0.90 (LRFD) 2 = 1.67 (ASD)

where P, is the required strength and P, is the yield strength, Py for LRFD or 0.6 P, for
ASD. The panel zone strength must be sufficient to resist the total shear in the panel zone,
including the story shear carried by the column web. When this limit state is exceeded, a
full-depth doubler plate is required.

In the discussion of each of these limit states, the concluding statement indicated that if
the limit state was exceeded, a stiffener or doubler plate was required. Thus, this is a “go-no
go” decision. It is possible that a stiffener may be required by a very small margin for
only one of these limit states. Unfortunately, stiffeners are an expensive element to add to a
connection, especially if they must be fitted between the column flanges as for a full-depth
stiffener. In many cases, it is much more economical to have selected a column section
that may be larger than required for the axial load but avoids the requirement of stiffeners.
Stiffener requirements should not be left for the detailing stage of the design process, but
addressed early in the design process so that these requirements are considered at a point
in time when member sizes can still be revised.

If stiffeners cannot be avoided, they are designed to resist a force calculated as the
applied force, either tension or compression, minus the resisting force as defined for each
limit state. This net force is resisted by the cross section of the stiffeners, which are sized
based on the provisions for tension or compression connecting elements in Specification
Section J4. The Specification provides additional criteria for stiffeners and doubler plates
in Section J10.8 and J10.9.

The arbitrary dimensional requirements for stiffeners are as follows:

1. The width of each stiffener plus half the column web thickness must be greater than
one-third of the attached plate width, b, > (b,/3 — t,,/2).

2. The thickness of the stiffener must be at least half the thickness of the attached plate
and at least the plate width divided by 15,1, = 1,/2, and 1, = b, /15.

3. Transverse stiffeners must also extend at least one-half the depth of the column.

The strength requirements are also found in these sections. For stiffeners that resist
tension forces, the provisions of Specification Chapter D must be satisfied. The weld between
the loaded flange and stiffener must be sized to transfer the load that must be carried by the
stiffener, and the weld to the web must transfer the difference between the forces on each
end of the stiffener.
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The strength of a compression stiffener must satisfy the requirements for compression
connecting elements found in Specification Section J4.4. The stiffener may be designed to
bear on the loaded flange or welded to transfer the force that the stiffener is required to
resist. The weld to the web is designed to transfer the difference between the forces on the
ends of the stiffener.

Doubler plates, when needed, must be designed for the forces they are required to resist
according to the provisions for those forces. These include: for compression the provisions
of Chapter E, for tension the provisions of Chapter D, and for shear the provisions of Chapter
G. Additional limitations are:

1. The plate thickness and size must provide sufficient additional material to equal or
exceed the strength requirements.

2. The welds of the doubler plate to the column web must develop the force transmitted
to the doubler plate.

EXAMPLE 124a
Column Side Limit
States by LRFD

SOLUTION

GOAL: Check the column side limit states for a moment connection and design any needed
stiffeners and doubler plates.

GIVEN: Consider the bolted flange plate connection of Example 12.3a. The flange plates are
7'y » ¥4 and resist a required force of P, = 167 kips.

Step 1:  Determine the column flange strength based on flange local bending.
This limit state is applicable only for a tension force and the strength is

Ril= 6.25;;."-‘_‘. = 6.25(0.710)°(50) = 158 kips
bR, = 0.9(158) = 142 < 167 kips
Because the strength is less than the applied force, half-depth stiffener plates are required.

Step 2:  Determine the column web strength based on web local yielding.
This limit state applies to both tension and compression forces applied to the column
web. The bearing length, N, is the sum of the plate thickness plus the ¥5-in. fillet weld
on each side of the plate, thus

N =3/4 4+ 2(3/8) = 1.50in.
and from Manual Table 1-1, kg, = 1.31 so the web strength is
R, = (Skygey + NIF 1, = (5(1.31) + 1.50)(50)(0.44) = 177 kips
&R, = 1.0(177) = 177 > 167 kips

Therefore, this limit state is not exceeded and does not call for stiffeners.

Step 3:  Determine the column web strength based on web crippling.
This limit state is applicable only for a compressive force applied to the column. The
column web strength is

2| [EF;
R, =0.3:j.[1 +3(£)('—) ] Efyly
d Iy tw
1.50 £0.440\'* | [(29.000)(50)(0.710) .
= 3 B | (i e =274k
0.8(0.440) [1 + 3( I4_0)({].?I0) ] (0.440) ips

&R, = 0.75(274) = 206 > 167 kips

Therefore, no stiffeners are required for this limit state.




Step 4:

Step 5:

Step 6:

Step 7:
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Determine the column web strength for web compression buckling.

This limit state does not need to be checked unless there are opposing compressive
forces on opposite sides of the column. The connection described for this example did not
mention any connection on the other side of the column. This limit state can be checked
to establish any limits on future connections to this column. The value for / is not given
explicitly in the Manual; however, h/1, is given. Thus, h = 25.9(0.440) = 11.4in. The
column web strength is then

240 JEF,  24(0.440)",/(29,000)(50)

Ry = T 114 = 216 kips

bR, = 0.9(216) = 194 > 167 kips

Thus, this column web does not experience compression buckling if opposing forces
less than 194 kips are applied on opposite sides of the column.
Determine the strength of the web for panel zone shear,

Based on yielding of the panel zone, without the interaction of any axial force in the
column, the available panel zone shear strength is

Ry = 0.6F,dr, = 0.6(50)(14.0)(0.440) = 185 kips
&R, = 0.9(185) = 167 kips

Because this is equal to the force applied by the connection, the panel zone cannot
accommodate any additive story shear. For a typical exterior column connection, the
story shear and the shear from the connection forces are not additive so this panel will
not have a panel zone shear problem unless the column axial load is greater than 0.4P,.
Determine the force to be transferred by stiffeners,

The only column web limit state that calls for a stiffener in this example is that
of flange local bending, which is an issue for the tension flange only. The force to be
transferred through the stiffener is the difference between the applied force and that
available through the web, thus

R, = (167 — 142) = 25 kips

This is clearly a small force to be transferred. Careful review of the limit state of flange
local bending shows that if the column flange was 0.770 in. thick instead of 0.710
in. thick, no stiffener plates would be required. In this case, a W14x99 would have
eliminated the stiffener problem.

Determine the required stiffener size.
Based on the dimensional requirements for a stiffener
The minimum width of each stiffener is

b, t\_ (125 0.
s (_z - ‘_) > (E - Uﬂ) =220in.

3 2 3 2
The thickness of the stiffener must be at least
1, 0750 . b, 1725 .
I,z —=——=0.375in. >+ =— =04 v
2 > in.or t, = T 5 83 in

Transverse stiffeners must also extend at least one-half the depth of the column. There-
fore, try a 2.25- x z-in. stiffener with a ¥s-in. corner cut off, as shown in Figure 12.8.
For the tension stiffener, the design strength of one stiffener is
Ap =(2.25 — 0.750)(0.50) = 0.750 in.2
&R, = 0.9(36)(0.750) = 24.3 kips
Therefore, the pair of stiffeners provide 2(24.3) = 48.6 kips, which is greater than the
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Figure 12.8 Column Stiffener for Example 12.4.

Step 8: Determine the required weld size.
The weld between the loaded flange and stiffener must be sized to transfer the 12.5
kips carried by each stiffener. Fillet welds will be used on the top and bottom of the
stiffener. Thus
3 12.5
T 1.5(1.392)(2)(1.50)
and a minimum ¥,6-in. weld is required by Specification Table J2.4.

The weld to the web must transfer the difference between the forces on each end of
the stiffener. Because this is a half-depth stiffener, the total force in the stiffener must
be transferred to the column web, thus

5 12.5
T (1.392)(2)(6.50 — 0.750)

and a minimum ¥4-in. weld is required by Specification Table J2.4.

= 2.00 sixteenths

=(.781 sixteenths

Step 9:  Conclusion.
With the exception of the conditions cavered in Steps 4 and 5, the 6'4- x 2/~ x
Y/»-in. stiffeners as shown in Figure 12.8 with ¥%4-in. fillet welds will be adequate.

required strength of 25 kips.

EXAMPLE 12.4b
Column Side Limit
States by ASD

SOLUTION

GOAL:  Check the column side limit states for a moment connection and design any needed
stiffeners and doubler plates.

GIVEN:  Consider the bolted flange plate connection of Example 12.3b. The flange plates are
7Ys x ¥ and resist a required force of P, = 111 kips.

Step 1:  Determine the column flange strength based on flange local bending.
This limit state is applicable only for a tension force and the strength is
Re= 6.25:12,F,. = 6.25(0.710)*(50) = 158 kips
bR, =,—(11-5637) =94.6 < 111 kips
Because the strength is less than the applied force, half-depth stiffener plates are required.

Step 2: Determine the column web strength based on web local yielding.
This limit state applies to both tension and compression forces applied to the column
web. The bearing length, N, is the sum of the plate thickness plus the Js-in. fillet weld
on each side of the plate, thus

N =3/4+2(3/8) = 1.50in.
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125 PROBLEMS

1. Design a bolted flange-plate connection to connect a  bolts. The beam and column are A992 steel. Design by (a) LRFD
‘W21x57 beam to the flange of a W14x99 column. The con-  and (b) ASD.

nection must transfer a dead load moment of 36 ft-kips and a 5, For the design from Problem 1, determine the column
live load moment of 110 ft-kips, and a dead load shear of 6.7  stiffening requirements. If stiffeners or doubler plates are re-
kips and a live load shear of 20 kips. The plates are A36 steel and  quired, design the stiffeners and doublers by (a) LRFD and (b)
welded to the column with E70 electrodes. Use ¥-in.. A325N  ASD.
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3. Design a welded flange-plate connection to connect a
W24 x 103 beam to the flange of a W14 159 column. The con-
nection must transfer a dead load moment of 167 ft-kips and a
live load moment of 500 ft-kips, and a dead load shear of 12
kips and a live load shear of 35 kips. The beam and column are
A992 steel and the plates are A36. Use E70 electrodes and ¥y-in.,
A325N bolts. Design by (a) LRFD and (b) ASD.

4. For the design from Problem 3, determine the column stiff-
ening requirements. If stiffeners or doubler plates are required,
design the stiffeners and doublers by (a) LRFD and (b) ASD.
5. Design a bolted flange-plate connection to connect a
W24 %76 beam to the flange of a W14 x 120 column, The con-
nection must transfer a dead load moment of 45 ft-kips and a live
load moment of 135 ft-kips, and a dead load shear of 10 kips and
alive load shear of 30 kips. The plates are A36 steel and welded
to the column with E70 electrodes. Use ¥/3-in., A325N bolts. The
beam and column are A992 steel. Design by (a) LRFD and (b)
ASD.

6. For the design from Problem 5, determine the column stif-
fening requirements. If stiffeners or doubler plates are re-
quired, design the stiffeners and doublers by (a) LRFD and
(b) ASD.
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7. Design a welded flange-plate connection to connect a
W24 x 117 beam to the flange of a W14 x 176 column. The con-
nection must transfer a dead load moment of 150 ft-kips and a
live load moment of 450 ft-kips, and a dead load shear of 10
kips and a live load shear of 30 kips. The beam and column are
A992 steel and the plates are A36. Use E70 electrodes and ¥;-in.,
A325N bolts. Design by (a) LRFD and (b) ASD.

8. For the design from Problem 7, determine the column
stiffening requirements. If stiffeners or doubler plates are re-
quired, design the stiffeners and doublers by (a) LRFD and (b)
ASD.

9. Design a direct-welded flange moment connection to con-
nect a W24 x 76 beam to the flange of a W14 x99 column. The
connection must transfer a dead load moment of 80 ft-kips and
a live load moment of 240 fi-kips, and a dead load shear of 15
kips and a live load shear of 43 kips. The beam and column are
A992 steel and the web plate is A36. Use E70 electrodes and
Ys-in., A325X bolts. Design by (a) LRFD and (b) ASD.

10. For the design from Problem 9, determine the column
stiffening requirements. If stiffeners or doubler plates are re-
quired, design the stiffeners and doublers by (a) LRFD and
(b) ASD.
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Steel Systems for Seismic
Resistance

13.1 INTRODUCTION
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For wind and gravity loads, structural analysis and design are normally performed by as-
suming that the structural response remains elastic. In seismic design, this assumption is
too restrictive, particularly for applications that involve significant ground motion. That is,
the structural response in a strong earthquake is naturally inelastic and an elastic analy-
sis may unnecessarily overestimate the resulting forces and incorrectly underestimate the
deformations.

This chapter provides an introduction to the design of steel building structures for
seismic resistance. The requirements of the Specification are supplemented by the AISC
Seismic Provisions for Structural Steel Buildings, ANSI/AISC 341-05, to provide appro-
priate guidance when designing for seismic loads. In this chapter, this standard is referred
to as the Seismic Provisions.

To account for the inelasticity that is expected in the response of a structure to a
seismic event, the approach used in the Seismic Provisions, the National Earthquake Hazard
Reduction Program (NEHRP) Provisions, ASCE 7, and the International Building Code
incorporates a seismic response modification factor, R, a drift amplification factor, C,;, and
a system overstrength factor, ©, which permit the use of an elastic analysis. These factors
are incorporated as follows:
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* R is used as a divisor when determining the seismic force for which the structure
will be designed. Higher R values represent higher ductility levels in the structural
system, thus reducing the resulting seismic forces in proportion to this ductility.

* (,isused as amultiplier when determining the story drift. Lower Cy values represent
higher levels of structural stiffness and therefore lower story drift.

* Q, is used as a multiplier in seismic load combinations. It increases the design loads
to account for the level of overstrength present in a system so that the analysis reflects
a more accurate prediction of the onset of inelastic behavior.

To determine the values of R, Cy4, and 2, that are appropriate for a design, buildings
are categorized based upon occupancy and use. In the NEHRP Provisions, buildings are
assigned to one of three seismic use groups and then to a seismic design category based upon
the seismic use group, the expected acceleration and soil characteristics, and the period of
the building. Provisions in ASCE 7 and the International Building Code vary slightly but
are similar.

Seismic design categories A, B, and C generally correspond to a classification of low
to moderate seismicity. In these cases, the engineer can choose to use a basic steel structure
with no special detailing, for which R = 3, Cy = 3,and 2, = 3. Alternatively, the engineer
can choose to use a system defined in the Seismic Provisions and take advantage of a higher
R factor.

Seismic design categories D, E, and F generally correspond to a classification of high
seismicity. In such cases, the engineer must use a structural system defined in the Seismic
Provisions. The remainder of this chapter discusses the structural systems provided in the
Seismic Provisions for resisting seismic forces—those in which R is taken greater than 3.
The reader is encouraged to review the Seismic Provisions in detail.

13.2 EXPECTED BEHAVIOR

For gravity loads, wind loads, and seismic loads associated with smaller earthquakes, it is
expected that the structural response will be elastic. However, for larger earthquakes, it is
recognized that it may be impractical or impossible to prevent some inelastic behavior. For
this reason, and because there is no guarantee that an actual earthquake will be less than that
defined for design purposes in the building code, the Seismic Provisions are based upon a
capacity design methodology. Accordingly, the provisions contained for each system are
intended to result in a structure in which controlled inelastic deformations can occur during
a strong earthquake to dissipate the energy imparted to the building by the ground motion.
These inelastic deformations are forced to occur in a predictable manner and in specific
elements and/or locations in the structural system. The remainder of the structure remains
elastic as these deformations occur, protected in much the same way that a fuse protects the
wiring in a circuit from overload.

Given this basic premise of the capacity design methodology, the fuse elements often
establish the design requirements for the members and connections that surround them.
This has varying implications for different types of systems.

* As illustrated in Figure 13.1, in a moment frame, the fuse element is typically a
plastic hinge that forms in the girders just outside the girder-to-column connection.
Accordingly, the girder-to-column connections, column panel zones, and columns
must all be designed to develop the flexural strength of the girders connected to
them.
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(a) Moment frame before seismic deformations {b) Moment frame after deformations occur

in large earthquake
Figure 13.1 Moment-Frame Systems.

* As illustrated in Figure 13.2, in a concentrically braced frame, the fuse element is
usually a compression buckling/tension yielding mechanism formed in the bracing
member itself. Accordingly, the brace-to-gusset connections, gussets, gusset connec-
tions, beams, and columns must all be designed to develop the tension yield strength
and compression buckling strength of the braces that connect to them.

Regardless of the system chosen, fuse elements must deform in a predictable and
controlled manner, and provide a ductility that exceeds the level of deformation anticipated.
Thus, the systems are configured so that limit states with higher ductility, such as yielding,
have control over limit states with lesser ductility, such as rupture.

The actual material properties, such as steel yield strength and strain hardening effects,
can influence the behavior of the system. As discussed throughout this book, steel is specified
by ASTM designation, which identifies the specified minimum yield strength, among other
characteristics. The actual yield strength, however, is most likely higher than the specified
value. Also, once strain hardening begins to take place, the effects of load reversals will
tend to further elevate the apparent yield strength. The difference between the actual yield
strength and specified minimum yield strength and strain hardening effects are important

Diagonals yielded Diagonals buckled
(J { [4 / '
2 M \ / pd
— ' , s
5 g — f
77 " " s e
(a) Braced frame before seismic deformations (b) Braced frame after deformations occur
in large earthquake

Figure 13.2 Braced-Frame Systems.
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in the capacity design methodology because they increase the strength required in the
remainder of the structure to permit yielding in the fuse elements.

These effects are treated directly with multipliers in the Seismic Provisions. First, a
multiplier R, is given for each grade of steel. When applied to the specified minimum
yield strength, F,, the resulting quantity is the expected yield strength, R,F,. Second, an
allowance is made for the effects of strain hardening, generally with a factor of 1.1. Thus,
the Seismic Provisions use an elevated yield strength, generally equal to 1.1R,F,, when
determining the strength of fuse elements and the resulting design forces for connections
and members surrounding the fuse elements.

13.3 MOMENT-FRAME SYSTEMS

The moment-frame systems given in the Seismic Provisions generally use flexural fuse
elements, usually plastic hinges forming in the girders just outside the fully restrained (FR)
girder-to-column moment connections. Three types of moment-frame systems are addressed
in the Seismic Provisions: special moment frames (SMF) in Section 9, intermediate moment
frames (IMF) in Section 10, and ordinary moment frames (OMF) in Section 11. SMF and
IMF use connections that have demonstrated at least 0.03 radians and 0.01 radians inelastic
rotation, respectively, in testing. Some typical seismic moment connections are shown in
Figures 13.3 and13.4. OMF use a prescriptive connection that provides for small inelastic
demands. Assuming that the elastic drift of a moment frame is 0.01 radians and the inelastic
drift is equal to the inelastic rotation at the connections, SMF, IMF and OMF provide for
interstory drifts of 0.04, 0.02, and 0.01 radians, respectively.

Y Radius = 3+ L
Be
b

+

Figure 13.3 Typical Seismic-Reduced Beam
Lz Section (RBS) Moment Connection.
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The values of R, Cy, and §2,, provided in the NEHRP Provisions for each of these three
systems are as follows:

System R Cs Q,
SMF 8 3 5%
IMF al 3 4
OMF ) 3 3

The use of SMF is not limited in any seismic design categories, whereas IMF and
OMF usage is restricted based upon seismic design category, building height, and structural
configuration.

13.3.1 Special Moment Frames (SMF)

SMEF are configured to form fuses through plastic hinging in the beams, usually adjacent to
the beam-to-column connection, to accommodate significant inelastic deformation during
large seismic events. There may also be some inelastic deformation in the column panel
zone. Several requirements are included in the Seismic Provisions to promote this behavior,
as described in the ensuing sections.

Fuse Strength

With the plastic hinges forming in the beams, the fuse flexural strength is 1.1R, M. The
girder-to-column connections, column panel zones, and columns must all be designed to
allow the fuse to develop this flexural strength. Alternative approaches recognized in the
Seismic Provisions include moment-frame systems with partially restrained (PR) connec-
tions and weak panel-zone systems, wherein the fuses would form through connection
deformations and panel-zone shear deformations, respectively.

Beam-to-Column Connections

The moment connections used in SMF must have supporting tests demonstrating confor-
mance with the ductility requirements, such as through the use of a connection listed in
the AISC Prequalified Connections for Special and Intermediate Steel Moment Frames
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for Seismic Applications (AISC 358-05). Alternatively, the use of connections qualified by
prior testing or project-specific testing is acceptable.

Panel Zone Requirements

Some inelastic deformation in the column panel zone is permitted, and is in many cases
beneficial to the system performance. A panel zone consistent with tested assemblies is
required, and requirements in the Seismic Provisions generally result in stiff panel zones
with limited yielding. It may also be necessary to reinforce the column with a web doubler
plate for shear and/or transverse stiffeners in the column at the beam flanges for the flange
forces transferred to the column by the beam flanges.

Beam and Column Compactness

The compactness criteria in the AISC Specification are predicated based on a required
ductility level of 3, whereas the expected member ductility demands for beams and columns
in SMF can be on the order of 6 or 7. Accordingly, beams and columns in SMF must meet
the more stringent width-thickness limits in the Seismic Provisions.

Prevention of Story Mechanisms

In SMF, a strong-column weak-beam relationship must be satisfied in proportioning the
columns. This requirement is formulated as a check of the moment ratio between the
beam(s) and column(s) at each moment-connected joint in the structure. However, this
check is not intended to eliminate all column yielding. Rather, it is a simplified approach
that results in a framing system with columns strong enough to force flexural yielding in
beams at multiple levels of the frame. This prevents a story mechanism, as shown in Figure
13.5, from forming and achieves a higher level of energy dissipation. Some exceptions
are permitted, as in the case for a one-story building, where it would not increase energy
dissipation if the beams yielded instead of the columns.

Stability Bracing Requirements

Special stability bracing requirements apply in SMF because the bracing must be suitable
to maintain the position of the braced elements well into the inelastic range. For beams, the
permitted unbraced length is generally reduced, and bracing is required near the location

/ Moment connections
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c allow a story
b ) mechanism
e 2 AL,

Figure 13.5 Moment Frames Without Strong Columns/Relationship.
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where the plastic hinge is expected to form. The Seismic Provisions provide several op-
tions for bracing the beams at the beam-to-column connection and the column. Often, the
configuration of the gravity framing and interconnection of the floor slab to the beam can
be used to satisfy these requirements.

Protected Zones

The fuse regions in SMF—the plastic hinge regions in the beams—are expected to undergo
significant inelastic deformations., Accordingly, attachments and other potential notch-
effect-inducing conditions are prohibited in these areas.

133.2 Intermediate Moment Frames (IMF) and Ordinary
Moment Frames (OMF)

IMF and OMF systems are similar in configuration to SMF, but do not provide as high a
capacity to accommodate inelastic deformation during large seismic events. The Seismic
Provisions requirements for SMF, IMF, and OMF emphasize that IMF and OMF are subject
to lesser special requirements than SMF. In fact, IMF and OMF are often subject to no
additional requirements beyond those in the AISC Specification.

IMF are based on the use of a tested connection design with a qualifying interstory drift
angle of 0.02 radians. That is, IMF are subject to the same connection testing requirements
as SMF, but with a lesser required interstory drift angle. OMF are based on a prescriptive
design procedure and an expected interstory drift angle of 0.01 radians, which corresponds
to a nominally elastic response.

13.4 BRACED-FRAME SYSTEMS

The braced-frame systems in the Seismic Provisions fall into two categories: concentric
and eccentric. Concentrically braced frames generally use axial fuse elements—usually
the braces themselves, which yield in tension and/or buckle in compression, Eccentrically
braced frames generally use shear and/or flexural fuse elements—usually a segment, called
a link, in the beams themselves between the braces.

Three types of braced-frame systems are addressed in the Seismic Provisions: special
concentrically braced frames (SCBF) in Section 13, ordinary concentrically braced frames
(OCBF) in Section 14, and eccentrically braced frames (EBF) in Section 15. The values of
R, Cy, and Q, provided in the NEHRP Provisions for each of these three systems are as
follows:

System R Cy Q,
SCBF 6 2 5
OCBF 5 2 4%
EBF Sor7" 2 4

*R = 8 if beam-to-column connections away
from EBF link is a moment connection; R = 7
otherwise.

All braced-frame systems have building height restrictions that vary based on the
seismic design category.
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13.4.1 Special Concentrically Braced Frames (SCBF)

SCBF are configured to form fuses through tension yielding and compression buckling of
the braces between the end connections, to accommodate significant inelastic deformation
during large seismic events. Several requirements are included in the Seismic Provisions to
promote this behavior, as described in the ensuing sections.

Fuse Strength

The fuse axial strength in tension is 1.1R,F,A,, a quantity that is usually larger than the
fuse axial strength in compression and, thus, controls the force requirements. The brace-
to-gusset connections, gussets, gusset-to-beam and gusset-to-column connections, beams,
and columns must all be designed to permit the brace to develop this full axial strength in
tension.

Gusset Requirements

Most braces and gussets are detailed so that out-of-plane buckling occurs before in-plane
buckling. When this is the case, weak-axis bending is induced in the gusset by the end
rotations and the gusset must be detailed to accommodate these rotations. Accordingly, a
free length of two times the plate thickness must be provided between the end of the brace
and the bend line in the gusset plate, as illustrated in Figure 13.6. The bend line in the gusset
is a line perpendicular to the brace axis that passes through the point on the gusset edge
connection that is nearest to the brace end. Alternatively, the bracing connection can be
detailed to force the deformation into the bracing member, with buckling occurring either
in-plane or out-of-plane.

Brace Slenderness

The slenderness ratio, Ki/r, of the brace affects post-buckling cyclic performance of the
system. Accordingly, a maximum brace slenderness ratio of 200 is permitted, and special
provisions apply when the slenderness ratio exceeds 4.0,/ E/F,.

Gusset plate

Figure 13.6 Typical Seismic Bracing
Connection.

|
|
{/ ___________ L.
|
[

1 = thickness of gusset plate
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Brace Net Section Limitations

The net section of the brace must be large enough to allow tension yielding to control over
tension rupture. Most end connections involve a net section that may require reinforcement
to satisfy this requirement.

Distribution of Bracing

Braces must be used in a manner such that the lateral forces in all stories are resisted by a
combination of tension yielding and compression buckling of the brace members. Although
a 50-50 distribution is considered ideal, the provisions allow up to 70% of the lateral force
to be resisted by tension or compression braces, unless it can be shown that the system
response is essentially elastic. The mixing of tension and compression braces improves
the buckling and post-buckling strength of the system and helps prevent accumulation of
inelastic drifts in one direction.

Beam, Column, and Brace Compactness

The compactness criteria in the AISC Specification are predicated based on a required
ductility level of 3, whereas the expected member ductility demands for beams and columns
in SMF can be on the order of 6 or 7. Accordingly, beams and columns in SCBF must meet the
more stringent width-thickness limits in the Seismic Provisions. The more stringent width-
thickness limitations for braces also improve the fracture resistance and post-buckling cyclic
performance of the braces.

Bracing Configurations

A variety of bracing configurations can be used. Some configurations require special consid-
erations whereas others such as K-bracing, are not permitted. Figure 13.7 illustrates several
bracing configurations.

In V-braced and inverted-V-braced frames, the expected yielding and buckling behavior
of the braces creates an unbalanced vertical force because the tension brace remains effective
as it yields but the compression brace is ineffective after buckling. This unbalanced force
must be resisted by the intersecting beam, as well as its connections and supporting members.
That is, the beam must be designed for the corresponding load redistribution in addition
to the gravity loads. Alternatively, the bracing configuration can be altered to eliminate the
potential for unbalanced loading. For example, the V and Inverted-V configurations can be
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Figure 13.7 Bracing Configurations.
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Figure 13.8 Two-Story X and Zipper Configurations.

alternated to form a two-story X configuration. Another approach involves the addition of
a zipper column. These bracing configurations are illustrated in Figure 13.8.

K-bracing (and knee bracing) is prohibited in SCBF because the configuration results
in an unbalanced force in the columns.

X-bracing is allowed. However, the common tension-only design approach for wind
forces is not permitted. Both diagonals of the X-bracing must be designed to resist the
tension and compression forces that result from cyclic load reversals.

Single diagonal bracing is not permitted because all braces in this configuration are
called upon to resist the same type force, either tension or compression, at the same time.
In this case, for one direction of loading, 30% to 70% of the braces would not be in tension.
Thus, the diagonal braced frame should be implemented as previously shown in Figure 13.2.

Stability Bracing Requirements

Special stability bracing requirements apply in SCBF because the bracing must be suitable
to maintain the position of the braced elements well into the inelastic range. Often, the
configuration of the gravity framing and interconnection of the floor slab to the beam can
be used to satisfy these requirements.

Protected Zones

The fuse regions in SCBF—the braces and gussets—are expected to undergo significant
inelastic deformations. Accordingly, attachments and other potential notch-effect-inducing
conditions are prohibited in these areas.

13.4.2 Ordinary Concentrically Braced Frames (OCBF)

OCBF are similar in configuration to SCBF, but do not provide as high a capacity to accom-
modate inelastic deformation during large seismic events. The Seismic Provisions require-
ments for SCBF and OCBF emphasize that OCBF are subject to less special requirements
than SCBE.
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13.4.3 Eccentrically Braced Frames (EBF)

EBF are configured to form fuses through shear yielding, flexural yielding, or a combination
of the two in the EBF link, in order to accommodate significant inelastic deformation during
large seismic events. Unlike the behavior of SCBF and OCBF, the braces in EBF are intended
to remain nominally elastic. The requirements in the Seismic Provisions to promote this
behavior are described in the ensuing sections.

Fuse Strength

The fuse strength in shear is 1.25R, V,,, where V,, is the nominal shear strength of the link,
which is the lesser of the nominal plastic shear strength and the shear associated with flexural
yielding of the link. The strain hardening multiplier used for EBF is 1.25. This is higher than
the multiplier used in determining the strain hardening effects for other systems because
EBF exhibit more strain hardening effects. The beam segments outside the link, gussets,
gusset-to-beam and gusset-to-column connections, and columns must all be designed to
develop the shear and/or flexural yielding mechanism in the links.

Link Location

EBF links are usually located as segments within the length of the beams, either between
braces or between a brace and a beam-to-column connection. Alternatively, links can be pro-
vided as vertical elements between beams and V or inverted-V bracing. EBF configurations
are shown in Figure 13.9.

When links are located as segments within the length of the beams, it is preferable
to locate the links between the ends of the braces. When the links are located between
braces and the beam-to-column connections, the beam-to-column connections require spe-
cial consideration because the rotational demands are substantially higher than those at
a beam-to-column connection in an SMF. In applications involving a significant flexural
demand, a prequalified connection or a connection qualified by testing must be used. When
the links used are short enough that shear yielding dominates, the need for qualification
testing is eliminated if the connection is reinforced with haunches or other suitable re-
inforcement designed to preclude inelastic action in the reinforced zone adjacent to the
column.
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(a) Link between braces  (b) Link adjacent to column (c) Link vertical
Figure 13.9 Configuration of EBF.
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Link Rotations

Link rotations in EBF are limited to 0.02 radians for flexural links and 0.008 radians for shear
links. For links that deform in combined shear and flexure, the rotation limit is determined
by linear interpolation between these limits.

Link Stiffening and Bracing

To ensure that the required rotations can be achieved and yielding occurs without local
buckling well into the inelastic range, links are stiffened as prescribed in Seismic Provisions
Section 15.3. The use of web doubler plates to stiffen links is not permitted because this
type of reinforcement does not deform consistently with the web deformations. Additionally,
beam web penetrations within the link are not permitted and the link must be braced against
out-of-plane displacement and twist at the ends of the link.

Braces and Beam Segments Outside of Links

Because the inelastic action in EBF is intended to occur primarily within the links, the braces
and beam segments outside of the links must be designed to remain nominally elastic as
the links deform. Limited yielding outside of the links is allowed, as long as the beam
segments outside the links and braces have sufficient strength to develop the fully yielded
and strain-hardened strength of the links. The braces and beam segments outside the links
are normally designed as members subject to the combined effects of axial force and flexure.

13.5 OTHER FRAMING SYSTEMS

Several other systems are provided for in the Seismic Provisions, including special truss
moment frames (STMF) in Section 12, buckling-restrained braced frames (BRBF) in Section
16, and special plate shear walls (SPSW)in Section 17. The values of R, C4, and 2, provided
in the NEHRP Provisions for each of these three systems are as follows:

System R Cy Q,
STMF 7 3 5%
BRBF* S8or7 2khor2 Sorsh
SPSW 7 2 6

*The first number applies in each category if the
beam-to-column connections are moment
connections; the second number in each category
applies otherwise,

Each of these systems has building height restrictions that vary based on the seismic
design category.

Composite steel and reinforced concrete systems are also provided for in Part II of the
Seismic Provisions.

13.5.1 Special Truss Moment Frames (STMF)

STMF are configured to form fuses through yielding in a special segment of the truss,
to accommodate significant inelastic deformation during large seismic events. The special
segment can be either a truss panel with diagonals or a Vierendeel truss panel. The remainder
of the truss and framing in the system is designed to remain elastic as the special segment
deforms. A schematic STMF is illustrated in Figure 13.10.
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When diagonals are used, the yielding of the special segment occurs by axial tension
yielding and compression buckling of the diagonals. Diagonal web members used in the
special segments of STMF systems are limited to flat bars only, and must meet a limiting
width-thickness ratio of 2.5.

When a Vierendeel panel is used, yielding of the special segment occurs by flexural
yielding of the chord members.

The size of the truss and size and location of the special segment are limited to corre-
spond with the research on which the system is based. It is desirable to locate the STMF
special segment near mid-span of the truss because shear due to gravity loads is generally
lower in that region.

Other than the normal gravity loads carried by the frame, no major structural loading
is permitted in the special segment.

13.5.2 Buckling-Restrained Braced Frames (BRBF)

BRBF are a type of concentrically braced frame system that has special bracing elements,
as shown in Figure 13.11. These bracing elements provide essentially the same response in
compression as they do in tension. The bracing elements are composed of a load-bearing
core and a surrounding sleeve element that restrains the global buckling of the core, forcing
yielding in compression rather than buckling. BRBF are configured to form fuses through
tension yielding and compression yielding of these special bracing elements, to accommo-
date significant inelastic deformation during large seismic events.

The bracing elements must be qualified by testing to ensure that the braces used provide
the necessary strength and deformation capacity. The required deformation capacity is
amplified beyond what is required by an analysis in recognition that actual deformations
can be larger than those predicted by analysis.
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Figure 13.11 BRBF Bracing Element.

The steel core has a yielding segment that is designed with a cross-sectional area and
length based on strength, stiffness, and strain demands. Because each bracing element is
a manufactured item, the designer can specify an array of braces that promote distributed
yielding throughout the frame.

The steel core projections beyond the yielding segment are designed to provide the
transition from the core and connection to the remainder of the framing system. The pro-
jections are designed so that they remain nominally elastic like the rest of the frame as the
yielding segment deforms.

13.5.3 Special Plate Shear Walls (SPSW)

SPSW have slender, unstiffened plate elements surrounded by and connected to horizontal
and vertical boundary elements that are rigidly interconnected. A schematic SPSW system
is illustrated in Figure 13.12. SPSW are configured to form fuses through plate yielding and
buckling (tension field action), to accommodate significant inelastic deformation during
large seismic events.

Although plastic hinging is anticipated at the ends of horizontal boundary elements, the
boundary elements, like the rest of the framing system, are designed to remain essentially
elastic as the plates deform. The tension-field action in SPSW is analogous to that in a plate
girder, but the behavior and strength of SPSW differs from that of plate girders. Accordingly,
the design requirements in the Seismic Provisions for SPSW differ from those in the AISC
Specification for plate girders.

13.54 Composite Systems

A variety of composite structural systems are provided for in Part II of the Seismic Provi-
sions. These systems include Composite Partially Restrained Moment Frames (C-PRMF),
Composite Special Moment Frames (C-SMF), Composite Intermediate Moment Frames
(C-IMF), and Composite Ordinary Moment Frames (C-OMF). The requirements of Part II
of the Seismic Provisions are applied in addition to those of the Seismic Provisions and the
Specification.
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Figure 13.12 SPSW System.

13.6 OTHER GENERAL REQUIREMENTS
13.6.1 Bolted and Welded Connections

Connections in the seismic force resisting system must be configured such that a ductile limit
state in the fuse controls—the deformations occur in the fuse elements before failure occurs
in the connections. This generally means that connections in the seismic force resisting
system are much larger than they would be if designed for gravity, wind, and low-seismic
applications. There are additional special requirements for the use of bolts and welds in the
Seismic Provisions.

Bolted joints in shear are designed as pretensioned bearing joints with faying sur-
faces prepared as for Class A or better slip-critical connections. These are not slip-critical
connections—they are bearing joints with some slip resistance. Because slip cannot and
need not be prevented in large ground motions, the intent is to control slip in lesser ground
motions and pretension the bolts because large ground motions can cause full reversal of
design load.

Hole type usage is restricted to standard holes and short-slotted holes perpendicular to
the loading direction, unless another hole type is shown acceptable by testing. One exception
provided is that oversized holes are permitted in brace diagonals within certain limits,

For design purposes, bolt bearing checks are required to be made at the deformarion
considered level, to prevent excessive deformations of bolted joints due to bearing on the
connected material, primarily to minimize damage in lesser ground motions.

In welded connections, filler metal with a minimum specified Charpy V-notch tough-
ness of 20 ft-lbs at 0°F is required in all welds involved in the seismic load path, except for
demand critical welded joints, which have more stringent notch toughness requirements.

It is prohibited to share a common force between bolts and welds because seismic
deformation demands generally exceed the deformation compatibility required for loads to
be shared between welds and bolts.

13.6.2 Protected Zones

The fuse elements in the various systems covered in the Seismic Provisions may undergo
significant inelastic deformations when subjected to large ground motions. Accordingly,
construction operations that might cause discontinuities must be restricted from these areas.
Thus, the Seismic Provisions designate protected zones in each system that must be kept free
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of sharp transitions, penetrations, notches, and so forth. Discontinuities that are inadvertently
created in these zones must generally be repaired.

13.6.3 Local Buckling

The yielding of fuse elements requires member ductility of 6 or 7, which is more than the
normal ductility of 3 used in the development of the compactness criteria in the Specification.
Thus, in the Seismic Provisions, more stringent seismic compactness criteria are provided
in Table I-8-1.

13.6.4 Column Requirements

13.6.5 Column Bases

Special requirements for columns and column splices in the seismic force resisting system
are stipulated in the Seismic Provisions. Minimum design forces are specified to preclude
column and column splice failure in compression or tension. This approach does not neces-
sarily preclude yielding of the column, and some guidance is provided in the Commentary
for cases in which yielding of the column might be of concern.

Column splices must be located away from the beam-to-column connections, generally
within the middle third of the story height in which the splice occurs, to reduce the effects
of flexure. Additionally, if partial-joint-penetration groove welds are used to make column
splices, a 100% increase in required strength is specified and the use of notch-tough filler
metal is required.

There are also requirements for columns that are not a part of the seismic load resisting
system, because these columns are still active in distributing the seismic shears between the
floors.

To increase frame stiffness, column bases are normally treated similarly to beam-to-column
moment connections, accounting for the inherent differences, such as the increased flexi-
bility due to deformations in longer anchor rods, compressibility of the grout and concrete,
and foundation rocking effects.

13.7 CONCLUSIONS

13.8 PROBLEMS

This introduction to the design of steel structures for seismic force resistance is intended to
provide a starting point for further study. The detailed provisions are found in the Seismic
Provisions for Steel Buildings, ANSI/AISC 341-05, and additional guidance is found in
the AISC Seismic Design Manual. The interested student is encouraged to study these two
documents for a more in-depth treatment of seismic design of steel structures.

1. What is the major difference between the analysis and de- 4. What is the purpose of fuse elements in seismic design?
sign of a structure for wind and gravity loads versus seismic  Provide some examples of structural fuse elements.

loads?

5. What type of fuse elements are typically used in moment

2, Explain the use of the R, Cy, and §2, factors. What do these  frame systems?

factors account for?

6. What are the three types of frames considered in

3. HowaretheR, Cy, and 2, factors determined foraparticular  the Seismic Provisions? What are the respective values for R,

analysis?

Ca, and 2, for each of these systems?
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7. For Special Moment Frames, what type of relationship
should exist between the column and beams to prevent a story
mechanism?

8.  Which type of moment frame has a ductility requirement for
connections of an inter-story drift angle of 0.02 radians?

9. Name the two categories of braced frames provided for in
the Seismic Provisions. What type of fuse element is used by
each of these?

10, List three types of braced frame systems addressed in the
Seismic Provisions and their corresponding values for R, Cy, and
2.

11. How do SCBF and OCBF allow for inelastic deformations
in structures?

12. List some examples of CBF configurations.

13. How do EBF differ from CBF in their performance during
large seismic events?

14. Where are the fuse elements located for Eccentrically
Braced Frames?

15. List some other seismic force resisting systems mentioned
in the Seismic Provisions and indicate the corresponding fuse
element for each of these.

16. How does the size of connections in seismic force resisting
systems differ from connections designed for gravity and wind
systems? Why?

17. Is it permitted to share a common force between bolts and
welds in seismic design? Why or why not?

18, Forseismic design, where should column splices be located
and why?






