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Preface

. This book was written to make the material -presented in my book,

Stahibetonbriicken, accessible to a larger number of engineers throughout the
world, A work in English, the logical choice for this task, had been confemplated
as Stahlbetonbriicken was still.in its earliest stages of preparation. The early
success of Stahlbetonbriicken provided significant impetus for the writing of
Prestressed Conerete Bridges, which began soon afier the publication of. its
predecessor,

The present work is more than & mere translation of Stahibetonbriicken. Brrors in
Stahibetonbriicken that were detected after publication have been corrected. New
material on the relation betweén cracking in concrete and corrosion of reinforce-
ment, prestressing with unbonded tendons, skew-girder bridges, and cable-stayed
bridges has been added. Most importantly, however, the presentation of the
material has been extensively reworked to improve clarity and consistency.

“restressed Concrefe Bridges can thus be regarded as a thorough[y new and
nnproved edition of its predecessor. :

This book is guided by the same philosophy as its German-langnage counterpart:
quality in the design and construction of bridges is achieved through the
application of a small number of fundamental principles. In the last decade, the
issue of durability in bridges has grown in importance, giving new urgency to the
need for quality. The deterioration of bridges is often due to deficiencies in design,
building materials, detailing, or construction, An awareness of quality and how it is
achieved is thus crucial to preventing a repetition of past mistakes in the
rehabilifation of existing structures and the design of new ones. Analytical
refinement for its own sake continues to be the primary obstacle to quality in
design. The preference found throughout Siahlbetonbriicken Tor clear, simple,
case-specific caleulations over more general analyses of greater complexity has
therefore been maintained in the present work.

Stahibetonbriicken was largely based on direct experience gained from the design
and construction of bridges in Switzerland over the past thirty years. As a result,
much of the material discussed in the present work appears in a decidedly Swiss
context, The main differences between this book and practise in other countries
can be summarized as follows:
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1. Loadings, assumptions of material behaviour, and rules for checking safoty and
serviceability have been taken directly from Swiss STA Standards 160 and 162.
No attempt has been made to adapt these aspects of the book to the standards
or local practise of other countries, since, armed with an understanding of the

" fundamental principles of bridge design, the reader should have little difficulty

in doing so for himself. .

2. A unified theory of concrete design, which is now well-cstablished in- Swiss -

practise, underlies this book. This theory provides one consistent set of rules for
design, valid for structures in plain, reinforced, or prestressed concrete. One of
the most important consequences of this approach is partial prestressing, by
which the engineer is freed from arbitrary restrictions on tensile stresses in
concrete at servic load levels. Prestressing can thus be chosen to achieve certain
specific objectives under service conditions, while contributing fully to re-
sistance at ultimate limit state. These objectives are referred to in this book as
presiressing concepts, a powerful tool which makes possiblc a rational use of
prestressing. Engineers in countries where only full prestressing is allowed may
find some of the material in'this book somewhat frustrating, since many of the
sofutions presentéd are not workable without partial prestressing. 1t is hoped

that a wider recognition of the value of partial prestressing will facilitate the )

“adeption of the unified theory of concrete design throughout the world.

3, Loads, prestressing, and restrained or imposed deformations are treated
identically in design in many parts of the world. Consistent with current design
standards in Switzerland, this book makes a clear distinction between the three,
which are denoted collectively as actions. An awareness of the differences
among the three types of actions is essential to a proper understanding of
structural behaviour. "

Thanks are dug to Guido Géseli for relettering the figures into English and
drawing the riew figures, and to Heinrich Schnetzer for assistance with coordi-.
nation during the final stages of production. The support and advice provided by

' the staff of Birkhiiuser Verlag is also greatly appreciated.

Finally, Twould like to pay special tribute to my collaborator Paul Gauvreau, who
transformed Stahlbetonbriickeninto the present work. He brought to the task his
skill as a translator, his good judgenient as an editor, and hisinsight as a practising
engincer, This rare combination of talents was instrumental in producing a book

- that'is a significant improvement over its predecessor. His dedication, curiosity,

" _and patience made possible the most cordial of professional collaborations, which

wis tiot only rewarding in itself, but is also reflected in the quality of this work.

Christian Menn
Zurich 1989

" Preface to the German E_d.itioﬁ

“Bverything should be made as
simple as possible, but not simpler.”

Albert Einstein

This book provides engineers with a comprehensive overview of the fundamental
principles governing the design and construction of-concrete bridges. Experience
has shown that safety and guality are the direct result of the consistent and
rational application of these principles. Refinement and volume of calculations,
on the other hand, have no significant influence on quality or economy.

. The book has its origins in lectures on the design of concrete bridges given to

undergraduate and graduate students at the Department of Civil Engineering of
the Swiss Federal Institute of Technology, Zurich, Its eight chapters cover the
fundamentals of conceptual design, analysis, and detailed design of bridge
superstructures and substrucfures, ’

Concepthal design s of primary importance to quality and economy. The

" principles and objectives of conceptual design are therefore thoroughly discussed
‘in the first chapters. In accordance with modern design standards, the concepts of

safety and serviceability are clearly distinguished in discussions of analysis and
detailed design. The proposed analytical models and methods of calcutation are
simple, clear, pragtical, and sufficiently accurate for design. .

‘Truss models are nsed extensively throughout the book to establish the flow of
forces in structural compenents, This method, known for decades yet “redis-
covered” in recent years, was used consistently in my former design office and has
proven itself in the analysis of many complex problems, Truss models are often
more reliable than finite-element calculations, which are usually based on the
assumption of isotropic, elastic material behaviour. .

Reserves of structural resistance are considered in the verification of safety at -
ultimafe limit state, in accordance with the theory of plasticity. It is recornmended
as a general rule, however, that designs be based on sectional forces obtained from
the elastic solution. The greater the deviation of the design sectional forces from
the elastic solution, the more important it becomes to ensure that the structure is
capable of sufficient plastic deformations. Behaviour under service conditions and
fatigue must also be given greafer consideration as the difference between the
design sectional forces and the elastic Solution increases,
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Experience has shown that quality and durability of concrete structures cannot be

“achieved with careful analysis and design alone. The arrangement of reinforce- Contents
mentand detailing of individual structural components play a decisive role in this ' ‘ :
regard, For this reason, recommended details are presented and discussed
throughout the beok. ’ : -

The most important diagrams for the calculation of slender compréssion members

have been collected in the Appendix. The interaction diagrams can be used to .

calcuiate ultimate resistance of cross-sections and flexural stiffness at ultimate

limit statc. Fhe latter is necessary for the calculation of second-order effects. A

small number of important reference works has been listed, giving additional | . .

- information and guidance for in-depth treatment of special problems. ) . | . . o -

- ) : ' Preface . . . . . s o e e e e e e e e e e Y
Engineers today are faced with an explosion of technical information. Although ) . ) . S
this information will have benefictal effects on future developments, it has largely Preface to the German Edition . . . . . . . . . . . . . . VI

. distiacted engineers from the most fundamental principles. It is the plrpose ofthis . . : '
book to make engineers aware of these principles once again. R - ) .

: - . 1. Mistorical Overview . ., . . . . . . . . . . . . . . 1
Ackn owledgéments ) 7 - 1 2 Economy and Aesthetics ... . . . . . . . . . . .. 49"
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1 Historical Overview

!

Prior to the nincteenth century, the fwo most important materials used in bridge:
construction were stone and timber. Bridges of either material were built as far
back as prehistoric tintes. Although drawings.and written descriptions are the enly
remaining evidence of the timber bridges of antiquity, several impressive stone
bridges from Roman times have survived to this day. These include the Pons
Fabricius (fig. 1.1) and the Ponte Sant’ Angelo, both in Rome, the bridge over the
Tagus at Alcéntara, Spain, and the Pont du Gard near Nimes, France (fig. 1.2).

From Roman times to the twentisth century, the forms used for stone bridges have
been based on arches, retaining walls, and piers. These systems are effective in

"compression only and are thus well suited to masonry construction. The arch

Figure 1.1
Pons Fabricius, Rome
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Figure 1.2
Pont do Gard, near Nimes, France

was the main spanning element; piers were used for the intermediate supports’

of multiple-span bridges. Fill retained by walls constructed along both edges of
the arch made possible level roadways and, in the case of agueducts, allowed
viping to be placed at constant slope, ' ;

Roman arch bridges are characterized by semicircular vaults. The timber
centering used in their construction was often supported by stones protruding
from the piers. (These are clearly visible, for example, in figure 1.2.) Although they
had no. purposg in the completed structure, these supports were often in-
corporated with special care into the final visual form. A similar careful treaiment
of such details can also be observed in some of the most recent stone bridges of the
early twentieth century (see, for example, figure 1.5). S

The semicircular vault remained the preferred form for arch bridges until the
Middle Ages, when new arch shapes first began to be adopted. A particularly

- elegant example of a Renaissance bridge with elliptical arches is the Santa Trinita
Bridge over the Arno in Florencs, built in 1560 (fig. 1.3).

The Pont d¢ Neuilly, completed in 1773, exemplifics the refinements in masonry
bridge construction achieved in eighteenth century France (fig. 1.4). Designed by
Jean Perronet (1708-1794), this structure is remarkable for its shallow elliptical
arches, narrow piers, and harmonicus proportions,

The bridges of the Rhiitische Bahn railway, built in Switzerland at the beginning of
the twentieth century, represent the fast major milestone in the history of masonry

+
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Figure 1.5 :
Landwasser Viadyct, Switzerland

bridge construction (figs. 1.5 and 1.6). These structures, although remarkable for

‘their technical and aesthetic achievements, differ little from traditional stone
-bridges with regard to' overall concept. Contrary to tradifion, however, the
proportions of the load-carrying members were designed using the theory. of
structures, _ T _—
The simplest timber bridges of antiquity were little more than wooden beams
supported on stone piers. Arches and simple inclined-leg frames were used for the
construction of longer spans. These systems were followed by compound inclined-
leg frames of increasing complexity, culminating in the intricate systems devised
by the Swiss master builder Hans Ulrich Grubenmann (1709-1783), who
" achieved spans of up to 70 m (fig. 1.7). :

Bridge building underwent major transformations as a result of -the social,

technological, and scientific developments that occurred in Europe, during the
Industrial Revolution. Bridges had heretofore been designed by master builders
using empirical guidelines and built using simple tools and traditional materials,
By the early nineteenth’ century, however, bridges were being designed by
engineers using the newly developed theory of structures and built from stronger;
lighter, industrially produced materials. -

The impetus for change was provided by.a major restructuring of the European
transportation system, Many new bridges were required as early as the eighteenth

4 s : 1 Historical Overview .
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Figure 1.6
Wiesener Viaduet, Switzerland

Figure 1.7
Bridge over the Rhine at Schaffhausen, Switzerland

century to accommodate the growth of a postal éeach network. OF much greater
significance, however, was the subsequent appearance of the igilway and the.
dramatic increase in dethand for new bridges that occurred as a result, Factors
such as economy, construction time, and strength assumed much greater

" importance in the construction of rajlway bridges than in previously built bridges.

Although it was possible in some cases to adapt the traditional materials and

- methods of construction to these stricter requirements, the inkerent advantages of
hew malerials and techniques became increasingly evident. .

Industrialized iron, the product of newly developed manufacturing processes,

quickly became the preeminent material for railway bridge construction, The
world’s first iron bridge was built in England by Abraham Darby IIT (1750-1791).
in *1779. This structure, which crossed the Severn River at the towh of
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Fipure 1.8
Iron Bridge at Coalbrookdale, Engiand

Coalbrookdale, consisted of parallel casl-iron arches spanaing 30 m {fig. 1.8). The

further development of castdron bridge technology was prevented by the )

brittieness of the material, which limited its application to compression members

only, The dramatic growth of iron bridge construction in the nineteenth century

was rather the resuit of wrought iron, a maferial with sufficient tensile strength

and ductility to be used in tenision and bending. The rolling of standardized iron

sections, pioneered in England in the 1820s, enabled wrought iron fo be produced
- gconomically.

At fhe same time, the development of a new and rational basis for the design of
structures was underway. The experience acquired in the construction of timber
and stone bridges was of little help in the design of iron bridges, since the
advantages of iron could only be fully exploited using structural systems that
differed radically from their predecessors. A rational basis for the design of these
new systems was provided by a theory of structures based on the science of
mechanics, developed by the French engineers Charles Coulomb (1736-1806)
and Louis Navier (1785—1836), Practical application of the theory was greatly
facilitated by the method of graphic statics, formu]ated by Carl Culmann (182 -
1831).

The development of wrought iron (and its successor steel), together with graphic -

statics, made possible the design and construction of .a great variety of truss-

based bridges spanning up to 500 m. These structufes mtade a profound visual .

impression on the built environment of thé late nineteenth: century. The most
notable bridges of this era are remarkable for their daring dimensions and highly

©
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Figure 1.9
Firth of Forth Bndge Scotland

Flgure 110 -
EBridge over the Blbe at Hamburg, .Germany

' functional character, Symbols of “technical excellence in tﬁeir'day,tmany are still

the ob_]eets of preat admnatton (figs. 1 9 thr ough 1.12).

: Industnallzed iron transformed the hanging cable, & stroctural system that dated
¢ back to prehistoric times, into the modern suspension bridge, This development

lead to the construction of spans longer than had ever before besn. considered”
possible. One of the earl[estmasterpleces inmodern suspension bridge design Wwas

s the 116 m lorig Conway Bridge in Wales. Designed by Thomas Telford (1757-
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Figure 1.11
Garabit Viaduct, France

Figure 1.12
Eads Bridge, St. Louis, U.8.A. .

»

1834) and completed in- 1826, its main supporting efement is a chain of wrought
iron links (fig. 1.13). : .

Significant contributions to the development of suspension bridge construction on
the Buropean continent were made by Guillaume Henri Dufour (1787-1875) and
Joseph Chaley (1795-1861). Dufour was responsible for the first major wire cable

1 Historical Overview 0

Figare .13
Conway Bridge, Wales

bridge in Europe. The. structure, completed in 1823, had two main sp;ans of
roughly 40 m. Chaley designed the mast daring bridge of its day, the 1834 Grand-
Paont Suspendu over the River Sarine in Fribourg, Switzerland, whose main span

~measured 273 m (fig. 1.14). ’

American innovations in suspension bridge construction date back to the early
nineteenth century. The world’s first wire cable suspension bridge was built in the
United States in 1816.- American leadership in suspension bridge design and
construction was firmly established by the achievements of Tohn Roebling (1806—
1869). These include the Niagara River Bridge, the first major suspension bridge
designed to carry a railway. Its 250 m main span crossed a deep gorge at a height of
60 m (fig, 1.15). Roebling's most famous work is the Brooklyn Bridge over the
East River in New York (fig. 1.16). Its main span of 488 m was without precedent
at the time of its completion in 1883, it was the most daring work of structural
engineering yet achieved. The building of the bridge lasted 13 years and posed
immense challenges, especially the construction of the tower foundations using -
compressed air caissons. Roebling did not live to see the completion of this great
structure, which would become a monument to his extraordinary talents as bridge

" builder.

Roebling’s great triumph in iron was echoed in the twentieth century by the steel
suspension bridges of Othmar H. Ammann (1897—1965). One of Ammann’s most

‘outstanding works is the 1932 George Washington Bridge over the Hudson River,
_which links the American states of New York and New Jersey (fig. 1.17). Its main
. Span, the first to exceed 1000 m, was twice as long as the previous record holder,
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Figure 1.16
Brooklyn Bridgs, New York .

Figure 1. 14
Grand Pent Suspendu, Fribourg, Smtzerland

Figure 1.15 . o : : " Figure 1,17
Miagara River Bridge, U.S.A-Canada - . . George Washington Bndge, New York-New Jersey, U S.A.
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making it one of the beldest leaps in the history of struciural engi-rlécriug.

' Ammann’s masterpiece was rendered cven more daring by its elimination of the -

*stiffening fruss. (The truss that now forms part of the bridge was built in 1962

Provision was made for its addition in Ammann’s original design, not to improve -

structural behaviour, but to double the traffic capacity of the bridge.)

Iron and steel were not, however, unqualified successes. Their strengthi, light
weight, and speed of construction were offset by high maintenance costs and a
high ratio of live load to dead load. The latter factor was responsible for the costly
strengthening of many nineteenth-century railway bridges, which coutd not carry
the heavier, faster trains that appeared soon after their construction, These
disadvantages of iron and steel helped bring about the application of another new
material, Portland cement concrete, to bridge construction. Compared to metal,
concrefe was regarded as maintenance-fres; the heavier weight of concrete
structures redueed the ratio of live load to dead load, The first plain concrete
bridges were arches, built in France and Spain in the 1860s. These structures
appeared identical to contemporary maspnry structures, since plain concrete and
masonry have essentially the same structaral behaviour. e

" The discovery of réinforced concrete can be traced back to several originators. In
1850, the American Thaddeus Hyatt (1816—1901) conducted investigations of
reinforced conerete beams and.developed structural details that were fifty years
ahead of their time, Tn France, a patent for a reinforced concrete boat was taken

.out by A, Lambot in 1855, His countryman Frangois Coignet (1814-1888)

obfained a pafent in 1860 for concrete slabs- with embedded. iron mesh. The-

French gardéner Joseph Moniér. (1823—1906), who patented a wire-reinforced
concrete -flowerpot in 1867, was ths first fo recognize the vast potential of
reinforced conerete as a material for major structures. Following an additional
‘patent awarded in 1873, he built the world’s first reinforced concrete bridge in
Chazelet, France in 1875 (fig. 1.18).

Based on Monier’s patents, reinforced conarete technology soon spread to other *

European countries. The first theoretical basis for calculating the strength of,
‘teinforced concrete sections was developed in Germany in the 1880s by M..

Koenen (1849-1924). Koenen neglected the tensile strength of concrefe and. .

computed steel and concrete stresses dus to bending by locating the neutral axis at

. the centroidal axis of the section. The development of his theory relied heavily on
tests conducted under the supervision of local building officials in Berlin in 1886. -

These tests established that, under Hve load applied to one half of the span, the
capacity of a reinforced concrete arch was roughly three times that of an
unreinforced concrete arch of identical dimensions, This result encouraged the
construction of exiremely flatf, thin arches. )

Additional investigations in Germany, France, and’ Austria confirmed that
internal tensile forces must be resisted by reinforcement and revealed that

reinforcing steel embedded in concrete is adequately protected against corro-
- sion, : . . '

1 Historical Overview
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Figure 1.18 |
Reinforced concrete bridge at Chazelet, France

The most significant contributions to the expansion of reinforced concrete design
and canstruction at the turn of the century were made by the French engincer
Frangois Hennebique (1842—1931) and by the German tnginser Emil Mérsch
(1872-1950). o . ! .

Hennebique was a gifted designer who took full advantage of the monoljthip
behaviour of reinforced concrets and recognized that concrete members can safely
fulfill several different structural functions. He developed effective reinforcement
details, many of which are still .used today. His 1892 patent for T-beams
considered the compressive resistance of the siab in computing flexural resistance.
In 1893, he patented. a complete system for the construction of mionolithic,
composite members using stirrups and bent-up longitudinal reinforcement. The
reinforced concrete bridges designed by Hennebique were considerably cheaper
to construct than traditional masenry or iron bridges. In spite of considerable
resistance from building officials against reinforced concrete, his central office in”
Paris and his concessionaires in several European couniries designed and built
more than 600 bridges. These bridges served as examples for designers for many
years. The Bridge over the Ourthe in Ligge, Belgium (1904, span length 55 m) and
the Risorgimento Bridge in Rome (1911, span length 100m) are two of
Hennebique’s most famous bridges (figs. 1.19 and 1.20). In beth structures,
the vault, spandrel walls, and deck slab were integrated into a box cross-
section. ) .
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ﬁfgure 1.1% .
Bridge over the Ourthe, Ligge, Belginm

Mbrich's principal contribution was to the theory of reinforced concrete. His
thinking was always guided, however, by prastical knowledge acquired through
his experience as a designer. He developed methods of calculating sectional forces
- according to elastic theory and based the design of cross-sections on allowable
stresses under service loads, These procedures ensufed an adequate margin of
safety and restricted the formation of cracks. Of far greater importance, however,
was his development of truss models for reinforced conerete, which facilitated the

design and detailing of reinforcement and provided designers with a clear, simple,

and reliable tool for visualizing structural behaviour. Mdorsch's ideas were
published in 1902 as Der Betoneisenbau, seine Anwendung und Theorie {Rein-
forced concrete, application and theory), one of the most important reference
works of its generation. The soundness of Mé&rsch’s truss analogy has been
confirmed by subsequent investigations. This powerful tool is still in use
today. . :

TFigure 1.20
* “Risorgimento Bridge, Rome
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Figure 1.21 : '
" Wildegg Bridge, Switzerland

Tn 1903, the first provisiona! design standard for reinforced concrete, Bauten in

" grmiertem Beton (Structures in reinforced concrete}, was published by.the Swiss

Society of Engineers and Architects. Its purpose was to ensure a sufficient and
uniform margin of safety in reinforced concrete constriction. This example was
soon followed by Germany, France, Itily, and Austria. The first definitive Swiss

_ standard followed in 1909. The allowable stresses were specified as f_ol[ows:

1. C_m:npressive stress in conéretq at extreme fibre: 4.5 Nfmm?
2. Compressive stress in concrete at centroid: "3.5 N/mm?
3. Tensile stress in reinforcement: : 120 N/mm?

Switzerland’s first reinforced concrete bridge was a 37,2 m arch span builtin 1899
in the town of Wildegg {fig. 1.21). It consisted of an arch vauit which supported
monolithically cast retaining walls along its edges. The space between the walls
was backfilled up to the level of the roadway. The' struétural system was thus
similar to systems used in traditional masonry ¢onstruction, The proportions of
the atch, however, could only have been realized in reinforced concrete: the vault
was only 0,2 m thick at the crown; the span to rise ratio was 10,6 to 1. The
slenderness of this bridge is even more astounding when it is realized that the
stiffening effect of the retaining walls was not considered by its designers.

The 1907 Allier River Bridge at Le Veurdre, France, &esign‘ed by Eugéne
Freyssinet (1879—1962), is one of the most daring reinforced conerete bridges ever
1o be built (fig. 1.22). The crossing is achigved by three arch spans of 72.5 m. The

_ span to rise rafio of 15 to 1 is o farge that it can hardly be considered reasonable

from a structural point of view. The young, insufficiently experienced éngineer
had ventured into unknown and dangerous territory with this bridge. Breaking
with the tradition of stiffening flat arches with solid spandrel walls (e.g. fig. 1:20),
Freyssinet supported the deck from the arch using thin columns. The choice of
inclined eolumns was clever, since the resulting truss action significantly increased
the buckling strength of the system. : '
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Figure 1.22
AIlie_r-River Bridge, Le Veurdm, France .

Contrary to chneblque, who eliminated hinges wherever possible, Freyssinet
designed the bridge at Le Veurdreas a series of three-hinged arches, in accordance
with the wishes of his superiors, This proved to be a blessing in disguise. The
removal of formwork was greatly facilitated by jacking the two arch halves apart
at the crown. Downward deflections due to elastic defgrmations of the arch
could thus be largely eliminated. Soon after completion of the bridge, however,

deflections at the crown of approximately 130 mm were observed. This was a

consequence of creep in concrete, a little-known phenomenon at that time.

Freyssinet was able to reproduce the orlgmal profile of the bridge by jacking -

apart both halves of the-arch at the crown. The hinge at midspan was sub-
sequently concreted, transforming the spans into two-hinged arches.

The design of reinforced concrete bridges in the eatly twentieth century was
strongly influenced by contemporary steel design practise. This resulted in bridges
with little or no-structural interaction among the individual, visually distinct
components. Bridges designed in this way were relatively easy to analyse. Two
examples of this tendency are the Swiss arch bridges shown in figures 1.23 and
1.24. Morsch’s Gmiindertobel Brldge (1909) has an arch span of 79 m; the Lang-
* wieser Viaduct (1914) was the first railway bridge to have an arch span of 100 m,

Robert Maitlart (1872~ 1940) did not follow the.conventions of steel structures-

but rather piongered new concrete bridge forms remarkable for their efficiency,
economy, and beanty. Maillart was fascinated by the ease with which concrete
could be formed into surfaces of arbitrary shape and recognized the advantdges
offered by monolithic connections and two-dimensional structural systems. He
designed structural elements to carry-cut more than one function simultaneously
and exploited the interactive structural behaviour of the entire system. Maillart
believed that emphasizing the overall system rather than the individual compo-
nents resulted both economic and aesthetic advantages. His 41 bridges, built
between 1899 and 1940, are ample proof that his behef was correct

Maillart’s ﬁrst bridge as an independent engineer was a 30 m arch built in 1901
over the Inn River at Zuoz, Switzerland (fig, 1.25). Tts visual form is similar to that
of the Wildegg Bridge. The bridge at Zuoz, however, is not merely a masonry
system built in concrete; the thin spandrel walls, deck slab, and arch.are
monolithically connected into a box cross-section. Due to the high span to rise
ratio of 10 to 1, concrete hinges were provided at the springing lines and at the
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E o, Figure 1.23 .
; - Gmiindertebel Bridge, Switzerland

Flgure 1. 24
Langwieser Viaduct, Smtzcrland
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Figure 1.25
Tnn chr Bridge, Zuoz, Sw:tzerland

Crown. Difficulties such as large cracks or large deformations, which plagued
" many other flat arch bridges, were avcuded by Maillart’s choice of structural
system and cross«sect[ou. .

Maillart later achieved his.most visually”compelling three-hinged arch forms by
eliminating the spandrel walls near the springing lines, where they were not
required for structural reasons. The most famous example of this type is. the
Salginatobel Brldge, 2 90 m arch completed in 1930 in Switzerland (fig. 1.26).
. Falsework costs in the stéep mountain canyon were substantially reduced by the
choice of 4 three-hinged arch system with thin arch sfab and spandrel walls. The
falsework was designed to carry the weight of the arch slab only. After hardening,
the arch could carry the additicnal weight of the walls and deck slab by 1tseIf the
falsework was required only to stiffen the system.

Maillart also used thin arch slabs to reduce falsework costs of deeper arches. The
deck-stiffened arch was his preferred system for these bridges. The interaction of
the entire structure, especially the combined action of arch and deck, is clearly
visible in {i igure 1.27. The arch resists only axial force from arch thrust; bending
moments due to live load are resisted entirely by the gitder, Removing all bending
from the arch as Maillatt did is not completely justifiable from a statical point of
view, however, since arches in compression can resist substantial moments

without additional reinforcement. Maillart may have done so mainly to achieve |

the acsthetically pieasmg form of the thin arch and to ensure simple structural
behavmur.

-1 Historieal Overview

Fipure 1,26
Salginatobel Bridge, Switzerland

Flgure 1.27
Landquart Brldgc Klosters, Switzerland
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Many impressive reinforced concrete bridges were built during the 1930s and early.

1940s. Arch spans of over 100 m became common; girder bridges reached spans of
over 70 m. ’ : :

A major crossing of the Mosel in Germany was designed by Franz Dischinger

(1887—-1953) and completed in 1934 {fig. 1.28), The bridge consisted of three spans

of length 100 m, 105 m, and 119 m; each span was designed as two parallel three-
hinged arches. Since the rise was constant over all three spans, the span to rise ratio
varied from 12:1 in the shortest span to 14:1 in the longest. Solid slabs were used

for the arches of the 100 m and 105 m spans; a hollow-box section was used for the
arch of the 119 m span, This reduced dead load in the longest span and balanced -

the arch thrust due to dead load from the 105 m and 119 mi spans, thus enabling
the use of symmetrical deep-water caisson foundations, The arch spans were
constructed in two longitudinal halves by displacing the falsework sideways after
completion of one half.

Many of the large bridges constructed for the Autobahnsin Germany were built as
political monuments rather than as works of structural engineering art. Two
noteworthy exceptions, however are the bridge over the Danube at Leipheim
(fig. 1.29) and the Teufelstal Bridge at Jena (fig. 1.30). The Leipheim Bridge, built
in 1936, had four spans of 73 m, 80 m, 85 m, and 78 m; its carefud attention to
visual design is reminiscent of the bridges of Maillart. Its relatively high span to
rise ratio of 7 to 1 led to the choice of three-hinged arches, The Teufelstal Bridge,

"Figure 1,28 )
Mosel River Bridge, Koblenz, Germany

f Historical Overview ' . 21

Figure 1.29 . :
Bridge over the Danube, Leipheim, Germany

builtin 1938, had a record arch span of 138 mand a span toriseratio of 5,3t0 1. A
somewhat stiffer, fixed arch was therefore chosen for this bridge. The Teufelstal
Bridge is remarkable for the design of its deck girder, which is free of joints over
the entire 250 m length of the bridge between abutments,

Many important innovations in bridge design and construction wers pioneered in

- France between the two.world wars. The most significarit French bridge of this

period, the Plougastel Bridge, was designed by Freyssinet and completed in 1930
(fig. 1._31). It crosses the mouth of the Elorn River with three spans of 186 m. The
deck girder was designed as a truss; hi ghway and railway traffic were carried by the

“uppér and lower chords, respectively. The falsework for the arch was a free-
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Figure 1.30
Teunfelstal Bridge, Jena, Germany

" standing timber tied arch, constructed on land and floated into position. The same
falsework was reused for all three spans.

The Bridge over the Lot at Castelmoron (1933) is remarkable not only for its .

structural systetn and its span length of 120 m, but for the way it was constructed,
The slender arch and thin suspended deck girder, which acted as a tension tie, were
stiffened using inclined hangers, prestressed by the self-weight of the deck. The
arch consisted of precast core elements which were preloaded by jacking the two
halves of the arch apart at the crown. The centering, unloaded in this way, would

then be required to support only the remainder of the arch dead load in a -

subsequent construction phase.

OO o aga
pas

Figure 1.31
Plougastel Bridge, France
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During this period, French engineers also achieved record spans for girder

“bridges: The construction of long-span girders in reinforced concrete was difficult,

not only because of the unwieldy arrangement and splicing of reinforcement, but
also due to deformations and cracking, which were unavoidable and often severe.
These bridges were rarely successful visually, since adequate structural behaviour

«could only be ensured with span to depth ratios of less than 10 to 1,

Albert Caquot (1881-1976) designed the Rue Lafayette Bridge, & concrele-truss
bridge over the railway yards of the Gare du Nord in Paris, which was completed
in 1928 (fig: 1.32). The bridge consisted of two simply supported spans of 72 m
and 77 m. The parallel-chord, 10.4 m deep trusses were spaced transversely at
20.4 m apart. The lower panel points were connected to floor beams, also designed
as trusses. The deck was located at roughly the lower quarter point of the main
trusses. The arrangement of reinforcement at the nodal points was extremely
challenging. Although this structure must be considered as an extraordinary
pioneering achievementin bridge construetion, it is strong evidence of the inherent
limitations of conventional reinforced concrete. .

The span length of Caquot's Rue Lafayette Bridge was slightly surpassed in 1939
by the Villeneuve-St. Georges Bridge over the Seine. The span lengths were 39 m,
78 m; and 39 m. A cantilever system was used, ‘resulting in a more favourable
distribution of moments, Since a hinge was provided in each of thesidespansii m
from each end of the bridge, the structural system was statically determinate. This
was presumably done te prevent uplift reactions at the abutments. The cross-

Figure 1.32 t
Rue Lafayeite Bridge, Paris
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section was designed as a'three-cell box girder, the depth of which varies from
7.75 m at the intermediate supports to 2.52 m at thé midpoint of the main span.
This bridge still holds the record .for the longest span of a conventionally
reinforced concrete girder bridge. = - : _

The state of the market for reinforced concrete bridges was [ess favourable in the

1.8.A. Concrete was often not competitive against steel, which could be

inexpensively produced and quickly erected. Long-span reinforced concrete

bridges were therefore much less common than in Burope during the 1930s. Of -

particular note, however, are concrete arch bridges built during this pqriod for the
Pacific coast highway in- California. -

Brazil was the site of the first application of the cantilever methodl to concrstes
bridge construction {fig. 1.33). The 68.5 m main span of the Rio do Peixe Bridge at
Herval was built out from both piers {o eliminate the risk of damage from flash |

. floods, which could raise the water level more than 10 m in the space of a few
hours. Segments of length 1.5 m were used. The reinforcement consisted of 45 mm
diameter bars, which were spliced using threaded sleeves. Although cantilever
construction had long been used for steel bridges and would later become an
important method for the construction of long-span prestressed con_créteT bridges,
the achievement of the Rio do Peixe Bridge was neither recognized nor
appreciated at that time.. ‘ .

Figure 133 Co-
Rio do Peixe Bridge, Herval, Brazil

1 Historical Overview . o . 25

The last major 'cohventional[y reinforced concrete girder bridge was built in 194i :

in Santa Fé, Argentina. The bridgé is continuous over several supports, with
internal hinges provided to reduce the degres of statical indeterminacy. The design
of the cross-section and arrangement of the reinforcement foreshadowed concepts
used several decades later in long-span prestressed concrete bridges.

‘The most significant reinforced concrete bridge built in England during this period
was the Waterloo Bridge over the Thames in London, completed in 1939
{fig. 1.34). Influenced by the form of a multiple masonry aich bridge built in 1817,
it was designed as a continuous haunched girder, Tts longest span was 77 m. The
cross-section consisted of two 7.6 m wide box sections, linked by a 10 m wide
ribbed slab. The girder depth vatied from 7.5 1 at the piers to 2.4 m at midspan,

Figure 1,34

* Waterloo Bridge, London

. In Switzerland, apart from the masterpieces of Maillart, the 1932 Gueroz Bridgc
by Alexandre Sarrasin and the 1940 Federal Railways Bridge ovér the Aare River ]
_in Berne stand out for their technical and aesthetic merit,

- The 90 m arch span of the Gueroz Bridge crosses a 180 deep canyon (fig. 1.35).
The arch consists of two 0.6 m wide ribs. The thin parapets were designed to

stiffen the deck. The bridge can be considered as a masterpiece of the technical

aspects of bridge design for its minimum use of materials, As with the bridges of -
- Maillart, however, its use of the thinnest possible dimensions would ultimately

lead to to difficult maintenance problems.

An éxi_sting iron bridge of the Swiss Federal Railways over the Aare in Berne was
Inneed of replacgment by the end of the 1930s. A new ali gnment and an increase to
four tracks required a total bridge length of 1150 m. A design competition jury

selected for construction a reinforced concrete bridge witha 1 50 mmain arch spar .
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Figure 1,35 .
Gueroz Bridge, Switzerland

(fig. 1.36). A three-cell box section was used for tHe afch, A'17.4 m wide, four-web
T-girder was used for the deck over entire length of the bridge. Spans of 27 m were
used for the approaches. Continuity of the deck girder was interrupted over the
arch abutments by internal hinges, thus reducing the contribution of the girder to
the overall stiffness of the system. This was standard practise during this period
and was probably done to make bridges easier to analyse. Due to the design live
load of 30kN/m?, roughly five time greater than highway live loads, the
proportions of the members are large. In spite of this, however, the bridge presents
an overall impression of harmony and elegance. The careful attention to details
and cénstruction was repaid by a service life of over 40 years with no major

" Thelongest concrete arch spa'l{of this period was the Sandé Bridge, builtincentral

Sweden in the early 1940s (fig. 1.37). Swedish engineers had afready acquired
experience with long-span conerete bridges with the 181 m arch of the Traneberg-
sund Bridge, builtin 1934in Stockholm, The 267 mmain span of the Sandd Bridge
brought concrete arches into what was, previcusly considered the sxclusive
domain of steel. Construction of the arch began using a wooden tied arch as
falsework, similar to the system used for the Plougastel Bridge in Frarce a decade
earlier. This falsework collapsed during concreting and the arch was rebuilt using
conventional falsework supported on temporary piers, The Sand Bridge held the
world span length record for twenty years, until longer spans were made possible
- - by developments in falsework and construction technology. - .
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Figure 1.36
Swiss Federal Railways Bridge over the Aare, Berne, Switzerfand

Figure 1,37 . : )
Sand@ Bridge, Sweden - . ' N

During the first century of reinforced concrete, numerous attempts were imade fo’
Improve the quality and ecenomy of construction. Most of the reinforcing systents
hat were developed and patented, however, were short lived. The most imiportant
f these were the Melan Systém, by which iron falsework was cast into the
tzuc}ure as reinforcement, von Emperger’s system for strengthening arches using
ast iron cores, and Visintini’s precast truss system. Specially adapted erection
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equipment was the majof impediment to the further development and use of
precast technology at that time. .

Several of the innovations introduced during this period, however, ‘are now
standard practise. Internal vibration, first used in the construction of the Guercoz
Bridge in 1932, substantially improved the strength and impermeability of
concrete. Just as significant was the introduction of reinforcing steet with surface
deformations. The improved bond behaviour of deformed reinforcing steel
resulted in substantial inereases in allowable steel stresses; the Swiss design
standard of 1935, for example, increased allowable stresses from 120 N/mm? to
170 N/mm? for deformed bars.

The single most imporiant innovation in the history of reinforced conerete

technology was the development of prestressed conerete. The principle of
prestressing, the creation of an artificial sfate of stress to improve structural
behaviour, had been used since ancient times in shipbuilding and barrelmaking. It
had also been used to a limited extent in masonry construction. Its application to
reinforced concrete revolutionized bridge construction. : ‘

The earliest investigations of prestressed concrete beams were conducted in the

nineteenth century. In 1888, the German engineer W. Doring patented a system
for the construction of slabs, planks, and beams, by which cracking was reduced
through the use of prestressed wires. Prestressing saw no further practical
application in construction until its significance and potential were recognized by

. Freyssinet. From 1928 to 1936, he worked on the development of stressing systems

and patented prestressing jacks and anchors. He was then ready to begin applying
his ideas to the construgtion of bridges and buildings. From the very beginning,

“Freyssinet insisted on the use of high-strength wires bonded to concrete. His

success with prestressing is largely due to this practical implementation of the
concept. -

Although prestressing was well received in Germany, it was not initially
implemented according to Freyssinet's system. Dischinger, the country’s most
experienced reinforced concrete designer, chose to use large-diameter bars of low-
strength steel, unbonded to the concrete, His method had several major

" shortcomings. Due to its low fensile strength, the prestressing steel could only be

prestrained to barely twice the expected plastic strain in the concrete due to creep
and shrinkage. Large prestressing losses, and hence cracking and large defor-
mations, were therefore unavoidable.

Dischinger used his system ta construct the world’s first prestressed concreie

bridge in Aue, Germany, completed in 1937. The prestressed portion of the bridge
(foreground of figure 1.38) consisted of three spans of 252 m, 69 m, and 23.4 m,
The central part of the main span was suspended at internal hinges, making the
system statically determinate. Cantilever tendons were, draped over the two
intermediate piers; the suspended segment was prestressed as a simply supported
beam. Dischinger used 70 mm diameter bars for the tendons, prestressed to
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Figoere 1,38
Prestressed concrete bridge in Aue, Germany

220 N/mm? or roughly 42 percent of tensile strength. The thick bars, which were
bent into polygonal shapes, could not be jacked from the ends. Instead, they were

prestressed by pushing them away from the- structure at deviation poinis. In

spite of careful design and construction, the bridge was unsuccessful. After 25

years, almost 75 percent of the initial prestress had been lost through creep and

shrinkage, leaving the structure essentially unprestressed. This resulted in large

eracks and vertical deflections of 200 mm.

(Unbonded prestressing remained without further development for many years,
only to be rediscovered some 40 years later. Much better resuits were obtained
when tendons composed of high-strength wires or strands were used. Prestressing
with unbonded tendons is now widely used in building and bridge constructioh.)

Dischinger's negative experience with his first prestressed bridge in Aue led him to
undertake a thorough clarification of the long-term deformations of concrete due
to creep and shrinkage. His differential equation for the time-varying conerete
strain made reliable calculations of prestressing losses possible for the first time
(see Section 4.7). Unfortunately, the significance of creep and shrinkage to the

- design of presiressed concrete structures was overemphasized by many engineers

since then. Although the large volume of research undertaken on the subject is of

- pure scicntiﬁc.value, it had little effect on improving the quality of bridge design
: and construction, Even challenging problems such as the calculation of camber
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and redistribution of sectional forces in cantilever constritction can be solved with

sufficient aceuracy using simple methods based on a few well-defined material *

parameters. - . .

Freyssinet’s ideas guided the further development of prestressed concrete for
several decades. Aithough the original goal of prestressing was to eliminate cracks
and undesirable deformations through the creation of a beneficial state of stress,
the increase in load-carrying capacity gained from the use of high-strength
reinforcement was an important positive side effect. Freyssinet preferred to use
extremely thin-walled precast componenis whenever possible. Becaps_e'hc devel-
oped schemes for both pre-tensioned and post-tensioned concrgte, is ideas could
be easily adapted to cast-in-place concrete. Freyssinet. considered prestress?d
concrete as & completely new material, and accepted only full prestressing, that is,

the complete elimination of tensile siresses in the concrete under service loads. His -

rigid philosophy of full prestressing was adopted throughout the world and
survived for many years.

Figore 1,39
Bridge over the Marne at Luzancy, France

After building several small bridges from precast simply supported beams,
Freyssinet began the construction of the 55m long Luzancy Bridge over the
Marnein 1941 (fig, 1,39). The construction, which wasinterrupted by the war, was
completed in 1945. The series of famous Marne bridges at Esbly, .Aqnet,
Trilbardou, Ussy and Changis-St. Jean was built following the same principles

between 1945 and 1949, All of these bridges were two-hinged frames with spans of

74 m. The cross-section consisted of three box girders with a very thin cast-in-place
deck slab. The girder webs in the Marmne bridges, which were only 0.1 m thick, were
reinforced with prestressed stirrups. Precast segments of roughly 2.4 m in length
were transported to the site on barges and prestressed together into three longer
erection units. The units were lifted into place from overhead cables, thus
eliminating the need for falsework. After final adjustment, the remaining
prestressing wires were installed and the 20 mm wide joints between units were
grouted. ’
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Post-war reconstruction, foliowed by rapid economic growth, produced a boom
in bridge construction in Burope beginning in the late 1940s, The early years after
the war were an important development period for presiressing concrete, in which
new design and construction techniques were tested and improved. The analysis
and design of prestressed concrete structures was one of the most important
research goals at schools of engineering throughout the world. Unfortunately, it
took a relatively long time for a clear picture of the behaviour of prestressed
conerete siructures to emerge from the countless scientific papers published
-during this period, One of the first important contributions in this regard was the-
book Spannbeton fiir die Praxis, first published in 1954 and later translated into
English as Prestressed Concrete— Design and Construction, by Fritz Leonhardt (b.
1909). -

By the end of the 1940s, many new prestressing systems had been developed, All
were based to some extent on Freyssinet’s system, The Dywidag system found
wide use in Germany. Its inventor, Ulrich Finsterwalder (b. 1897), had partici-
pated in the construction of the first prestressed concrete bridge at Aue as
Dischinger’s student. Lifile remained, however, from Dischinger's original
system. Although bars were still used for the tendons, they were smaller (26 mm
diameter),. stronggr {tensile strength 900 N/mm?), and bonded to the concrete
after stressing. Leonhardt and his partner W.Baur developed the Leoba
prestressing system. He used strands of high strength steel wires (tensile strength
1800 N/mm?), placed into ducts and wrapped around concréte stressing blocks at
the ends of the bridge. The success of the Freyssinet, Dywidag, and Leoba systerms
in bridge construction was instrumental in removing any remaining doubt about

‘the merits of prestressing.

Belgium’s Gustave Magne] (1889—1955) was a great disseminator of prestressing
technology. In addition to conducting fundamental theorectical research, he
developed his own prestressing system. His Maas River Bridge, builtin 1949, had
two main spans of 68 m. It was the world’s first prestressed continuous girder
bridge. ) )

In Switzerland, Max Ritter and Pierre Lardy conducted their first investigations
with pretensioned girders in 1941. The country’s first prestressed concrete bridge,
a small railway grade separation designed by A. Panchaud, was built in 1943 in
Fribourg, The structure used precast prestressed concrete girders. The Stahlion
firm, founded by engineers M. Birkenmaier, A. Brandestini and M. R. Ro, had a
decisive influence on the rapid dissemination and further development of
presiressed concrete. Their BBRV prestressing system, developed in 1948, was
carefully detafled and highly reliable. Tt used high-strength wires (tensile strength

-1600 N/mm?) which were individually anchored by means of cold-formed -

buttortheads. The system quickly found worldwide acceptance, The first small

- bridges using this system were built in 1950 and 1951, Switzerland’s first major
- prestressed concrete bridge was the 360 m long Weinland Bridge, completed in

958, which had a main span of 88 m.
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The Germans Finsterwalder and Leonhardt acquired leading roles in prestressed
concrete bridge construction in the early 1950s, Finsterwalder was the first fo
recognize that the balanced cantilever method could be used to advantage in the
construction of prestressed concrete bridges. His first cantilever constructed
bridge was the Lahn Bridge at Baldujstein, builtin 1951, which had a main span of
62 m. His excellent experience with this structure lead, only two years later, to the

construction of the Nibelungen Bridge at Worms, the first prestressed concrete -

bridge over the navigable portion of the Rhine. The structure consists of three
_spans of 101.65m, 114.2m, and 104.2m (fig. 1.40). This bridge attracted
worldwide attention and cleared the way for the first longspan bridges in
prestressed concrete. :

Figure 1.40 )
Mibeluhgen Bridge, Worms, Germany

Leonhardt’s 1954 Untermarchtat Bridge over the Danube, a 334 m-long ﬁvé—span ‘

“continuous girder, was the forsrunner of another innovation in construction
technology (fig. 1.41). To enable falsework and formwork to be used twice; the
girder was cast in twe sections, This idea formed the foundation of the span-by-
span construction method for continuous girders. Prestressing companies re-
sponded to this innovation by developing devices to couple tenddns at construc-
tion joints between segments. New prestressing systems also appeared at this time,

- for example the German Polensky and Zoellner system and the Swiss VSL system,

The latter was originally derived from the Freyssinet system in 1934, but was later
completely medified for seven-wire strand. .
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. Figure 1,41

Untermarchtal Bridge over the Danube; Germany

. It became incrcasingly clear that Freyssinet’s philosophy of full prestressing was

ovetly restrictive and uneconomical. In 1946, P.W. Abeles (1897—1977) discussed the
advantages of reducing the prestress in the tendons and of combining prestressed
and nonprestressed tendons, His ideas were forerunners of the modern coneept of
partial prestressing. His investigations showed that full -and partially prestressed
beams had approximately equal load-carrying capacity, provided the yield force
of the steel remained constant. In the 1950s, several countries relaxed their design
standards for prestressed concrete. Germany, for example, introduced *limited -
prestressing”, by which concrete tensile stresses up ‘to roughly 4 Nfmm?,
depending on the concrete strength, were permitted. Mild reinforcement was to be
provided to resist the tensile stresses. This steel could then be considered in the
calculation of ultimate resistance. The modern concept of partial prestressing was
introduced in Switzertand in 1968. Calculation of concrete tensile stresses under
service loads was no longer required; tesistance at ultimate, limit state was

-calculated censidering both prestressing steel and mild reinforcing steel,

Full prestressing is often impractical and costly. Supplementing the fongitudinal

prestressing with mild reinforcement, for example, was a preferable alternative to
full ‘prestressing for the four-span skew bridge shown in figure 1.42, built in
Maienfeld, Switzerland, in 1961. The 1962 Reichenaii Bridge over the Rhine, also
in Switzerland, was the first arch bridge with a partially prestressed stiffening
girder (fig. 1.43). Here, the combination of mild and prestressed reinforcement
also proved preferable to full prestressing, The stiffening girder was given a
relatively weak concentric prestress; mild reinforcement was added as requiréd to
resist the live load moiment peaks, which varied considerably from span to span.

Increases in labour costs in the 1960s led to simplification and rationalization in
bridge construction technology. Arches and other systems- with complicated,
labour-intensive falsework and formwork became less competitive and were only
built in exceptional cases. Precast girders made possible the rapid and economical
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Figure 1,42 . .
Skew railway . bridge, Maienfeld, Switzerland
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Figure 1.43 ) ’
. Bridge over the Rhine at Reichenau, Switzesland

comstruction of short-span bridges. This construction method was used for many
of bridges, especially in Italy (fig. 1.44). The large number of joints and bearings
required, -however, reduced durability and user comfort. Bridges built from
precast girders were later improved by connecting the individual spans ‘into

continuous girders.

Innovations in falsework technology resulted in significant cost savings for long
cast-in-place bridges. A two-phase form girder was used for the first time in the
construction of the Kettiger Hang Highway Bridge in Germany, completed in
1960. In'1961, Hans Wittfoht developed a single-phase form girder for the 1100 m-
long Krahnenberg Bridge (fig. 1.45). Witifoht's concept served as the basis for
many, subsequent mechanized falsework systems. Leonhardt proposed the
incremental lannching techniqus for the construction of the Rio Caroni Bridge in
Venezuela, completed in 1964 (fig. 1.46). All casting of concrete was done behind
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n o e L Venemscla”
e an . ' S io Caroni ‘Bridge, Venezuela
M%ltiple-span viaduet with precast beams, Italy . . i . -

the abutments; the completed segments were prestressed and pushed into position -
using hydraulic jacks, thus eliminating falsework.

For long spans, cantflever construction had no serious competition.
Finsterwalder’s cantilever-constructed Bridge over the Rhine at Bendorf, Ger-
many was the first prestressed concreté span greater than 200m (fig. 1.47).
Wittfoht developed a variation of this method for the construction of the Siegtal
Bridge in- Germany {fig. 1.48), by which a [aunching girder was used to hang the

formwork for the segments, to transport materials; and to stabilize the girder.

The first cantilever constructed bridges using precast segments were built in the .
early 1960s in the Soviet Union and France. The detailing of the joints between the
segments proved to be a particularly difficult problem. The 148 m span of the
bridge at the Lichager Factory in Moskow was designed with 0.2 m thick cast-in-
place conerete joints between the segments, at which longitudinal reinforcing steel
was lap spliced. Due to considerable defays in construction, however, contimrous
mild reinforcing $teel was abandoned in subsequent bridges. Another Russian
structure, the Irtysch Bridge (110 m main span), used 20 mm thick mortar joints;
. dry joints were used for the Giat Bridge (64 m main span), erected in winter,

Tn France, the erection of precast segments was known since the construction of
- Freyssinet’s Marne bridges. French engineers developed new sotutions to the
_ problems of mortar joints, which slowed construction, and dry joints, which .

“ Figure 145 : ' - . )
Krahnenberg Bridge, Germany. ‘
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Figure 1.47 o ‘ . Figure 1.49
Bridge over the Rhing at Bendorf, Germany : o 7 . - Oléron Bridge, France -

complicated the grouting-of tendons, The Choisy-le-Roi Bridge over the Seine,
completed in 1965 {spar lengths 37.5m, $5.0 m, and 37.5 m) used 1 mm thick’
epoxy-coated segment joint faces. Similar joint details were also used in 1964 -for
the 3km bridge linking the mainland of western France to Oléron Island
(fig. 149). Precast segments were transported over the alréady completed portion
of the bridge and erected with 2 launching truss. This system, which enabled the
erection of eight 3 m long segments per day, was successfully used on several other
bridges, including the Chillon Viaducts in Switzerland and the Rio-Niteroi Bridge

* in Brazil. The former, completed in 1967, was 2:1 ki long, sharply curved in plan,
and had spans varying from 96 m to 106 m {fig, 1.50), The latter, completed in
1973, was a 6 km long prismatic girder with 80 m spans (fig. 1.51).

By the beginning of the 19605, the Dutch were leaders in the erection of heavy
elements with ship-mounted cranes, based on their experience with large sea-
-works, The 5 km long Qosterschelde Bridge was built in record time between 1962
" and 1965 (fig. 1.52}. The entire bridge, including foundations and piers, consisted -
of precast components weighing up to 600 tonnes. The segments used in the
cantilever construction of the 95m long spans-were 12.5m long and were
Figure 148 ) . ' L . confiected with 0.4 m thick concrete joints, Construction of the superstructure
. Siegtal Bridge, Germany : ) ’ _ reached an average rate of 3500 m? per month. The Dulch again demonstrated -
: . their leadership in the erection of large precast segmeits in the construction of the -
Saudi Arabia-Bahrain Causeway (fig. 1.53), for which complete spans weighing
up to 1 400 tonnes were placed from a floating crane. The causeway, completed in
£ 1985, included five bridges with lengths 934 m, 2034 m, 5194 m, 3334 m, and
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Figure 1.50 .
Chillon Viaduct, Switzerland : .

Figure 1,51 -
Rio-Niteroi Bridge, Brazil

in England and in Australia, segmental bridges were constructed by erecting
precast segments onto falsework and prestressing them together. The 100 mm
wide joints between segments were filled before stressing with all-fines concrets.
This method was used, for example, for the 600 m fong Hammersmith Flyover in
London, completed in 1961,

A different method of reducing falsework and formwork costs was used in the
constrizction of the Birs Bridge in Basel, Switzerland. The 25 m wide, single-cell
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Figure 1.52

"Dosterschelde Bridge, Netherlands

. Figare 1,53

Saudi Arabia-Bahrain Causeway
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Figure 1.54° .
Felsenau Bridge, Berne, Switzerland

box cross-section was built by casting first the box poriion on falsework and later.
" the wide deck slab cantilevers with a special travetler. The same method was used

in the 1972—1974 construction of the approach spans of the Felserau Bridge in

Berne (fig. 1.54) and in the construction of the Lake Gruyére Viaduct, completed

in 1978 (fig. 1.55). The longitudinal prestressing of both bridges was designed to
permit removal of falsework after the box portion of the section had been cast and

stressed.

The 8678 m long Lake Maracaibo Bridge in Venezuela, completed in 1962, was
the first concrete cable-stayed bridge (fig. 1.56). The designer, Riccardo Morandi,
provided cables at the third points of the girder to support the 235 m-long spans
over the navigation channel. The portion of the girders extending from the towers

" to the cable anchors was cast in place on falsework, prestressed, and then attached

to cables. The central portion, designed as a suspended span, consisted of four
slender precast T-girders. The stay cables were encased in concrete and post-
tensioned. Morandi sought to achieve protection for the cables and greater
stiffness in. this way. ST

The Waal Bridge in Tiel, Holland (1972) has a 267 m main span (fig. 1.57). The
stays for the central span consist of two pairs of two cables, which were also
encased in concrete. The construction of the twin box girder was relatively
complicated and costly, Tt was built using cantilever construction out to the
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Figure 1.55
Lake Gruyére Viaduct, Switzecland

second stay cable anchor point (95 m from the towers) using temporary stays, The .
77m long t_:entral portion was precast, floated to the bridge, and lifted into place
from the girder.

The LaIFe Maracaibo Bridge and the Waal Bfidge are typical examples of the first
generation of concrete cable-stayed bridges, which used a small number of cables

* and a stifT girder. The Brotonne Bridge over the Seine, completed in 1976, was the

first long-span example of the seconpd generation, characterized by a large number

Lake Maracaibo Bridge, Venezuela
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Figureil.S’? :
Waal Bridge, Tiel, Netherlands

Figure 1.58
Brotenne Bridge, France

of closely spaced cables and a slender girder (fig. 1.58): The main span is 320 m
long. The cables were enclosed in ducts and grouted. The single plane of cables
resulted in savings in the towers; yet required a torsionally stiff box section for the
deck girder. Maintaining a constant angle of inclination for the stays simplified
detailing and construction, but increased steel consumption in the stays and
bending stresses in the slender tower. The close spacing of the stay cables

permitted the economical construction of the girder using the balanced cantilever

-
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Figeire 159 :
Pasco-Kennewick Bridge, U.S.A,

method; a typical ségrpent consisted of precast webs and cast-in-place top and

bottom slabs., -

Another second-generation structure is the Pasco-Kennewick Bridge over the
Columbia River in the U.S.A., completed in 1978 (fig. 1.59). Several important
differences can be observed between this bridge and the Brotonne Bridge. The stay
cables have been arranged in two planes. Concentrating the anchors at thetopsof
the towers minimizes tower bending stresses, but created difficulties for detailing
and construetion. The girder cross-section, which consists of a deck slab and small
triangular boxes at either edge, behaves structurally as a double-T girder. The
girder is continucusly suppdrted by the cables, with no fixed connection to the
rowers. Tt was built using the balanced cantilever method. Match-cast precast

" segments, 8.2 min length, were floated into position and lifted from the completed

portion of the superstricture. The joints between segments werc coated with
epoxy; small recesses were provided in the concrete section to weld the
longitudinal mild reinforcement at the joints. ' s

The design, details, and construction methods used for the Brotonne Bridgé and
the Pasco-Kennewick Bridge guided the development of concrete cable-stayed
bridges into the 1980s. Although most economical for long spans, cable-stayed
bridges have been recently been built economically for spans of less than 150 m.

At the present time, the iohgest-spanning concrete arci], girder; and cable-stayed
bridges are as follows: ; . e

The Tito Bridge, which links the island of Kik'to the Yugoslavian mainland, has
an arch span of 3%¢m (fig. 1.60). It was built by erecting precast box segments
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Figure 1.60
Tito Bridge, Island of K1k, Yugoslawa

using the cantilever method. The segments were transported from land to the
bridge by an aerial cable. The structural system during construction was a
cantilever truss formed by the arch, columns, deck girder, temporary diagonal
{ension members, and temporary tension lies anchored into rock at either end of
the bridge. After closure at the crown, the diagonals and ties were removed, The
bridge was opened to traffic in 1980. An unlikely combination of favourable
geological, topographical, and zconomic conditions Jed to the choice of an arch
for this crossing. It is. therefore improbable that the record span of this
technologically and agsthetically impressive bridge will ever be broken.

Figure 1.61
Gateway Bridgs, Brlsbane Australia
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’ Figure 1.62

Barrzos de Luna Bridge, Spain. . ' o, Tl

The Gateway Bridge in Brisbane, Australia is the longest spanning cantilever-
constructed girder bridge, with a 260 m span (fig. 1.61). It was opened to traffic in
1986. The fotal height of the structure was limited to 24.7 m, due to its proximity -
to an airport. The 22 m wide single cell box girder increases in depth from 5.2 m at

. midspan to 15.0 m at the hiers. The choice of 750 mm thick webs, reinforced with

vertical stirrups, is unfortunate; their thickness could have been reduced by almost
50 percent if inclined web reinforcement, which can be easily accommodated in
cantilever construction, had been used. If not for the severe height restriction, a
cantilever-constructed girder bridge would probably not have been built at this
site; cable-stayed bridges are more economical and more elegant for spans of this ‘
range. The record of the Gateway Bridge Is- also, therefore, unlikely to be
exceeded

The Bartios de Luna Bridge in Spain (fig. 1.62) is currently the longest sp;'tnniﬁg
concrete cable stayed bridge, with a main span of 440 m, The stays are arranged in

- two planes. Due to the short side spans, backstays anchor the tower into the rock;

an expansion joint is provided at the midpoint of the main span, The three-cell box

_ girdér was cast in place using cantilever constructicn. The bridge was opened 1o

traffic in 1984. Since the 440 m span of this bridge is still far from the limit of
economical feasibility for concrete cable-stayed bridges, it is likely that the record
span of the Barrios de Luna Bridge will be exceeded in the future. | :




2 Economy and Aesthetics

2.1 Design Objectives

The fundamental objectives of bridge design are safety, serviceability, economy
and elegance. A design can be considered successful only when all four of these
goals have been achieved. The relative importance of the objectives is defined by
the consequences arising when they are not achieved. These vary from the
unpleasant feetings evoked by ugly bridges to the loss of life and property caused
by unsafe bridges. The order in which the objectives have been listed above can
thus be regarded as hierarchical, beginning witl safety as most important,

Safety and serviceability are achieved through the systematic application of
scientific principles. They thus depend on the analytical skill of the engineer. The
criteria used to determine whether these objectives have been met are codifted in
design specifications and standards. Proficiency in designing safe and serviceable

bridges can be acquired through an understanding of the underlying scientific

principles, which are presented in detail in chapters 3 through 8.

-Economy and elegance, on the other hand, are achieved through nonscientific
means, They depend almost entirely on the creativity of the engineer. Economic
and aesthetic criteria have not been codified and are largely subjective. Useful
guidelines are available to help in improving the cost-effectiveness and visual form
of bridges. Proficiency in designing economic and aesthetically pleasing bridges
can nevertheless be acquired only through direct design experience, critical
observation of completed siructures, and full utilization of the engineer’s creative
talents. ’ -

Visnal elegance and economy are to some exient interdependent. Aesthetically
pleasing bridges are distinguished by iransparency, slenderness, and the lack of
unnecessary ornameitation, all of which resuit in an efficient use of materjals and

hence low coristruction cost. It is incorrect to infer, however, that the most

economical design is necessarily the most elegant.

In addition to meeting the above objectives, designs must also conform to
constraints that arise in special situations, such as;




50 2.1 Design Objectives

1. Restrictions on available construction time

2. Restrictions on the location of piers in watercourses
3. Environmental protection regulations

4. Noise level restrictions

5. Traffic safety along existing roads

2.2 Economy

2.2.1 Life-Cycle Costs

The cost-effectiveness of bridges cannot be judged on the basis of construction

cost alone. Bridge costs are best compared on the basis of life-cycle cost, defined as

the total cost of construction, operation, amortization, and demeolition, including
the costs and benefits arising from changesin existing traffic patterns. Attempts to
reduce the consumption of construction materidls through optimization of span
lengths and cross-section dimensions will have little effect on the total life-cycle
cost. Cost-effectiveness is rather a function of overall concept, characterized by a
properly chosen structural system, cross-section, foundation sysfem, and. con-
struction sequence. o

Operating expenses are incurred as a result of annual inspection, annual
maintenance, and periodic rehabilitation. Yearly operating costs can be calculated.
by expressing the cost of rehabilitation as an equivalent annual expenditure. Total
yearly operating costs of highway bridges are given as a percentage of the
construction cost in table 2.1. These figures are valid for bridges that have been
designed and constructed to minimize life-cycle costs; annual operating expendi-
tures will be higher for bridges that have been designed to minimize construction
cost.

Bridges are removed from service as a result of changes in the transportation
system, increases in legal live loads beyond the capacity of the bridge, or excessive
maintenance and rehabilitation costs. For planning purposes, the lifetime of a
bridge is normally assumed equal to 100 years. ’ ‘

- Table 2,1
Annual Operating Costs of Highway Bridges
Itemn Annual Cost
(% of Construction Cost)
Inspection . : 01
Mainterance t - 0.5
Rehabilitation
(averaged aver the lifetime of the bridge) 041004 .
Total . 1010 1.2

221 Lifc-Cyéle Costs . . 5

_Theef_fect of interest and inflation rates on life-cycle cost is investigated in the
following example: -

Example 2.1;
Life-eycle costs

”_[“at?Ie 2.2 gives the construction costs and annual operatin g expenditures for two
simiiar brlldg'es, deroted Bridge I and Bridge I1. Bridge T has a slightly higher
construction cost, lower annual costs, and a longer service life. Tt is assumed the
costs of demolition and the costs and benefits due to use are identical for both
bridges. The life-cycle costs of both bridges are compared 80 years after
construction. The salvage value of Bridge T after 80 years of service is assumed
equal to 20 percent of its construction cost.

Table 2.2 :

Basic Costs for Bridges of Example 3.1

Bridge . - Construction Annual Costs (inits) Lifetime
Cogt - (years)
(units) )

I 1000 (1.0% x 1000 =) 10.0 100

1T 200 (1.2% x 9500=) 10.8 : 80 -

Itis first assumed that the interest rate is equal to 5 percent and the inflation rate is
equal to 4 percent. 'Ijhe present value (at time of construction) of all costs is
compaFed for both bridges in table 2.3. On this basis, Bridge 1L is 2 percent more
expensive than Bridge 1.

Teble 2.3

Present Value of Life-Cycle Costs: 5% Interest, 4% Inflation
Ttem - Bridge I Bridge II
Construclion cost - 1660 - - 500
Salvage value -90 -0
Operating costs . 549 592
Total 1459 ’ 1492

-Different life-cycle costs are obtained when the inflation rate is reduced to 1

percent for construction costs and 2 percent for operating costs, and interest is
maintained at 5 percent. The present value of all costs is compared in table 2.4.
Under these assumptions, Bridge I is 5 percent more expensive than Bridge . ~
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* Table 2.4 - .
“Present Value of Life-Cycle Costs: 5% Interest, 1% Inflation for
Construction Cost, 2% Inflation for Operating Costs ‘ T

Hem ) Bridge [ -Brlidgc I
Construction cost - 1000 ~ 900
Salvage value - : . =9 . 0
QOperating costs ] 302 326 -

Total : . 1293 . : {226

2,2.2 "Constriction Costs

The total construction cost of a concrete bridge can be broken down into the
following structure: - : : C ..

1. Mobilization

Substructure - | Foundations -
.| Piers, abutments
2. Structure . Falsework, formwork
Superstructure [ Concrete
Materials Reinforcing steel’

Prestressing steel

3. Accessaries
4. Design and construction management

Mobilization is defined as the work required before construction can begin, for
example providing access to the construction site, preparation of site facilities, and
procurement of equipment. Aceessories include bearings, expansion joints,
drainage system, guardrails, deck waterproofing system, and wearing surface.

Estimates of construction costs should be based on cost records of completed
structures. Averﬁige costs of mobilization, structure, and accessories have been
calcutated from a sample of 19 concrete highway bridges built i Switzerland
between 1958 and 1985 (Menn 1986, 77). Bridges 1 through 4 are elevated
highways in urban areas, bridges 5 through 11 are viaduets in mountainous

terrain, and bridges 12 through 19 are valley crossings. For the remainder of this

seetion, total construction cost is defined as the sum of the costs of mobilization,
structure, and accessories. :

Figure 2.1 shows the total construction cost of each bridge broken down into-

componenis due to mobilization, structuge, and-accessories. The average costs,
denoted X, are as follows: :

1. Mobilization: 8%

2. Structure: . 78%

3, Accessories:  14%

'2.2.2 Construction Costs ‘ ' l 53

$00% 7T r e Legend:
. i B
Ny S A ] 3 b -
| 1 Accessaties
- — [::l Simch,-fe
o 1 &l Mebiization
|7
o, B et e Simr e = .
1234567391011!2514516}718[9‘ iﬁg

Figure 2.1 . -
Costs of mobilization, structure, and accessories as percentages of total construction cost

Structure costs cant be subdivided into the costs of superstructure and substruc-
ture. Due to uncertainties in geotechnical and hydraulic data, foundations are
usually designed more conservatively than other structural components. Even

.under very unfavourable foundation conditions, however, substructure costs are

uvsually considerably less than superstructure costs. Figure 2.2 shows the
coniribution of superstructure and substructure costs to the cost of the stzucture.

. The average costs are:

"~ 1. Substructure: 30%
2. Superstructure  70%

"The substructure consists of foundations, plers, and abutments. Abirtment costs,

which are relatively small, are normally included with pier costs. Foundation costs
are a primarily function of geotechnical and hydraulic conditions; pler costs are
primarily a function of bridge height. Since these factors vary considerably from
bridge to bridge, so will the ratio of foundation cost 1o pier cost. The average costs
of foundations and piers, expressed as percentages of substructure cost, structure
cost, and total bridge cost are given in table 2.5.

Legend: )
C 1 - superstructure
3 EEE] Subiinuctue
© 50% - .
=Ll b = f
oy, B Aok = Shee 2 é*ﬁﬁ E5Y r
: § 234567 89{0H11213181516171819
gure 2.2

sts of superstructure and substructure as percentages of structure cost
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Table25 - ‘ I
Substructure Costs
' . Piersand _ Foundations Total
Abutments : . . Subsiructure
(%) (%) (%)
Substructure cost . 24.0 N 76.0 - 100.0
Structure cost 7.0 . 23.0 ‘ 30,0
Construction cost ) 55 18.0 23,5
100% — - I I Eegend:

Folsework
I Formwork

* Maberlals
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Figure 2.3. A . S
Costs of falsework, formwork, and materials as percentages of superstructure cost

Superstructure costs are divided into the cost df falsework and formwork and the
cost of materials. The installation and removal of falsework and formwork are
labour-intensive operations. During the past 25 years, increases in wages have
kept pace with cost savings achieved through mechanization, As a result, the cost
of falsework and formwork has changed little relative to the cost of materials.
Falsework and formwork costs can be niinimized by the proper choice of
“structural. system, cross-section, and consiruction sequence. Figure 2.3 shows
falsework and formwork costs and material costs for each bridge in the sample,

expressed as percentages of superstructure cost. Table 2.6 summarizes the average

costs as percentages of superstructure cost, siructure cost, and total construction
cost. .

Table 2.6
Superstructure Costs
) Falsework and © Materials - Total
Formwork Superstructure
, (%) L) )
Superstructure cost 370 63.0 ‘ 100.0
Structure cost 26.0 . 44.0 - 70.0

Construction cost 20.0 345 54,5

2.2.2 Construction Costs . T 35.
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Costs of concrete, reinforcing steel, and prestressing stect as percentages of material cost

The relative costs of concrete, reinforcing steel, and prestressing steel are functions

of span length and cross-section dimensions. Increasing the thickness of the slabs
and webs will increase the consumption of concrete and tongitudinal reinforce-
ment and rechice the consumption of transverse reinforcement. It is therefore cost-

effective to use rélatively thick slabs and webs for short span bridges. Slender,

heavily reinforced cross-sections are preferable for longer spans, for which a
reduction in dead load is desirable. Figure 2.4 shows concrete, reinforcing steel,
and prestressing steel costs for each bridge in the sample, expressed as percentages
of material cost. Table 2.7 summarizes the average costs as percentages of material

~ cost, superstructure cost, structure cost, and total construction cost.

The average costs of concrete, reinforcing steel, and prestressing steel are roughly

equal. Detaifing considerations normally govern the selection of cross-section .

dimensions, and hence the consumption of concrete. Between 60 and 65 percent of
the reinforcing steel is normally required for stability of the assembled cage of bars
during concreting and for crack control'in the finished structure. Only the
remaining 35 to 40 percent of reinforeing steel and the prestressing steel can
therefore he reduced through calculation. Reducing this sieel by 10 percent would

decrease the total construction cost by less than 2 percent. Substantial savings, -

therefore, cannot be achieved by refined caleulations alone, The time and effort’
required for refined caloulations is preferably invested in the detailing and layout
of the reinforcing and prestressing steel. o

Table27
Material Costs

Concrete Reinforcing Prestressing Total
Steel . Steel © Materizls
&)y - (%) (%) . (%)
Material cost 200 39,0 S 320 100.0
Superstzuctusze cost 18.0 250 20.0 63.0
Structure cost 12.5 17.0 14.5 44.0 |

Construction cost 10.0 133 112 345
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Table 2. 8
Breakdown of Average Construction Costs
[tem , Cost
T {% of Total Constructmn Cost)
Mobilization T 8D
Structure
Substructure :
Foundations. ’ 18.0
Piers and abutments . 55 .
Total subsiructure . . 2338 235
Superstructure ‘ ’ :
Falsework, formworlk 20.0
Concrete - . 10.0
Reinforcing steel 133
Prestre;sing‘ steel : 112
Totat superstructure . . 5.5 54.5"_ )
Total structure . ' ) 78.0 ) 78.0
Accessories - 14.0
100.0

Total construction cost”

The average costs obtained from the sample of 19 bridges are summarized in
table 2.8. Although the sample was chosen.to represent a wide variety of
conditions, the most important cost factors do not vary mgmf‘ icantly from one”
bridge to another. Table 2.8 can therefore be useful in preparing preliminary cost

estimnates.

2.2.3 Preliminary Estimates of Superstructure Costs -

Superstructure costs can be feliab[y estimated with the help of the geometrical-
average span length I, defined by the following equation:

Xk

T
The summation is over the total mimber of spans; the length of span{ isdenoted [,
Empirical equations giving the quantities of concrete, reinforcing steel, and

prestressing steel as functions of [, have been derived from a sample of recently
constructed bridges. These approxunate expressions are presented in this section.

The volume of concrete in the superstructure is obtained by 'multiglying the _tf)tal
deck surface by the effective girder depth 4,,, defined by the following expression:

B, =035+0.00457,

. -
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(The parameters &, and 7, arein metres.) This equatlon isvalid prov1ded the actual
girder depth, A, satlsf’ ies the following inequality:

R

0 S

-...|:__

L
16

fan

- The quantity of reinforcing steel is obtained by multiplying the total volume of

conerete by the mass of steel per unit volume of concrete, n1,. The parameter i, is
estimated using the equation

m, =90+ 0.351,

where I, is.in metres and i, is in kilograms per cubic metre of concrete (kg/m).
This expression is valid provided the deck slab is not transversely prestressed. -
Between 65 and 70kg/m® of reinforcement is required for stability during:

construction and crack control; this quantity is independent of span Jlength. The
transverse reinforcement required to resist loads is primarily a finction of cross-

section dimensions. An additional 20 to 25 kg/m? is required for commonty used

cross-sections, regardless of span length. Most of the steel required above the
minimum 65 to 70 kg/m?* is located in the deck slab. The deck slab should
therefore be the focus of attention in the design and arrangement of the
superstructure reinforcement.

The mass of prestressing steel per unit volume of concrete, #ip, is a furction of
span length and construction method. For girders that are cast on conventional
falsework, nip is estimated using the equatlon

mp =041, - : ’ L @
where 1, is in metres and #1, is in kilograms per cubic metre of congrete. This
expression is valid for girders that are not transverdely prestressed. The quantity of
prestressing steel is obtaineéd by multiplying m1p by the total volume of concrete.-

Equanon {a) can also be used to compute »p for mcrementai]y launched bridges.
The launching procedure induces high stresses at all locations along the length of
the girder. Incrementally launched structures consequently require a heavier

. cross-section {/,/k = 14) and more presiressing than a conventionally constructed

bridge with identical span lengths. The ratio of steel mass-to concrete volume,
however, remains approximately equal for both construction methods.

Prestressing steel in cantilever-constructed bridges is arranged very closely to the
moment diagram due to loads. The paramelfer #, will therefore be soinewhat less

- than for conventional girders:

M= 0351,

where /, is in metres and i, is in kilograms per cubic metre of concrete.
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The estimated costs of concrete, reinforcing steel, and prestressing steel in the
superstructure are obtained by multiplying the estimated guantities by unit
material costs. The cost of falsework and formwork should-be estimated taking
into account the proposed construction sequence; if it is greater than 65 percent of
the supersiructure material costs, another construction method should be
considered. Adding the material, falsework, and formwork costs yields the total
superstzucture cost. The remaining costs can be estimated using table 2.8,

2 3 Aesthetrcs

- A bridge can be percerved as an independent entity or as an element of a Iarger
landscape. Elegance in bridge design can thus be considered as a function of both
abstract structural form and the relationship between -structural form-and
environment. These two aspects of bridge acsthetics are often independent of cach
other. Structures that are aesthetically pleasing as independent objects are not
always suited to their surroundings. Conversely, integration into the environment
may be achieved in spite of shortcomings in structural form, Tt is thelefore
important that nerther aspect be neglected by the designer:

The appearance of a proposed design must be evaluated from all possible
viewpoints. The use of a l[arge-scale model or three-dimensional computer
graphics is strongly recommended; two-dimensional orthographic views alone are
- insufficient.” The relatrve importance of the viewpoints should be considered.

Frcquently occurring views are normally more important. than those that occur
infrequently. The appearance of the bridge as scen from the most important
viewpoints should be designed and evaluated with spema[ care.

a) Abstract Structural Fm—m .

Adsthétically pleasing structural forms can be eharacterued in terms of efﬁclency,
‘harmony, and artistic shapm g.

Efficiency. The techmca[ and aesthetrc aspects of bridge design are c[oseEy related |
through the concept of efficiency. Our percepuon of elegance in bridges has been

conditioned by familiarity with structures in the natural world, where beauty and
efficient use of materials are inseparable. From Roman times to the present day,
bridges that have achieved renown for their elegance have almost without
ext:eptwn been remarkable for their efficient use of materials, The visual
expressron of efficient structural function is thus a fundamental criterion of
elegance in bi rdge de51gn Tt is one of the primary dlstmgmsh.mg factors between
structural engineering art and archlteeture

The rolc of efficiency in bridge aésthetics is iltustrated in figure 2.5. Tt'is apparevnt
that the bridge of figure-2.5a, a slender inclined- -leg frame, requires considerably

- less concrete than the girder and’ retaining wailé of figure 2.5b, The former’
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Figure 2.5 : .
Visual expression of efficient structural functwn a, efficient structure b, mefhcrent structure

structure thus accomplishes the same function as the latter with a more efficient
use of materials. The massive, heavy appearance of the bridge of figure 2.5bis
drrectiy related to its lack of efficiency. Its counterpart appears much [ighter in
coniparison. .

Two of the most important ways of expressing efﬁcrency are transparency and
slenderness

Bridges that lack a suitable degree of transparency appear as solid walls from a
wide range of viewing angles. For exceptionally low bridges, Iransparency isa .
- function of girder depth. For most bridges, however, transparency is a function of
-the number and width of the columns (fig. 2.6). It is most effectively enhanced by
reducing column width; even long bridges with many short spans can be given an
adequate degree of transparency provided the columns are suitably narrow.

Maximum transparency is achieved using one colummn per support axis. Round
columns, which are most effective in this regard often appear to_lack lateral
stability and thus create a disturbing impression. Rectangular columns are a
reasonable compromise between transparency and perceived stability. Single
columns can be used regardless of bridge height provided the width of. the
superstructure, B, is less than 12 m. Column width, b, should be chosen to ensure
th.at the ratio Bfb is between 3:1 and 3.5: 1. Single columns can also be used for
wider bridges (B> 12m), provided the bridge is sufficiently tall and the
superstructure consists of a single cross-section. For these bridges, the ratio B/b
should be chosen between.3.5:1 and 4.0:1.

Two columns per support axis must normally be used for low, wide bridges

{8 > 12m) and for all twin.bridges. The columns should be slender and have a

compact cross-section, for example a circle or a flattened hexagon. The lateral
- spacing between columns should yield a balanced moment diagram in the
- superstructure diaphragm, The use of three or more columns per support ax15
seve1ely reduces transparency and is therefore not recommended

he transparency of long bridges is drastically reduced by hammerhead columns
nd multiple-column bents. Theiruse should therefore normally be avmded Two-
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column frames have been successfully used, however, for bridges with a small
nutber of relatively long spans, An acceptable degree of transparencyis obtained
provided the individual spans can be recognized.

Slenderness is primarily a function of the superstructure arrangement. It is
normally expressed quantitatively in terms of an effective slenderness parameter 2,
defined as the ratio of span length to girder depth. The parameter 4 is most useful
as a rough measure of the relative economy of projects. The most economical
-superstructure is obtained when 4 is chosen between 135 and 17. Although girders

more expensive.

The parameter 4 is not, however, a reliable measure of visual slenderness, which is
a function of the visually apparent supetstructure dimensions, Visual slenderness
can be defined-as the ratio of the perceived uninterrupted length of the
superstructure to the perceived superstructure dimension perpendicular to length.
Depending on the location of the observer relative to the bridge, this dimension
can be either girder depth or girder width (fig. 2.6). Span length therefore plays a
subordinaterole in the visual perception of slenderness, provided the continuity of
the superstructure across the intermediate supports is not interrupted.

Apparent superstructure depth is of greatest significance in connection with-low
bridges. It is also important for short high bridges viewed from afar. Long high
bridges always appear slender when observed froma distance, regardless of depth.
Apparent depth can be effectively reduced through the use of wide deck slab

strips of light and dark that accentuate the long dimension of the superstructure,
. Varying the depth of the girder can also be beneficial. The visual slenderness of a
long three-span bridge, for exarnple, can be substantially improved by haunching
the main span and tapering the side spans. Haunched rigid-frames are preferabie
to low, single-span simple-beam bridges, which appear heavy for values of 4 as

considered; an adequate degree of transparency and slenderness cannot be
achieved unless the ratio of bridge height to girder depth is greater than 4.

Apparent superstructure width is primarily of importance for the visual slender-
ness of high bridges. The eritical viewpoint is relatively close to the structure; the
critical direction of view is upward at a slightly oblique angle. Superstructure
width is normally fixed by traffic requirements. The visually apparent width can,
however, be reduced by an appropriately chosen cross-section. Single-cell box
girders with wide deck slab cantilevers are particularly well-suited in this regard.

b

Figure 2.6 . - .
Transparency and stenderness: a, transparency is enhanced by single columns; slenderness is a
function of bridge length and girder depth; b, transparency is somewhat reduced by twin, wide
columns; slenderness is a function of bridge length and girder width

- Harmony. All of the components of a bridge should be harmoniously integrated
into one coherent, organic entity. This is accomplished by both visual means
(providing symmetry, order, and regularity) and technical means (properly
defining the structural function of each component).

with effective slendetness ratios as high as 30 are possible, they are considerably .

cantilevers. The shadows they cast onfo the girder webs create contrasting paralle! -

high as 25. The.interaction of superstructure depth and bridge height must also be
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Our perception of harmeny in bridges, like our perception of efficisncy, has
originated from familiarity with naturally occurring stroctural forms which have
grown using minimum energy and materials, These forms invariably possess
symmetry; the visual impression of balance sind stability they create is always
matched by a state of stable equilibrium and low stress. A symimetrical structural
system forms the basis of almost all of the bridges that have been acclaimed for
their elegance, from Roman times to the present day.

" The concept of order is related to the orientation and arrangement of bridge
components, many of which can bs considered one-dimensional. The number of

different inclination angles of similar structural members should be as small as -

possible, unless the members form a regular, gently curved envelops. Otherwise,
the structure may appear ambiguous or unsiable from certain viewing angles.
Twin bridges that are parailel in plan should have identical longitudinal grades. If
" possible, the roadways should be arranged so that only one of the two bridges is
visihlé from the most important viewing location,

Both the span arrangement and the cross-section must possess a high degree of
regularity. Spans of equal length and a constant cross-section are thus desirable
from a visual point of view. They have the added advantage of requiring the
least amount of material and producing the most favourable construction
“conditions. Bridges of varying height should, however, be given spans of varying
length. The ratio of span length to bridge height can thus be maintained

constant, which results in a mors balanced appearance than would be obtained

using spans of equal length,

Artistic shaping. The raw structural form’reguired for safety, serviceability and
economy is rarely the most elegant. It can normalily be refined into an elegant
form, however, throu'gh artistic shaping-of the structural members. The associated
additional cost is insignificant. Shaping that follows the flow of internal forcesis
recommended in most cases (fig. 2.7a). Forms that disregard the flow of forces
normally produce & chaotic effect.and should thus be aveided. In the hands of a
gifted designer, however, member shaping based on purely aesthetic consider-
ations and ornamentation can produce particularly charming results (fig. 2.7b).

b) Structure and Environment

Bridge aesthetics should be considered in the design of highway and railway
- alignments. Topographical features that enhance the appearance of bridges
should be identified and, if possible, incorporated inte the alignment. Viaducts
. along mountain slopes should be gently curved to follow the contours of the
landscape (see, for example, figure 1.50),

The character of the landscape should be refiected in the structural form. A
subdued form is preferable in flat or gently rolling terrain that lacks conspicuous
topographical features. Prominent obstacles such as wide rivers or deep canyons

" 23 Aesthetics
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Figure 2.7

}‘\rtislic shaping of structural members: a, de-
_ rived from the flow of internal forces; b, derived

from purely aesthetic considerations

o e
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are best crossed by structures in which one span has been given particular visual

- emphasis. Bridges in built-up arcas should normally be unobtrusive. In certain -

cases, however,  positive visual effect can be achieved by a structure that gtands
out from an urban environment. .

c) Aesthetics and Econoniy

Any modificatior: of the structural form made to im_prove appearance \:’Vlil be
reflected in the total construction cost. Due to the relation betfxreen aesthetics and
efficient use of mdfterials, some modifications may fesult in cost reductions.
Others, such as the artistic shaping of members, may increasle the total gost. ']:"he
combination of all structural modifications made for aesthetic reasons, éxcluding

increases in span length, will normally resuft in a net change in construction costof -

no more than about 2 percent..

Cost increases can be substantial; however, if span lengths are increased for
aesthétic reasons. Any savings in substructure costs that may rcgult are usually
outweighed by increases in superstructure costs. The most f:co‘nonu.cal span length
is relatively short, and appears mediocrc‘: and overly cautious in most cases.
_ Longer spans, on the other hand, substantially enhance transparency and.copvey
an impression of efficiency and.-boldness of conception; “the overlall visual
impression is greatly improved provided the spans remain in pro.pgrtlon fo the
. surrounding landscape. It is thereforé recommmended that spans slightly longer
than the economical minimum be provided, especially for prominently exposed

bridges. A'cost increase of up to about 7 percent of the cost of ‘the most economical ™

solution should be allowed for this purpose.

Reference -

Menn, C. 1986, Stahlbetonbriicken (Reinforced concrefe hridges). Vienria and Ne?w York: -

Springer-Verlag

'3 Materials and Actions

3.1 Materials
3.1.1 Concrete
a)' Quality

Conerete must have sufficient compressive strength to make possible a state of
equilibrivm between stresses in the concrete and reinforcement on the one hand
and sectional forces due to external loads on the other. It must also protect the
embedded reinforcing and prestressing steel against damage due to corrosion, fire,
and vehicle impact, which can severely impair structural capacity. Even when
additional protection is provided, the covering layer of conerete is still the most
important barrier between the steel and the exterior environment. The degree of
protection provided to the steelmust therefore be considered as equally important

to compressive strength as a measure of concrete quality in bridge construction. =

Corrosion is by fdr the greatest threat to the reinforcement in concrete bridges. It

can occur when a suifficiently high concentration of chloride fons is present in the

covering layer or when the alkalinity of the covering layer has been reduced

-through carbonation. The two principal sources of chloride ions are deicing -

chemicals, regularly used on bridge decks in Burope and North America, and the
ocean. The latter affects concrete in bridges through direct contact or through salt
contained in the atmosphere of coastal regions. Carbonation is a chemical
reaction. of concrete and atmosphieric carbon dioxide; although it is a less

aggressive process than chloride attack, it occurs in all geographical locations.

Corrosion ¢an be prevented by blocking the penetration of chiorides and carbon
dioxide into the covering layer. The effectiveness of the covering layer in

© preventing damage to the reinforcement is therefore primarily a function of its

impermeability.

Both strength and impermeability are the result of a low water-cement ratio, high -~

quality aggregates, and proper workmanship in mixing, placement, and curing,

‘The weight of water required for complete hydration, the process by which water
and cement are transformed into hardened cement paste, is approximately equal

bR b sy
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to 35 percent of the cement weight. Roughly 70 percent of this water is chemically
-bonded to the cement particles; 30 percent is physically bonded to the cement in gel
pores measuring roughlty 2 nm in diameter. Because the water they' contain
evaporates only at temperatures above 105 °C, the gel pores can be considered as

part of the hardened,cement paste. The physically bonded water freezes at

—78°C. The danger of spalling due to a buildup of ice pressure in the gel pores can
therefore be neglected in concrate bridges. -

i i 3 Its in a gross decrease-in
-The chemical reaction between water and cement resu s
volume of approximately 10 percent, This shrinkage induced by hydration rcsglts
in the formation of capillary pores in the hardened cement paste, measuring

roughly { pm in diameter, or 500 times the diameter of the gclporc; (Nevi[!e.19'81, ’
'26). The capillary pores produced in this way are empty and are not inter-
connected to each other. They thus do not pose a problem with regard to -

durability.

The amount of water added to the concrete mixture niust include a sacr;giqlal
fraction to account for losses due to the evaporation that occurs between_mlxmgl
‘and casting. Water-cement ratios varying betwefan 36 and 42 percent by weight are
therefore required for complete hydration in “actual congstructmn praclise,
dependin £ on atmospheric humidity, temperature, transportation, and }vorkmap;
ship. Assuming complete hydration, one cubic metre of concrete will contain

approximately 0,18 m* of hardened cement paste {(which includes 0,04 m® of gel -

pores), 0,02 m?® of capillary pores, and 0.02 m® of air pores, entrapped in the fresh

concrete during mixing, casting, and consolidation (fig, 3.1). Entrapped air pores-

are Telatively lazge, ofien surpassing 1 mm in djameter. -

Water in excess of the amoul_it required for compléte hydration can be neithet
physically nor chemically bonded to the cement parncl.esp It remains in the
hardened cement paste as capillary water contained in capillary pores of roughly

s
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the same size as those prodﬁcedvby shrinkage dueto hydration. Assuming a water-
cement ratio of 55 percent, one cubic metre of concrete will contain approximately
0.18 m® of hardened cement paste (which includes 0.04 m? of gel pores), 0.08 m3

of capillary pores, and 0.02 m? of entrapped air pores-(fig. 3.1).

The capillary pores created by excess water are interconnected with themselves:
and the empty capillary pores caused by volume loss due to hydration. They thus

increase the permeability of conerete, facilitating the penetration of harmful

substances, liquid or gaseous, into the covering layer. All of the chemicals related
-to the corrosion process — carbon dioxide, chloride ions, and oxygen — readily

enter the concrete through the network of pores created by capillary water.

Capillary water freezes at 0°C. The resulting ice pressure enlarges the capillary
network and can be sufficient to-fracture the concrete. Damage of this type can
largely be prevented by using high-strength, low-porasity concrete. The cube
compressive strength should be at least 30 N/mm?; capifiary water should accupy |
no more than 6 percent of the conerete volume, '

" When deicing salts are used on concrete bridge decks, most of the heat reéuired to

melt ice and snow is removed from a thin layer of concrete at the surface, This
produces high differential thermal stresses in the deck. The combined action of
thermal shock indiiced by the melting process and ice pressure in the capillary
system cannot be effectively resisted by conventional concrete composed only of
aggregates, water, and cement. Artificially increasing the number of air pores by
means of air-entraining admixtures has proven helpful in increasing the resistance
Jof conerete to this type of damage: Entrained air pores, which are up to 1000 times
larger than capillary pores, restrict the penetration of water by blocking capillary
action and provide room for the freezing water to expand freely. Increasing the

_total air content to 5 percent of the total concrete volume can significantly reduce

damage due-to the combined action of freezing and deicing salts. The protection
provided by air entrainment alone, however, may not be entirely adequate. Due
to higher water-cement ratios in the upper layer of the deck slab, the proportion
of capillary pores will always be higher at the top of the slab than in the interior.
Deck slabs must therefore be given the additional protection of 8 waterproofing
membrane to block the penetration of water and a thick wearing surface to reduce

thermal shock.

Only hard, clean aggregates with a favourable ratio of volume to surface area

- should be selected. The particle size distribution should conform to standard-

ized grading requirements. Aggregates that are not in accordance with an

accepted sieve curve must be theroughly investigated before thiey are approved for
use. T - )

Congrete must be mixed for at feast one minute after all ingredients have been
combined. Strength and impermeability are substantially reduced when shorter

mixing times are used: Longer mixing times may be required when admixtures are
used. - - - .
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Difficulties in conereting often fead to deficiencies in strength and impermeability.
Satisfactory placerent of concrete with a water-cement ratio of less than 40
percent is possible only with the addition of a super-plasticiser. Conversely,
concrete without a super-plasticiser must be placed using a water-cement ratio
greater than 40 percent, which increases the conteat of capillary pores, The
resulting increase in perneability must be offset by increasing the thickness of the
covering layer. Both mixing and placing are made easier by the use of spherical
aggregates with smooth surfaces. Concrete placement is facilitated by a properly
detailed arrangement of reinforcing and prestressing steel. The height of drop
should be limited to avoid separation of the concrete components. Access epenings
in the formwork for pouring and vibrating should be provided where necessary.

Proper curing is of utmest importance, Impermeility of the upper surface is
easily destroyed by finely distributed cracks due to evaporation at the surface or
due to strains induced by the thermal gradient between the interior, warmed by the

heat of hydratibn, and the exterior, cooled by the atmosphere. Uncured concrete -

surfaces must therefore be covered with mats as soon as possible to prevent drying
out and provide thermal insulation. Spraying with water has a detrimental effect,
since this further increases the thermal gradient.

Although strength and impermeability are to some extent related, it is incorrect to
assume that high strength concrete is all that is required to protect the
reinforcement. Defects such as gravel pockets or cracks due to shrinkage and
water loss have little effect on the overall strength of structures. They are,
however, disastrous with regard to the durability of the embedded steel,
Impermeability should therefore always be given proper consideration in the
. design and construction of concrete structures. :

r

b) Specy'z'caz:iqns

Specifications for concrete must prescribe minimum permissible compressive -

strength, £ m, and define procedures for testing compressive strength of the
concrete that has been cast. . .

Compressive strength is usually tested using specimens cast at the construction site
or at the concrete plant, Cores extracted from hardened concrete in the structure
may also be used. The most commonly used shapes for cast specimens are cubes,
square prisms, and cylinders. Prism strength, £, and cylinder strength, £, will be
understood to refer to the compressive strength of specimens with a ratio 6f height
to width of 2, Cube strength [, is approximately 18 percent greater than /[, and f;
far specimens made of identical concrete. -

Swiss standard SIA 162 specifies that concrefe strength be tested using cube
specimens and prescribes a minimum number of specimens, ». The set {£, 1,
w21+ s o n) ©f compressive strengths must satisfy. the following condition:

ﬁw, m % (TT-)S gﬂw.mln " o (a)
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Figure 3.2 :
Values of the coefficient a: a, for the 2% fractile of compressive strength (adapted from SIA 162);
b, for the 5% fractile of compressive strength :

wheref,,, ,,is the sample mean, s is the sample standard deviation, and £, .. Isthe
specified minimum strength. This inequality is based on the assumptioﬁ that the
6t {fow1s Jowzs <ves Somn} 18 a 1andom sample from a Gaussian normal
distribution. The quantity « is a function of 1 and of a given fractile value of the
normal distributfon, The 2 percent fractile is specified in SIA 162

SIA 162 also allows the standard deviation to be determined independently of the
sample. The value of s can be computed from the records of the concrete plant or
from calibrated rebound hammer tesis of previously. constructed structural
components. Since the standard deviations obtained using sither methed are more
reliable than those obtained from the set of # cube specimens, the value of « in
inequality (a} can be reduced accordingly. The parameter « is plotted as a function
of n in figure 3.2,

Cement content per cubic metre of hardened concrete must also be specified.
Special properties required to ensure adequate behaviour under service conditions
may also be included in the concrete specification, for example impermeability
and resistance to the effects of freezing, freezing and deicing salts, abrasjon, and
specific chemicals, .

¢} Constituent Materials

" Cement should conform to an accepted standard specification. Non-standard
* cements should only be used in exceptional cases and only after their suitability

has been confirmed by extensive testing, In particular, cement should contain
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- no more than 4,5 percent sulfate and 0.1 percent chioride by weight. High-early-
strength cement, which generates more heat of hydration than normal cement,

should only be used when the ambient temperature is low and strict precautions

are taken during curing.

Potable water is suitable for use in the concrete mix without specié'l testing. Water
that does not originate from a public drinking supply must be tested before it can

be used. :

The suitability of the aggregates must always be verified prior to the production of
concrete. Particularly high-quality aggregates are required for concrete that must
resist freezing or the combined action of freezing and deicing salts. In such cases,
apgregates shoutd be tested for organic impurities and a detailed investigation of
relevant petrographic properties (including strength, porosity, shape, and surface
area) should be conducted. Apggregates should never inciude micaceous materials.

The recommended particle size distribution from STA 162 is shown in figure 3.3.
Material corresponding to specified aggregate grading requirements is often not
readily available to concrete plants. The grading of the aggregates should
therefore be regulariy monitored during construction to avoid any excess in a
given grain size class. The percentage of particles less than .02 mm diameter
should be limited to no more than 1 percent of the total aggregate mass. In

addition, the quantity of particles under 0.125 mm diatneter, including cement, .

should not exceed 350 kg/m?.

Super-plasticisers are frequently used in bridge construction as a means of
reducing the water-cement ratio. Their suitability must always be verified prior to
use, especially when they are uséd in conjunction with other admixtures.

d) Fresh Concrete

- Concrete must always be tested immediately before it is placed into the forms.
These tests are especially important since they are the last available means of
rejecting substandard concrete without serious economic consequences.

Recommended aggregate particle size distri- .
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The water-cement ratio must be continuously monitored. Concrete for which the
water-cement ratio exceeds a specified threshold value should be rejected. Easily
?on'duc'ted consistency tests, for instance the stump test (SIA 162/1), give some
}uqmatlon of the water-cement ratio and the grading of the aggregates. Only when.
it is known that one of these factors is constant, however, can the other be
estimated with any degree of reliability. i

Cement content need not be tested in fresh concrete provided the apgregates
have been measured by weight beforehand. The cement content per cubic metre of
hardened concrete can be determined with sufficient reliability from the volume
and gross densify of test samples of hardened concrete. :

If air-entrginjng‘ admixtures are uséd, air content must be- tested in fresh
concrete thiat has been consolidated by vibration, '

e) Hardened Concrete

The rate of inerease in compressive strength with age is a function of type and
qua‘hty of cement, properties of the aggregates, admixtures, workmanship, and
curing conditions (in particular temperature). Strength gain is therefore subject to
considerable varfability. Under normal conditions, however, the curve of
ﬁgu;e 3 «4 can be used for rough estimates. Certain applications, such as the post-
tensioning’ of segmentally built girders, require high strength 2 to 3 days after
casting, In such cases, strength must be tested using a specimen of the saine age or
a ceEhbrated rebound hammer, Consideration must also be given to deformations,
moisture loss, and thermal shock in determining when formwork and falsework
may be removed; for conventional methods of cons(ruction, these factors are
normally more important than compressive strength in this regard,

The durability of concrete that will be subjected to severe.environmental

conditions should be investigated using samples of hardened concrete taken from
the structure. STA 162/1 specifies tests of resistance to freezing and of resistance to

fon/fow, 2

Figure 3.4
Growth of compressive strength with time
(adapted from SIA 162}

.
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the combined action of freezing and deicing chemicals. The former test measures
the number of freeze-thaw cycles necessary to produce a 50 percent.reduction in

- modulis of elasticity; the latter measures the mass of loose particles recovered
from the surface of a specimen subjected to 30 freeze-thaw cycles while saturated
with a 3-percent salt solution, ' .

) Deformations

Conerete has a nonlinear stress-strain diagram, the shape of which varies with rate
of sttain, strength, and age. Diagrams are obtained from compressive tests, most
commonly using 28-day-6ld prisms or cylinders with strain applied at a rate of
0.001 per minute, This rate corresponds to static loads of short duration; slower
rates can be used when investigating behaviour under long-term loads.

The strain correspanding‘to compressive strength is denoted . Its value, which -

decreases algebraically with decreasing rate of sirain, normally lies between
—{0.0020 and —0.0035 for specimens of uncenfined concrete, In displacement-
controlled tests, strains algebraically less than g, are accompanied by a decrease in
stress, This behaviour is illustrated in figure 3.5 for specimens of unconfined
" 'concrete. Lateral confinemerit of concrete loaded in compression produces an
algebraic decrease in g, and a more gradual decrease in stress for strains beyond &, -
{fig. 3:6). . .
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computed from k; and v, using the familiar equation
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The stress-strain diagram of concrete is éu_bjcct to considerable variability.
Concrete strains under service conditions should therefore be limitéd to 0.002 to
ensure an adequate margin of safety against crushing.

An idealized stress-strain diagram is normally used to compute the ultimate
fesistance of reinforced and prestressed concrete cros§-sections (see Section 4.3.1).

According to SIA 162/1, the modulus of elasticity, E,, is determined from the
unloading curve of the stress-strain diagram- of conerete prisms or cylinders
loaded in compression. Tt is defined as the secant modulus, (s, — 0,)/A%, where o,
'Is approximately one third of compressive stretigth and &y 18 0.5 N/mm?, Stress is
increased at a rate of 0.5 N/fmm? per second. The value of E, thus obtained can be
used to compuie deformations due to static loads of short duration. For dynamic

- analyses, the modulus of elasticity thus obtained should be increased by roughly

10 percent to account for the higher rate of lodding, The incréase of E, with age
follows a curve which is geometrically similar to the curve of figure 3.4.

Ee 4 [WW/mm?]
: ool

: |
40 \ Tange of variabilty
. o

20
Jjo 1. - Figure 3.7

. i Typical refation between modulus of
0 . : fCW,g " elasticity E, and average cube strength

g 10 20 30 4 350 [wmnt] L. (adapted from SIA 162)

For design calculations, empirical relations can be used to compute E, as a
function of gverage cube compressive strength, Jow,m (f1g: 3.7). (The value of £, ,
can be taken as the 2 percent fractile cube strength plus 10 Nfmm?2.) The
variability of E, caloulated in this way is significant. '

Poisson’s ratio, v,, varies between 0.15 and-0.20. The shear meodulus, G,, is

. EC ~
G = 2w

T

* The coefficient of thermal expanston, oy, is approximately equal to 1075/°C.

. 'The compressive stress-gtrain behaviour of concrete can be formulated analyti-
cally using Hooke’s law: ' B ’

o.=FEe . ' | : (b)
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provided o, i of short duration and is less than or equal to 0.33£,. Concrete
undergoes time-dependent elasto-plastic deformations under sustained stress due
to creep. Equation (b) is therefore not valid for long-term stresses and strains,

- The total strain due to a sustained stress o, can be expressed as the swm of an elastic
strain &, ., and a creep strain g, : :

=g + &
" where g, 4= &,/E,. Provided ¢, <0.33 Sipy B, CAN be rewritten as

&, = ¢’(ta T) Ee el

where ¢ isthe age of the concrete and = is the age when the stress o is applizd. The
slope of the creep function ¢ (1, 1) is sicep immediately after load is applied and
gradually decreases to zero at time infinity. ’ :

For constant #, ¢ increases with:

1. Decreasing atmospheric humidity

2. Increasing fineness of cement

3. Tncreasing water-cement ratio

4. Decreasing concrete density

5. Decreasing cross-section dimensions -
6. Decreasing age of concrete at time of loading, ¢

_ These influences can bé formulatéd analytically in the following equation:

CeeD=dk@ S @3.1)

. The creep coeflicient ¢, is a function of material propertiss and environmental

- conditions. It is plotted in figure 3.8 as a funiction of relative humidity and water-
cement ratio. This graph is valid provided the proportion’ of cement and
aggregates smaller than 0.125 mm diameter is 350 kg per cubic metre of concrete.
" Increasing this proportion by 50 kg/in® will increase ¢, by 5 to 10 percent.
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The function k(f).is: a correction factor for the age of concrete at time of loading
{fig. 3.9). The fictitious time scale 7 accounts for temperature during the time
clapsed between casting of concrete and applieation of load:
. .
¥ (1;+10°C)
=1
30°C

i=r1

where 7 and 7 are in days-and 7, is the average temperature.on day i,

‘The function f(7 — ) describes the time-varying behaviour of creep. As shown in
figure 3.10, f1 (rﬁr)'d_cpends on an effective thickness parameter by

24 S .
S | - L@

where A, denotes cross-sectional area and U denotes perimeter exposed to drying
out. ’

Concrete also undergoes time-varying deformations that are not induced by
stress. The progressive drying of concrete affer hardenin g results in a decrease in

v
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| -7 Time-varying component of the creep
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volume. This phenomeron js called shrinkage. As with creep, shrinkdge strains g,
increase sharply immediately after hardening and appreach a final value af time
infinity, The following factors result in inereased shnnkage strains:

1. Decreasing atmospheric humidity : L
2. Increasing proportion of fine aggregates and cement -
3, Increasing fineness of cement

4. Increasing water-cement ratio

5. Decreasing concrete density

* 6, Decreasing cross-section dimensions

The shrinkage strain in concrete cured under nermal conditions can be expressed
as ‘

buslly 10) = e (8 (1) — 2(00)) o 6

where 1, is the age 4t which shrinkage strains begin, i.e., when the concrete is
“exposed to the atmosphere. The shrinkage coefficient &, , is a fungtion of material
properties and relative humidity, Figure 3.11 is valid provided the proportion of

cement and aggregates smaller than 0.125 mm diameter is 350 kg per cubic metre |

* of concrete. Increasing this proportion by 50 kg/m?® will increase e, , by 5 to 10
percent.

The function g (¢), graphed in figure 3.12, describes the time~varying behaviour of
shrinkage. It is influenced by the thickness parameter 4, ,, defined by equatlon {c).
The shrinkage strain e, decreases with increasing values of #y. It is therefore

recommended that exposyre fo the atmosphere be postponed as long as possnbla._

by covermg the concrete and keeping it moist during curing.

The matcrial parameters that affect both short-term and long-term deformations
of concrete are subject to considerable variability. The properties of cement,

aggrepates, and admixtures can cause significant deviation from the curves of
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figures 3.7 through 3.12, These figures should therefore only be used when it is
known from experience ortesting that, as a minimum, the parameters E,, ¢,, and
&, » agTee With figures 3.7, 3.8, and 3.14, respectively. i

" 3.1.2 Reinforcing Steel

a) Qr:alr't); Assurance

Reinforcing steel is govérned by standards that specify its metallurgical and
mechanical properties. For bridge design engineers, the most important
properties include vield strength ductthty, bond, resistance to fatigue, and
weldability:

* Testin g of metallurgical and mechanical properties is conducted either at the mill

or at an independent laboratory. Bars must also be carefully inspected on the

‘construction site to ensure conformity to reinforcing steel standards and design

documents, The inspection should include a verification of identifying marks on
the bars and of bend radii, spot checks of bar weight per unit length, and detection
of rolling defects, dirt, and other faults. Workmanship must also be carefully
monifored, in particu[ar -when reinforcing steel is field bent. Bends should not be
made without standard radius pins for bars greater than 12 mm dlametcr heat
must never be used to bend bars.

b) Types of Steel

Reinforcing steel is commonly classified according to strength and methad of

production. In most industrialized countries, reinforcing bars are manufactured
from high-strength steel. Several different processes are used in their production.

Natural[y hard steel-(designated $500a in SIA 162) achieves its strength entirely
on the basis of its chemical composition. Its stress-strain diagram is characterized’
by a distinct yield plateau, Cold-formed steel (SIA 162—5 500b) is strengthened
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- Typical stress-strain diagrams for reinforcing stegl: a, fine scale; b, coarse scale

after rolling by drawing or twisting. Since its stress-strain diagram has no distinet

yield plateau, the yield point of cold-formned steel is defined nominally as the stress
that produces -a residual permanent strain of 0.2 percent. Tempered steel
"(51A 162-8500¢) is strengthened by thermal treatment and quanching, Tts stress-
strain. behaviour is similar to that of cold-formed steel, An alternative procedure

for the manufacture of small-diameter bars consists of coiling the bars after rolling

(SLA 162—-5500d). The coils, which are considerably longer than straight bars,
reduce waste and facilitate transportation. They are straightened 1mmedlately

prior-to fabrication; the cold-working of the straightening operation resultsina -

significant increass in strength. The mechanical properties of bars fabricated from
coils are thus identical to those of cold-worked steels: Typical stress-strain
diagrams for naturally-hard and cold-formed or tempered stesl are shown in
figure 3.13. The modulus of elasticity, E,, is equal to 210 kN/mm? for all types of

reinforcing steel, The limit of proporhona[tty is defined in SIA 162/1 as'the stress '

producrng a permanent strain of 5.0 x 10~

c) Properties

Strength. Tensile strength and Yield stress are determined from standardized
tensile tests of reinforcing bar specimens (STA 162/ £). S1A 162 specifies limits for
the 5 percent fractile, £, , and the ininimum vatue 5/, mins> Of Yicld stress for the types
of steel common[y used in Switzerland; the sample must consist of no fewer than
33 specimens. The specified minimum value, yomins is taken as the design value of
ylelci stress, f,. -

Tensile st:ength and yield stress must be computed relative to the effective sectlon,
which is equal to mass per unit length divided by densrty {2.= 7850 kg/m?). Itis
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re[atlvely easy to reduce the amount of steel {4 < A,) and to increase the yield
stress > fop)» while maintaining’ constant yield force (As Jo=A.f,). This
dev1at10n from standard must never be aliowed, however, since the reduction in
area resultsin higher steel strains and larger erack widths under service conditions.
Mass perunit length must therefore be caréfully verified or samples of each of the
standardrzed bar sizes. -

Bond. Reinforcing stce[ must be capable of developing sufficient bond with the
concrete for efficient, economical anchorage and lap splices. Good bond is also
required to ensure the proper distribution of cracks under service conditions. The
transfer of force between steel and concrete i$ accomplished primarily through
raised defprmations on the surface of the reinforcement. When poorly maintained
rolhng equipinent is used, these deformations may be insufficiently pronounced .
impairing the force transfer mechanism. The bond strength of bar samples sheuid
be periodically verified using a pull-out test (SIA o). - ’

Ductzlzty Reinforeing steel ntust be sufﬁcrently ductile to enable fabricatlon and

. to ensure that structures can deform plastically at ultimaie limit state. The
‘dugtility required for fabrication can be tested with an aging-rebend test

(SIAIGZ/ 1). The maximum plastlc deformation in strictures at ultimate limit ]
state is a function of the maximum plastic strain in the reinforcing steel measured
between yield point and tensile strength. This strain is approximately equai tog,
which ¢an be conveniently computed after compietzon of the tensile test using the ‘
equation .

gy =2E—8s

where g5 and £y, are final average sirains, measured over intervals of original,

length.5 and 10 bar diameters, respectively, centered on the location of the
rupture. The steel can be considered 5ufﬁc1ently ducufe when g, is greater than
0.02. .

Resistance to Fatigue, The fatigue resistance of reinforcing steel can sometimes be
of contrelling 51gnlﬁcance in the design of railway bridges. The maximum
allowable stress range in the teinforcement is a function of the predicted number of
live load cycles during the lifetime of the bridge, commonly spec:ﬁed as 2Zmillion,

Fatlgue resistarice of reinforcing steel is normally measured in the laboratory
using naked test specimens. The allowable stress range of straight bars cast into

" concrete, is approximatcly 80 percent of the allowable stress range of naked

specimens for the same number of load cycles. The allowable stress range of bars
bent to a radius of 5 bar diameters is approximately 60 percent of the stress range
of naked specimens; this figure reduces to 30 percent for bars bent to a radius of
2.5 bar dlametcrs .

Weldability. The heat produced by welding causes the embrlttlement of high-
carbon, natura]ly hard steel and a significant loss of strength in ¢old-formed and
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tempered steel. Welds that must develop the full tensile strength of the bar must
therefore be carefully inspected. Welds should be avoided whers reinforcement is
+ subject fo fatigue and at all bar bend locations. .

3.1.3 Prestressing Steel
a) Quality Assirance

The following properties of prestressing stecl must be carefufly specified and
tested: strength, ductility and toughness, bond, resistance to fatigue, and
relazation behaviour. The metallurgical and meehanical properties of prestressing
steel are tested at the mill or in independent laboratories. Trispection on the
construction site is often more difficult than inspection of reinforcing steel and is
usually limited to a superficial visual examination of the completed tendons in
their ducts. Because it is"easily’ damaged, prestressing steel must be stored and
handied with special care,

Proper grouting of bonded tendons is of critical importance to the durability of
prestressing steel, Grout, which is normally made of portland cement, water, and
additives, must not contain chlorides nor any other substance that promotes
corrosion. The water-cement ratic should be less than 40 percent by weight,
Grouting operations must always be carefully moniiored and must not be
- undertaken when the temperature inside the ducts is less than 5°C.

Prestressing stecl is particularly susceptible to corrosion. It is therefore essential
that improperly grouted tendons, gravel pockets, and defects in the coverin g layer
of concrete be prevented and, when necessary, located and repaired.

b) Types of Steel

Prestressing steet is supplied from the mill in the form of wires, thin rods, 7-wire
strands, and bars. Typical stress-strain diagrams for the most common types of
prestressing steel are given in figure 3.14.

Prestressing wires are produced in diameters ranging from 3 mm to 8 mm. They
are normally thermally treated after rolling and then cold drawn in 5 or 6 stages.
This process gives the wizes a crystal structure that is aligned parallel to the
" Iongitudinal axis, resulting in high strength, ductility, and toughness, The wires
are then stretched and heat-treated to reduce relaxation. Tempered wires obtain
their high strength through intense heafing and subsequent. quenching, Their
crystal structure is not aligned parallel to the longitudinal axis, but is rather
directed radially, Ductility and toughness are thus significantly reduced; small
defects or rust scars in tempered wires can cause brittle fracture. Tempered wires

are therefore not recommended for use in post-tensioned structuzes, but can be

used for pre-lensioning when properly handled.
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Typical stress-strain diagrams for prestressing steel: a, fine scale: b, coarse scale

Wires are available with a smooth or slightly deformed surface. Wires 6 mm and
7 mm in diameter have & modulus of elasticity of 205 kN/mmZ. They are used

" primarily for parallel-wire tendons. Thinner wires have a higher tensile strengtli.

Because ‘they are mote difficult to handle, wires 4 mm in diameter sre mami-.
factured into 7-wiré strands in the mill. The modulus of elasticity of 7-wire strands
is 195 KN/mm?2, ‘

Steel can also be cold-drawn into prestressing rods in the 3 mm to 12 mm diameter
range. Rods are used as individual prestressin gunits rather than grouped together

into tendons. Due to their [arger diameter, rods have a lower tensile strength than

wires,

Prestressing bars made of naturally hard steel are manufactured in diameters
varying from 20 mm to 36 mm. After rolling, they are stretched and heat treated.
Prestressing bars normally have cold or hot ralled threads and can thus be easily
anchored and coupled using threaded fittin gs. Their bond strength is comparable
to that of reinforcing steel. The stress-strain diagram of prestressing bars is
characterized by a distinct yield plateau; the modutus of elasticity is 210 kN/mm?2,
Prestressing bars are relatively brittle, Special care must be taken when they are
used in falsework construction, where brittle Failure can oceur as a result of
repeated imposed deformations or welding scars.

¢} Properties

Stengrh. The stress-strain diagrams of wires, strands, and thin rods are character-

: ized by gradual softening without a distinct yield plateau. The design value of yield
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stress, fpy, is normally defined as the product of the specified minimum 5 percent
fraciite of tensile strength fp, and a factor, typically equal to 0.9. Table 3.1 gives
values of f;, cbtained from SIA 162 for commonly used wire and rod diameters.
The value of /7, is based on specified tensile strength and may not be increased even
though the aciual tensile steength may be greater., Effective wire and rod diameters
used in calculations are computed from density and mass per unit length.

The value of f;, for naturally hard prestressing bars can be determined as for
reinforcing steel, and is approximately 80 percent of tensile strength. Table 3.2
gives values of f;, oblained from STA 162. '

Ductility and Toughness. Prestressing steel must be sufficiently ductile to allow the
structure to deform plastically at ultimate fimit state. It must also be sufficiently
tough to resist britile fracture, which can occur as a result of small surface defects
such as rust scars. Prestressing stesl is particularly vulnerable to brittle fracture
during stressing operations,

Bond. Bond is of particular importance in pre-tensioned elements, where it is the
primary mechanism for transferring the prestressing force to the concrete. Good

bond is also necessary in post-tensioned structures, to ensurg equality of strain in
the prestressing and reinforcing steel after cracking occurs.

Resistance to Fatigue, Prestressing steel is normalty required to withstand 2 million

cycles of design fatigue live load. The fatigue resistance of presiressing steel is
determined from tests of naked specimens (STA 162f1). The maximum siress range
_of smooth, 140 mm-long wire spécimens is approximately 270 N/mm? at 2 million
,cycles, The stressrange for deformed wire specimens of identical length is roughly
80 percent of the stress range of the smooth wire. The fatigue resistence of wire

tendons that are cast into concrete, stressed, and grouted is substantially lower-

than the resistance ofnaked specimens. The allowable stress range in bonded post-
tensioning steel should be limited to 5 percent of tensile strength.

Relaxation. Relaxation is defined as the lime-dependent increase in steel strain at
constant stress. Tt is thus fundamentally different from creep in concrete, whichisa

Table 3.1 Table 3.2

Design Yield Stress fp, of Prestressing Design Yield Stress f5, of Naturally Hard.
Wires and Rods (from SIA Standard 162} Prestressing Bars (from SIA Standard 162)
Diameter | foy ’ Dizmeter Joy
(rom) : fmni® - (mm) (N/mm?)
3 1670 20 1000
4 1640 26 1000*
- 5and & 1590 26 to 36 830
7 and 8 1530 -

* The 26 mm diameter bars are available

910 12 1410 ] S ;
in iwo different strengths in Switzerland
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decrease in stress at constant strain, Relaxation progresses more rapidly than
creep. Loss of prestress can be reduced by using low-relaxation steel, which has
been stretched and heat treated. The behaviour of conventional and low-
relaxation prestressing steel is compared in figure 3.15.

3.2 Actions

3.2.1 Loads

Loads are actions that affect the internal and external eguilibrium of structures.
For structural systems composed of beam elements, loads can be characterized as .

nonzere functions g in the following differential equation

od? 2.4
(B0 ) = 4

where EF(x) is flexural stiffness, w is deflection, and g is (o be regarded as a -

- generalized function, including concentrated loads and moments. Loads must-

always be equilibrated by reactions and sectional forces, regardless of the
compatibility conditions assumed or the degree of statical indeterminancy.

TFhe following loads must be considered in bridge design:

1. Dead Toad, The total dead load, g, is the sum of the self-weight, go, and the
superimposed dead lead, Ag. Self-weight is defined as the weight of all structural
componenis and is equal to the product of velume and density. Anaverage density
of 2550 kg/m? can be assumed for reinforced and prestressed concrete structures.
This figure is based on an average concreie density of 2450 kg/m® and 2 steel
consumption of 100 kg/m?, Superimposed dead load is defined as the weight of ali
non-structural components, including wearing surface, guardrails, and conduits.

" 2. Livée Load, Live load is defined as the static weight of vehicles carried by the

bridge anfi any dynamic effects produced by their movement. Live loads are
spec1_ﬁed in codes and standards (see, for example, SIA160). They normally
consist of load models, which are simplified representations of the actual vehicles.
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Railway loads are typically modeled as an idealized train, consisting of several
concentraied loads for the locomotive and a uniform load for fréight and
passenger cars, Highway foads are derived either from legal axle and truck loads
. or fror measurements of actual vehicles in service. They are normatly modeled
as at least one concentrated load and'a uniform load.

Experience has shown that the magnitude and pattern of highway loads can
change significgntly during the lifetime of a bridge. Complicated madels are
therefore of dubious value since whatever accuracy they bring to caclulations is
" lost as soon as traffic patterns change, A'live load model cansisting of a single
concenirated load and a distributed load is preferable in all cases. The magnitude
of the distributed load should vary according to the span length of the structural
component under consideration. ) : .

The static live loads described above must beincredsed to account for the dynamic

response of bridges to the movement of vehicles. This dynamic increment of live
load, often called impact, is a function of the natural frequency of the structural

component under. consideration. Resonant vibrations are possible when the

natural frequency of a component is between 2 Hz and 4 Hz or between 8 Hz and

' 12 Hz. (The former range of frequencies correponds to truck body vibrations, the

~ latter to truck axle vibrations.) In such cases, the dynamic increment for a single
truck can be as high as 70 percent for a smooth wearing surface and even higher for
rougher surfaces (Cantieni 1983). .

-The.envelope of figure 3.16 shows a relation between dynamic increment and
natural frequency proposed by Cantieni (1983) based on measurements taken on
Swiss highway bridges. The relation is valid for a single truck ona smooth wearing

- surface. Resonance at higher frequencies becomes more significant with increas-
ing roughness. - . S

Tmpact for full Jive load is much lower than impact for a single truck. It varies
typically between 10 and 20 percent, dépending on the region of influence of the
load for the particular structural component under consideration.

A separate live load model must normally be used to verify fatigue resistance.
Fatigne loads for railway bridges are defined in appropriate design standards. For
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* cables. The fatigue load for highway bridges can be derived directly from legal
loads aqd actual traffic conditions. It can, for example, be taken as a single truck
of the highest weight class, with impact, and a distributed load calibrated to the

‘aries between 0.8 kN/m? and 1.0 kIN/m>. . :

3, Wind Load. Wind loads have a very small influence on the construction cost of
most bridges. A detailed investigation of their effects is therefore not warranted in
most cases. Sectional forces due to wind can be caloulated using extreme values for
wind pressure and drag coefficients obtained directly from codes and standards.

A thorough investigation of wind loadings may, however, result in safer and more

and_cantilcver—constructed bridges. The object of such an investipation is a
detaifed quantitative description of the wind regime at the bridge site, which
normally includes the following information: .

1. Design hourly average wind speed at a reference height of 10 m above ground,
T o - ’

2. The‘functional relation between average wind speed and elevation

3. Design instantaneous maximum wind speed v,

4, Spatial cerrelation of wind speed at neighbouring points along the structure

:[hc design hourly -average wind speed at'reference height, 5,4, is chosen to
correspond to a specified refurn period, T, in years. The probability that the yearly
maximum hourly average wind speed v is greater than &, must be less than 1/T.
(Speed » is also defined at reference height.) The value of 7,4 is calculated from
wind records collected as close as possible to the bridge site. Since 7'is often greater
ﬁhan the number of annual wind records, stafistical methods must be used to
estimate 7. :

Maximum hourly average speeds and maximum gust speeds have been found to

- obeya Gumbel distribution (Gumbel 1958). (The following discussion is valid for
cither.) The probability that the yearly maximum wind speed is less than v is given
by the following expression: B ’

B, =expf —exp[—(dv+ B)J} | (@)

_ where 4 and B are parameters to be estimated from the available wind records.

YEars, i.s requi:ed_ to estimate 4 and B. Fach speed v, is assigned a rank sy in
as‘cendmg cn:der, such that #,, = ,,,. The probability that the yearly.maximum
wind speed is less than v, is estimated by p;, defined as follows: :

"y
n+1.

Pi=

highway bridges, fatigue is normally of importance only in the design of stay 7

patterns and frequency of bridge traffic. In normal cases, the distributed load .

ecoriomical structures in special cases, such as very high bridges, long-span bridges, -

A set of annual maximum wind speeds {v,, v,, ... 8,}, recorded over a period of
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- The points (p;, v} arc fransformed to points (x;, ;) using the i:e]a;ion
x;=--In(—Inp;}). A relation between x and v can bé estimated using linear
regression on the # data points (x;, v;):
x=a+b . _ -

" The quantities @ 2nd b are estimates of the paramesters 4 and B, rc'spect'ively,'in

equation (a). Given a specified reiurn period 7, therefore, the design wind speed

can be calculated using the following equation:

. '-1 : . 1 b
V= —Eln [—In (_1 MT)' .

These concepts are illustrated by the following example?
Example 3.1: :
Calculation of design wind speed using Gumbel’s distribution

Annual maximum wind speeds v, are given in Table 3.3. Linear regression yields
a=0.0791 and &= —7.135. The regression line is shown in figure 3.17. Design

-wind speeds are 118 km/h and 139 km/h for return periods of 10 years and 50

years, respectively.

Table 3.3 . . '

Annual Maximum Wind Speeds for Example 3.1 (Reber and Menn 1982)

i Year v Rank I i X5 ,
(k) my (=mt4)  {=-In(~Inp)

1 - 1967 12¢ 13 093 | 2.60

2 1968 113 . 12 . D86 1.87

3 1969 . - 85 3 - 0.21 C—-043

4 C 1R 9z 7 (.50 0,37 .

5 1871, it 16 0.7t . 1.09

& . 1872 86 - 4 0.29 —-023 .

7 1973 98 9 G.64 o082

8 1974 &84 . 2 014 —0.67

9 1975 82 ‘5 0.36 —0.03

10 1976 112 11 0.7% .. 1.42

11 - 1977 81 1 0.07 * ~ =097

12 - 1978 91 ‘6 ‘043 Y

137 1979 - 98 g

0.57 . ’ 0.58

Given a design wind speed, », and the ¢orresponding refurn period, T,, the

.. probability that the yearly maximum wind speed exceeds v in any given interval of
N years is given by the following expression: i ’

T M =1 (14} - . ®)

v

4
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Linear regression on the data of Table 3.3 .. : +

Thislequatien can be useful in developing design wind loads that-are valid for a
relatively short canstruction peried, in which the probability of extreme winds is
reduc;d_. Assuming T, i 50 years, the following probabilities are obtained from
equation (b} - : ' T '

P,(50,50) = 0.64
P,(50,2) =0.04

Tht? probability tlhat # is exceeded at least once during #n assumed-construction
period of 2 yearsis thus only 6 percent of the probability that it will be exceeded at
least once in the 50-year design lifetime. ' -

The variation of hourly average wind -speed, ﬁ,—'\‘.vith'height,'z, is normally

expressed as follows:

LS

5) = by (%) o o ©

where zis in metres and 7, , is the design hourly average speed at a reference Ilcight
of 10 m. Thc'spccd 7y is obtained using the statistical method described above or
rom an applicable standard. The parameter « is a-function of the roughness of the
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surrounding ferrain and varies from 0.10 to 0.40. Iis value is obtained from
measurements taken at the site of hourly mean wind speeds at several elevations,
Aliernatively, it can be taken from published tables that give « for several general
terrain types (Simiu and Scanlan 1986, 43). :

The instantaneous maximum wind speed, v,,,,, is normally defined for a 3-second
interval corresponding to the response time of fast-response anemometers. The
ratio vy, (2)/#(z) decreases with increasing z; its value can be estimated from site
measurements or using empirical formulas (Scruton 1984, 11).

Design wind pressures p are caleulated from the design wind speeds » using the
equation ' ‘

2= %QUZ Cp

where g is the density of air and C, is a pressure coefficient which depends on
characteristics of the structural member and the flow. Values of C,, are tabulated
in most design standards and codes. For vnusual structures, C, can be measured
using a scale model in a wind tunnel. -

Wind load is obtained by multiplying p by the exposed area. For obvious reasons,
Ioad factors for design at ultimate limit state must not be applied to the design
wind speed or to the return period, but rather to the load itself. -

Although this quasi-static approach does not explicitly consider the time-varying
nature of wind loadings or structural response, it is valid for the vast majority of
bridges. ‘Structures with natural frequencies less than 1 Tz may nevertheless be
prone to wind-induced oscillations that may impair safety and serviceability, The
dynamic behaviour of these structures should therefore be carefully investigated.
The theoretical foundations of such an investigation are described by Simiu and
Scanlan (1986). - .

4. Horizontal Loads Due to Traffic. Loads due to acceleration, deceleration, and
centrifugal force are dynamic actions. They have been idealized in most desigh
standards, however, as equivalent static loads. Although relatively large for
railway bridges, these loads are normally of secondary importance for highway
bridges.

5. Collision. Collision loads must be considered in the design of guardrails and
occasionally in the design of piers. Bquivalent static loads on guardrails are given
in most design standards., Collision loads on piers must sometimes be estimated;
the principle of conservation of energy can be used to equate the kinetic energy of
the vehicle or ship before impact and the work done by the equivalent staticload Q-
as it displaces through a stopping distance 5. Assuming constant deceleration, it
follows that

ot : -

=7 ' o

where m is the mass of the moving body and v its speed before collision.

3.2.2 Prestressing &9

The aceuracy of the value of @ computed above depends on the acouracy of the

~ stopping distance s, for which only rough estimates are normally available, and on

the validity of the assumption of constant deceleration.

6. Earth Pressure. Loads due to earth pressure are of primary importance in the
design of abutments, piers, shaft foundations, and piles. These loads can be reliably
determined only as a result of tharough geotechnical investigations. The effects of
active earth pressure and earth pressure at rest are usually restricted to soif located
in'the immediate vicinity of the structure. Passive earth pressure can, however,
affect a mass of earth which is substantially wider than the direct contact area
between soil and structure. A row of piers located in inclined terrain, for example,
may be required to resist passive pressure resulting from displacements of the soil

.down the slope. The mass of earth to be retained by a given pier will normally be

wider than its_exposed frontal area, due to arching of the soil between piers, The
Iqad on the pier will therefore be substantially increased,

7. Earthquake. Seismic loads are modelled with equivalent static loads in areas of
the world where earthquake risk is minor. These loads normally control the design
of the bearings or piers that transfer horizontal load from superstructure to the
fo].lndations. In regions of high seismic risk, the dynamic response of bridges to
seismic action must be considered. In all cases, however, an appropriate chaice of
structural system and details can minimize sectional forces due to seismic action,
eliminating the need for costly increases in member resistance.

3,22 Prestressing

Prestressing with siressed steel tension elements produces a self-equilibrating state -
of stress, in which the tensile force in the steel is balanced by a compressive force of
equal magnitude in the concrete. The two forces act at the same location and in
opposite directions in statically determine structures. The stress in the prestressing:
steel op is plotted as a function of moment in figure 3.18. The decompression
morment, My, is defined as the moment producing & concrete stress of zero-at the

. breviously compressed tension face. For moments less than Af ns Op I8 larger than

Hc)”

=P
m o M Figure 3.18
] R Effe i i
St el Sictel P ::Itn{;f i:3-:)11‘1&1’[ on stress in prestrt.assmg steel
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necessary to resist the applied sectional force. As the moment is increased beyon‘d
My to the ultimate moment A, the stress in the prestressing steel is approxi-
mately equal to the siress that would be required for internal equilibrivm without
prestressing, ) :

Deformations before cracking (Stage [) can be calculated by the superposition of
deformations due to prestressing and external actions. After cracking (Stage 1),
the total deformation is equal to the deformation in the uncracked system at
decompression plus the deformation due to the additional strains in the cracked
system. The redundant forces in a cracked, statically indeterminate system can be
calculated as usual from the deformations due to prestressing and external actions
in the uncracked state, provided the cracks remain small.

The designer is completely free in the layout of prestressing tendons and the choice
of prestressing force to achieve safety, serviceability, economy, and elegance. The
degree of prestress, however itis defined, isin itself no measure of the quality of the
structure, It is important to define, at the preliminary stages of design, the role of
prestressing in terms of the desired performance of the structure, in particular with
regard to serviceability and economy. The role of prestiressing defined in this way
will be referred to as the presiressing concept.

3.2.3 Restrained Deformations

Restrained deformations are produced by support movement, temperatire
change, shrinkage, and creep in statically indeterminate structures. The response
of the structure to restrained deformations is characterized analytically by
solutions to the homogeneous differential equation

d? N AV
(P10 ) =0

The corresponding internal forces are directly proportional to member stiffness
and are in no way proportional to the magnitude of the actions themselves, The
stiffness of a systenvis sharply reduced hy cracking under service conditions and is
reduced to zero with the formation of a plastic hinge mechanism at ultimate limit
state. The effect of restrained deformations decreases correspondingly, Theoreti-
cally, no sectional forces due to restrained deformations are present at ultimate
limit state in ductile systems. In general, therefore, restrained deformations are

only significant for the behaviour of the structure under service conditions,

particutarly with. regard fo cracking and deformations. The reinforcement
required for crack control is practically independent of the magnitude of the
- restrained deformation, . :

3.2.3 Restrained Deformations : 91 -
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4 Fundamentals of Analysis and Design

4.1 Design for Safety and Serviceability

-Before any structure may be built; its safety and sérviceability must be-proven -

during the design phase. This is accomplished by comparing quantitative
measures of the safety and serviceability of each structural component and system
to minimum acceptable values defined by.codes and standards. Since they are.
often independent of each other, safety and serviceability must be verified
separately. o )

-

4,1.1 Safety

A structure that i3 in external and internal équilibrium under a given loading is
said to be at wltimate limit state when any incréase in load, however small, results in
loss of equilibrium and hence in collapse of the structure. The load corresponding

-to ultimate limif state is called the ultimate load, denoted g,,. Externul equilibrium

refers to the relation beiween loads, reactions, and sectional forces, and is
formulated analytically by the following equations; - ‘ -

av df_ ., dr S @

C A S A~

(The sectional forces must also satisfy any-given staticat boundary conditibns.)‘

internal forces, and is formulated as follows:

Internal equilibrium refers to the equilibrium of the sectional forces and the

S<R . S ' L)

which must be true at all points in the structure. The quantity S'is a sectional force
due to the given loads and R is the maximum infernal force that can be developed:
by the section, called the ultimate resistance.

According to the theory of plasticity, any load that is equilibrated externally and
internally and satisfies the statical boundary conditions will be less than or equal

- to the wtimate load, and hence will not induce collapse (Thiirlimann et al, 1983),
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Structures can therefore be considered safe when the statical boundary conditions

are satisfied and when equations (a) and inequality (b) are true at all locations. -

This definition of safety, however, is merely of theoretical interest since it is based
on the assumption that loads and resistance are known exactly. In'fact, Ioads and

resistance are furctions of many different factars, such as traffic patterns and .

workmanship, which cannot be guantified reliably, It is therefore preferable to
define safety in probabilistic terms, based on the statistical distributions of loads
and resistance. Structures can then be considered safe when the probability of loss
of equilibrium is [ess than an acceptably low target value.

Design calculatlons do not exphcltly consider probabilities of coilapse and the

statistical distributions of loads and resistance. Rather, this information is used .

to define. destgn values of material resistance, specified loads, and safety factors,
which are given in codes and standards. In its simplest form, the probabilistic
definition of safety consists of satisfying the statical boundary conditions and
eqnatlons (a) with the specified loads and satlsfylng the following 1nequal1ty atall
- points in the structure: o

.

yS(%?q.-)éR o ©

" where Sis the sectional force due to the set of specified loads {g,}, R is the ultimate

resistance of the section computed from the design values of material resistance,
and p is a safety Tactor.

The factor y is calibrated to ensure that the probability of collapse is less the

specified target value. The design values of material resistance are commonly

“defined as extreme fractile values of theéir respective statistical distribution.
Specified loads, however, may either be defined as actual service loads (e.g. dead

and live laads) or as extreme fractile values (e.g. wind and earthquake loads). Ttis

therefore practical to define partial safety factors for resistance and each type of

load. Swiss standards SIA 160 and SIA 162 specify resistance factors, yg, and load

factors, ys,;. Factors yg account for sources of statistical varifability in resistance

not attributable to the materials themselves, for example dimensional tolerances

© and workmanship. Factors yg ; must be calibrated to the actual statistical models
used for each spemﬁed load. In addition, safety factors should make allowance for

small errors in engincering calcuiatlons and for small changes in loads and

resistance over time, The use of partial safety factors transforms inequality () into

S(zys;fqi)gfgﬂ e G

The left-hand side of this inequality will be referred fo as the deszgft sectwnal force,
and will be denoted S

Sd =5 (Z }’s,iqx') :

4.1.2 Serviceability _ S99

Structures are therefore safe when the statical boundary conditions, equations (a),
and inequality (d) are satisfied with prescribed design values of material resistance,
specified loads, and safety factors. This definition of safety is based on the statical
method of the theory of plasticity; the load y, Z Ys.¢d; 15 & lower bound for the

ultimate load. The kinematic method of plasticity, which yields an upper bound for - '
the ultimate load, should never be used for design. It may, however, be useful as a
means of checking designs based on the statical method.

Inequakity (d})is normally used for checking conerete cross-seciion dimensions that
have been previously selected and for the direct design of the reinforcement.
Proceeding in this way at all points in the structure yields the greatest economy for
the assumed design sectional forces. -

A prerequisite to the practica] a‘pplication of the concepts presented in this section
is ductile structural behaviour. The deSigner must ensure that the structure is
capable of deforming plastically after the'ultimate resistance of the cross-section is
achieved.

.

4.1.2 Serviceability

Limit states at which bridges are structurally safe but otherwise unfit for service
are called serviceability fimif siates. The most important aspects of serviceability
are durability, function, and appearance. Appearance refers here to the prevention
of unsightly defects such as water stains and visible cracks, rather than to the
aesthetic aspects of design discussed in Chapter 2, The fimction of the.bridge as a
whole is defined in terms of iraffic safety and comfort, The function of individual -
componeénts; such as expansion joints and bearings, must also be considered.
Durability is closely related to function and appearance, both of which can be
severely impaired by deterioration of conerete and reinforcement. It is also related -
to structural safety, since deterioration of reinforcement can result in a serious loss -
of resistance. '

- Satisfactory behaviour under service conditions cannot be verified incontestably

during design in the same way as safety, since the direct relationship between
safety and equilibrium has no analog in the context of serviceability. The
following strategles are therefore used to ensure that bndges will pelform Well
during service:

1. Behaviour that can be reddily ‘quantified and calculated can be-considered
accept'able when it is within an acceptable range of values, Acceptable values may
be specified in codes and standatds or may be determined by the. owner, in-

. consultation with the engineer, for a specific project. They are often based on non-

technical considerations and are usunally not absolute. Vibration criteria, .for
exaniple, are normally more severe for bridges that are used by pedestrians as
compared to those used by vehicles alone. This category includes most aspects of

structural behaviour under service conditions, including deflections, vibrations,
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and cfackinﬁ._ Many aspects of non-struciural behaviour, for example the run-off
of rain water on the deck, are also included. ’

2. Behaviour that is not easily quantified and calenlated cannot be verified against
acceptable values. An example from this category is the corrosion of reinforcing
steel. A quantitative description of the corrosion process, although possible, is not
well suited to the needs of bridge designers. Undesirable behaviour of this type
is best prevented by properly specifying materials, careful workmanship and
inspection during construction, and geod detailing practise. Details that facilitate
- inspection, maintenance, and replacement of defective cemponents are of

“particular importance in this regard. : . v

Serviceability evolves over time, due to changés in the actions to which bridges are
subjected and the ability of bridges to withstand them. Regular inspection is
therefare of utmost importance for the early detection of potential problems.

Serviceability is discussed further in Section 4.8.

4.2 Calculation of Sectional Forces

4.2.1 Fundamentals

Sectional forces under service conditions and at ultimate-limit state are required

for design: Sectional force diagrams are based on the equilibrium conditions of the

structure, often expressed in the form of a differential equation. The bending
moments in frame structures, for example, are calculated as follows:

M :
&M ey

a2 g (x)

The sectional forces at the supports of statically indeterminate systems are
- obtained either from compatibility conditions or from plasticity conditions,
depending on the state of stress in the structure.

" Cracking under service conditions must be restricted to small, well-distributed
cracks; neither large cracks caused by yielding of reinforcement nor plastic hinges
are allowed. The calculation of sectienal forces under service conditions is
therefore based on the compatibility conditions of the elastic system and on the
stiffness of the uncracked structure. Elastic theory can therefore be used; the

- resulting sectional forces are referred to as the elastic solution. The redistribution
of sectional forces is nevertheless possible under service conditions due changesin
stiffness caused by cracking: The greater the effect of the change in stiffness on the

" compatibility conditions, the more pronounced will be the redistribution.

Since the requirements of equilibriuﬂ place no restriction on cracking, the
formation of plastic hinges may be considered at ultimate Jimit state. Boundary

-
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values of sectional forces can then be calculated from plasticity conditions, rather
than from compatibility conditions. The assumption of plastic hinges is permis-
sible under the following conditions: . -

1. The system must be sufficiently ductile

2. The influence of system.'det_"onnations on the equilibrium conditions must be

considered

3. The formation- of plastic hinges must not critically impair the ultimate

resistance of the section. in shear :

The ultimate load, g,, was defined in Section 4.1.1 as .the maximum load satisfying

“the statical boundary conditions, external equilibrium,.and internal equilibrivm.

In general, it is calculated only when a supplementary check of safety is desited. In

normél cases, design at ultimate limit state fs loosely based on the elastic solution. -

This results in an economical design and acceptable crack distribution and steel
strésses under service conditions. It is unreasonable, however, to adhere blindly to
clagtic theory and the “exact” elastic solution. The effects of the additional
accuracy on safety and economy are usvally insignificant. Simplified load

distributions, for example, can substantially reduce computational efforf without

$igniﬁc-ant_ loss of accuracy, The exact elastic solution, moreover, is unsuitable
when sjgnificant redistribution of sectional forces actually dees cccur at ultimate

- limit state.

4.2.2 Sectional Forces Due to Loads, Presiressing, and Restrained Deformations

Sectional forces due to loads, prestressing, and restrained deformations are

ful_ld.an_lentally different from each other in'the structurai behaviour they induce.
Sectional forces should therefore be calculated using a procedire appropriate for
the type of action that causes them. i -

@) Loads

Sectional forces due to service loads are calculated according to elastic theory. The
actual compatibility conditions can be approximated by those of the homo-
geneous, uncracked system. The simplification of member stiffness is acceptable
provided the deformations of the simplified model do not deviate substantially
from the deformations of the actual system. Otherwise, the stiffness of the cracked
section should be considered, '

At pltimate limit state, the compatibility conditions of the elastic system need no
longer be satisfied. The redistribution of sectional forces is therefore permissible

- for f]pctilt? systems, Redistributions can be regarded as the superposition of self- -
equilibrating sectional force diagrams, which have no effect on overall equilib- |

rium,_ onto the elastic solution. The differential equations for self-equilibrating
bending moments are . .

d* M ' -
TS 0 for frame structures
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and . .
' - 7 m, *m ?m e '
U e 90 Tay =
e +2 Bdy + —"Qlay . 0 for slabs

The number of linearly jhdépendcnt self-equilibrating sectional force diagrams is
equal to the degree of statical indeterminacy of the system. For continuous beams,
these diagrams are readily caloulated from imposed displacements of the supports,
For slabs, they are preferably computed from the superposition of stresses due to

an arbitrary load, g, applied to the original system, and stresses dus to —g applied
to a modified system. This procedure is discussed further in Section 7.9.

IS

The design sectiohal forces in frame structures are normally based on the elastic

solution. For continuous girders, the envelope of sectional forces is computed
from the elastic solutions for dead load plus the controlling live load cases. As
.shown in figure 4.1, the width of the envelope can be reduged by redistributing the
sectional forces due to live load. The sectional forces due to dead load, however,
are usually not redistributed. The effect of large redistributions at ultimate limit
staté on crackig and steel stresses under service conditions must always be
investjgated. -

Ttis usually not necessary to caleulale a complete stress history corresponding the

actual cénstiuction sequence. Sectional forces due to dead load can be computed |

for an idealized continuous girder, built on conventional falsework with all
conerete cast simultaneously. Regardless of construction sequence, the action of
_ creep gradually transforms the dead load stress distribution into the stresses of this
simplified model. Small differences between the assumed and the actual distri-
butions of sectional forces are not significant for design, especially at ultimate
limit state, where one can be transformed into the bther by a small redistribution.
Although stress histories are not required for the design of comipleted structures,
any crifical stress conditions that may ocour during construction mast neverthe-
less be checked. : .

The inherent'duc.tiiity_ of slabs is higher than that of Vfrémes, enabling the re-
distribution of sectional forces not only due to live load, but also due to dead load. -

The redistribution of sectional forces due to dead load can help to relieve local

stress concentrations.in the elastic solution and to simplify the arrangement of

reinforcement which, if 1aid out according to the elastic solution, would be oyerly
complicated. ’ ' - :

The internal forces in panels subjected to in-plane loading can be calculated using
simplified truss models. Although considerable freedom is possible in the

arrangement of the model, the actual flow of forces in the elastic solution should-

be respected. Trthe neighbourhodd of a concentrated load, for example, the elastic
stress trajectories are as shown in figure 4.2a. These correspond to the truss model
of figure 4.2b, in which the compression force spreads out at an angle of roughly
60 degrees. :

‘Fignred.l .' \W . W 7&, 06”///
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Figure 4.72.

Flow of forces in panels: a, elastic stress trajectories; b, truss model
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b) Prestressing

Prestressing, which is a self-equilibrating state of stress, induces no net sectional
forces. It is nevertheless worthwhile to associate the concrete stresses induced by
_prestressing to forces, using the following integrals:

Np=[o.(P)dA (=F) M= [o.(P)zdd

(The coordinate z is measured from the centroid of the section.) The sectional.

forces thus defined are equilibrated by the force in the prestressing steel, P, and
any redundant sectional forces required for compatibility.

In the absence of externally applied loads, the resultant compressive force in the

concrete, F,, is equal and opposite to the tensile force in the stec], P. In statically
determinate systems, these two forces act at the centroid of the prestressing steel.
The moment due to prestressing is thus £ times the eccentricity of the presiressing
force, e. The sectional forces in the statically determinate system, denoted Sops
induce deformations in the structure, Redundant sectional forces are therefore
required for compatibility in statically indeterminate systems. The total sectional
force due to prestressing, Sy, can be formulated as follows:

Sp = Sop+ S

wherc Sy p is the sectional force in a statically determinate primaey system, and
S.pis theredundant force. Since S,p is a function only of the prestressing force P, it
remains essentially unchanged when the stiffness of the system is reduced by
cracking under service conditions. A significant decrease in S, occurs only after
substantial plastic rotation at ultimate limit state has taken place.

Under service conditions, both compohents of S, must be considered. For frame
structures, it is usual to calculate Sy, for a statically delerminate primary system
and then to solve for S, from compatibility conditions using elastic theory. For
slabs, S is normally calculated directly from equivalent loads due to the deviation
and anchor forces of the tendons, In general, the axial force due to prestressing
need not be caleufated,

Atultimate limit state, the difference between prestressed and unprestressed cross-
sections no longer exists; the sectional forces Sy have no significance at ultimate
limit state. Regardless of prestress under service conditions, flexural resistance is
equal to the vield force in the steel, Fp,, times the internal lever arm, z. For

statically determinate structures, therefore, design at nltimate limit state is hased

on the following expression:

1
M, g -)TR' Fpyz

PE]
B
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Ana{yticg] formulation of !l_le ultimate limit state of prestressed concrete sections: a, without
considering Pe; b, considering Pe oL '

This inequality can, however, be art; ficially reformulated fo include Af, op = — Pe
asa sectiona_l force: ’
Yr- My—Pe < P(z—&)+(Fp,— P)z

As shown in figure 4.3, these two expressions are identical,

The contribution of the redundant seéti{_ma[ forees due to prestressing at ultimate '

limit state is a function of the amount of plastic deformation expected, The forces
S"sP are not considered when the design is based on the ultimate load of the system,
since the compalibility conditions need not satisfied after full redistribution of the
sectional forces has occurred. As discussed in Part (a) of this section, designs are
nor.ma‘i]y Ioosely based on the elastic solution, with limited plastic rotation and
redlstrtplltion of sectional forces. In such cases, a substantial portion of §,, must
be considered, The contribution of Sp can be incorporated into the desig?l using
the factor ppr

Sitre széyiR

R

: T_}_le value of yp can be frecly chosen, but should normally be between 0.8 and 1.4.
: Dlﬂ’efent values of y, can beé selected for each redundant force of the primary .

el
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system, For obvious reasons, however, yp must be constant for afl of the sectional
forces induced by a given redundant force.

¢) Restrained Deformations

Restrained deformations due to temperéturc change, shrinkage, creep, and

support displacements induce sectional forces that are directly proportional to

stiffness, and hence highly sensitive to any change in stiffness. Since creep strains

and cracking readily ocour under service conditions, reductions in stiffness are
likely even at relatively low stress levels. A linear relationship between restrained
deformations and the sectional forces they induce thus does not exist.

Under service conditions, sectional forces are of inferest only for the calculation of
crack widths and deformations. The contribution of restrained deformations to
cracking and deformations, however, can be calenlated more easily and retiably
using geometrical, as apposed tostatical, methods (see Sections 4.8.4 and 4.8.5).
The sectional forces due to restrained deformations under service conditions,

therefore, need not be calcilated.

At ultimate limit state, the sectional forces due to restrained deformations
disappear completely with the formation of plastic hinges. Restrained defor-
imations need therefore only be considered in systems of limited ductility, where
the assumption of plastic deformations is not valid.

d) Surmmmary

“The principal diffefences between loads, prestressing, and resirained defor-

mations are summarized in table 4.1.

Table 4.1 ' . .
Comparison of Loads L, Prestressing P, and Restrained Deformations RD
Sectional Forces. Redundant Efiect
in Primary System Forces of Cracking
I - Function of Function of Srnall redistribution
primary system primary system of sectional forces
P Independent of Independent of Sl redistribution
primary sysiem primary system of sectional forces
RD No sectional Independent of Strong reduction
forces . primary system of sectional forces
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4.3 Calculation of the Resistance of the Cross-Section
'4,3,1 Fundamentals

Stmple and rational models of cross-section Tesistance are always preferable to
more complicated and less straighiforward models that may promise an
additional degree of precision, The desired accuracy of the resistance model must
al\tvays correspond to the available accuracy of the load model. Load models for
bridges are subject to considerable statistical variability. Live load, in particular, is
prone to increases over the life of the bridge which are especially difficult to
pred{ct.‘The additional accuracy of a complicated resistance modet normally has
no significant impact on ‘overall economy. Economy in structures, especially
bridges, is not the result of refineinents in analysis, but depends primarily on the
overall concept of the structure itself and the construction procedure.

calculating the resistance of the cross-section. Tt is normally sufficient to combine

occur}'ing' values of t}.w remaining types. A detailed investigation of all possible
comb}natpns qf sectional forces is usually not necessary, since the controlling
combination will usually be apparent from inspection.

The caleulation of cross-section resistance is based en the stress-strain diagrams of
the materials used. Although stress-strain behaviour is influenced by many
factors, for example rate of strain, their effect on the resistance of the cross-section
can either be neglested or can be accounted for in a simplified manner. Simplified
.stress-strain diagrams should therefore be used for each of the constituent
rrtlat;:rials of prestressed concrele: concrete, reinforcing steel, and prestressing
steel. ’

The concrete stress-strain diagram used for the design of structural components is
based on the stress-strain diagram of unreinforced cube, pﬁsm, or cylinder
specimens. The characteristic shape of the stress-strain curve of laboratory
specimens (see figure 3.5) is normally simplified. Swiss standard SIA 162
prescribes the solid curve shown in figure 4.4, composed of a parabolic and a
hpear segment. It also permits the use of the further simplified rectangular
diagram shown dashed, and defined as follows:

g =0 for |e|si02s,]
g.=f for |g|> [0.2¢,,
The design ultinate compressive Sirain, 8y, 13 specified as 0.0035.

The parameter - f- denotes the design value of concrete compressive strength, used in
gzﬂ;ullg;mns of cross-section resistance. It is defined by the following equiation in

The- interaction of different types of sectional forces must be considered in -

the maximum value of one type of sectiondl force with the simultancously -

jr: ﬂ 0'65J€w,min : (a) .
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Thie stress in prestressing steel used for the caleulation of ultimate resistance
must bé consistent with the actual deformations of the structure. The iticrease in
stress jn.unbonded tendons, for example, is a function of the total tendon
elongation betiveen anchors. A special investigation is therefore required to

“caloulate stresses in unbonded prestressing steel at ultimate limit state (see Section .

4.8.7). The contribution of longitudinal prestressing to shear resistance must
nermally be compuied using the effectlve prestress oy, and not f5,. Since these
tendons are practtcal[y horizontal, any significant increase in steel stress reqmres a

corresponding increase in strain in the longitudinal direction. Increases in steel .

stress due to shear deformations may ouly be considered for tendons inclined at
'anglcs greater than 45° with Iespect to the longiludinal axis of the member.

Tt is normally assumed that reinforcing and prestressing stedl are effective only in .

axial tension and compression. Doweling action in the reinforcement is thereforé
neglected in the calaudation of cross-section resistance.

4.3.2 Flexure and Axial Force

The calculation of combined flexural and axial resistance is based on the _

assumption that plane sections remain plane during deformation. Strain distri-
butions at vitimate limit state are thus linear. Stresses in concrete and stesl are
readily determined from the design stress-strain diagrams for an arbitrary

ultimate state of strain. The ultimate resistance (M s Ng) is then obtained by

mtegratmg these siresses.
For smlple flexure, the strain d[stnbutlon at ultimate Iumt state is bascd on an

- extreme compression fibre strain equal to the design ultimate compressive strain,
g, = —0.0035, and on the equilibriuvm condition Ng =0, which implies that

Fsu = 'FPy + Fsy_
This state of equilibrium is shown in figure 4.7.
To ensure that the cross-section is sufficiently ductile to deform plastically, the
Steel strain at ultimate limit state should be at least 2.5 times the yield strain, g,

Assuming &,, = 0.0022, this condition is equivalent to the following inequality:

xg04d wgo5d (besy T w2

oy~ compressive strain = —0.0035)

] ] ) x -:ﬂ:.Fm . - )
5| % 7 ) . - Figure 4,7 : . :
) » Foy  Ultimate state of strain in flexure {extreie fibre
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where x is the depth of the neutral axis and 4 is the distance from the sxtreme
“compression fibre to the centroid-of tension reinforcement. When the concrete in
the compression zone is properly confined with transverse ties, the extreme fibre
compressive strain can be increased beyond —0.0035. In such cases, however, the
depth of the nsutral axis, x, should normally not exceed 0.54.

The resistance model shown in fi igure 4 7 is valid provided all reinforcement is
‘bonded to the concrete. The stress in unbonded prestressing tendons at ultimate

-limit state must be specially caleulated, taking into account the overall defor-

ma'tions of the structural system (see Section 4.6.7)..Otherwise, it can be conser-
vatively assumed that only the effective prestress, op, is available.

The resistance of the tross-section to the combined action of flexure and axial
force is normally obtained from Mg — Ny interaction diagrams, which give all
possible combinations of ultimate moments, My, and ultimate axial forces, Np.
Theuse of interaction diagrams is preferable to the calculation of one component
of resistance (My or NR) for a given value of the other component, since an
iterative computation is required. The calculation’ of the complete diagram is
normally based on the ultimate states of strain shown in figure 4.8 b, Sirain at the’
extreme compressive fibre js [imited to —0.0035; maximum strain in the outer
fayer of tension reinforcement is normally chosen between 0.005 and 0.007. A
typical interaction diagram is shown in figure 4.9,

The design sectional forces in slender compression members depend on the

deformations of the system at ultimate limit state, which are a function of the

ultimate state of strain and hence of ultimate resistance. For slender columns,
therefore, sectional forces and cross-section resistance are coupled. States of strain
should thus be chosen ot to maximize cross-section resistance, but rather to result
in a reasonable combination of sectional force and resistance that corresponds to a

' realistic value for the ultlmate Ioad

L £y = 00022

- . Figure 4.8

Eey = ~0Of

) ta 0035 Ultimate states of strain for flexure plus
0005< €y <0007 axial force: a, reduced resistance, used for

= By = 00022 slender members; b, effective resistance.
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Reduced resistance
Effective resistance

Figure 4.9
M-A interaction diagrams

"The ultimate states of strain shown in figure 4.8 correspond to large curvatures
and, for slender members, large system deformations and second-order moments.
‘Although the resistance of the cross-section is maximized, the associated sectional
forces are disproportionately large. The ultimate load is actually reached at a state

of strain with smaller curvatures, The reduced states of strain shown in fi gure 4.8a

are defined by extreme fibre straing equal to the yield strain of ths steel, ¢,,. They
result in a cross-section resistance that is only slightly lower (fig. 4.9), yet
correspond to substantially smaller sectional forces due to reduced curvature,
These states of strain yield a much improved estimate of ths ultimate load of
slender members.

The resistance of slender members subjected to flexure and axial force i's‘discusscd '

further in Section 8.1.3.

4,33 Shear

The resistance of cross-sections to shear is calculated using a truss model. The web
members of the truss consjst of concrete compression struts and steel tension tes.
+ The shear resistance of the cross-section is equal to Vg,s, the resistance of the
tension ties (stirrups). The resistance of the concrete compression struts, Py ,,
must be greater than ¥, to ensure ductile behaviour at ultimate limit state,

A simple Warren ‘truss can be used (fig. 4.10). The angle of inclination of the
compression diagonals, ¢, should not -deviate more than 15° from oy, the
" inclination of principal compressive stresses in the webs at the controid of the
uncracked section. For members that are not axially compressed by load or

4.3.3 Shear : ) - 109

Figure 4,10
Truss model for shear resistance

prestressing, therefore, ¢ can be chosen between 30° and 60°, Since prestressing
reduces the value of oy, correspondingly smaller values of & can be used. The panel
length of the truss, A/, is given by the following equation:

Al= z(cotoc—f—cbtﬁ)

where z is the distance between centroids of the top and bottom longitudinal
reinforcement and £ is the angle of inclination of the stirrups. .

A typical element of length Alis loaded by shear forces ¥ as shown in figure 4.10.
The component of ¥ resisted by the stirrups is ¥/sin 4. Assuming the horizontal
spacing between stirrups is s, the foltowing equation can be used to obtain the
required area of steel, 4™ .

12 A7 Al
smp = o=

Jo

‘The shear resistance of the stirrups is thus

w
=AS
s 5

Vas = 2255 2 (ot + cot ) sing ' @.3)

A longitudinal tensile force, F,= Vp,s (cote—cot B}, is requited for equilibrium in
the element. This force acts at the centroidal axis of the element and is the sum of

“the horizontal components of the forces in the diagonals. Tension F; can be

distributed equally to' the top and bottomchords of the girder and combined with
the flexural tensile and compressive forces for. the design of the reinforcement.

The total compressive force resisted by the concrete diagonals is Vjsing. This
force is applied over an area Ae, mins defined as follows (fig. 4.11):

A e = 8%, Alsing = bt 7(cote + cotf sing)

i
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Fipure 4.11
Compression strut of figure 4.10 distributed over panel

length A7

where bg,n is “defined in figure 4.10. Cracks induced by shear reduce the
compressive sirength of the concrete in the direction of the compression diagona[s
The design compressive strength of the diagonals, £ .., tan be calculated usmg
the following equation, adapted from SIA 162:

s =S (1 033 45°) sin | (4.4)

(This expressmn has general apphcab111ty and can also be used, for example, in

-calculating the transfer of compressive force from the bottom slab of a box séetion
to the webs (see Section 5.3.3).) The concrete compression component of shear
resistance is thus equal to

VR,‘L’ :ﬁ.red ‘Ac,mln Siﬂfl = c.re;i br';ln Z(UOSCC + C«Qtﬁ Siﬂa) sina:‘ (4‘5)

The vertical component, of tension in inelined prestressing tendons ‘also con-
tributes to the shear resistance of the section. The total shear resistance, VR ,canbe
expressed as Vg ,+ Vg, p, where the contnbutlon of prestressing, ¥y p, is defined
as follows:

Vg, p=Fsinfy

(The parameter P denotes force in the prestressing steel; f, is the angle of-
inclination of the tendon.). The value of P must be consistent with the actual

deformations of the structure. Unless a detailed investigation shows otherwise, P
should be taken as the effective prestressing force after all losses, P, when fp is
less than 45°.

The shear resistance of non-prismatic beams must consider the contribution of the
inclined tensile and compressive forces in the chords of the truss model. In

addition, the element length, A, used to caloulate ¥y inequation (4.3) is changed.

Figure 4.12 shows an idealized case in which the upper and fower ¢chords have the
same angle of inclination, /2, with respect to the axis of the member. For vertical
stirrups, the element length Al is given by

Al = tane

tan?g —tan? =
2

4.3.4 Torsion - ) . - 11t

F]gure 4,12
Model for the shear resistance of nou-pnsmat:c beams

This equation reduces to
Al =zcotu

when 472 is small relative to «. Shear force is considered perpendicﬁlar to the axis
of the member. For the model of figure 4.12, therefore, the contribution of the
chord forces, F= 14 M/z, is given by

Vo= t2Fsin g o +A—{sm5

" Resistance can be either increased or decreased by Vg, 5. depending on the sign

of M.

4.3.4 Torsion

Torsion in hollow box and solid sections is resisted by a closed shear flow. The
torsional resistance of both can thus be modeled using an idealized hollow section,
characterized by its effective area, A,;, and effective wall thickness, les- The
effective area is defined in STA 162 as the area of the polygon enclosing the
longitudinal reinforcement for torsion. For hollow sections, ¢ . 15 theactual wall
thickness; for solid sections, £, is equal to dyf8, where 4, is the diameter of the .
largest circle that can be inscribed in 4.5, ;

The constant shear flow, b, induced by torsional moment 7' is o
b=t ’
2Agf

Integratmg v over element i of the cross-section yiglds the torsional shear force,
Vi=z] v, where 2] is the effective depth of element i {fig. 4.13).

The_resistance of element 7 to ¥ is calculated using a truss model, as described in
Section 4.3.3. Te ensure a state of equilibrium between the compressive force in
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Figure 4,13 7
Model for torsional resistance . .
—3
- N
L e
1 .
, lv | . o
’ " #II__.__.__.;___.gr - Figure 4,14 - ) .
* : Transverse réinforcement on both faces of the
. v tf * walls of hollow sections required for
e . equilibrinm

the concrete stiuts and the tensile force in the steel, reinforcement must be”

provided at the interior and exterior faces of the walls of the effective section
(fig. 4.14). The torsional resistance of the entire section is governed by the
individual element with the Teast shear resistance.

4.3.5 Bending Resistance of Siabs and Tensile Resistqnce‘rof Panels

The bending resistance of slabs can be calculated as described in Section 4.3.2 .er
beams. The bending resistance per unit width of slab, myg, is given by the following
equation (fig. 4.15): ' .

‘mR =q,f,(d—04x)

where a, is the area of reinforcement per unit width and the depth of the neutral

axis, x, is given approximately by

x =125 %k

JA
'X 0’3,1 == Fgy ”
/ d . -[d-C4x -
’ . Figure 415"
it 0 gy - Model for the flexaral resistance of stabs

where
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Alternatively, mp, can be éxprcssed in terms of the mechanical reinforcement

ratio, w: ] . '
'mn;mdz'ﬁ(1.—§) o S CY)
where o E 7
- 8 Ly
W= 7

Slabs have a greater capacity for moment redistribution than beams, especially
when load is carried in two directions. Significant redistributions occur under
service conditions at the formation of the first cracks. Inequality (4.2) can
. therefore be refaxed somewhat, even for unconfined concrete; adequate ductility s
ensured then the following inequality is satisfied: : )

x 2054 .

Reinforcement that is not orthogonal or that is arranged in more than two
directions occurs frequently in bridge construction, particularly in slab bridges. In
such cases, flexural resistance can be catenlated from an equivalent distribution of
orthogonal reinforcement. Standard formutas for the transformation of coordi-
nates are used. Given a arbitrarily oriented "groups of parallel bars with

_torresponding mechanical reinforcement -ratios e, through @,, equivalent -

reinforcement ratios ¢, @y, and o, are obtained for an arbitrarily chosen set of
x — y axes using the following equatiors: . :
b

.

o, = ) w08’ y;
i

W, =3, osin®y;
t BIELICTECA

COLEGD INGERTIa L Gl

HOS

W, =3, @50y, cosy, -
i .

where the angle y; is shown in figure 4.16. These values are then transformed into
the equivalent orthogonal reinforcement ratios, w, and @, in the principal
directions & and #: C

0y = Wy =, cos* §; +w, sin® @, + e, sin 2, -
Wy = @, = &, sin’ ¢, + w,cos? ; — o, sin 2,

’ tan2¢, :ﬂ

0y — @,

The corresponding flexural resistances m re ancl g, dre calculated using equation

(a): .

Mpe = @y d® . (1 —%{) Mgy = @, d” f, (1 —92’1)
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Figure 4.16 o
Transformation of the mechanical -
reinforcement ratio, @

These transformtion equations can also be applied to the tensile resistance of
arbitrarily reinforced panels subjected to in-plave loading.

g 4.4 'Safétyv of Beams, Slabs, and Panels

4,4.1 Beams

The reinforcement is designed to fesist the tensile forces due to the combined
effects of all simultanecusly occurring sectional forces (flexure, axial force, shear,
and torsion). These sectional forces must also be used to check the assumed
concrete cross-section dimensions. : :

"4.4.2 Slabs

The flexural resistance of stabs is édequate provided the following inequalities are
. satisfied at all locations on the slab and for all directions n:_ .

_ Mg, < m é{% ‘ : . {a)
R

= lan

Y=

where s, is the design bending moment, mg, is flexural resistance for positive
moments; and sy, is flexural resistance for negative moments. (Flexural resistance
is always considered positive.) :

Inequality (&) can be rewritten in the fo]lm{fing form when the reinforcement is
arranged in orthogonal directions x and y (Wolfensberger 1964):

(m"" +m‘,I) (ﬁx +rnd,.) +m5,20
‘N YR A\ ¥r )

and T : (4.6)

g3 m k
( Rx mdx) (—Ri‘i - mdy) —mi,z0
¥r Yr -

442 Slabs _ i 1is
where the quantities in parentheses must be nén-negative. The moments m,, m,,
and ., are as shown in figure 5,38, Tnequalities (4.6) can be linearized, yielding -
the following expressions: _ : ‘

. 1 ‘ . . HI
”_"Idx'['hndxyl = R m}?Idj+f’J:dxy] é?‘;}}x ) - (b)
. . =
and ] o .
- M o Mgy
- Mgy + ]'md‘xyl = ny Mgy I‘mdxy, = “;EZ : (C)
o i . © Yr

Top reinforcement is designed using inequalities (b), If the lef: t-hand _sidés of both’
expressions are positive, reinforcement is provided in both ortho gonal directions,

- If both left-hand sides are negative, no top reinforcement is-required in either

direction. If the left-hand side of only one of the inequalities is negative, the

" reinforcement is designed using the following modified expressions:

2 - .
Wi o gy

Casel: Mg S0 m=0 and om0 <
. ) . My r
: ' ) b "}
Case2: gty [ S0 ni,=0 and w4+ __—:;:— = %
- - . M Y R .

If the left-hand side of the modified inequality is negative, no top reinforcement is
required in either direction, . . .

Anidentical procedure is followed for the design of bottom reinforcement, using
inequalities (¢}, Reinforcement is provided in both directions if the left-hand side
of bath expressions is positive; no reinforcement is provided in either direction if
both left-hand sides are negative, If the left-hand side of only one inequality is

negative, one of the following expressions must be used;

. - S
Casel: Mg i, <00 #g,=0 and my, + ow g Tk

—Wge — Vr
. ) 2
- : m m
Case2r mg im0 mg,=0- and om0 < TR
! : - —nrdj' Yr

No bottom reihforcement is required in either direction if the left-hand side of the
modified inequality is negative,

‘When reinforcement is arranged non-ofthogonally orin mote than two directions,
the design moments m,,, gy, and iy, must first be transformed into the principal
directions of the reinforcement, £ and #, obtained as described in Section 4.3,5,
The following expressions are used: o T

gy == Mg, 0082y + My, sin? ) + iy, sind b,

Mgy = My, SI0° @y - iy, COS® By —my,, sin2eh,

Mygy = 3 (g, — 111} SN2y + By, cOs2h, '
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The inequalities given above for x-y coordinates are equally applicable fo design
moments and section resistances transforméd into the equivalent orthogonal

&y coordinates.

Shear reinforcement is not required when the following condition is satisfied:

) ‘" !L‘Iw;" .
ez 0;%40-56};/ : (d)

1 )
VS —T.Z
. Yr
-

where v, is design shear force per unit width, z!is effective depth, and 7, is design
shear strength (equation (4.1)). If inequality (d) is not satisfied, more detailed
calculations are required. Shear reinforcement can be used where appropriate to
increase the resistance of the slab. I afl cases, however, a sufficient percentage of

longitudinal reinforcement must be extended and properly anchored beyond the

" supports.. Slabs must also be capable of resisting punching shear whenever -

concentrated loads or reactions are transfetred to slabs;;/

Large torsional moments often occur at the free edges of slabs, particularly in-

skew slab bridges. The additional shear force induced by torsion at this location
must be considered. A slab of depth / is assumed. According to the definition of
sectional forces in slabs (Section 5.3.1), the torsional moment m,, s equikibrated
by an antisymmetrical; linear distribution of shear stresses. Thesé stresses can be
integrated into a shear flow, v, satisfying the following condition:

iy, = vhy

where hg = 24/3. It thus follows that

p S May -
2 h

"The effective walt t_hiék_ness, ters 18 23, The additional shear force due to torsion,
¥ (m,,), is thus the product of the shear flow v and the internal lever arm
ho = 203 (fig. 4.17): o

nom) =(35) (5) =

Figure 417
Additional shear diie to torsion

 transformed into the following inequality:

slabs i Sections 4.3.5 and 4.4.2.
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The total sectional forces over an edge strip of width hf3 are thus: |
B .
Vo=, §+ Py

g‘ilc stab reinforcement transverse to the edge must be well anchored in the edge
am, :

‘4.4.3 Panels

The reinforcement gf panels can be designed and arranged on the'basis of the
internal forces obtaingd from 2 truss model, When the in-plane stress resultants
from & plane stress model, My, My, and n,,, are used instead, the following

_ inequality must be satisfied for all directions n:

H
gy ::,.<- an

where n,, is design tensile force and Ry, s tensile resistance (fig., 4.1'8).- -

m,
x Figure 4.18
Sectional forces in panels

For panels reinforced in the orthogonal directions x and ¥, this condition can be

Hrx MRy :
() ), 20

whic_h_ is analogous 'tq inequalities (4.6} used for the flexural design of slabs in
Section 4.4:2. T'hc de;mgn of reinforcement arranged non-orthogonally or in more’
than two directions is accomplished using the transformation formizlas given for

45 Detajling of Reinforcement

The flow of f'orce_:s can be followed through 2 structure using a truss model
omposed of tension members, corresponding to the actual reinforcement, and
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idealized concrete compression members. The internal forces obtained from such

a model will satisfy equilibrium, Truss models are particularly useful for
developing proper details for anchorage of reinforcement, lap splices, and
reinforcement for transverse tension.

4.5.1 Auchorage and Splicing of Reinforcement

- Reiriforeing bars are anchored by compressive forces in the concrete oriented at
roughly 30° to the axis of the bar and acting opposite the tensile force (fig. 4.19).

. The length required for complete transfer of the yield force in the bar is called the -

“developmient léngth, and is denoted /,. Development length is a function of many
factors, including: . R

1. Properties of the reinforcement: diaimeter, surface conditions, and any mechan-
ical anchorage devices, such as hooks or plates

2. Tensile strength of the concrete .

3. Concrete stress in the anchorage zone (transverse compression or transverse
tension) . : .

4. Location (top or bottom of the cross section) and orientation (vertical or
horizontal) of the reinforcement.

5. Distance between reinforcement and conerete surface

Values of /, are nermally specified in codes and standards. If the fult yield stress of
the bar is not used, development length:can be reduced accordingly. - .

Tensile force can also be transferred from one bar to another by diagonal conerete
compressive forces, inclined at roughly 45° to the axis of the bar (fig. 4.20). The
- tensile forces transverse to the splice, required for equilibrium, can often be
resisted by the transverse reinforcement normally provided for crack control,
‘When large diameter bars or presiressing tendons are-lap spliced, however, the
‘fransverse fension must be resisied by specially designed transverse rein-
- forcement. - .

Tension Figure 4,19 7 )
0 Flow of forces in anchorage zones (§,: development length)
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Figure 4.20 | .
Flow of forces in lap splices

As_shown in figure 4.20, the required lap splice length is the sum of the-
development length, /,, and the spacing of the bars, s. The value of s should
therefore be as small as possible. When latge forces are to be transferred, however,

- 5 should not be less than the maximum diameter of aggregates,”

4.5.2 _Detaillhg of Reinforcenient af Joints of Rigid Frameé

Truss mgdels are also useful for the detailing of reinf:orcement at corners of rigid'
frames, including the simple case of two solid rectangular sections and more

-complex cases involving hollow sections. The following examples describg the

flow of force; and corresponding reinforcement arrangement for several typical
cases. . : : . .

Example 4.1; -
Corner of frame under closing load, solid rectangular sections for beam and columm

Moements that tend to close corners induce tension on the exterior faces and
compression on the interior faces. The diagonal compressive force required for~

- equilibrium devidtes these forces at the corner (fig. 4.21a). Since construetion is

fagi[itated by locating the construction joint level with the besm soffit, the
temfo_rcement Is normally spliced in the beam as shown in figure 4.21a, Tensile
foree is transferred from one bar to the other by means of smaller compression” *
diagonals (fig. 4.21b). = - o '

-—
‘ " Figured.2l ..
Frame corner under closing foad: a, global

(b} : flow of forces; b, local flow at Iap splice




- Figure 4.22

Recommended details for frame corner under opening load

Figure 4.23 .
Frame corner under opening load: detail to be avoided

Example 4.2
Corner of frame under opening load, sofid rectangnlar sections for beam and column

Moments that tend to open corners induce tension on the interior faces and

compression on the exterior faces. The state of equilibrium shown in figure 4.22a
ensures a positive transfer of forces, regardless of the development length of the
bars used. The residual tensile forces in the exterior corner are equilibrated by a
diagonal compressive force. The detail of figure 4.22b can only be used when the
hooks provided are sufficient to anchor the bars, Otherwise, additional closed
sfirrups must be used (fig. 4.22¢).

The 90° hooks provided in the detait of figure 4.23 are ineffective in anchoring the
bars, since the compression in the concrete acts in the same direction as the fension
in the bar. This detail should therefore be avoided.

Example 4,3: _ o .
“T* joint under closing load, soiid rectangnlar sections for beam and cofumn

Figure 4.24a shows the correct reinforcement splice detail at a-*“I* joint. The
tensile force is transferred directly from the horizontal to the vertical reinforce-
ment. Transverse tension wilt be small provided the horizontal and vertical bars
arenot far apart transversely. The details shown in figures 4.24b and 4.24c cannot

transfer the tensile force directly and should thus be avoided. Although
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Figure 4,24
“T” joint: a, recommended detail; b and c, details to be avoided

Vequ‘ilibrium is possible in both cases, the additional tensile forces transverse.to the
- main reinforcement may exceed the tensile strength of the concrete. Additional

horizental and vertical reinforcement will then be required. Furthermore, the
embedment length provided for the vertical reinforcement in fi gure 4.24b may not

“be sufficient.

Example 4.4: . .
Transfer of moment from a box girder to a solid rectangular colnmin

As‘shown in ﬁgura 4.25, ‘moment AM ean be transferred from a box girderto a
solid column in essentiaily the same way as for the solid “T* joints of the previous

Cross - section

—2, Longitudinel secﬁn

— 14 A7 -
! A §
A =422T #T
D+AD —f> H<— 1D
: D,ﬁ *Zv
15
Figure 4.25

Transfer of moment from a box girder to a solid column
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example. The girder reinforcement is usually localized at the top of the \fveb_s. The
column stee! that is carried up into the deck, however, is usually distributed
uniformly over a greater width in the deck slab. Longer hooks for the column
reinforcement and special reinforcement for transverse tension, Z,, are there-
fore required. The vertical reaction from the girder is only fully transferred to the
* columa below the girder soffit. The column reinforcement in the upper pottion of
the diaphragm must therefore resist the full tension, Z,, without benefit of a
relieving compressive force. The force Z, can be considerably greater than AZ
since the lever arm of the column is normally much smaller than the lever arm of

the girder.
Example 4.5:
Transfer of moment from a box givder fo a0 box eolumn

A transfer of forces from box girder to box column as descri'bed‘in the previous'
example is only possible when the diaphragms are designed accordingly (fig. 4. 26).

As shown in figure 4.27, an analogous flow of forces cannot be established when

. Figured26 . _
Transfer of moment from a box girder to a
box column: triangular diaphragms

l

Figure 4,27

ﬁ * " Traasfer of moment from a box girder to a.
Iy Zy ’ box column: vertical diaphragms
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01]

Figure 4.28
Transfer of moment from a box girder to a box column through shearin diaphragms and webs: a,
schematic arrangement; b, flow of forces - ’

the flanges of the column are carried into the girder as two vertical diaphragms. It
Is therefore necessary to transfer the moment in a more roundabout way, through
shear in the webs and diaphragms. The corresponding flow of forces, shown in

_ figure 4,28, is then used to design and defail the reinforcement. Transverse
reinforcement required for the transfer of shear from one panel to another (web,
slab, or diaphragm) will be fully stressed at the edges of the panels and mast
therefore be properly anchored.

4.5.3 Flow of Forces in Panels

The flow of forces in panels can also be relizbly determined using truss models.
Although simple models with relatively widely-spaced truss efements can be used,
the arrangement of the compression elements should not deviate significantly
from the compressive stress trajectorics of the clastic solution. The compressive
forces induced by a concentrated load should thus spread out at roughly 30° on
cither side of the line of action of the [oad, Away from zones of local disturbance, a
linear state of strain can be assumed. The flow of forces from load to reaction
should be direct and should minimize deformations. Deflections of the nodes of
the truss, which result in large isolated cracks, should be prevented by
supplementary tension members.

Elastic stress trajectories and corresponding truss models are given in figure 4,29
for several typical cases.
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where f,,.. ., i8 the specified minimum cube strength. The factor 0.65 accounts for:

i. The decrease in compressive sirength with decreasing rate of strain. (The

specified value of £ mix corresponds to a rate of 0.001 mm/mm per minute
(STA 162/1). Since dead load is the most important component of totaf load, the
design ‘value of compressive strength should correspend to a lower rate of
strain, Riisch (1960) has reported that compressive strength for smtamed loads
is roughily. 80 percent of £, i)

2. The difference between the strength of cube specimens and prism spec1mens
():P min = =10, szw min '

3. The difference in strength between prism specimens and flexural compressmn
Zones : -

Design shear strength, t,, is expressed as a function of £, y, in SIA 162:
= 044+0.02 pmin ’ A

where 7, and f,, ., arein N..’mm2 Equations (a} and (4.1) are vahd prowded
S min 18 between 10 N/mm? and 40 N/mm?.

The diagrams of figure 4.4 give only compressive stress-strain’ behaviour; the
iensile strength of concrete is neglected. The strength of concrete in tension should
not, in general, be relied on. Temperature, shrinkage, creep, and settlement of
supports induce self-equilibrating states of stress which cannot be reliably
estimated or controlled. The tensile stresses due to these actions can easily exceed
the tensile strength of the concrete, destroying its. capacity to resist loads in

tension. Tensile strength must, however, be considered in thin slabs without shear )
reinforcement, since tensile stresses transverse to the plane are necessary for shear

resistance. High self-cquilibrating tensile stresses transverse 'to the plane are
effectively prevented provxded the stab is sufficiently thin,

SIA 162 prescribes one bilinear stress-strain diagram for all types of reinforciﬁg

steel (fig. 4.5). The simplified diagram corresponds well to the actual behaviour of -~

naturalty hard steel. For cold-férmed steel, which does not exhibit a distinet yield
plateau, the approximation is is conservativa, Stresses in the simplified diagram
are less than the actual stresses in cold-formed steel for strains greater than 0.002,

16 , ) )
1 Fe-000E80EH) . - _ ‘
i Figure 4.4 -
1 B Trésign stress-strain dlagrams for conerete
02 osT . 0 B/ adapted from SIA 162 (g, = — 0.0035)
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64

Eg = 205KN/mm? Figure 4.5
. Design siress-strain dlagram for resnforcmg steel
By & (SIAt1eR)

Strain hardenmg is not considered in the deSIgn stress-strain curve. The design
yield stress, f,, is defined as the specified minimum yield stress f ey,

min-

STA 162 also specifies a bilinear design stress-strain diagram for pres!,ressmg steel
(fig. 4.6). The design yield stress, /p,, is defined in terms of the specified minimum
tensile strength fpy ... For cold-drawn wires and strands, Joy 18 specified as
0.9 £, mia- For bars, fry 15 specified as 0.8 fp,, .

Bond stresses betwean post-tensioning steel and concrete must be transferred
through the grout and duct material. The transfer of forces is thus not as effective
as between mild reinforeing steef and concrete, which is divect. The inctease in steel
stressin the vicinity of erackswill thus be greater for mild reinforcing steel than for -~
post-tensioning steel. This phenomenon need not be considered, however, in
caleulatmg the resistance of cross- ~sections with mild and prestressed reinforce-
ntletnt since both types of steel reach their respective yield stress at ultimate limit
state : : -

Wires P Ep= 205 W /mm”

Towite shrands ; EP = 195 KN/mm’
Bars DEps 205 W /man?
Tigure 4.6
Design stress- strain dlagram for prestressing
Epy < Ep steel (STA 162)

b
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Stress trajectories and truss models for panels: a, uniform load applied (o vpper edge; b, uniform
load applied to lower edge; e, tall panel with concentrated load at cenireline; d, tall panel with
concentrated loads al panel edges; e, square panel with edge shear forces: , squdre pznel withedge
shear forces and axial load (Amyb=2n,, Al)
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: 454 Flow of Fortes in Box Girders and T-Girders

Box girders and T-girders can be regarded as prismatic folded plate structures, in \
which the principal sectional forces are resisted by in-plane membrane forces, The *
flow of internal forces can therefore be represented by truss models. The
introduction of concentrated loads into the structure and 'the propagation of
internal forces are modelled exactly as for panels under in-plane loading, as
dcscribed in Section 4.5.3. - ‘ '

ta}

Figure 4.30
Flow of forees in box girders: a, at an infermediate support; b, at-an end support -
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Using truss models, it is easy to show that the main longitudinal reinforcement

" should be anchored in-the webs or as close to the -webs as possible, This -

arrangement results in the shortest flow of forces and minimizes transverse
reinforcement. When the reinforcement is anchored in the bottom slab at the ends
of girders, equilibrium can only be satisfied when the bottom slab is extended
beyond the supports (fig. 4.30). o ‘ . .

4.6 Préstressing
4.6.1 The Purpose of Prestressing .

Prestgessing is-a special state of stress and deformations whick is induced to
improve structural behaviour. Stfuctures can be prestressed either by artificial
.displacements of the supports or by steel reinforcement that has been pre-strained
before load is applied. The forces induced by.the former method are sharply
* reduced by creep and shrinkage and are generaliyineffective at ultirmate limit state,
“Due to these inherent disadvantages, support displacements zre rarely used for.

prestressing. The forces induced by pre-stzained reinforcément can,. however, '

survive the effects of shrinkage and creep, provided the initial stee! strain is
" sufficiently larger than the anticipated shortening in the concrete. The reqiired
-pre-strains are best achieved using high-strength stesl. High-strength steel that has

been pre-strained can normally be stressed to its full yield strength at ultimate liinit -

state:

. High-strength steel for prestressing is available in the form of wizes, strands, and
© bars. The properties of each of these types of steel are described-in Section 3.1.3,

THe use of prestressing steel generally results in lower construction costs as |

“compared to conventional reinforced concrete, Prestressing steel has a lower ratio
of unit cost to yield stress than mild reinforcing steel, Furthermore, it occupies less
space in the framework, thus making possible the use of lighter, more slender
concrete cross-sections. o

There is no substitute for i}restfessing in the construction of long-span concrete -
girders, since these structures are neither technically nor economically feasible in .

‘conventional reinforced concrete. Without prestressing, the arrangement of
reinforcement is difficult and large deformations will be produced, even for
relatively short spans. For example,. a conventionally reinforced, simply sup-

- ported bridge with span 40 in and depth 2 m will deflect 50 to 60 mm immediately
after the removal of falsework. Due to shrinkage and creep, this deffection will
increase to a long-term value of 120 mm o 150 mm. -

- Prestressing can be full, limited, .or paztial. Full prestressing is designed to

eliminaté concreie tensile stresses in the direction of the prestressing under the
action of design service loads, prestressing, and restrained deformations’ In -
structures with limited prestressing, the talculated tensile stresses in the concrete
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must not excesd a Speciﬁed permissible value. Behaviour at ultimate Hmit state
must nevertheless be checked in both cases. Partial prestressing places no.

" restrictions on concrete tensile stresses under service conditions. Concrete stresses

need not, therefore, be calculated, Partial prestressing encompasses the -entire
range of possibilities from conventionally reinforced to fully prestressed concrete.
Designs must ensure adequate behaviour at ultimate limit state and under service
conditions, both of which must be verified directly.

~ Partial prestressing is generally more economical th_aﬁ fuli or limited prestressing.

Although structures that are partially prestressed require a significant portion of * -
mild reinforcement for crack control and distribution, this steel contributes to the
ultimate resistanee of ‘the section. Whatever mild ‘steel is added to improve
behaviour under service conditions thus reduces the amount of-prestressing steal

.hecessary for safoty at wltimate limit state. The prestressing force-must always be

carefully monitored during coustruction, since deviations from the prescribed
prestressing force can lead fo cracking, deformations, and fatigue. .

In structures with limited or full prestress, the area of prestressing steel hecessary
to conirol tensile stress under service conditions, after all prestressing losses have
occurted, usnally exceeds the ares required for safety at ultimate limit state. This
inefficient use of prestressing cannot be compensated by elimination of mild
reinforcement, since cracking due to self-equilibrating stresses and restrained. ..
deformations can oceur in all structures, even thoge that are Fully prestressed. Mild
reinforcement in fully prestressed structures has only a negligible effect on
concrete stresses under service . conditions and ‘cannot, therefore, reduce the
amount of prestressing steel required. In addition, full prestressing often ¢auses
large upward deflections in slender sections when the ratio of live load to dead
load is high, . . " - ‘

4.6.2 Methods of Prestressing

* . Structures can be Dprestressed either by pre-tensi‘onfng Or posi-tensioning.

Pre-tensioring is nsed ptimarily for the prefabrication of concrete components,
The prestressing steel is stressed between fixed abutments, forms are instailed
around the steel, and the concrete is cast. After the concrete has hardensd, the
prestressing steel is detached from the abutments. Anchorage of the steel, and.
hence the transfer of prestressing force from steel to concrete, is achieved entirely .

._ through bond stresses at the ends of the member.

In post-tensioned comstruction, the prestressing stesl. is only stressed after the
concrete has been cast and hardened. The steel must therefore be enclosed in ducts

. and anchored using special devices. The ducts are most-commonly embedded in

the concrete and filled with grout after stressing to bond steel to conerete and to

~ provide protection against corrosion. The ducts can also be located outside of the’
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concrete section and left unbonded for the entire life of the structure. In such cases,
grout is only a means of protecting the steel, -

Pre-tensioning is usuvally more economical for large-volume precasting oper-
ations, since the costs of anchors and grouting can be eliminated. It is quite

cormmon, however, to combine both methods of prestressing in a given structure. -

4.6.3 Post-Tensioning Systems

The principé] post-tensioning systems differ primarily in the way the prestressing
force is applied to the structure, the design of anchors, and the type of steel used.

Prestressing tendons in the BBRV system are composed of wires, At either end of
the tendon, the wires pass through holes in a threaded anchor head and are
individually anchored by small cold-formed knobs, called “buttonheads”
{fig. 4.31). A steel collar, threaded onto the anchor head, bears against an anchor

plate. The tendon is stressed by pulling the anchor head and tightening the collar
up to the plate. The Polensky and Zoellner system is no longer produced, but has’

been widely used in the past. The system used either wires or strands anchered
nsing a cone and sleeve (fig. 4.32). The ¥'SL system anchors strands with steel
wedges in a perforated steel anchor head (fig. 4.33). Steel wedges are also used for
the anchors of the Freyssinet and Dywidag strand systems (fig. 4.34). Dywidag
also has a prestressing system for individual threaded bars, anchored using a nut
and an anchor bell (fig. 4.35).

Bach prestressing systern offers several different types of anchors te suit the
requirements of many special conditions. These range from simple fixed (“dead-
end””} anchors to refatively complicated coupling devices, The symbols shown in
figure 4.36 can be used on design drawings to identify the various anchor types.

Post-tensioning ducts must be fixed into place using supports rigidly mounted to
the reinforcement cage (fig. 4.37). In the past, it was common practise to assemble

Collar
Anchor head
Buttgnheads
Block- out

Figure 4.31
BBRY stressing anchor
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Figure 4.32
Polensky and Zoellner stressing anchors

Anchor head
Block -out

Figure 4.33
VSL stressing anchor

Anchar plate

Figure 4.34
Freyssinet stressing anchor
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Anchar bel (sectian]
Vent

| .
| Trumpet
i / R
| @7
- 2

\“Du:ﬁ
\ Anchor bell (visw]

. L"'" Nt
- Bar
Block-aut

Figure 4.35

Dywidag siressing anchor for single bars

Strassing anchor

Plciie anchor

Fan ancher

Loop anchor

Coupler with stresslng anchar
Coupler with plaie anchor

Figure 4.36
Movable coupler Anchor symbols \

L

Detall A llonghuding] view)

Figure 4.37
Tendon supports

presiressing steel, ducts, and anchors into tendons in the shop. The complete
tendons were then placed into the forms with the reinforcing steel and concreted

- in. In present-day practise, however, it is most common to cast only ducts and

anchor plates into the concrete. The prestressing steel is then placed int.o the duct
after the concrete has hardened. Individual strands can be pushed into ducts
directly from spools and then cut to length, Dents and the intrusion of cement ko
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the empty ducts inhibit the placement of prestressing steel. Ducts must therefore
be cavefully inspected for defects.

4.6.4 Detailing

Largé concentrated forces are transferred to the concrete at the anchors of post-
tensioning tendens. The anchor force is resisted by compressive forces which
spread out at 30° to 45° on either side of the tendon. The flow of forces in the
region of disturbance must be carefully followed through the structure and
checked at uitimate limit state, both when the tendons are siressed and after
completion of the bridge. Reinforcement must be provided to resist the transverse
tensile forces produced at the deviation points of the compressive forces.

The éxamples presented in figure 4,38 illustrate the use of simple truss models for

-+ the anchor zone, The flow of forces is a function of the following parameters: the

angle formed by the compressive struts behind the anchor, tendon force P,
support reaction A, and the state of stress {cracked or uncracked) away from the
zone of disturbance.

Fiexural reinforcement is only effective when it can be brought into equilibrium
with an equal and opposite compressive force in the concrete, This is accomplished
with diagonal compression struts, as shown in figure 4.39. The tensile and
compressive forces are thus not located at the same section; the distance
separating them is a function of the dimensions of the cross-section and the
location of the reinforcement. This distance is called the moment development
length, and is denoted /,.

Figure 4.39 illustrates the concept of moment development length for two related
cases: one tendon with vield force Fp, in the middle of the bottom slab and two
tendons each with yield force Fp,/2 in either web. Included for each figure are
normal stress diagrams computed from elastic theory, a corresponding truss
medel, and & diagram of the moment, M (P), that can be equilibrated at a given
section, The compressive forces in: the truss model are assumed to spread out at an
angle of roughly 45° without additional shear reinforcement. The moment
development lengths obtained from elastic theory and from the truss model are
roughly the same and are given by

L= g +h+ % (tendon in bottom s:lab)
and
Leh+ = {tendons in webs)
Low values of [, generally correspond to efficient reinforcement layouts. The

savings achieved by minimizing /, are due not only to reduced tendon length, but
also to ihe elimination of the transverse reinforcement required for equilibrium in
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Truss models for anchor zones

the lower slab (fig. 4.39a). Whenever possible, therefore, tendons shoufd be
anchored in the webs themselves or as close to the webs as possible. These
principles are also valid for mild reinforcing steel, provided it is not required in the
slab for the control of cracks.

The tensile force in & curved tendon produces deviation forces, gp, in the plane of
curvature (fig. 4.40). These forees are resisted by the concrete; the local siresses
thus induced must always be investigated. When enly a thin layer of concrete is
avpilable to resist gp, tendons must be anchered into the cross-section with
preperly designed reinforcement. In such cases, the strength of the' concrete alone
should never be relied on to restrain the pull-out of tendons, even if the
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Figure 4.40
Deviation forces due to tendon curvature (r: radius of
tendor curvature; gp = P/r)

reinforcement required appears iégligible. It is incorrect to assume that the
curvature of the tendonis equal to the curvature of the girder; local concentrations
of curvature, and hence local peaks in gp, shouid be anticipated. Figure 4.41
shows several commonly oceurring details in bridge construction that must be
properly reinforced to resist the pull-out of tendons.

The state of stress induced by prestressing is self-equilibrating. The inward-
directed deviation force due to tendon curvature, gp, is therefore equal and
opposite to the deviation foree in the concrete, g,.. The force g, is the integral of the
outward-directed components of concrete compressive stress, o,

1
g.= _[ d96= I ;g:dic
Ae A

When the cross-section is compact and solid, g, and g, induce normal stresses
transverse to the axis of the member (fig. 4.42). The nearer the tenden is located to
the inside of the section, the greater and more dangerous are the transverse tensile
stresses. In open cross-sections, the deviation forces induce normal stresses
transverse to the axis of the member, transverse bending moments, and, under
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Transverse normal stresses in & curved
girder with solid cross-section

certain circumstances, torsional moments. Figure 4.43 shows a curved, centrically
prestressed F-girder without external load. The deviation forces producc‘ trans-
verse bending moments in the web, At the elevation of the tendon, assuming tis
much greater than A, they are given approximately by

Ph

~grap i @t

I

Transverse bending can also be caused by locally curved tendons (figs. 4.41a,b).
In the region of local tendon curvature, the concrete compressive force that
balances the tensile force in the tendon will have spread, at least partialiy, into the
entire cross-section. Only a small component of the deviation force g, will thus
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Trensverse

bending
moment, m

Figure 4.43
Transverse bending moments in a curved,
centrically prestressed I-girder

- remain in the immediate vicinity of the tendon to resist the full deviation force dp.

This local imbalance of forces will induce transverse bending moments.

4.6.5 Analysis of Prestressed Cross-Sections

Prestressing with pre-sirained steel reinforcement induces a self-equilibrating state
of stress in the cross-section. The fensile force in the steel and the compressive
force in the concrete, obtained from integration of the concrete stresses, are equal
atid opposite, In statically determinate structures, the two forces act at the same
location in the cross-section. The sectional forces in the concrete due to
presiressing can thus be easily determined from equilibrium. . The following
expressions are based on the assumption that the direction of the prestressing
force deviates only slightly from a vector normal to the cross=section (fig. 4.44):

-da da
N, = *Px M,..‘_t= *Px (ay?&i.—az ECZ)
V=P %y pg
(3 * &y =tz
da,
V;‘,z= _an' Mc,z= _any

. da, d
'T;=_Px I:(ay_cy)d_i.—(az_cz) ?‘;E:I .

These sectional forces are denoted collectively as S p.

In statically indeterminate systems, the deformations induced by the self-
equilibrating state of stress result in redundant sectional forces, denoted S.p. The
total sectional force due to prestressing can thus be expressed as the following sum:

Sp = Sop+ Sep
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Figure 4.44
Components of prestressing force (C: shear centre;
S: centroid)

The moment due to prestressing, for example, is given by
Mp=Mop+ M : (a)

The redundant forees due to prestressing are primarily a function of the forces in
the statically determinate primary system, Sgp, and do not depend directly on

stiffness. Reductions in stiffness due to cracking are normally balanced by~

increasing deformations due to the self-equilibrating state of stress; the net change
in S,p is thus small. )

For uncracked sections, stresses due to prestressing can be calculated based on a
homogeneous concrete section. The contribution of mild reinforcing steel is
neglected. For approximate analyses and estimates, Mp is obtained simply and
quickly from equivalent loads corresponding to the deviation and anchor forces of

the tendons. By concentrating losses due to fTiction at the intermediate supports -

and assuming that prestressing losses due to other actions are constant within a
given span, the equivalent loads can be compufed using constant values of
prestressing force for each span.

When the girder is loaded with deviation and anchor forces, the total moment due
to prestressing M is obtained directly. The redundant moment M, can thus be
calculated from the equation .

. MsP = A{P - MOP (b)
where ;

Myp= —Pe (e)

(Tha sign convention of figure 4.45 is followed throughout.)

Figure 4.46 shows a girder with constant bending stiffness, fixed at both ends, and
prestressed with a parabolic tendon. The prestressing force, P, is constant. The
deviation force due to presiressing is given by the following expression:

4.7

4.6.5 Analysis of Prestressed Cross-Sections

@

T;@ ) Figure 4.45 |
—

Sign convention for moments due to prestressing

B

t
/ Figure 4.46

Z Girder with both ends fixed and parabalic
* tendon
Yz

The total moments due to prestressing at either end are thus

2
Mo () = %L

LTI

2
2
i Mp(B) = 12

The eccentricity of the anchor forces produce the end moments

Mop(A) = —Pe

Mop(B) = —Pé, (equation {c))

'I'_he redundant moments required to satisfy the compatibility conditions at the
girder ends are thus

2 :
Mp () = 2 — g (4) = P (5124

2 (equation (b))
Mp(B) = *% —Myp{By="F (%f—i— ejg) ‘

sing equation (&), the total moments due to presttessing at ends 4 and Bcan thus
be rewritten as follows:

My () =327
My (B) = 3PS

Tendons with reverse curvature near the supports induce focal deviation forces, §,
(fig. 4.47). These can be calculated using the following equatiomn:

. 8(ANP
Gp=—4 (4.8)
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The moments induced by (j}; at the supports of a fixed-end girder are given
approximat'ely by

P
M= 2 — P

The moments at the supports of a fixed-end girder due to prestressing (g, + f.lp}

can thus be calculated from the following equatlons

Mp(AY=P Gf—Afi+eq) Mp(BY=P 3f— Afp+ex)
Mop(d)=—Pe, - Mop(B}—=—Pey
Mp(d)=P Gf—AL) Mp(BY=P Gf—Af)
Similarly, the redundant moment induced by a parabolic tendon in girders fixed at
one end is sxpressed as follows (fig. 4.48):
i\ g%
; Mp(B)= ‘—‘4'?8_'——.{1:{0?(/1) Myp(B) = P(f—l—z eA+eB)
Reverse curvature of the tendon at end B is considered approximately using the
following expression for the end moment due to gp: -

= - = —ren

5 . .

%\"‘/ Figure 4,48
| L v Girder with one end fixed and parabohc
T T tendon
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For girders fixed at one end, therefore, the moments at the supports due to
prestressing (9 + §p) are obtained from the following equations:

Mp(d)=0 MSP(B) =P(f+estze,— Af)
Mop(d)=—Pe, Mop(B)=—Pey
Mp(d)=—Pe, Mp(B)=P(f+37e.— Afy)

The redundant moments due, to prestressing in continuous girders can be readily
computed by distributing the fixed-end moments derived above.

4,66 Steel Stresses for. Typical Loading States

Parfially prestressed structures pass through several characteristic states of stress
as load is increased from zero to ultimate load. These states are identified and
described in this section for the cross-section of a beam subjected to an increasing
moment due to external load, M. Ductile behaviour is assumed. The analysis has
been simplified without significant error by neglecting the tensile strength of -
concrete and by assuming that prestressing steel and mild reinforcing steel have
identical bond behaviour.

1. Pure Self-Equilibrating State of Stress; M =0 (fig. 4.49). Since M =0, the

- compressive stresses in the concrete and the tensile stresses in the prestressing steel

are in equilibrium with each other. Assuming the forces in the reinforcing steef are
small and can be neglected, the resultant compressive force in the concrets, F.p,
acts at the same level as the prestressing force, Fpp. This state of stress is only of
theoretical interest, since at least a portion of the weight of the girder will be
effective as soon as the prestressing force is applied. The bending moment due to
external load, M, will thus always be greater than zero.

2. Initial State of Stress; M = M, (fig. 4.50). This is the state of stress that actually
ocemrs immediately after the jnitial prestressing force, Fpq, is applied. The
falsework is at least partially unloaded by the prestressing; a portion of the self-
weight is thus effective as external load. The magnitude of M, is a function of the
interaction of structure and falsework and is thercfore difficult to calculate

M=0: E:

B 7 -
- EpE 4
Figure 4.49
1

Pure self-equilibrating stale of stress due
= G to prestressing; M =0
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Figure 4.50
Initial state of stress immediately after the
tendons have been stressed; M = M,

M= M = Fpp-lkep + eph: £: s

Fep
¢ k
A fop
ep Figure 4.51
— Decompression; M = 3y
Fen

3. Decompression; M = M, (fig. 4.51). The moment that reduces the compressive
stress at one of the extreme fibres to zero is called the decompression moment,
denoted My, Since the tensile strength of concrete is neglected, moments greater
than M, will cause cracking. Related to M, is the moment M5, which producesa
strain of zero at the outer layer of reinforcement. Since the layer of concrete
covering the reinforcing steel is usually thin compared to the depth of the cross-
section, if can be assumed for practical calculations that My = M,,.

4. Yield of Retnforcing Steel; M = M, (fig. 4.52). The reinforcing steel normally
yields before the prestressing steel. The corresponding moment due to external
load is denoted M,,.

5. Yield of Prestressing Steel and Reinforcig Steel; M =M, (fig. 4.53). The
moment 3, that causes yielding in both prestressing and reinforcing steel is called
the plastic moment, To ensure sufficient duectility of the cross-section, the
associated extreme fibre compressive stress in the concrete must be less than the
concrete compressive strength f.

M= Mgy = FalMg) zpt Py 251 &2 B

-4

R My) N
! s t
Fo(bigy)
_P__i)‘ —F—
- 4 B !
o Lﬂ@t Figure 4.52
Ep<Epy Mgyl Yield of reinforcing steel; Af = M,,
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- Failure of the cross-section; M = A,

6. Failure of the Cross-Section, M = M (fig, 4.54), After the entire reinforcement
has yielded, the internal forces Fj, and F,, remain cofistant, Sectional forces
slightly higher than M are nevertheless possible, since the internal lever arms Zp
and z; can be increased somewhat. Increasing A beyond M, is accompanied,
however, by large deformations, The cross-section fails at the moment, Af,, that
causes crushing in the concrete at the ultimate compressive strain s,,.

The range of possibilitics for reinforcement in partiaily prestressed sections is
limited only by the requirements of safety and serviceability. The effective
prestressing force and the refative proportions of mild reinforcing steel and
prestressing steel can, theoretically speaking, be freely chosen, The remainder of
this section examines the influence of these factors on the behaviour of partially
prestressed cross-sections.

For each of the two cross-sections shown in fipure 4.55, the stress in the
presiressing steel, o, has been computed as a function of bending moment, M.
Hach section is reinforced in eight different ways. Four different values are
considered for the ratio of initial prestress to yield stress:

. Gpolfe, = 0.00
. Gpolfpy =035
. Opglfpy = 0.50
. Gpolfey = 0.70

-Each of these four cases is combined with the following two ratios of reinforcing

steel to prestressing steel:

A ofop =0
B aoju.=1
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Figure 4.55
Cross-sections used for investigation of partial prestressing; a, rectangular section; b, I-section

where the mechanical reinforcement ratios for reinforcing and prestressing steel
are defined by the following equations:

ALy Anfey B
P=pn L “"Tbh L .

Case A thus corresponds to a section with only prestressing steel; case B
corresponds to a section in which reinforcing and prestressing steel contribute
equally to the ultimate resistance. The total yield force in the reinforcement is

assumed constant. For the rectangular section (fig. 4.552), o -+ wp=0.15in all -

cases; for the I-section (fig. 4.55b), w, -+ wp=~0.1 in all cases.

The analysis is based on the idealized stross-strain diagrams for concrete,

reinforcing steel, and prestressing steel given in figures 4.56, 4.57, and 4.58 .

respectively. The calculated relations between op and M are presented in
dimensionless form in figures 4.59 and 4.60. :

Before the decompression moment A4y, is reached, the existing tensile force in the
steel due to the effective prestress is greater than is necessary to bajance M. In this

A
F

50
08
06+ ey

02+ o Figure 4.56

— Idealized stress-strain diagram for concrete used

] -0301 -0007 0003 for investigation
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Figure 4.59
Stress in prestressing steel, op, as a function of M (rectangular section)
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Stress in prestressing steel, ap, as a function of M (I-section)

state, the prestressed cross-section is uncracked and homogeneous, and thus_has a
high bending stiffness. The stress in the prestressing stesl increases only slightly
with increasing moment.

After A, is reached, the steel stress must increase nearly in direct p}'opor!;ion with
the M to maintain equitibrium of the section. The stress in the remforqqg stFeI,
which is practically zero for M < My, increases at the same rate as op untilits yield

stress, fo, is reached.

An exact ealeulation of o,-as a function of M is usually not necessary for design.
The stress in the steel can be estimated with reasonable accuracy using a simpliﬁe_d
trilinear diagram (fig. 4.61). The increase in stress up to decompression is
neglected and A7, is assumed equal to Mg, The three points that define the
diagram (decompression moment M, yield moment of reinforcing steel A, a‘nd
ultimate moment Myz) can thus be simply calculated using the following

equations:

ﬂ{p = Tpg AP (eP_"klup)
ﬂfs}‘ = (Upo +_f_;y) AP Zpy +J§Y As Zsu
My = foy Ap Zpy +foy As 2

whete k,, is the upper kern point of the section.

1 ws .
/ - —— g " 0lup=01)
L/ 4 o
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Figure 4.60
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4,67 Prestressing with Unbonded Tendens

Post-tensioning tendons that have been designed as bonded must sometimes
contribute to the flexural resistance of the cross-section during construction,
before they have been bonded to the concrete by grouting. This is often the case in
cantilever construction and in span-by-span construction with form girders. The
resistance of the section with unbonded tendons is often considerably less than its
resistance after the tendons have been bonded.

Tendons that are left permanently unbonded can also be used in bridges. The most
commeon such application in new construction is the use of external tendons in
precast segmental structures. Here, the advantages of unbonded prestressing
include speed of construction, elimination of grouting (which can rarely be
properly executed for bonded tendons in precast segmental construction), and
durability. The prestressing steel, enclosed in plastic ducts and injected with grease
or wax, is protected from harmful environmental conditions, yet is accessible for
inspection, maintenance, and replacement. Unbonded tendons can also be used
for the rehabilitation of existing bridges. For deck slabs with high concentrations
of chlorides but otherwise sound conerete and reinforcement, for example,
providing an additional layer of concrete reinforced transversely with unbonded
tendons may be a less costly alternative to deck replacement.

There is a fundamental difference between the structural behaviour of bonded
and unbonded prestressing. For bonded tendons, the increase in stress after
decompression, Agp, varies along the tength of the member and can be computed
at a given section directly from the local state of strain, For unbonded tendons,
however, Agp is a function of the total elongation of the tendon, Alp, and can be
conservatively assumed constant between anchor points.

The elongation of an unbonded tendon is a function of the global deformations of
the girder. Exact computations are often complicated. For tendons that are
unbonded only during construction, it may be preferable to calculate uliimate
resistance assuming Aoy = 0. The stress in the prestressing steel at ultimate lmit
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state is thus limited to the effective prestress minus losses due to friction, opg. This
simplification is always conservative. :

For tendons that remain permanently unbonded, it is normally preferable to
compute ultimate resistance with the actual value of Agp. OF greater importance
than a rigoreus caleulation of the increase in stress, however, is a tendon layout
that maximizes Agp for a given deformation of the girder. This is achieved by
anchoring the tendons at each support. (The presiressing steel from two adjacent
spans should he lapped to maintain continuity.) This tendon arrangement has the
additional advantage of shortening tendon length, thus reducing prestressing

losses due to friction.

The area of prestressing stecl necessary for safety at ultimate limit state can be
calculated based on equilibrium and the witimate deformations of the structure.

The design bending moments, M, are first computed according to the theory of

plasticity; M, must be in equilibrium with the design loads g, and satisfy the

statical boundary conditions. The force in the unbonded tendon necessary for

internal equilibrium, Fy, is obtained from

Fd — Md, max
F4

at the points of maximum design moment. The parameter z is the internal lever
arm, typically measured between the centroid of prestressing steel and the middle
surface of the compression slab. Since the tendon force F, is constant between
anchors, the lever arm can be readily computed at all other sections of the girder,.
L

The extreme compressive fibre strain at the section of maximnm desigh moment,
e,,, should be conservatively chosen not to exceed 0.0025. The state of strainin the
concrete at this location is thus determined from e, and the depth of the concrete
compressive stress block, x, required to equilibrate F;.

The state of strain is then computed at the remaining locations along the girder
from the desipn bending moments and material stress-strain diagrams. This
calculation is relatively complicated and ¢an be done by computer. Alternatively,
it can be assumed that curvature is zero at all sections where M, is less than the
decompression moment, M. Linear interpolation can then be used to obtain

curvatures at those points for which A, is between My and My ... This -

approximation is sufficiently reliable for preliminary calculations.

The elongation of the urbonded tendon is now computed using the following
equation:
Al=[g dx

where 5, is the strain in the concrete section at the level of the prestressing steel. The
increase in strain in the prestréssing steel due to the ultimate deformations of the

4.6.8 Loss of Prestress
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system is thus given by

Agp = %

where [ is total tendon length between anchors.

The arca of prestressing steel, Ap, required for equilibrium is obtained from the
relation :
Iy

Ap =g 7p

The stress compatible with the ultimate deformations, op, is calculated from the

“following equations (the quantity ep, denotes initial strain in the prestressing

steel)

Op=fpy - for &pg-+Aep 2 &p,

op={epg+Asp)Ep for gpg+Asp <epy

and

\

The prestressing force at any point in the structure is always less than the force
measured at the jack during stressing. The difference between the effective
prestressing force and the jacking force is called the loss of prestress. Losses occur
primarily due to the following causes:

1. Frictioqa[ forces between tendon and duct during stressing
2. Shorten}ng of concrete after stressing due to crecp and shrinkage
3. Relaxation of prestressing steel after stressing

The permanent load moment, A, p, is the sum of two components of opposite
sign and of approzimately equal magnitude. It is therefore sensitive to small
changes in M due to loss of prestress. Changes in M, » will be reflected in the
deformations of the structure, Prestressing losses must therefore be investigated to
ensurs that the residual long-term prestressing force is adequate to control
deformations due to permanent load. Special attention must be paid to loss of
prestress in partially prestressed structures, which may lead to cracking under
permanent load and hence to a substantial reduction in stiffness.

a) Loss of Prestress Due to Friction

The decrease in prestressing force due to friction at a distance x from the stressing
location is given by

AP(x) = Py (1 —e™#29)
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where P, 1s the jacking force, p is the coeflicient of friction, and «(x) is the total
angle change between the stressing location and point x. When pot{x) is less than
0.2, the following linearized formula can be used:

AP(x) = Py po(x)
The function «(x) can be expressed as the following sum:
a{x) = o, +xAx

where «, and xA« are the “intentional” and “unintentional” angle changes,
respectively. The former component is the sum of the deviation angles in the

vertical and horizontal planes, ¢;, measured from the design drawings (fig. 4.62):

O =ty oyt Uyt o,

The unintentional angle change accounts for any deviation of the actual tendon
profile from the design profile, due to construction tolerances and displacements
of the tendon during concreting. It is assumed to vary linearly with x. The
coefficient A is a function of the spacing of the cable supports, the way the cable is
held in place, and the care taken during concreting. A value of Az roughly equal
to 0.005 agrees reasonably well with frictional losses measured in actual field
conditions.

The valué of the friction cosfficient, u, varies considerably accerding to the
properties of the prestressing steel and the duct. Although a standard value of
41 = 0.20 can normaily be assumed, it is not uncommon for values of 4 of up to ¢.40

to occur,

Tn the absence of data obtained from special investigations, the prediction of
losses due to friction is very uncertain. Tendon elongations must therefore be
carefully monitored in the field during stressing operations and compared to
computed elengations. Field measurements of elongations are relatively unreli-
able for tendons that are stressed at only one end, since the cbserved elongation is
sensitive to the frictional forces in the immediate vicinity of the stressing location.
The prestressing force can be directly checked, however, for tendons giressed at
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both ends. After jacking at one end, the lift-off force is measured at the other;
comparing the jacking foree to the lift-off force gives a good indication of the
frictional loss along the tendon. ’

The observed elongations and lift-off forces must not differ from computed values
by more than 5 percent; Otherwise, the deformations of the siructure must be
recalculated using the actual tendon forces. Falsework should not be removed
before a careful evaluation of the stressing records has been made and any
systematic errors have been identified.

b) Loss of Presiress Due to Creep and Shrinkage

Time-dependent plastic shortening in the concrete due to creep and shrinkage
causes shortening in the prestressing steel and thus a loss of prestressing force. The
reduction in prestressing force due to creep and shrinkage is a function of the state
of stress due to dead load and prestressing. Several different cases must therefore
be distinguished:

1. Uncracked Section, Bonded Prestressing Steel. This is the most common case for
prestressed concrete bridges, The concrete at the level of the prestressing steel is
precompressed under dead load plus prestressing, Tt is assuined that any change in
concrete strain can be transferred directly to the prestressing steel. The loss of
prestressing force due to creep and shrinkage can therefore be calculated at a given

section based on the compatibility of strains in steel and concrete, assuming an

appropriate creep law.

These concepts can be used to derive an expression for the Ioss of prestress, AP, in
a member subjected to initial prestressing force, Py, and external axial com-
pression, N. Both forces act concentrically. The time-varying strain in the
concrete, £,{1), is computed from the following creep law (see Section 4.7.1):

Oeo AU&
z P+ 5 (1 +pud)+e,

h
e

Aeg. =

where ¢ is the concrete creep coefficient and e, shrinkage strain. The parameter -

can be taken as 0.8, The initial stress in the concrete, 0,4, and the chahge in stress,
Aa,, are given by the following expressions:

— P+ N
e
Ao, = ﬁ‘i}:

where A4_is the area of the concrete section, Cofnpatibilily requires that Aep = Aeg,.
Tt therefore follows that

AP = Asp Ep Ap = A, Ep Ap

R B R R A SR GE
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1 Substituting for Ag, and selving for AP, the following expression is obtained:

Tep Ac¢ +8rsEc Ac - (4‘9)

AP =ne S e (T4 uh)

where 1= Ep/E, and g = Ap/A.. '

" Equation (4.9) also gives reliable results for presiressing losses in members

subjected to both flexure and axial load. In such cases, o, #and Ao, are computed
at the elevation of the prestressing tendon and must inciude the flexural and axial
components of stress. A version of equation (4.9) for this case is derived in Section

4.7.4.

. 2. Cracked Section, Bonded Prestressing Steel. When cracks penetrate up to or

beyond the level of the tendons, the stress in the prestressing stee! will be whatever
_value is necessary to maintain internal equilibrium, regardless’ of creep and
shrinkage. This stress is always greater than the initial prestress. The effect of creep
and shrinkage is thus limited to additional shortening and deflectionsin the girder,
without reduction in steel stress. The concrete is stress-free at the level of the
tendons angd thus does not deform due to creep. The strain in the prestressing steel
is likewise not reduced by shrinkage of the concrste at this level. Although the
stress i the prestressing steel is reduced somewhat by shortening of the flexural
compression zone due o creep and shrinkage, this cffect is small and can be

negiected.

3. Transition from Uncracked to Cracked State. The decrease in M due to loss of

prestress may be sufficient toincrease M, ++p beyond the cracking moment. In such-

cases, though, the stress in the prestressing steel cannot decrease below the value
required for equilibrium of internal forces in the cracked section. Furthermore,
the loss of prestress will normally be small, since it is caused only by the shrinkage
that occurs before cracking. (Since the concrete strains at the level of the steel are
tensile befere cracking, no loss of presiress will be incurred due to creep.)

4. Unbonded Prestressing Steel, The prestressing force can be considered constant
along the full length of unbonded tendons between anchors, provided the
frictional forces between tendon and duct are neglected. The loss of prestress is
therefore a function of the total shortening of the concrete between anchors and is
constant over the length of the tendon.

¢) Loss of Prestress Due to Relaxation of Prestressing Steel

As stated in Section 3.1.3, the loss of prestress due to relaxation, Avp, ., is 2

function of the properties of the steel and the ratio of initial stress to tensile
strength, op /fpr. Relaxation progresses more rapidly than creep and shrinkage in
concrete. Whereas 50 percent of the final relaxation strain is reached at roughly 28
days, this same percentage of the final creep and shrinkage strain is achieved onty
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after 90 days. In spite of this fundamental difference, a detailed calculation of the
interaction between relaxation, creep, and shrinkage is usually not nccessary.
Given the range of variability of the coefficient of friction and the material
parameters of steel and conerete, such a calculation will be of doubtful accuracy. It
is normally sufficient to calculate Aoy, . as a function of opq only, using figure
3.15. The interaction between relaxation, creep, and shrinkage can then be
considered by calculating the loss of prestress due to creep and shrinkage using the
following reduced initial prestress:

Op=0p—0.5A0p 101

where Adp . o denctes the long-term loss due fo relaxation,

4.6.9 Prestressing Concepts

As discussed in Section 4.6.6, the ultimate resistance of partially prestressed
structures is a function of the combined yield force of presiressing and reinforcing
steel. The appropriate amount of prestressing to be provided, therefore, cannot be
directly determined on the basis of behaviour at ultimate limit state. Supplemen-
tary criteria for the design of presiressing in partially prestressed structures are
therefore required. These criteria, which will be called prestressing concepts, are
established to account for aspects of serviceability, economy, dnd construction in
the design of the prestressing as they apply to various types of structures.
Repardless of the chosen prestressing concept, however, economic considerations
always dictate that the total amount of reinforcement provided (prestressing steel
plus mild reinforcing steel) should not exceed what is required for safety.

This aim, however, cannot normally be achieved in structures that are fully
prestressed for dead and live load. The long-term prestressing force, allowing for
all losses due to friction, relaxation, creep, and shrinkage, is normally small
relative to the yield force. Full prestressing consequently requires substantially
more prestressing steel than the minimum necessary for safety, In partially
prestressed structures, however, the total reinforcement can almost always be
determined on the basis of safety alone. Only in exceptional cases must the amount
of prestressing be increased above this amount 1o limit structural deformations.

Careful attention must always be paid to cracking in partially prestressed
structures. Cracks due to live load do not normally impair serviceability, since
they close immediately after live load is removed. The moments induced by
restrained deformations in bridge superstructures usually exceed the cracking
moment by only an insignificant amount and result in a smail number of narrow
cracks. Cracking due 1o restrained deformations, therefore, can also be tolerated
in partially prestressed structures. Moments due to permanent load that are
significantly greater than the cracking moment, however, result in a large number
of cracks, the widths of which are a function of the stress in the steel. Cracking due
to dead load plus prestressing should therefore be restricted or eliminated by a
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prestressing concept in which at least the deck slab is fully prestressed under dead
load plus prestressing.

The likelihood of crack formation in structures that are fully prestressed for dead
and live load is small. Even in such structures, however, unexpected tensile stresses
and cracks can be produced by restrained deformations and self-equilibrating
stresses. Tt is therefore necessary to provide a sufficiently high reserve of
compression in the entire structure or, more réliably, to accept cracking as
inevitable and provide mild reinforcement to control and distribute cracks.
Minimum mild reinforcement must always be provided in partially prestressed
structures. It is also necessary to verify the width and distribution of cracks if the
cracking moment is exceeded under permanent load.

Deformations often have a substantial influence on the choice of prestressing
concept. Full prestressing can produce unexpected and undesirable npward
deflections. Slender, fully prestressed T-girders are particularly susceptible to this
type of behaviour. The deformations of partially prestressed structures must
always be checked, taking into account the variability inherent in the computed
presiressing losses and the reduction of member stiffness due to cracking.

The relative proportion of prestressing and reinforcing steel is of little significance
to the economy of the structure. It is normally more economical, however, to
reinforce local stress concentrations with mild reinforcing steel as opposed to
prestressing steel. :

4.7 Long-Term Effects

4.7.1 Fundamentals

The time-varying changes in stresses and deformations induced by creep and
shrinkage in concrete and relaxation in prestressing steel are collectively called
long-term gffects. Long term effects must be considered in the calculation of
deformations, redistributions of sectional forces due to changes of structural
system, and sectional forces due to restrained deformations.

The calculation of long-term effects is based the following analytical models for
creep, shrinkage, and relaxation presented in Sections 3.1.1 and 3.1.3:

Eoe(ly T = Ee 28 GaK (D S 1 —0)
&Ls(rb r()) = Ecs.n [g(t) _g(iﬂ)]

3. Relaxation in prestressing steel: Agp = Acp(apy)

1. Creep in'concrete:

2. Shrinkage in concrete:

a) Analytical Model for Creep

The basic analytical tool for calculating time-varying strains in concrete due to &
known stress o {f) is the function @ (1, ¢). It is defined as the total (elastic plus
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creep) strain at time 7 produced by a unit sustained stress applied instantanecusly

at time . 1t is related to the creep funcrion, ¢ (t, 1), by the following expression: |

o(, r):g@—){lwa,rn

where E, (1} is the elastic modulus of concrete at time 1. The function ¢ (7, ) is thus
the ratio of creep strain to elastic strain at time of loading. The function @ is
often defined as the ratio of creep strain to elastic strain at 28 days, written
¢y (1, 7). Tt is then formulated as

@(1‘, 'L') =L + ¢25(f:T)

o : E.(x) E. 25

where E, ;4 is the modulus of elasticity at 28 days.

Strains induced by an arbitrary time-varying stress, o (f), can be computed using
Boltzmann's principle of superposition. Given a constant stress 74, applied at time
T, and constant increments of stress Aay, Ao, ..., Ag,, applied at times TysTas
<1« s T, the strain g (7) is obtained from the folowing summation:

2t) = o0 B (7, 7o) + f;An[-cb(r, ) @

For infinitesimally small increments of stress, equation (4) is transformed into

a‘;g’) @(1, 1) de (b

6t) = 0o B (7, 1)+ |

where (7} is the total stress at time 7. This equation can be rewritten in terms of
$(1,7) :
Laa(d) 1

7 B [+ Oldr ©

& () =ﬁ§o) [+ ()] +

i

and in terms of ¢,5 (2, 1)

= 1 Paall, Tp) tle@ 1 L Paalts T)
Ec(f)—U'D(EC(TO)-F zgc,zsﬂ)JrI o (Ec(?:)' Z )dr )

n

Equations (b) through (d) are not often used for practical calculations, due to the
?OEanexity of the integral, They can, however, be applied to simple problems
involving constant increments of stress, for which the integral vanishes. The use of
equation (d) in the solution of one such problem is illustrated in the following
example: .

e e S e S T R
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f )

v = _

i [ ., " 0 ey
7 1", ’ T ]

0

re 4,63
s funiction of Example 4.6: a, given function o; b, equivalent superposition of +sand —o

unple 4.6: .
‘culation of time-varying strains

2 strains induced by a stresy o, applied over a finite inierval of time 7o S =27y
the sum of the strains due to a sustained stress +-dy, applied at time 75, and a
s —ag, applied at time v, (fig. 4.63). Since both stress functions are
izontal, the derivative dg (r)/@7 in equation (d) vanishes. The strain g7} is thus

en by

| { $aalt, 7o) i gl 1))
0= (g P ha) o (E ) ©

s assumed that
$oalt:T) = Gk (S —7) (equation 3.1)

ere the coefficient ¢, and the functions k(r) and fl—1) are def‘fned in
ction 3.1.1. Qubstitution into equation (€) yields the following expression:

&(1) :Ej(iﬁw.) EQI)’;S k(’CO).f(f-—.TO)
o by
4—E723—00E—c,2;k(11)f(t_11)

vich, for B, (7o) = E.(z4), simplifies to

) = 00 g k(a0) (1= ) =0 o ke S 7)

nee the function f (£ — 7) tends towards 1 as ¢ increases (o infinity, the final long-
rin strain due to the given stress is

oo = T 1 = (k) k()
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Equation (c) can be modified to account for the effects of shrinkage as follows:

| g(f) = EL(OTJ [+ ¢ (4, 7))

tao(r) 1

+ ; e AL ¢ (t, Dldr+ e (1) ®

where the additional term, £.,(¢), is the shrinkage strain defined in equation (3.2).

b) Dischinger's Method
The computation of time-varying strains is made easier by assuming that the
function @ can be written in the following form:
1 ’
Pplt,ty)= w1+t
D( 0) EC(IO) [ QS( 0)] (g)

for an initial instantaneous application of stress at time 7o, and

B, (1,7,) = ﬁ + fz—ﬁ (6010 — L] )

for a subsequent increment of stress at time 7, (Neville, Bilger, and Brooks 1983,
248). The functions @, (7, 7,) are thus parallel to @, (1, 1), 8s are the correspond-
ing creep functions ¢ (fig. 4.64). Deformations due to creep are underestimated
with these assumptions for @p. ‘

Substituting equations (g) and (h) into equation (f) yields an expression for total
strain in the concrete: . :

g

gc(t) = m [}' + QS ('ta TU)]
1200 (L 1) = 80 9]) de a0
tp(i.r)A Ef"j:t‘

pkig{i-fir-i)
n /_’_”1

Prkig)flr-g)

T, T THdT . t Ty T §

Figure 4.64 .
Dischinger's methed: a, time-varying stresses o (£); b, creep functions ¢ for initial stress o {zg) and
subsequent increment of stress do
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which can be transformed into the following equation by taking derivatives
of both sides with respect to f:

de, 1 de a. d¢  de,

G TEG @ B dr ot

This expression is known is Dischinger's equation,

The inherent inaccuracy of Dischinger’s equation, which results from the assumed
function, @y, can be improved somewhat by medifications proposed by Riisch
and Jungwirth (1976, 68); its use in practise, however, remains restricted to
relatively simple problems. Finite-difference methods can be used to solve
Dischinger's equation in more complicated cases. The computational effort
required is still, however, considerable.

c) Trost's Method

Equation (f) can be rearranged into the form

&®=E%5U+¢@%H

o{f)—agg

ACAS [1+ p (2, 1) ¢ (4 1o)] + 25 (6D ]

+

where (o)
e (AN
B %) = e o @ oq]

L ao() 1 ' 1
"{ ot "E‘:'G")"[l'{'q&(fsf)]dr'_qﬁ(f,ro)

The function u(,t), which accounts for the difference in creep response to
instantaneously applied stress and to gradually applied stress is called the aging
function. Trost (£967) found that variation of g with time fter first application of
stress, f — 7, 1s small and can be neglected. The function can therefore be taken as
a constant; the value of g depends on ¢, (fig. 3.8) and k(z,) (fig. 3.9). Typical
values of u are given in table 4.2.

Table 4.2

Aging Coefficient, s, for Creep Cal-
culations, {adapted from Trost
1967)

P k(zo)
1.5

0.85
0.80
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Trost’s methed is easy to understand and to use. In spite of its simplicity, it gives
reliable results in most cases. Equation (i) is often simplified as follows:

) =2 1+ $O1+ T2 11 g ()4 2.0 (4.10)

where ¢ (¢) and E, are understood to mean ¢ (1, 7,) and E,(1,), respectively.

4,7.2 Calculation of Deformations Due to Permanent Load

Deformations due to permanent [oad must always be checked, taking into account
the effects of creep, shrinksge, and relaxation. The lack of proper attention to
these Iong-term effects can resultin excessive deflections, particularly for partially
prestressed structures.

Long-term deformations are induced by each of the following increments of stress,
Aot self-weight and initial prestressing, subsequent stages of prestressing,
superimposed dead load, and loss of prestress. When only the final deformations
: are required, a separate consideration of each Ao is usually not necessary. Since
e the difference between the initial and the final states of stress is normally small, the
i final concrete strain can be caleulated using the final state of stress, o,,,, and an
effective modulus of elasticity, E., based on the time of initial loading, 7,:

£ 2 Ten
’ E. 28

Po=¢nk(te) and E=E ;f(1+d,)

The influence of creep is especially important in second-order stress and stability
problems, since the additional deformations dve to creep can result in a
substantial reduction in ultimate load,

O
(I + ¢m)+£cs,m e E‘Z--I-Eﬂs,w

where

4.7.3 Redistribution of Seciional Forces Due to Change of Structural System

Changes in structural systermn offen occur during the course of construction,
particularly when mechanized falsework is used. Typical examples of consiruction
procedures that alter the structural system include the span-by-span construction
of girder bridges and cantilever construction with monolithic closure pours at
midspan.

Numerical errors can result from calculating the redistributed sectional forces due
to dead load and prestressing separately, since both quantities are simifar in
magnitude and opposite in sign. It is preferable to caleulate the associated creep
deformations nsing the combined sectional force due to dead load plus prestress-
ing. It will normally be obvious from inspection of the permanent load moments

R o e T e P
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whether or not redistribution need even be considered. Given the inherent
variability of the parameters influencing creep, a refined caleulation will be no
more reliable than a general estimate. Caloulations based on an average creep

cocfficient for dead load plus prestressing, without considering the actual siress -

history, are acceptable even for cantilever constructed bridges made continuous at
midspan. The following approximation of the final, fully redistributed stress is

based on such an average:

Oy =0+ 08(e"—0?)

where o is the actual stress at time of closure and ¢ is the siress obtained
assumning the entire structure was cast simultancously on conventional falsework.

The redistribution of sectional forees can be quickly and reliably calculated using
Trost’s method. The compatibility conditions are formulated as a function of
fime, #. The change of structural system Is assumed to occur at time 4. A portion
of the total creep deformation in at least some of the structural components will
normally have occurred béfore this time. Only the residual creep, @, (7, Tp), eed
‘thereforc be considered in the formulation of the compatibility conditions after

the change of system:
qsres(t: TO) = L',b(f, TD) - ¢ (TS’ TD)

These concepts are applied in the following example:

Example 4.7:
Redistribution of sectional forces-due to a change in structural syste

The redistribution of moments is to be caiculated for the two-span girder of
figure 4.65, consisting of two simply supported spans which are subsequently

N S T A 1N 205 2N T B 0 N 3 )

\ AWl .
%\H_Wr,/ ,

&

i=0 To T \

T Figere 4.65
System of Bxample 4.7

Spon {:

Spon 27 —1 %0
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made continuous at the intermediate support. The construction sequence of span
1 is as follows:

1. Cast concrete at time 1 =0 :
2. Remove falsework and formwork at time t= 1,
3. Make continuous with span 2 at time r=15 _

The sequence for span 2 is:
1. Cast concrets at time ' =0
2. Make continuous with span 1 while still supported on falsework
3. Remove falsework and formwork at time ¢ =1, 20
'l"heT qompatibility condition at the intermediate support is
818 + 013 + X5 () (01 + 8fY) = 0 (a)

for all values of £. The unknown redundant moment, X, (£}, can be expressed as the
following sum; '

Xy () =Xy +AX (1)

where X, is the redundant moment immediately before the falsework for span 2
is removed (' =7, = 0) and AX;, (f) is the change in redundant moment after

removal.

The flexibility coefficients in equation (a) are formulated using Trost’s method:

1. §;4 due to dead load, g:
S9() = ol 926 70) = £ 82120
10,e! Fres \52 70 G E] Tres :- 0
i ’ ]3 ’ 4
S (1) = 3 1+ $D, )] = oy 1+ 6P (¢ )]
2.6y, dueto Xp=1;

S () = O L+ ¢ (6 )] = [+ 61, 5)]

SRy = 08 all + $D ' 7)) = g [+ D 7]
3, §,,dueto AX, ()=1:
B0 = 6o 11+ 1D 25)) = 0 [+ 16D,

BE0) = 0 1 + ™ (¢, To)] = 5 o U+ 1P (¢, )]
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The creep coefficients used in the above equations are defined as follows:

fﬁflﬁ {t,70) = ¢,k (1) Lf (t —70) —f (7 — T0)]
¢M(t, 1) = ok (15) S (1 — 15)
B, 1) =y K (1) fUU'—70)
Their final vaktues {¢ = o) are given by
fiiw = b, k(7o) (1 —flzs— 1o}
ng) = ¢n k(fs)
P2 = ¢, k(1o)

The compatibility condition for ¢ = oo is given by

; .
1} } 4',(2) + X (£) { (2)
24 EJ (I ¢‘res,m ® ) 10 3EI(2 Qbaa ¢m)

FAX, e QAP0 (B)

The value of X, must first be obtained from the compatibility conditions at
t =g {t' = o 2 0), for which ¢{&}, ¢, ¢, and AX, (¢) are zero. 1t thus follows

that

gl? { _L)=
2agi T A (3EI Y7
and therefore

g

Y= 5% .

‘Substituting this valug into equation (b} yields
. . 7
L 08~ 8+ B2 1 AXs 0 QD+ ) =0

The solution of this equation is

Ay - 8 208 o — 0% + ¢2
Le = THE T2 4 ulpT 4§

Assuming pQ =10, ¢ =15, 2 =2.0,and y 0.8, the fellowing value for

Fes, w0

AX, . is obtained:

12
AXyo=—05%¢
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Figure 4,66

Example 4.7: redistribution of moments
after removal of falsework for span 2 (A1,
elastic moments assuming both spans are
cast and loaded simultaneously)

The final bending moments are thus halfway between the moments occurring
immediately. after falsework for span2 is removed and the moments of an
idealized system for which both spans are cast and loaded simultaneously
(fig. 4.66).

4,7.4 Redistribution of Stress Due to Restrained Deformations
or Self-Equilibrating States of Stress

Redundant sectional forces induced by restrained deformations are reduced by
creep. The reduction is greatest when the deformation cceurs instantaneously and
somewhat less when the deformation occurs gradually. In both cases, Trost’s
method can be used to calculate the time-yarying stresses and sectional forces..
Computations are simplified by assuming that gradually occurzmg deformations
proceed at the same rate as creep.

An expression for the time-varying stresses induced by an instantaneously applied
deformation can be derived using Trost’s method. The strain ¢, o is applied at time
1 =0 and is held constant (¢, (r) = ¢_ , for £ 2 ). The corresponding elastic stress is
denoted o = E, , . The stresses are computed using equation (4.10):

() = reo = 21+ 01+ 2970 1 £ (0]

(It is assumed that e, (¢) = 0.) By substituting o,/E, for ¢, ¢ and rearranging, the
following expression for the total stress o{f) is obtained:

70 =00 (1~ 0) | &

Ah analogous equation for the siresses induced by the strain, &.(f), applied
gradually to the structure, can also be derived. The initial stress, ¢, is zero. It is
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assumed that g, (r) increases at the same rate as creep, ¢ (1}, The two functions are
thus refated by the following equation:

0(0) = o0 %’3 (b)

The time-varying stresses are calculated using Trost’s equation

() = S0 1+ @1+ 022 11+ g 1)

\\;hicll is transformed into
)= S 1+ (0]

Substituting equation (b) into this expression yields
o G2 = T2 1+ 190

and thus

é(1) o
O N (ET10) ©

Where 0., o = 5.8, w-

Equations (a) and (¢) can also be applied to sectional forces, S. .When the
deformation is instantanecusly applied, the time-varying forces are given by

¢ 1)

When the deformation is gradually applied, the following expression can be used:

; a0
SO =Se g Trug@

where S, , is the elastic sectional force corresponding to the ﬁpal strain, & o+
When redundant forces are induced by a combination of an instantaneously
deformation, &, and a gradual deformation, g, (¢), the time-varying siresses can

be computed using the following equation:

() o)
o(t) =7 (1‘1+y¢<r))+”°¢m st . @

4.7.4 Redistribution of Stress Due to Restrained Deformations

h Figure 4.67
Moments in column induced by shor-
tening of girder due to prestressing

provided the final value of the gradually applied strain, & (), is ¢ &, 0. The
combination of an instantaneous and a gradual deformation thus produces a
constant stress equal to the initial elastic stress.

Thé longitudinal shortening of bridge superstructures induced by prestressing
consists of an instantaneous, elastic component and & gradual component due to
creep. Equation (d) can thus be used to compute the redundant moments induced
in columns by this phenomenon (fig. 4.67). The initial elastic displacement at the
tip of the column is denoted &,; the gradual component, 4., is equal to J,) times
¢ (t). The total moment at the base of the column, M (¢}, is thus constant and equal |
to the elastic moment

3EI¢
af'{iol = -';,*1'1““ 591

where EI€ is the flexural stiffness of the column and / its height. The moment M.,
can be decomposed into two components, correspending to equations (a) and (c),
respectively:

3EI‘76£!(1 () )

Az

IEEYTI0)

C
O T T0)

M{dy) =

The contributions of 3 (d,;) and M (3, ¢ (1)) to M, ate plotted in figure 4.68 as
functions of 1.

Mgt
.

M (8- plf)] |
) Figure 4.68
M (8] Moment at the base of the column, Af, due to *
el - shortening of girder (Af{d,): instantaneous
3 component; M (&, ¢(1): gradual component)
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B M5

L 1
5 g
S®
of W
56 %‘N’% Figure 4.69
i T;@ Composite section composed of a precast
concreis girder and a cast-in-place concrete
deck

Load-free states of strain in the cross-section are induced by femperature
gradients and, in composite matetials, differentiai creep and shrinkage, Since
plane sections must remain plane, the free deformation of the cross-section due to
these actions is restrained. This results in self-equilibrating stresses, the evalution
of which can be easily calculated using Trost’s method.

Cross-sections consisting of & precast girder and a composite, cast-in-place deck

~ slab are frequently used in bridge construction (fig. 4.69). The permanent load

stresses are redistributed due to differential creep and shrinkage.

The calculation of the time-varying stresses begins with determining the inittal
sectional forces in the deck slab and girder due to dead load and prestressing.
These forces, which are denoted N3, M3, N§, and M§ in figure 4.69, must satisfy
equilibrium and, where. applicable, compatibility (plane sections). The initial
rotations, 8, and strains at the interface, ¢*, are as follows:

- NS MS NE M§
eg® :E—SZS + T-sg—s ot ef® :}EGLG + F%? efjp
5 Mg G Mg
b=wr bo=gop

Since the deck slab is normally cast in place without shoring the girders, the
parameters N5, M3, e§®, and 45 are typically zero.

The free deformations of slab and girder are prevented by time-varying shear
forces at the interface, which cause changes in the scctional forces and
deformations in each component. Relations hetween the change in sectional force
and change in deformation, valid for arbitrary values of ¢, are formulated using

Trost's method:
AS®(1) = 650 ¢5 (1)
ANS()  AMS(t
R AR O RO

APty =65 4°(0)

) |
+ A0 et 0
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Ae"R(1) = e 9O ()
ANE MO
(S + S ) (%5200 @
£0%(1) = 9 6°(1)

AME
1AM (14 w847 () )

The sectional forces and deformations thus defined must satisfy the following
conditions for all values of . ‘

1. Equilibrium: .
' ANS(1) - ANC () = 0 Q)
AMP()+AMY(1) +aAN (=0 )

2. Compatibility:
AT () = AeBW (1) )
AGS(1y = AGC (1) ' )

The eight equations (g) through (1) can be solved for the four unknowa changes in
sectional force and four unknown changes in deformation. Because the flexural
stiffness of the slab is considerably smalier than that of the girder, AM (s} can be
taken as zero. Under this assumption, equations (), (h), and (1) must be dropped;
the remaining five equations ’

8550() ~ 0 0+ 28D (1L ) + 50 @)

ANC(t AMS(t
Aeo ()= 0 400 - (Gt + Ao o)

(A +n8 %)+l (n)

ANS()+ANF() =0 ©)
AMS (1) +aANT (1) =0 ®)
- ASSE() = AR () @

are solved for ANS (1), AN (1), AME (1), Ae5® (1), and AeS® ().

Thf? lo§s of prestress due to shrinkage and creep in concrete can be considered asa
r(?dlstrjbution of the self-equilibrating state of stress induced by prestressing and
visualized as an increase of the internal lever arm to maintain equilibrium. The
pre§tressing force thus cannot be reduced if the compressive force in the concrete,
F,, is already located close to the upper edge of the cross-section. The initial lever
arm for permanent load is greater for partially prestressed sections than for fully

AR

R
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préstressed sections. It thus follows that the potential loss of prestress for the
former will be smaller for than the latter.

oo 1 i ion for the L { prestress, AP(f),ina
These concepts are used fo derive an equation for the loss o1 p R ,
flexural membey (filr. 4.70). (A decrease in prestressing force cm:responds toa
value for AP (£). Ititherefore follows that the total prestressing force, P (1),

positive at the tol
is Py + A P().) Axial force and moment equilibrium imply that

AP(t) = AF,{1) ' ‘ @
and | ©

[F, o+ AF (O] fa+c+Ac()] = Foola+c)

Expanding equation (s) ‘and neglecting second-order terms, the following

expression is obtained:

_ AR {a+0) : : ®
Fc,O )

Ac(ty=
The compatibility condition at the level of the prestressing steel,
Ae () = Aep(0) (W)

is expresrscd in terms of AP(¢f) and AF,(t) with the help of Trost’s method:

pet) = %2 ) + 200 (14 g (] 40 )

where the concrete siresses are alse taken at the level of the prestressing steel. The
change instress ¢.(f) — 6,018 decomposed into its axial and flexural components:

AE(D)  F. o Ac()+AF{)c
oc(t)—ac.0= - Ac() + 2 ()I a

AF:(O AFc(t) az

SR &

c
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where second-order terms have been neglected and the expression for Ac(f) of
equation (1) has been substituted. Equation (v) can now be rewritten

A1) = %52 § (1)

~ (0 2O ) g 0 el )

The time-varying strains in the prestressing steel are given by

-S'iIbStiﬁltiIlg equations (w) and (x} into (u) and lstting A P{1) = AF_(t) yields the
following expression for loss of prestress:
g [ac,O A.c ‘vb (t) + Bes g) Ec Ac] .

24
-+ nglt +ud (03] (1+97%)

(4

AP =

where = Ep/E, and g = ApfA,. If the flexural component of concrete stress is
neglected in equation (w), the above expression is transformed into:

nelogod: ¢ () tea, () E 4]
14+ ue(l+pud ()

which is identical to equation (4.9) derived in Section 4.6.8 for axially loaded
members.

AP(f) =

4.8 Serviceability
4.8.1 Durability

Durable bridges are economical bridges; long service life and low maintenance
requirements lead directly to low life-cycle costs. Whereas safety can be
“guaranteed” by designs that are in accordance with-applicable codes and
standards, durability cannot. It is impossible to predict and quantify all of the
many causes of deterioration and the performance over time of protective systems.
Durability must therefore be addressed not only in the design, but also in the
detailing, construction, and inspection of bridges. Design engineers should give
careful consideration to construction and inspection, by ensuring that the design
and details facilitate proper workmanship and inspection. In addition, designers
should prepare a detailed program of periodic inspection, valid for the entire
service fife of the bridge. '




168 4.8 Serviceability

Deterioration of concrete bridges is the result of harmful environmental
conditions, the most important of which are as follows:

i Water in either liquid or gaseous (atmospheric humidity) state

2. Freezing temperatures
3. Deicing chemicals .
4. Other aggressive chemicals present in the air, water, or soil

5. Mechanical abrasion

The mmost serious threats to durability are generally posed by combinations of two
or more of these conditions. Water is most hazardous, for example, in conjunction
with freeze-thaw cycles or when it serves as a vehicle for dissolved deicing salts.

Among the most effective ways of maximizing durability are high quality concrete
and proper detailing. The latter includes measures to limit or eliminate exposure to
water and to facilitate inspection. No single countermeasure should be relied on,
however, to protect against any of the conditions listed above. Protective systems
should always consist of several redundant components to ensure continued

protection if any one of them fails.

a) Concrete Quality

Concrete must be of high quality for its own protection and to ensure the
protection of the embedded reinforcing steel. Special concrete properties should
be specified for alt structural components exposed to harsh environmental
conditions, such as freezing while saturated or the combined action of freezing and
deicing chemicals (see Section 3.1.1). These components include deck slabs,
parapets, joints, girder ends, bearing seats, and abutment back walls. Concrete
that is resistant fo freezing and deicing salt is also required for the soffits of grade
separations, which can be easily reached by salt spray from the roadway below for

normal clearance heights.

As discussed in Section 3.1.1, a covering layer of concrete of high qualily and
sufficient thickness is the most effective means of preventing corrosion of the
reinforcement, This layer actually protects the steel indirectly; direct protection is
provided by an oxide film on the surface of the steel, which forms spontaneousty
provided the pH of the surrounding concrete is greater ‘than 12. Corrosion is
prevented as Jong as this film remains intact. The oxide can be destroyed, however,
by a reduction in the alkalinity of the concrete due to carbonation {a reaction of
conerele with atmospheric carbon dioxide) or by contact with chioride ions
originating from deicing chemicals. The function of the covering layer of conerete
is therefore to safeguard the direct protection mechanism of the steel by restricting

the penetration of carbon dioxide and chloride ions.

The rate of penetration of both of these substances is an increasing function of the
permeability of the covering layer. Concrete is made more permeable by the
presence of capillary pores formed by excess water in the concrete mix (see Section
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3.1.1) and microcracks on the surface due to drying shrinkage. Capillary porosity
can be cffcctiye[y reduced by lowering the water-cement ratio. The formation of
microcracks is prevented by proper curing conditions. Formwork should not
removed less than 3 days after casting. In addition, unformed surfaces should be
’.[hennal[y insulated and protected against water loss by special mats. The
importance of low water-cement ratioc and proper curing in this regard is
illustrated by the following relation: concrete with a water-cement ratio of 0.6
cured for 7 days, has the same capacity for water absorption as concrete with e;
water-cement ratio of 0.45, cured for 2 days.

The advance of the carbonation front in the covering layer has been found to be.

proportional to ]/?, where ¢ denotes time. Assuming a relative humidity of 60
to 80 percent and a cement content of 300 kg per cubic metre of concrete, the
g}}erte'lge depth of carbonation, d, can be expressed by the following empirical
rélation: ’

T=04n)/i

where dis in .mi.llimetres, 1 is in years, and n is capillary porosity in percent. The
standard deviation of d is given by the following expression:

5;=102 nt/?
Values of 4 greater than 4+ s, thus satis(y the inequality

d>0.6n)/t

A.ssuming dis normally distributed aboutits mean, 4, it follows that this inequality
will be true in less than 16 percent of all observed cases. If this 16 percent fractile
value can be accepted after a lifetime of 75 years, the following relation between
depth of the covering layer, d, and capillary porosity, n, can be established:

‘_2‘ > 5 ¢

o _ (a)
Combil}ations of d and # satisfying this inequality can be considered effective in
preventing corrosion due fo carbonation. :

Chloride conc‘entratic‘)ns of less than 0.4 percent of cement weight are generally
regarded as insufficient to induece corrosion and thus can be considered
acceplable. Concrete covering layers satisfying inequality (a) have been found

- effective in limiting chloride concentrations at the depth of the reinforcement to

0.4 percent after 75 years, provided the chloride ions are transported to the
concrete surface by water vapour. This is normally the case for the soffits of grade
separations. A stricter criterion is required, however, for concrete that is in direct

R
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contact with liquid salt water. For this type of exposure, 4 and n must satisfy the
following inequality

LT
‘ n
Y ,
to limit chloride concentrations to 0.4 percent after 75 years. A covering layer with
a capiliary porosity of 6 percent, carresponding to a water-cement ratio of 0.5,
would thus have o be 90 mm thick. Direct contact with salt water should therefore

" be prevented by the use of waterproofing membranes.

The depths computed [rom irequality {a) should be increased by at least 10 mm
for the top surface of deck slabs, concretein earth orwater, and for allcomponents
exposed to particularly aggressive conditions. Additional cover should also be
provided as required to aceommodate tolerances in bar fabrication. It may be
practical to locate large diameter reinforcement 0 mm below the surface and to
provide an additional mesh of smaller bars 40 mm below the surface for crack
control. Care must be taken to achieve the specified cover during construction.
Spacers must always be provided between reinforcement and formwork. Spacers
can be pressed into soft materials such as styrofoam, thus reducing the thickness of
cover. Only hard materials such as wood or steel should therefore be used for

formwork.

Epoxy coating is now commonly used in the U.S.A, and in Canada for the direct
protection of mild reinforcement. Although this countermeasure has proven itself
to be gffectivein preveniing corrosion, its use must not lead tolowering of concrete
quality. Concrete must still be capable of protecting itself against the combined
action of freezing and deicing salts and of protecting uncoated prestressing steel

against corrosion.

b) Detailing

Many of the details that enhance durability have been known and used for several
decades and are no more than simple common sense. The cross-section of the

. girder should be weatherproof, Structural components located in carth or wafer

should be at least 0.3 m thick. All concrete surfaces not located in water or earth

should be accessible for inspection; inaccessible voids and lost forms must -

therefore never be used. All voids should be providedawith openings for ventilation
and drainage. Deck slabs must be protected with a high quality waterproofing
membrane that has been carefully applied to a clean concrete surface. Wearing
surfaces should be at Jeast 80 mm thick to reduce thermal shock in deck slabs

exposed to freezing and deicing chemicals.

An efficient deck drainage system is indispensable, The cross-fall of the deck sfab
should be greater than 2 percent to speed run-off of water to the drainage inlets.
Drainage pipes that are not cast into concrete catl be easily inspected, repaired,
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and replaced. In addition, they will not damage the structure by a buildup of ice
pressure if blocked. Pipes should therefore be cast into the structure only when: (a)
doing otherwise would be aesthetically inacceptable, and (b) a minimum 2 percent
slope can be provided, Transverse pipes leading from the edge of the deck to a
main pipe between the webs are thus often cast info the structure, normally by

" locally thickening the deck slab cantilevers. Longitudinal pipes are usually

arranged bet\yeen the webs of box and T girders. The cross-section of slab bridges
should be designed so that longitudinal pipes do not detract from the appearance
of the bridge. ’ '

The. deck drainage system must be hydraulically efficient, with adequate cross-
section a‘.l}d slqp? for all pipes. The connection to the main drainage channel and
accessibility for inspection and cleaning must be properly detailed. Leaks should

. be immediately apparent; water from leaking pipes must not be allowed to fill up

the voids o‘f box gi}'ders, which may lead to serious structural damage. An efficient '

‘a‘nd accessible drainage system must also be provided at the abutments, since even

bwatcrproof’ * expansion joints cannot be guaranteed leakproof for the life of the
ridge. | :

Bearings, expansion joints, drainage system components, waterproofing mem-
branes, and wearing surfaces, all of which are exposed to particularly severe
en'vironmcntal conditions, often wear out long before the design service life of
bridges. Proper structural behaviour and durability require, however, that each of
these components be in good working order at all times. The highest quality
materials and workmanship should therefore always be insisted on for these
components. Bearings, expansion joints, and drainage pipes must be carefully
detailed to ensure ease of inspection, maintenance, and reptacement. Bearings
should be accessible from at least two sides; expansion joints should be accessible
from below. Bearings should be located on raised pedestals to protect them from

- water and dirt. Sufficient room must be available for the jacks required to lift the

bridge for bearing replacement.

Bearings, expansion joints, and other bridge accessories are discussed further in
Chapter 6. :

4.8.2 Function

As components of a larger transportation system, bridges must provide an
aceeptable degree of traffic safety and comfort. Roadway width, superelevation,
and wearing surfaces must therefore conform to the same standards as highways
on grade. Special attention must be given to the design and detailing of guardrails.
Rails that can absorb the energy of impact by plastic deformations are the safest.
They cannot be used, however, at the edge of the deck slab; additional deck width
beyond the limits of the roadway must be provided to allow the guardrails to bend
outward on impact. Although this additional width can be put to use as an

vinspection lane, its cost is normally prohibitive. A safe and economical alternative
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to metal guardrails are concrete parapets, the interior faces of which are shaped to
deflect vehicles back towards the roadway for typical angles of impact.

Proper deck drainage is also indispensable for traffic safety, to prevent fiooding
and the formation of ice on the roadway. The minimum cross-fall of 2 percent,
recommended in Section 4.8.1 for durability, is also the minimum required to
prevent flooding. It should thus be provided even where freezing temperatures do
not oceur. In repions with heavy snowialls, the readway should. slope down
towards both edges to prevent melt water from snowbanks on the high side from
flowing over the roadway and freezing, For obvious reasons, drainage inlets must
be provided on both edges of the deck when the cross-fall is detailed in this way.
Box sections retain heat better than T-sections and are thus less likely to have
problems with freezing of the roadway.

Deformations of highway bridges due to live load usually have no influence on
rider comfort and thus need not be considered in design. Live load deformations
must be limited, however, for bridges carrying high-speed trains, Discontinuities
of slope at internal hinges and abutments dus to [ong-term permanent load must
be less than 0.4 percent for highways carrying high-speed traffic and 0.8 percent
for ordinary roads. Angle breaks cansed by differential settlement of backfill
behind abutments can be reduced by a sufficiently long approach slab.

Vibrations of highway bridges normally have ng influence on rider comfort,
Pedestrians, however, are sensitive to vibrations. The dynamic behaviour of
slender bridges that carry pedestrians should therefore always be investigated. The
human perception of vibration is discussed further in Section 4.8.6. Dynamic
investigations must also be performed for railway bridges that carry high-speed
frains,

Vehicles and pedestrians should be protected by special shielding devices where
extremely strong winds are known to occur.

The primary function of cxpansion joints and bearings is to permit the move-
ment of the superstructure, In calculating the required movement capacity of these
components, the deformations of the structure itsell and of the soil must be
considered. The accurnulation of a series of small annual soil displacements over
several decades can be as large as the deformations of the structure that are
normally used as a basis for the design of these components, Displacements that
exceed the capacity of expansion joints or bearings have serious consequences;

their restoration to working order is usually very expensive. It is thus advisable to
design bearings and joints conservatively, allowing ample movement capacity. -

This precautionary measure entails no significant increase in total construction
cost,

4.8.3 Appearance

In the context of serviceability, appearance is refated to the visible effects of
uncontrolled run-off of water, pollution, cracking, and deformations. It is thus
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not directly related to the aesthetic principles discussed in Chapter 2. Deficiencies
due substandard workmanship during construction are also beyond the scope of
this section.

Abutments, expansion joints, and the edges of deck slabs must be especially
carefully detailed to prevent unsightly stains due to water and dirt (fig. 4.71). It

st
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must never be assumed that expansion joints and connections of waterproofing
membranes wilf remain waterproof for the entire life of the bridge. Any water that
seeps through' at these locations must be collected and carried away. Collection
drains and pipes should be designed to be easily accessible for cleaning. A drip
nose must be provided whenever a vertical pipe passes through the deck slab, to
allow any water that leaks through the waterproofing connection between pipe
and concrete to collect and drip away. When the edges of the deck slab are covered
by precast components (fig. 4.72), a well detailed drip nose must be provided in
the cast-in-place portion to carry away any water that leaks down between the
precast and the cast-in-place components. )

4.8.4 Cracking
a) Fundamentals

All of the methods used to calculate crack widths and deformations of structures
in the cracked state are based on the assumption that the stresses in the
reinforcement are known beforehand or can be calculated. In reality, however, it is
impossible to know the exact value of the steel stresses under service conditions.
Stresses in the steel are a function of many different factors, some of which are
subject to considerable variability. The most important of these include prestress-

ing losses, the redistribution of sectional forces, self-equilibrating states of stress,

and restrained deformations.

Tt thus follows that whatever accuracy promised by an “‘exact” calculation of steel
stresses under service conditions is illusory. Simplifications based on rational
models of structural behaviour should therefore be used to calculate steel stresses,
crack widths, and deformations. Tt also follows that the criteria used to evaluate
cracking behaviour and deformations need not be regarded as “exact” values, but
rather as rough, conservative estimates.

Cracking due to live load normally has no influence on durability or appearance

and is thus not considered in bridge design. Of much greater importance s’

cracking caused by the combined effects of permanent load (dead load plus
prestressing), restrained deformations, and self-cquilibrating stresses. The pre-
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stressing concept is usually selected to prevent tensile stresses in the concrete due
to permarntent load, Concrete stresses in excess of tensile strength are therefore the

‘result of the additional sffects of restrained deformations and self-equilibrating
stresses.,

The sectional forces that must be superimpesed onto the psrmanent load forces to
produce the first crack are called the cracking sectional forces and ars denoted N,
and M,, or collectively as S,. In normal cases, au increase-of the restrained
deformation in the cracked structure results in only a negligible increase in the
sectional forces above S,. The structure responds to such deformations by the
formation 6f more cracks of approximately constant width. Because the steel
stresses and erack widths due to an arbitrary restrained deformation differ little

-from the steel siresses and crack width af the formation of the first crack, the

design of minimum reinforcement for crack control can be based on 5,.

The steel stresses associated with the cracking sectional forces can be calculated
with reasonable accuracy based on the tensile strength of the concrete in the
effective homogencous cross-section. A calculation based on the external actions
and the stiffness of the system in the cracked state is unretiable and should not be
attempted. '

b) Cracking Due to Flexure and Axial Force

The tensile strength of concrete, £, can vary widely from one location to an-
other in a structural element. Tensile sirength can be focally reduced in several
ways, including inhomogeneities in the concrete, microcracks caused by self-
equilibrating siresses, and the presence of transverse reinforcement.

When the sectional forces are constant along the length of an element, the first
crack will be produced at the section with the least concrete tensile resisiance.
Assuming the sectional forces due to permanent load are equal to zero, the
cracking moments and axial forces for several typical cases as follows:

t. Pure tension: N =f 4,

2. Pure bending: .. M, =f W,

3. Combined tension and bending: N+ M, f?c =f A,
4

where I, denotes the section modulus of the the homogeneous, uncracked
concrete section.

At the first crack, the tensile component of S, is taken over by the reinforcement.
The corresponding stress in the steel at this location is denoted of:

ol = ot (N, M)
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Cracking due to axial tension: a, al formation of first crack; b, after several cracks have been

formed

where o!7 is the genera! notation for steel stress at a crack, the superscript IF
refers to the cracked staté (state I7 in figure 3.18), and the subscript r in olf refers
to the cracking sectional forces. Additional cracks immediately adjacent to the
first crack cannot be formed since the concrete tensile stresses in this region are

less than f;.

The tensile stress in the steel at the crack is restored gradually to the adjacent
homogeneous concrete sections through bond stresses, 1, (fig. 4.73). The mini-
mum distance from the first erack beyond which a subsequent crack can form is
denoted s,,, and is defined by the following expression:

o+, {a)

where [, is the length required to transfer ol to the concrete through bond, v is the
length of destroyed bond at the crack, and ¢ is approximately equal to .the
thickness of cover. The parameler s, thus corresponds (o the theoretical

minimum crack spacing.

Provided a!7 is less than the yield stress, £, further cracks will be produced by
increasing the sectional forces only slightly beyond S.. The cracks eventually
become so closely spaced that concrete stresses in excess of f, are no longer
possible. This distribution of cracks is called the stabilized crack pattern. At this
point, the steel stresses at the cracks are still practically unchanged from the stress
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at the cracking load, ¢f . Increases in sectional forces beyond the formation ofthis

pattern wilt widen the existing cracks and increase o]', but will produce no new
cracks.

The stabilized crack pattern can be modeled as a set of cracks with equal spacing
S,. A5 shown in figure 4.73b, only half of /, is available to transfer tension from
steel to concrete when the cracks are spaced in this way. This confirms that, even
for higher loads, it will be jmpossible for the concrete stresses between the cracks
to exceed £,. Due to the inherent variability in concrete tensile strength along the
length of a member, the actual crack spacing in the stabilized patiern will vary
considerably from the theoretical average s,,. If transverse reinforcement is
spaced at an interval similar to s,,,, the cracks will normally occur at the locations
of the transverse reinfarcement. :

The average stress and strain in the steel over an glement of length s, ,, centered on
a crack, are denoted ¢! and ef%, respectively. Strain in the concrete between
cracks can be neglected on the tension side of the member, since elongation due to
the sectional forces will be opposite and approximately equal to shortening due to
shrinkage. The average theoretical crack width at the extreme tensile fibre can thus
be formulated in terms of the steel strain alone:
Wy == Eg;;l Sym

Since inereases in al! between formation of the first crack and creation of the
stabilized crack pattern are negligible, so are the increases ih the carresponding
values of w,. Pricr to the formation of the stabilized pattern, therefore, w, can be
taken equal to w,{S,), the crack width due to cracking sectional forces: '

W (S} = 8 Som
(The quantity elL is the average steel strain under cracking sectional force.) After
formation of the stabilized crack pattern, average crack width is a function of
the average steel strain corresponding to the actual sectional forces, S: !

W, (S) = ggx Sem

The parameters &’} and s,,, can be calculated as follows:

1. Average Steel Siraiil gl The average steel strain e} is a function of steel strain
at the crack location e, the ratio o77/lf, bond strength, and type of load (initial,
long-term, or repeated). Figure 4.74 shows the increase of el and the average

concrete strain, ¢&f, with increasing sectional force.

1 The cracking behaviour described abave is based on the assumption of constant sectional
forces along the length of the member. When the distribution of sectional forces varies along
{he member, the first crack is produced at the most highly stressed section. Increases in sectional
forces will create additional cracks and will widen the initial crack,
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The following expressions can be used to calculate &2 (Comité Euro-Tnternational
du Béton 1985): .

gl = Jel

) 0'1 Iz
= [i-ne () ]
[1-.8 (%
The parameter f§, is taken as 1.0 for deformed reinforcing steel and 0.5 for smooth

reinforcing steel; f, is taken as 1.0 for initial loading and 0.5 for long-term load or
many cycles of a repeated load.

where

For the typical case of deformed reinforcing steel and long-term ioad, therefore,
the average steel strain is given by .
I

5” — I:I — 0.5 (asr )2] E” — AEII
sm ‘ G’” S s

5

from which it follows that 0.5 2<1.0.

Prior to the formation of the stabilized crack pattern, for sectional forces between
1.0 and 1.5 times the cracking forces, £22, is a function of'strain at the crack due to
8., and lies between 0.5g! and 0.7¢l1. After formation of the stabilized crack
pattern, for sectional forces greater than 1.5 times the cracking forces, 2} isa
function of the strain at the crack due to the -actual sectional forces, and lies
between 0.7&/" and 0.9,

2. Average Crack Spacing s,,,. The average crack spacing, s, corresponds to Fhe
length required to develop £, in the concrete at a section adjacent to an existing
crack. It is calculated using equation (a):

Srmzyzg +C+Ig
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=

"o by Figure 4.75
¢ Area of influence of the reinforcement, Ae oy

5 5 1

where v, is the length of destroyed bond at the crack, ¢ the length required for
stress to spread out from the reinforcement to the outer fibres of the section, and /,
is the length required to transfer the tensile stress from the reinforcement to the
homogeneous section through bond.

“An approximate expression for l, can be formulated based on the following
equation of equilibrium;

Ldnt,, =f, kAc,ef . )

where the left-hand side represents the force transferred from steel to concrete
through bond and the right-hand side represents the force necessary fo crack the
concrete in the zone of influence of the reinforcerment. The quantities & and r,,,
denote bar diameter and average bond stress, respectively.

Thesffectiveness of reinforcement in limitin g crack spacing and width is limited to
a zone i the vicinity of the bars. The area of this zone of influence, dencted Avrers
is defined by the following equation:

Ac,ef=shef

where 5 is bar spacing. The effective depth, k., is a function of the shape of the
conerete stress diagram before cracking and the depth of the member {fig, 4.75).
Approximate values for hi.y can be taken from table 4.3. The tensile force in the
zone of influence immediately before crackingis thus [,k 4, , r» Where the factor k
Is 1 for rectangular stress distributions and 0.5 for triangular distributions.

Table 4.3 ,
Effective Depth, 4,;, of the Zonz of Tnfluence of the Reinforcement,
A, oy (fig. 4.75)

h, 50,75k 100h < h,

{Tension at one (Tension at bath

edge of the section) edges of the section)

h, ) hey - hf2 hop
=250 mm Ity =250 mm . hf2
>250mm 250 mm > 250 mm 250 mm

(Linear interpolation ean be used for values of I, between 0,75h and
1.00h.)
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By rearranging equation (b}, the following expression for /, is obtained:

[, = Ak e @
Tom T

The quotient f,/7,., can be assumed constant and taken as 0.4 for deformed
reinforcing steel. Equation (c) can therefore be simplified as follows:

kA kA
~ bqef ~ ZCcef g
I, 204 =70l o 2o , @

The length of disturbed beond, vy, can be taken between 44 and 74, The length
required to spread the stress from the end of the developed bar to the outer edge of
the member, ¢, is approximately equal o thethickness of the covering layer.

Example 4.8: )
Reinforcement fo limit erack width

. The width of cracks produced by the cracking tensile force, N,, is to be calculated
for the bottom slab of a box section. The following dimensions and parameters are

given:

Slab thickness b =180 mm
Reinforcement ratio o = 0.6 percent
Bar spacing E s =150 mm
Thickness of covering [ayer ¢ =40 mm
Concrete tensile strength Jfor = 2 N/mm?

Reinforcement consisis of 1¢ mm- diameter bars top and bottom.
The cracking tensile force per metre of slab width is given by
N, =f; A, = (2) (180) (1000} = 360 kN
The given area of steel per metre of width is
Ag 1o = 0 A, = (0.006) (180) (1000) = 1080 mm?
The stress and strain in the steel under cracking load are thus

I

N, 4

ol = =" =330 N/mm? &= R
AS,[OI £

=16%x10"3
The average steel strain can be taken as

el =0.6ef = 096x 1073

sm =
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which is in the range of possible values corresponding to the cracking force, N, It
is assumed that vy =44 = 40 mm. The transition length 1, is calculated using
equation (d):

_kede,e _ (1.0} {150) (90) ,
L= = gy = 170mm | .

The average spacing between cracks is thus
Son = k], = 20440+ 170 = 230 mm

The average cra.bk width can now be computed:
Wi = 8,0 Ery = (230) (0.96 % 1073) = 0.22 mm .

The model of eracking behaviour derived above is based on the assumption that
bond is the only mechanism by which tensile stresses are developed in concrete
sections adjacent to existing cracks. This assumption is valid for members : e
subjected fo axial tension. For flexural members, however, tensile stresses are ‘
developed through bond, as described above, and through the eccentricity of the
compressive force in the corcrete at the crack, F.. As shown in figure 4.76, F. is
equilibrated in the uncracked section by a linear stress distribution, which is
considered to be fully developed at a distance / from the crack, where f is the depth
of the member. The eccentricity of £, is normally large enough to produce tensile
stresses at the edge of the uncracked section. Additional tensile stresses are created
by whatever portion of the tension in the reinforcement at the crack, F, has been
transferred to the concrete over this distance.

For bridge girders and other flexural members of relatively great depth, values of
S, computed considering only the transfer of tension to concrete through bond

Figure 476
Development of tensile stress due 1o eccentricity of flexural compressive force, E,
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(equation (a)) are smaller than /. The effect of thé cccentricity of F, can thus be
conservatively neglected. For shallow beams and slabs, however, crack spacing
computed using equation (a) will be of similar size to or greater than 4. Tn such
cases, crack spacing will be not be determined by bond, but rather by the
eccentricity of the flexural compressive force and can thus be chosen between 1.0/
and 1.5k for design. .

¢) Minimum Reinforcement and Reinforcement to Limit Crack Width

The progressive formation of cracks of constant width, from the first crack to the
stabilized pattern, is only possible when the stress in the steel at the first crack is
less than the yield stress: :

Col <y (&)

Otherwise, only one crack can be formed, the width of which increases with the
crack-producing restrained deformations. Minimum reimforcement, sufficient to
ensure that o/ is less than f,, must therefore always be provided to guarantee the
proper distribution of cracks. .

Under certain circumstances, however, it may be necessary to limit the width of
cracks to a specified value, The reinforcement required for this purposeis typically
greater than the minimum reinforcement designed to satisfy inequality (e). In
simple cases, reinforcement to limit crack width can be designed on ihe basis of
section and material properties only, In general, however, this reinforcement must
be designed considering the actual distribution of the cracking sectional forces and
the sectional forces due to restrained deformations.

Example 4.9:
Reinforcement to limit erack width in a slab stvip subjected to restrained shrinkage

The relevant dimensions and material properties of the slab strip are as follows:

Length {=10.0m

Width ) w= 1.0m

Thickness ' - h= 02m

Congrete tensile strength fo= 2 Njmm?

Modulus of elasticity of concrete

(including the influence of creep) E, =20 kN/mm? -
Shrinkage coefficien &, = —0.0002

Modulus of elasticity of steel E, = 200 kN/mm?

Cracks must not be wider than 0.2 mm,
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T?e tqnsllc stressin the uncracked concrete section required for complete restraint
of g Is

— &, E, = 4 N/mm?
Since g, is greater thgn Jrs the stab strip will crack. The reinforcement is designed to
ensure thfxt the maximum allowable crack width, 0.2 mm, is not exceeded under
the cracking tensile force, N,. It is assumed that 6, = 0.6¢7 and s,,, = 200 mm.

The cracking tensile force is

No=A f,=4d00kN

“The allq\vable steel stress is determined from the allowable crack widih;

R Ir
R —
Wy = E5rn Spg = 0.6 EL Sym
' s

\ E
ol = Pn % — 330 N/mm?
0.65,, !

The required area of steel, thercfors, is

A req = g’}- = {200 mm?
5

which corresponds to the following reinforcement ratio:

A req
Qreq = j“ire = 0.6%

(4

By taking g1, = 0.6, it was implicitly assumed that the stabilized crack pattern
had not yet been formed, This assumption must now be verified, The shortening of
the unrestrained plate strip due to shrinkage is

Al=le, = --2mm

The number of cracks, », is obtained from the following compatibility condition:
mw, + JEE—‘ (I —nsn) = —Al
c

where the second term on the left-hand side accounts for the deformation of the
concrete between the cracks. The solution n= 5.6 is oblained; 6 cracks are
thert?fore required for compatibility. This number is considerably less than the
maximum possible in the stabilized crack pattern:

[=50

rm

Hy =




R
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The given deformation is thus not sufficient to produce the stabilized cracked
pattern. The assumption for the average steel strain is therefore valid. :

Since # is considerably less than g, the stresses and crack widths would not be
significantly changed if the shrinkage strain ¢, were doubled; only the number of
cracks would increase. The behaviour of the slab strip under progressively larger
imposed strains is shown in figure 4.77.

The calculation of this example is approximate, since the restraint of shrinkage
provided by the reinforcement and the effects of creep in the concrete were not

directly considered. .

Example 4.16: : )
Reinforcement to lmit crack width in a colurn subjected to fmposed deformation

A lateral displacement «7 == 400 mm is imposed af the tip of the column shown in
figure 4,78. The sectional forces thus produced are a function of the stiffness of the
column and thus cannot easily be calculated. The design of the reinforcement
should therefore not be based on the bending moment diagram, but rather on the
deformations of the system. The reinforcement is designed to [imit crack width to

a given allowable value. Tt must then be verified that the deformations’

corresponding to the chosen reinforcement are compatible with the given tip
displacement. ‘
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N =10000kN
ot
|
1
I
|
5=600m } Uncracked region
1= 4G }
E“i - Mprp M, i Cratked region
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T i
ul =400mm K Kk :
Figure 4.78

E;amp[e 4.10; imposed displacement at tip of column

The superimposed axial load at the top of the column, #, is 10000 kN. The
following section and material propertics are assumed:

Arca A4, =444m?
Moment of inertia I, =276m*
Section modulus W,=2.76m?
Concrete tensile strength fo=2N/mm?
Modulus of elasticity of concrete

(including the influence of creep) E, = 20 kN/mm?
Shrinkage coefficient & = —0.0002
Modulus of elasticity of steel E, = 200 kN/mm?

The allowable average crack width is 0.2 mm.

Itis assumed that ]}, = 0.8 and s,,, = 200 mm. The allowable steel stress, ¢!', is

calculated to limit crack width:
- aﬂ'
Wi = B Sy = 0.8 =2- 5, = 0.2 min
E,

Tt therefore follows that
G ow = 250 Nfmm?

The curvature in the uncracked portion of the column is calculated using the
following equation:

[
r h ®
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where Ag, is the algebraic difference in the strains-at the exireme tension and
compression fibres, In the cracked portion of the column, curvature is determined
from the concrete strain at the centroid of the compression flange and the steel
strain at the centroid of the reinforcement:

oI
%: Srmhief &)
- o
where
- Ir
el=% 4,
e Ez: (33
and o
o I _ g5 _, -3
e, =08l =08 = 1.0x 10

'S

The parameter }, denotes the internal lever arm, which is approximately equal to
£75m.

A bending moment diagram must now be assumed. Second-order moments will be
neglected for this example; the moment diagram due to the lateral displacement at
the tip will thus be linear. It is assumed that the momenti at the lower third of the
column isequal to the cracking moment, 3. At this point, the axial force N due to
self-weight plus superimpesed load is 12960 kN, The value of A, is obtained by
setting the tensile stress in the concrete equal to £,

N oM

PR ! 2
Ac+ W 2 N/mm

from which it follow$ that A, = 13 580 kN - m.

The curvature in the uncracked section at the lower third point is calculated using
equation (f):
1 Ae,

St =025%1073m"!
r h

The curvature in the cracked section at this peint is computed using equation (g).
The strain at the centroid of the compression flange is ;

u_ o -3
& :f+ﬁﬂ.:~0.6x10 p

(4

and the strain at the centroid of the reinforcernent in the tension flange is

g = 1.0x1073
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The corresponding curvature is therefore

1 5
2= B 8 691y 10-3
r hy

The sectional forces at the base of the column are N=14400kN and
M =20370 kN - m. Equation (g} is used to calculate (he curvature at this location.
The compressive strain in the concrete is slightly higher than at ihe lower third
point. {It should not be allowed to exceed —0.002, however, to ensure a suitable
margin of safety against crushing,) The average strain in the steel is sct equal fo the
vatue of a7, at the lower third point to limit crack width. The curvature at the base
is therefore '
1 _3
—=099x%x 10
;

The tip displacement corresponding to the computed curvatures (fig. 4.79) is
calculated using the method of virtual work:

Mdx = 480 mm

= f=

i
Moo = |
0

In other words, the column tip can displace up 1o 480 mm when crack widths are
limited to 0.2 mm. The imposed displacement of 400 mm will therefore produce
crack widths of less than 0.2 mm. :

The sectional forces are resisted by a resultant tensile force, K, and a resultant
compressive force, £, which can be computed from the following equilibrium
equations:

F—E=N
0.85£+0.90F, = M

The required reinforcement can be calculated from F, and the allowable steel stress
ir.
ol

" F,
A==
'-——b
P=1
025 0% m !
091-15%m BT Figure 4.79
Example 4.10: curvatures {/r due to imposed
5 099107 — 400  tip displacement and moments 57 due 1o
+ b virtual load at the tip
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from which it follows that:

A,= 5860mm? (¢ =0.32%) at the lower third point
A, = 18500 mm? (g = 1.03%) at the base

(The reinforcement ratio, g, is defined relative to gross flange area.)

Example 4.11: .
Cracking in @ continwous prestressed givder dite to temperature gradient

This example focuses on the effect of deck slab reinforcement on cracking, for
members of constant flexural resistance. The girder is infinite, with all spans of
length 40 m. The distribution of dead load g and live load g, prestressing layout,
and cross-section dimensions are given in figure 4.80. The section and material
properties are as follows:

Gross area of cross-section L= 5.40m?
Area of bottom slab at midspan Aoy = 0.90m?
Moment of inertia L =364m*
Section moduli W, 10p = 4.80 m*

W, oo = 4.50 m?

Concrete tensile strength fio = 2 N/mm?

Modulus of elasticity of concrete
(including the effects of creep)

Yield siress of reinforcing steel
Modulus of elasticity of reinforcing steel

Yield stress of prestressing steel
Modulus of elasticity of prestressing steel

E, = 20 kN/mm?
£y = 460 N/mm?*
£, = 200 kN/mm?
fop = 1520 N/mm*
Ep = 200 kN/mm?*

The area of mild reinforcing steel in the deck slab af the supports, A s is
18000 mm?Z. This corresponds 1o a reinforcement ratio, gy, 0f 0.6 percent relative

g = 164 kN/m q = 56 kN/m

o T 2 S I

P S T T YO N S |

& = poo
l——-—l‘———“ﬁ L=40m -[‘ 1
: 1 2000
4
150
A4 : 8000
L }
K 12000 -
Figure 4.80

Bxample 4.11: structural system and loads (cross-section dimensions in mum)
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to the gross area of the deck slab. The reinforcement ratio at midspan, defined as
the area of mild reinforcement divided by the gross area of the bottom slab,

AS
ot ™ Af’ bot

€, bot

is varied from 0 to 0.01. For a given value of gy, the area of prestressing is
calculated to ensure safety-at ultimate limit state: -

2
300§y = 1.4 ETOD o %(Mj‘{-kﬂx[ﬁ)

where the §uperscripts M and § denote midspan and supports, respectively, and
-"W};l = (AP j;’y =+ Brat Ac.bct sy) z iwg = (AP j;’;,- + As. top sr) z

(Identical lever arms z = 2.00 m are assumed for prestressing and reinforcing steel
at midspan and at the supports.) The ultimate resistance of the girder is thus
constant for all combinations of bottom slab reinforcement and prestressing.

It is assumied that identical areas of prestressing steel and prestressing forces are
provided at midspan and at the supports, and that the effective long-term
prestressing foree, ap o, 18 0.67 f;.

The number, #z, and width, w,,, of cracks in the bottom slab were calculated for
permanentload {g + P,,) plus a uniform warmingof the deck slab, AT, The results
are presented in figure 4,81 as functions of AT and of the reinforcement ratio of

the bottom slab, g,... The procedure used to calculate nand w,, is illustrated for the .

following case:

Prestressing: P, =9650 kN

Bottom slab reinforcement: Ay o = 5400 mm?
Qb = 0.6% '

Temperature change in the deck slab: AT =30°C

Assuming that the cracking sectional forces are resisted by mild reinforcing steel
alone, w,, can be computed using the following equation:

W = B Sy o (kD

srm O,

Crack spacing, 5,,,, is taken as 200 mm. The average steel strain, £ZZ,, is assumed
equal to 0.8¢7, where & = ¢Z/E,. The stress o} is a function of the cracking
tensile force in the bottom slab, N,:

N — Ay fo = (0.90) (2) (10%) = 1800 kN
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Example 4.11: crack width, w,, and number of cracks, #, as a function of reinforcement ratic fn

. the bottom slab, gy

Tt therefore follows that

o N 1800

Ta = 4. o 5400

(10%) = 330 N/mm? < f;,

. (Since the reinforcement provided is greater than the required minimum, the use of

equation {h) is valid.) The strain &}, is given by

330, .
i _ N
elh, = 0.8 555 (107%) = 0.00133

The width of the cracks is therefore
w,, = (0.00133) (200) = 0.27 mm
The value of w, is independent of the imposed deformation due to AT, provided
I .
ol <fe

The number of cracks, #1, is calculated from the compatibility conditions of the
cracked system. A statically determinate primary system of simply supported
spans is assumed, The thermal gradient AT produces a rotation at the supports,
@ (AT). If ¢ (AT) is less than the rotation due to the minimum eracking moment of
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MY
Y,m_ = e — Figare 4.82 .
o f— Mg Example 4.11: cracking moment diagram
-!v—l—nl'— with redundant moment Mg (A cracking
L 0 i moment at midspan; {,: extent of cracking)

N 1

the system, ¢ (M), compatibility can be restored etastically. (This case is primarily
of theorstical interest, since the actual values of imposed deformaiions and
cracking moments can vary considerably from the computed values. 1t should
therefore not be assumed that ¢ (A > ¢ (AT) guarantees that no cracks will be
produced.) When ¢ (M) < ¢ (AT), compatibility must be restored by rotations
due to cracking and dus to flexural deformation of the uncracked portions of the
girdler, The latter component is produced by the actual redundant moment, M,
that produces the crack pattern corresponding o the former component. The
moment M, is normally only slightly greater than A7, (fig. 4.82}.

The positive cracking moment, 34, is obtained from the following equation,
defined for the bottom fibres of the section:

g(@)+0(Py) + 0o(AT) + o (M) = [

where ¢ () and o (P,,) are stresses due to dead load and prestressing, respectively,
in the continuous system, oo (AT) is the seif-equilibrating stress due to thermal
gradient in the statically determinate primary system, and o (M,) is the stress due
to the cracking moment. The M, diagram obtained for the values of P, and AT
given above is shown in figure 4.83. The minimum value of M, oceurs at midspan,
and is denoted MM,

The angles of rotation due to ¢ (AT) and ¢ {47} are shown in figure 4.84. Since
G AT) > ¢ (MFT), cracks are required to restore compatibility. The compatibility
condition is formulated as follows: :

BT+ (M) + 5 §(wy) = 0 0)

where ¢ () is the support ratation due to two cracks of width s, located
symmetrically on either side of midspan. The angle ¢ (4£) is defined by the
following equation: .

P -
AR

Figure 4 83
M. 52
My 'BBE_MN"’ My = 22315 thim Example 4.11: positive ¢racking moment for

l L AT=30°C, gy =0.6%

= T =+
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Example 4.11: angles of rotation ¢ due to AT, A,, and two cracks of width w,

Asaninitial approximation, M, can be taken equal to the cracking moment M in
the above equation:

MM I—ns,, 8860  40—0.2n
PUM) & i 5 = = %105 (B.64) 2
24431073 + (122 10~ %)

This expression for ¢(A£) is then substituted into equation (i)
300x 1073 =244 x 1073+ (1.22x 107 ) n— (0.13x 1073 g= 0

from which it follows that 7= 11.

4.8.5 Deformations
a) Fundamentals

The long-term deformations of the main structural elements due to permanent
[oad must always be checked, taking into account the effects of creep and

shrinkage. The deformations that occur immediately after the removal of '

falsework should also be calculated and monitored during construction. This
permits the early detection of design errors, such as incorrect assumptions for
prestressing losses due to fTiction.

Long-term deflections due to permanent load should be limited to roughly 1/750
of the span length. This can normally be accomplished by a preper choice of
presiressing concept. Special care must be taken in the design of the prestressing
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for cantilever-constructed bridges, long-span partially-prestressed girder bridges,
rigid frame bridges, and slab bridges, which are particularly prone to excessive
deformations. Long deck stab overhangs should always be transversely pre-
stressed. Any computed residual deformation due permanent load in excess of
1/750 of the span length should be compensated by camber of the formwork.

Reliable values of material properties are essential for all deformation caleu-
lations, Average values that have been confirmed by experience are sufficient in
most cases. Only in exceptional situations where high accuracy is required, for
example in cantilever construction, are special material tests necessary, Even
material properties obtained from special tests, however, are subject to consider-
able variability.. Rigorous analyses of the effects of creep and shrinkage on
structural deformations are thus usually of dubious value,

Deformations are most commeniy calculated using the method of virtual work:

1-6=[8da {a}
where & is the deformation to be calculated, Fis the sectional force due to a virtual
load of magnitude 1 applied in the direction of & and 44 is the real deformation of
the differential element 4x due to permanent load and any strains due to creep,

shrinkage, and change of temperature,

Equation (a) is valid for both uncracked and cracked structures.

b) Deformations in the Uncracked State

" In the uncracked state, deformations of differential elements are calculated using

the appropriate material and section properties. The short-term, static defor-
mations are listed below for the principal sectional forces:,

. : N o
1. Axial Strain: £y = A +ap AT
dp M Tt — Tia
. — boi tep
2. Curvature: "L I—i— thp P
3 Sﬁ in: v
. uhear strain: Vm = m
. de T
4. Twist; Rt
wist @ G.K

where T° denotes temperature and T denotes torsional moment.

Axial strains and curvatures are normally calculated using the section properties
of a transformed section, in which the area of reinforcement is increased by the
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Torsienal constants X for common

; K = 2ogori-t cross-sections

factor n=E/E, 25 to convert il intc an equivalent area of concrete. The
reinforcement is not normally considered, however, in the calculation of shear
strains and twists, For box and.T-sections, the shear area ud, can be taken as the
effective web area. Values of the torsional constant, K, are given in figure 4.85 for
commonly used cross-section types. -

Long-term deformations can be calculated using the methods presented in Section
4.7. In simple cases, for example constant stress, deformations can be calculated
approximately using an average creep coefficient ¢:

Cst :Jc.et(1+¢)+5cs ‘

Conerete strains due to creep and shrinkage are restrained by the reinforcement.
This effect can be considered by reducing the creep and shrinkage coefficients by
the factor

where ¢ denotes reinforcement ratio.

¢) Deformations in the Cracked State

In the cracked state, deformations of differential elements are calenlated from the
associated axial strains in the concrete and steel. The average steel strain, gl is
approximately 0.8 times the steel strain at the crack location, &/*. The instanta-
neous static deformations are as follows:

i ; £y T &
1. Axial strain: £.= bﬂ'%zlaa
i db et g
2. Curvature: ¢ = Ssmbat _ Ee,top

dax d
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where e[;, . s the average strain in the reinforcement, s,, 1op 15 CORCTGLE Strain at
the extreme compression fibre, and # is the distance from the extreme .
compression fibre to the centroid of reinforcement.

3. Shear strain is calculated approximately using a truss model, assuming that the
stirrups are verlical and that the compression diagonals are inclined at roughly
45°:

ol 4. 08s 1 1
Vn 5 V[ECAO P Azt aEn, " ZE"EA)MJ

" where the following paralheters are defined:

¥ shear force

‘t+- wall thickness

z distance between centroids of upper and lower longitudinal reinforce-
ment

Ay =tz

AT stirrup area -

5: stirrup spacing’

EA: axial stiffness of longitudiral reinforcement

- de .
4. Twist: y i ¥ B2 Y s

where

Ym.p shear strain in the ith element of the section
z;:  distance between centroids of longitudinal steel in the ith element

@ torsional shear flow due the virtual load T=1

- Shear strains in the cracked state can be many times greater than in the uncracked

state, The shear component of deformation can nevertheless normally be
neglected, provided cracking is restricied to a relatively small region in the
member. Shear deformations must be considered whenever shear cracks extend
over a significant length, This is often the case with torsion; significant
deformations can oceur after the torsional cracking load has been exceeded.

Long-term deformations in the cracked state can be calenlated by increasing the

concrete strains in the above expressions to account for the effects of creep and
shrinkage.

4.8.6 Vibrations
a) Fundamentals

Vibrations are normally of secondary importance in prestressed conerete bridges.
Dynamic analyses are therefore only required in exceptional cases, for example
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Table 4.4
Human Perception of Structural Vibration (Rausch 1573, 178)

K Class Human Perception
K< 010 | A Imperceptible

0102 K=< 025 B Barsly perceptible

0255 K< 0.63 C Perceptible

063=K< 160 0} Easily perceptible-

1.60= K< 4.00 B Strongly perceptible

4,008 K <10.00 F Very strongly percepiible
10.00 5 K< 25.00 G Very strongly perceplible
25.00 < K< 63.00 H Very strongly perceplible
63002 K I Very strongly perceptible

very stender bridges, heavily loaded bridges with pedestrian traffic, or actual
pedestrian bridges.

Human sensitivity to structural vibration is primarily a function ofacceleration. It
is commonly quantified in terms of amplitude and frequency using a sensitivity
factor, K, defined as follows {Rausch 1973, 178): .

J('Z
N P S—
211+ (fife)?

where d is amplitude of vibration in mm, f'is frequency in Hz, and f,=10Hz.
Table 4.4 relates values of K and the perceived intensity of vibration. The range of
sensitivity has been divided into nine classes, A through I These classes can be
correlated. with the psychological and physiological effects of vibrations on
humans, and thus can be used as design criteria for structures. Motion inclasses A,
B, C, and D can generally be regarded as acceptable; vibrations in classes E and F
may be unpleasant but can still be considered endurable. Vibrations in classes G,
H, and T are unendurable and should be prevented. The sensitivity classes are
presented graphically in figure 4.86.

b) Single Degree of Freedom Oscillator

The simplest model of a vibrating system is the single degree of freedom oscillator,
consisting of a single concentrated mass, a viscous damper, and a linear spring
(fig. 4.87). The corresponding parameters of the system are mass , damping
coefficient ¢, and spring constant k. It is assumed that the system is forced into
motion by a Joad that varies periodically as a function of time, t. Displacements
away from the position of static equilibrium are denoted y; derivatives with
respect to ¢ are indicated with dots (dy/dt = ). The equation of motion of the
systern, the solution of which gives yasa function of time, is derived from dynamic
equilibrium of the forces acting on the mass:
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’ Posifion of stafic Single degree of freedom oscillator (7 mass;
I equilibrium ¢: damping; %: stiffness)
¥
1. Inertial force: E=mj
2. Damping force: Fy=cp
3. Elastic force: Fe=ky
4. Load: F, = ay sind?

Equilibrium of forces requires that

my+cp+ky=apsind! i (a)

¢) Undamped Free Vibration

When tl}e loading function and damping force are equal to zero for all values of ¢,
the motion of the system is referred to as undamped free vibration. Equation (a)

 thus simplifies to

mit+kyp=0
aor, equivalently,

Jtwty=190 . (b)
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where :
o= L3 l ©
" _
The general solution of equation (b) is
y = C sinw! + C, cos ot @

The parameter o is called the circular frequency of the system., It is_ refated to the
period, Ty, and the cyclic frequency, fy, of the motion by the following equations:

2 1 w

To="y h=q =0

The constants of integration are determined from the initial conditions, Substitut-
ing

=0 =y, and  F(=0)=0
into equation (d) yields the constants
C,=0 and Cy=y
The sofution is therefore

|y =Yy COBOL

d} Damped Free Vibration

When a damping force proportional to velocity is assumed in addition o the
elastic and inertial forces, equation {a) is transformed into

v mptey+ky=0 : ®
or, equivalently,
Jt2boytraty =0 ' ©
wheref w is defined by equation (c) and

. 03

T 2muw

When a solution of the form

i

y=Ce*
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¥

Figure 4.88
-1 Overdamped oscillation

is substituted into equation (f), the following pair of values for 2 is obtained:
Ay p= —émiiwm._
'fge general solution can thus be expressed in the form
y=C e" + C, et
If &> 1, then A, and 1, are both real; the corresponding motion is called
“overdamped” (fig. 4.88). If £ <1, then 1; and 2, are complex numbers with

nonzere imaginary componen(s;

Az =—Cfwtiwy

where

wp = mm (h)
In this case, the general solution is given by the following eguation:

y="C e *cosw, f+C, e sinwpt (i)
The motion is referred to as “underdamped”.

As shown in figure 4.89, underdamped oscillations are not periodic. The interval
of time between two successive passes of the mass through the position of static

¥
4

AAAA/\/\/\/\V/\/;,
e

Fipure 4,8%
Underdamped oscillation
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it follows that
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equilibrium is nevertheless constant, This interval, equal to 2z/w,,, is the period of
ihe nnderdamped vibration, Ty; the parameter @y is its circular frequency. The
values of £ normally encountered in structures are small, typically less than 0.10. It
follows from equation (h) that @, = 0.995w for £ = 0.10. The nah.lral frequency
of damped structures can therefore be calculated for the corresponding undamped !
system with negligible error,

The constants of integration are determined from the initial conditions. Assuming

y(=0 =y, and p{=0}=0

Ci=y, and C,=0
These constants correspond to the following solution: !
y=ype ' cosmpt i

The peak displacements of the system are denoted.y,. For the oscillat_iqns
described by equation (j), peaks occur at times t=2#nn/w,, for all positive -
integers

—2nnéofop

Y=ot

Peak y,.,, which ocours at time ¢+ Ty, is

—_ ~2nndafo —2nx&eafor
Yav1 =308 oo ¢ fon

The ratio of the two successive peaks is therefore

I grngofes &
Yn+1

which is a constant. Taking the logarithm of both sides of this equation yields the
following expression: .

In-2r. = néo )
Yrti p

The parameter § is called the logarithmic decrement of damping, An apprqxim:a‘te
formulation of equation {k), valid for small values of &, is obtained by lineariz-
; H
ing e

i, S PN
Fnti
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e) Forced Vibration .

Two separate cases of forced vibration are considered:

1. Forced Vibration of an Undamped Oscillator. The equation of motion is
obtained by setting ¢ equal to zero in equation (a):

mi+ky = ay sindt 6]
Making the substitation ? = kfm yields the following equivalent expression:
. j)’+m2y=-a—ﬂsincﬁt {m)

The loading function is }iarmonic, with circular frequency .
The solution to equation (m) is of the form P =y(t) +y, (1), where p, is the
general solution of the homogeneous differcntial equation and ¥4 i a particular
solution to the complete equation. The solution Yo is obtained directly from
equation (d):

- Yo =Cysinwr+ C, cosmt
The funetion y, is chosen as

¥ = Asingr

with

The complete solution is thus

. . r
y=Cysinwt+ C,coswt + % Y sin ¢
=27

For the initial conditions y(r=0) =0 and y(¢ =0) =0, the solution is:

=% 1 (in't—@' t)
_J—kl &7 \sindt—— sine

6’)2

The corresponding motion is shown in figure 4.90 for &fm =2, 4, and 10, Tt is
apparent from these curves that the primary frequency of the oscillations is very
close to the natural frequency of the system in free vibration. This phenomenon
can be observed whenever /w is greater than 1, forinstance when bridges that are
Ioaded dynamically by trucks,
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Forced vibrations
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sin@t - & sint

2. Foreed Vibration qf an Underdamped Oscillator. The equation of motion
my +cj+ky = ap singdt (equation (a))

is again transformed into the form
" ) 1 g . -
Jr2impt ety = Esmmr

using the substitutions w® = k/m and & = ¢/2cwm. Its solution, ¥, can also be
expressed as the sum yo(£)+ y( (), where p, is the general solution to_the
homogeneous equation and y; is a particular solution to the complete equation.

The function p, is obtained directly from equation (i):

| Yo =Cre " coswyt+ Cre ™ sinwpt

The solution y, is chosen as

¥, = B, sin@t+ B, cos dr : (n)

{—p @ -XR
B=% Y v L R o v o 7

where
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The parameter £ is defined as 3/w. The particular solution can also be expressed as

yr=Asin(@r—8)"
where
B,

A=)/B'+BZ and tanf=—
By

For the assumed initial conditions
y{t=0)=0 and y{i=0=0
the constants of integration are

Ewsinf — dcosd
Wp

C;=Asin@ and C,=4

The solution is thus

Emsing — Geosd

y=Agm (sinﬂcosmpt + sincont) + Asin(®i— b}

@p

1) Natural Frequency of Beams (Simplified Calculation)

The single degree of freedom oscillator can be used as a simplified model for
calculating the natural frequency of beams. The procedure will be formulated for a
simply supported beam of length /, flexural stiffness EF, and mass per unif length
. (As stated in Part (d), above, the natural frequency can be caleulated from the
undamped system with negligible error.) Only one half of the total mass is
considered to be dynamically effective; it is assumed that a mass of m//2 is lumped
at midspan and a mass of m//4 is lumped at each support (fig. 4.91). Letting y
denote the deflection of the beam at midspan, the inertial force is as follows:

The flexural stiffness of the beam assumes the tole of the spring, The spring
constantis defined as the concentrated force at midspan required Lo produce a unit
deflection at the same location:

48 E1
k= 73
m-l Tme ml
v % %
o, > % Figure 4.91 ’
L | { Lumped masses for the simplified calculation of the natural
Ly i la frequency of a simply supported beam




204 ’ 4.8 Serviceability

The elastic force is thus

48ET .
Fy=ky=—57

The equation of motion is obtained from dynamic equilibrium of the [umped mass
at midspan:

. 96ET
-J’+Wy—0

(equation (b))
Its general solution is

y= Cysinwt+ C, cosw! (equation (d)}
where )

_23/H | ;
® =" ] - , {equation (c)}

The natural period and natural frequency of the vibrating beam are thus

27 i 1156 /BT
TO:E=O.64F|/E and fo=g =" o

g) Natural Frequencies of Beams (Exact Calculation)

The exact caleulation of natural frequency is based on the dynamic equilibrium of
each differential element of the beam, dx. The deflections of the beam are
described by the function y(x, r), where x is the longitudinal coordinate along the
axis of the beam. Asin Part {f), damping will be neglected. The length of the beam,
1, flexural stiffness E7(x), and mass per unit length m are given. The inertial force
acting on a typical differential element can thus be formulated as

2
dFy =m %t%’ dx = midx

.and the elastic force as
2z 2
dFy = 2 (B s EI) dx = (EIY"Y' dx

ax% \9x?

{Dots and primes denate partial derivatives with respeet to £ and x, respectively.)
The equation of motion is obtained directly from the dynamic equilibrium of these
two forces: :

my+ (L") =0 ©
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The solution of this equation is based on the assumption that y can be expressed as
the product of a function of x only and a function of ¢ enly:

Y =u(x) g()
Tt is assumed that g(r) is periodic:

g() = Cysinwt+ C;cos wf
It thus follows that

coy(x, 1) = u(x) (Csinewt + C, cosot)

and- ‘ .
F(x, 1) = —u(x) @* (C; sinwt+ C; coswt)

The f'unctions of time drop out when these expressions are substituted into
equation (o). The following differential equation for the deflected shape is
obtaired: .

(EI"Y —mw? u=10 ‘ (p)
Assuming EI is constant, the éenerai solution of this équation is

u(x) = B, sinax + B, cosox + Bysinhex + Bycoshax

i

where i
_mer
Er

" For a simply supported beam, the boundary conditions are as follows:

u() =0 u(H=0
(=0 w({H=0

Tt follows that

Hrx

u(x) = B, sin ]

for any positive integer #. The natural frequencies of the beam are obtained by
substituting o = nrfl into equation (q): :

m_nznz /E_T‘
P 1m

The positive integer » defines the miode of vibration; n==1 corresponds to the
fundamental mede of vibration, #>1 to higher modes. The corresponding

@
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functions ,(x) = &, sin (nrx(l) ate called the mode shapes of the structure. The
fundamental frequency is

mi_l"lm

with corresponding cyclic frequency
v om 2"13—' m o I? ]m

) Fundamental Frequency of Continuous Beams {Iterative Method)

An iterative solution: of equation (p)
(Bl = mwtu ()

can be readily obtained by substitutin g the equivalent staticload g = men” w for the
right-hand side:

(EIH”)” =q

The load g is approximated by g = w?uy, where the assumed displacement ¥,
must be compatible with the boundary conditions. The displacements i, dueto gq
can then be calculated: .

(ELj}Y' = qo )

The solution of cquation (s} can be simplified by using the conjugate beam
method, in which x, 1s equal to the moment diagram in the conjugate beam due to

the load g = M (g)/EL

The fundamental frequency e is then solved from the condition
0y () = tig (4)
Example 4.12:

Fundamental frequency of a simply supported beam (Iterative method)

Tt is assumed that the mode shape u, is & parabola that salisfies the given boundary
conditions (fig. 4.92). The moment at midspan due to g, = meo® uy is thus given by

mauy 12
1"1-!!: (qﬂ) = 9‘2‘
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Figure 4.92
Example 4.12; fundamental mode shape of a simply
supported beam

where ug,,, is the value of the function u, at midspan. The conjugate beam is now
loaded with g3 = M (g,)/EI The calculation is simplificd by assuming that g is
also parabolic. The resulting moment at midspan is equal to u:

A () mwzuo,,,,fz)jj“_mwzuo'ml"‘
_%mmmp(aﬁ L mote

The value of w is obtained from the condition iy = u, at midspan:

6'02 _ 92.2E1
mi*

The fundamental cyclic frequency is thus
w  L53+4 /ET
== Vm

Example 4.13:
Fandamental frequency of a non-prismatic continnous beam {Iterative method)

The span lengths of the girder and the maximum and minimum values of Ef and »1
are given in figure 4.93. The first approximation fo the fundamental mode shape,
g, is taken as the deflected shape due to the load g shown in figure 4.94a. The
deflected shape i, due to g, = mw* uyis shown in figure 4.94 b, The accuracy of the
approximation can be checked by comparing the ratio of 1, to 1, at midspan of the
side spans and main span:

Hy g Ef .
= [T x 1074
py R (side spans)
Uy _g EI .
0= 151x10"¢ main ')
s o me? (main span)
Flowrol stiffiess : E1 # 1 20 1 20 1
Kass Tmo# | 2 f 2 1
ayp

Figure 4.03 ”T’* = et s

System of example 4.13




o

jirt

-~

e

;fu

—

"

e

— T e T

208 4.8 Serviceability

J. N—
{a} -

{b) s w ]
el o LU e 2 e v

Figure 4,94 . .
Brample 4.13: &, load ¢ and deflection 11; b, load g, and deflection 2,

The condition %y =1, thus cannot be satisfied at all points in the'structur?.
Further iterations are performed unfil agreement between w, and Upyy I8
acceptable at all locations along the girder. The fundamental frequency w is then
obtained by setting #, = u,, ;. The final result is:

T
w=126x10"2 1/%

with corresponding cyclic frequency:

f= % =2.0x1073 1/%

1) Estimation of Parameters

‘The vibrational behaviour of simple systems can often be modeled using single
degree of freedom oscitlators. The retiability of the model depends.on the accuracy
with which the natural frequency and damping of the oscillator and the
characteristics of the loading function can be estimated.

The naturél f'reé]uency can be calculated with relative ease using the methods

described in this section. The following expression can be used as an initial

approximation for fundamental cyclic frequency, in Hertz, of girder bridges with
longest span length L, in metres:

100
f= -t 0.5
The damping coefficient of bridges will always be less than the critical‘ valqc
&, = 2maw. Measurements reported by Cantieni (1983) show that the fogarithmic
decrement, 8, normally lies between 0.02 and 0.35, with an average value- of
approximately 0.08 (fig. 4.95). This corresponds roughly to va}ues of & ranging
between 0.003 and 0.058, with an average of 0.013. Damping in long bridges is
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Fipure 4.95 )
Histogram of logarithmic decrements of
damping measured at 198 concrete bridges
l——l in Switzerland {adapted from Cantieni .

%051 005 009 B o7 oz som T 1983)

usually less than in short bridges, and less in straight bridges than in curved or
skew bridges. The damping of actual structures can be estimated from simple
measurements of the attentation of free vibrations, A logarithmic decrement of
0.05 and & natural frequency of 3 Hz, typical values for highway bridges,
correspond to an attenuation of the fundamental mode of roughly 50 percentin 5
seconds. Higher modes are atténnated more quickly,

The loading function has a strong effect on vibrational behaviour. Resonant
vibrations occur when the frequency of the loading, ¢, is equal fo the natural
frequency of the structure, w, Vibrations can be induced simply by the horizontal
movement of a load across a beam. These oscillations are small, however, in
comparison with the vibrations produced by heavy trucks, which themselves
vibrate due to unevenness in the pavement. The frequency spectrum of these
dynamic wheel loads exhibits two pronounced peais: the first between 2 and 5 He,
corresponding to the vibration of the truck chassis and bady, and the second
between 10 and 15 He, corresponding to the vibration of the truck axles. The
dynamic effects of truck loads can be treated quasi-statically by increasing the

design live load by a factor of 1 ¢, where the dynamic increment ¢ is defined as
follows: : ’
Q5 — Adgn - Astal

As(at N

where A4 denotes deflection or strain.

The danger of resonance is normally small, since a simultaneous excitation by
several trucks traveliing over the bridge is highly unlikely. The dynamic increment
for a single truck load can, however, be substantial. For natural frequencies lying
in the 2Hz to 5Hz region, the dynamic increment can be as large as 70%,
depending on the roughness of the pavement (fig. 4.96). An average dynamic
increment of 30 to 40 percent shouvld be considered in this frequency range
assuming normal pavement conditions. In other frequency ranges, the dynamic
increment is roughiy 10 to 20 percent.
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Figure 4.96

Dynamic ingrements for 2 single truck and
normal pavement conditions, measured at
92 bridges in Switzerland (adapted from
Cantieni 1983)

The circulat frequency of loads due to pedestrian tfaffic varies between 10.5 rad/s
and 12.5 rad/s, assuming 100 to 120 sieps pegs finute. Resonant vibrations can
occur when the fundamental frequency is also in this range, especially when the
bridge is loaded by soldiers marching in step. ' :
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5 Analysis and Design of Bridge
Superstructures

5.1..Structural Models and Load Distribution
511 Gener-al Ideas

a) The Structural Model

(_301‘1c1:ete bridge superstructures typically consist of relatively thin slabs mono-
lithically cpnnected to each other along longitudinal joints. Although these
systems satisfy the geometrical conditions for classification as thin shell structures,
itis not appropriate to analyse them according to elastic shell theory. The use of
eiasth shell theory requires linear elastic, isotropic and homogeneous maferial
behavgour, which is never the case i prestressed concrete bridge superstructures.
At ultimate Fimit state, the superstructure is transformed into an inhomogencous
fully cracked composite member., Moreover, self-equilibrating stresses of un:
known magnitude and distribution are always present under service conditions, a
result of differential creep and shrinkage as well as temperature gradients. ’

The restrictions on material behaviour imposed by elastic shell theory can be
overcome through the use of simplified models thal satisfy equilibrium and
suitably chosen compatibility conditions, These models normally consist of an
assemblage of beam elements, The entire superstructure can be modeled asa single
beam, prqvided the superstructure can deflect under load without distortion of the
cross-section. Otherwise, it must be modeled as an assemblage of several beams. A
plane grid, for example, can be used to model a superstructure whose cross-section
undergoes significant deformation due to {ransverse bending.

The deformability of the cross-section, and hence the choice of model, is a function
of the following factors: form of the cross-section, additional stiffening elements
such.f‘ns diaphragms, ratio of span length to cross-section width, support
conc_imolns, and load arrangement. The role played by the form of the cross-
section is illustrated in figure 5.1. It can be observed that (ransverse bending is
gcne;al]y present in T-girders with three or more webs and, by analogy in
mpltlple‘-cell box girders. These cross-sections must therefore be modeled as plﬁane
grids, Single-cell box girders and double-T girders, however, can always be
modeled as single beams provided the span length is large in relation to the cross-

be
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o

Systemn ond looding : (GK constant)

Figure 5.1 . .
Relation between form of the cross-section and transverse deformation

section dimensions. This condition can be expressed quantitatively by the
inequality

ly
—9 =1

2(bo+ho)
where the idealized cross-section dimensions b, and ki, are defined in figure 5.2
The effective span length /; is defined as follows: ‘

1. For simply supported girders, Iy is equal to the span length
2. For cantilever girders, /; is equal to twice the cantilever length ' )
3. For continuous girders, I, is equal to the length between inflection points

Tigure 5.2 ) o . .
Idealized cross-seciion dimensions: 2, bex girder; b, T-girder

IS

‘denoted collectively as sectional forces. An eccentrically applied load can be

Sy L
=
G . ”% i A Al ? 3 ) x
7z 7z ! i VI . E
Bending moment Mix): ? 7z * [V 4

g

Shaer force Vo lx):

Torsional mornent T(x):
. [T
& (UG

- I |
TTIRECIIT =7

Sectional forces due to an eccentrically applied concentrated load

When the supersiructure is modeled as a single beam, the external loads are
equilibrated by bending moments M, shear forces ¥, and torsional moments 7,

resolved into symmetrical and antisymmetrical components, as shown in
figures 5.3 and 5.4. The symmetrical component induces bending moments and
shear forces. The antisymmetrical component, a force couple, Is equivalent to an
external torque M, (concentrated loads) or m; (distributed loads). Torgue induces
torsional moments in the structure. :

1

Cross-sections can be classified into two groups, according to the mechanism by
which torsional moments are resisted. Closed sections (e.g. hollow boxes) resist
torsional moments by means of a closed shear flow; open sections (e.g. T-
sections) resist torsion primarily by bending moments in the webs.

In plane grid models, a longitudinat beam is used to model each cell of the box
girder or web of the T-girder. Transverse beams, whose properties are derived B
Trom those of the top and bottom slabs, link the longitudinal beams together. The
number of transverse beams can, in general, by freely chosen; three to five per span ot
are normally sufficient.

COLEGY
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Figure 5.4
Sectional forces due to an eccentrically applied distributed load

b} Effective Flange Widih

Ultimate Limit State, As shown in figure 4,30, the force in the compression flange
at ullimate limit state is built up from the horizontal component of the
compression diagonals in the webs. Transverse tension is required to deviate these
forces from the web-flange junction to the centroid of the effective compression
flangs. The angle of deviation, and hence the effective flange width, will thus
depend on the amount of transverse reinforcement provided in the compression
flange. The interaction of effective flange width, transverse reinforcement, and
flange thickness al ultimate Limit state is discussed further in Section 5.3.3,

Concrete tensile strength is neglected in calculating the axial resistance of the
tension flange. The longitudinal reinforcement distributed across its width may be
considered, provided the shear resistance of the flange is sufficient to transfer the
yield foree of the reinforcement to the webs.

- Service Conditions. The flanges of box and T-sections respond fo longitudinal

bending of the superstructure primarily in a state of plane stress. A flange canbe

isolated as a free body loaded by the horizontal shear stresses at the flange-web
junctipns. The load distributes laterally into the flange through in-plane shear.

5.1.1 General Ideas

ext int

. betr befi
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Figure 5.5
Effective flange width {(service conditions}

T_hg assopiatcd shear deformations cause a gradual decrease in normal siress away
from the wcb_. The variation of normal stress along the width of the flange is, in
general, nonlinear (fig. 5.5).

Caleulations are simplified. by defining an effective flange width b, over which
the 1‘10rmal stresses are assumed to be uniformly distributed and equal to the
maximum stress in the nonlinear distribution. The value of &, follows from
ec_lua.llty of the resultant flange forces obtained from the nonlinear stress
distribution and from the equivalent uniform distribution. Investigations into
stress qistributions in T-girders have shown that b,y is primarily a function of the
following factors (Rilsch 1972, 151): (1) type of loading (distributed or concen-
trated); (2) structural system (simply supported, cantilever, or continuous bearn);
and (3) dimensions (ratio of flange thickness to depth of section, ratio of flange
span to girder span). :

The flange stresses under service conditions are normally required only for the
calculation of deformations. Due to variability in material properties, the
accuracy of the computed deformations will not be significantly increased by
refinement in the caleulation of flange stresses. The following approximate
expressions for b can therefore be used for both box girders and T-girders. (The
symbols are defined in figure 5.5):

1. Top slab:
b = B + Bt bt
where .
Bt = the lesser of /o/6 and b5™Y2

cit = the lesser of [,/6 and 5"

The eﬂ"e(lxtivc span length [, is defined as the distance between inflection points
pf th‘e girder, and can be assumed equal to 0.8/ for end spans and 0.6/ for
interior spans. '

2. Bottom slab:
Biy = b+ bl
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where
b3t = the lesser of 1,{10 and B2

and I, is as defined for the top slab.

5.1.2 Torsion and Introduction of Loads in' Single-Cell Box Girders
a} Torsion

Torsional moments T in a single-cell box girder are normally considered to be
equilibrated by a state of pure shear. This phenomenon iscalled St. Fenant torsion.
The torsional shear stresses in the deck slab cantilevers are small relative to those
in the walls of the box and are therefore neglected. Because the webs and slabs are
thin relative to the overall box dimensions, the shear stresses can be assumed
constant across the walt thickness. The torsional stresses can thus be expressed asa
constant closed shear flow around the box, » [IN/m] (fig. 5.6). The value of # is
obtained from the equation of moment equilibrium about one of the corners of the
box: '

T'=(vby) hy + (vho) by

where by and A, are as defined in figure 5.2. Defining
Ag=bghy

and solving for v yields the following expression:

bt
24,
The equations
=yt =t =
can then be used to caleulate the shear stresses in each of the girder elements.
Strictly speaking, torsion in box girder bridges is rarely cqﬁi]ibrated by shear

stresses alone. The closed shear flow v is normally accompanied by both transverse
and longitudinal bending. This can be demonstrated by deriving the necessary

Fipure 5.6 .
St. Venant torsion in a closed cross-section
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conditions for pure torsion in a box section symmetrical about its vertical axis
{fig. 5.7). In the absence of transverse and longitudinal bending, torsionsl
moments will produce only twist about the shear centre €. The angle of twist wﬁl
be constant at all points in the section: '

dg's = dgt = dg” = g

The in-plane displacement of the web can be formulated in terms of its individual
sticar deformation (fig. 5.8);

g D , ' 5
dz* =y [h=b“"G‘dx ‘ (a)

where (7 is the shear modulus of conerete. Tt can also be expressed in terms of the
twist df: ; ' J

W bO
dz" = % dé _ &)

Substituting (b} into (a) yields the following equation:

by, v odx .
2% A ©

Figure 5.3 ’
Shear deformation in a box girder web due to pure torsion

e
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Similar expressions can be obtained for the top and bottom slabs:

dx
St = 5 75 @
. d'_
Sholtbs = "([317 d_g T ) (e)

Substituting (d) into (c) and () into (c) yields the equations

by
2

|
B st 05

2

Stop lls —
The necessary condition for pute torsion is obtained by adding these two
equations together:

i1 2
by (}z?“*p?) =ho 7w

This condition is rarely satisfied by cross-sections typically used in box girder
bridges. The box width is normally greater than its depth and the webs are
normally thicker than both the top slab and the bottom skab. The closed shear flow
normaily associated with box girders will thus, strictly speaking, aiways be
accompanied by transverse and longitudinal bending.

The girder deformations due to torsionally induced transverse and longitudinal
bending are nevertheless small relative to the deformations due to torsional shear
fiow. The total deformation due to torsion can thus be assumed equal to the
deformation in pure torsion, 8, défined by the following equation:

1 .
00 =§ D derc : 5.0

where Cis obtained from the boundary conditions and Kis defined as the forsional
constant of the section,

An expression for K can be derived for an uncracked box section using the method
of virlual work., A girder segment of length dx is considered. The length and
thickness of section element i are denoted ; and &, respectively. The real torsional
moment T is assumed to produce the twist 40, The corresponding shear
deformation of section element I is

pdn = dx (cf. equation (a))

_T
24,01,

The virtual torsional moment T=1 produces the shear flow &=1/24,. The
corresponding shear force in section element / is

b
24,

by =
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The external and internal work of the virtual forces and real displacements can be
equated:

1= ;(ﬁbf) {pedx) = ; (gb—jo) (2ADT Gi; d"")

It follows that
ﬁ=z B, T T B T;(bf/&)
L dx 524, 24,61, ";46143 . G 44F

This eéquation can be rewritten as

do_ T ‘ -
&~ GK 52

where the torsional constant X is defined as

442

K=o
E[-:bhftl

b} Eccentric Loads

The sectional forces shown in figures 5.3 and 5.4 were calculated from the
equilibrivm and compatibility conditions of a prismatic bar with constant flexural
and torsional stiffness. The actual cross-section geometry was not considered in
the calculation, and the given load was replaced by statically equivalent loads.
Although the sectional forces shown are correct, they are insufficient for &
complete calculation of the stresses in the member. Self-equilibrating stresses,
which are a consequence of the actual cross-section geometry and loading
arrangement, will also be present. Even though they make no net contribution to
the sectional forees, they will affect the local behaviour of the deck slab, bottom
slab and webs. The actual stress at a given pointin the cross-section will be equal to
the sum of the self-equilibrating stresses and the siresses obtained from the
sectional forces.

Tpe sell-equilibrating stresses due to the antisymnetrical compenent of the load
will be considered in further detail. Figure 5.9 shows the diagonal forces R
produced by an antisymmetrical couple of concentrated loads @ applied in the
p!ane of the webs. Likewise, distributed diagonal forces r will be induced by a
distributed couple g. (As shown in figure 5.10, the dizgonal forces are reduced
when the couple { is applied to the deck slab cantilevers.} These seif-equilibrating
forces will produce transverse and longitudinal bending of the cross-section
elements.
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“Fipure 5.9
Introduction of couple { applied in the plane of the webs: a, girder element; b, equilibrium of
couple @ and shear flow difference Ay; ¢, shear forces; d, self-equilibrating diagonal forces R

The response of the girder to the diagonal forces can be investigated using the
model shown in figure 5.11. The model consists of two components: (1) a hinged,
box girder, in which the monelithic connections along the longitudinal joints have
been replaced by hinges; and (2) a series of iransverse frames, The deck slab, webs
and bottom slab of the hinged box girder deflect as longitudinal beams due to the
diagonal forces, resulting in the deformition "of the cross-section into a

parallelogram. This deformation is’ partially restrained by bending in the

transverse frames. Assuming linear elastic maferial behaviour, the restraining
‘force will be proportional to the deflection of the cross-section elements. The
behaviour of the deck slab, webs and bottom slab under the action of the diagonal
forces'is thus equivalént to the behaviour of a beam on an elastic foundatien,
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Fipure 5.10 :

Introduction of couple ( applied to the cantilevers: .a, equilibrium' of 0 and Av; b, shear forces and
morments; ¢, forces at upper left-hand corner; d, self-equilibrating diagonal forces R {(component

" of shear force parallel to diagonal of cross-section) :

{a)

Hinged box girder

'rﬁ —— Tronsverse frame

(b}

Figure 5,11

Model for the calculation of transverse and longi-
tudinal bending due to diagonal forces: a, hinged
box girder and transverse frame; b, deformation
restrained by transverse bending in the frame
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Box section with vertical axis of symmetry;
origin of coordinates at centroid
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The fourth-order differential equation of the elastic curve will be formulated for.

one of the webs oI the cross-section shown in figure 5.12. (The origin of the

ESordimate sysier is [ocated at the centroid S of the section.) The equationis based -
on the _;nqn;ent-curvqfurg relationship of the web in the hinged box girder,
‘miodified to aceount fof the elastic restraint of the transyerse frames.

Elgstic Curve of. a’W_e_bhz the Hinged Box, The force method is used to compute the
fiormal stresses in the hinged girder dvie to the distributed diagonal force r(x). The
. section is assumed symnietrical about its vertical axis, The statically determinate
primary system consists of four simply supported beams. Its cross-section is
shown in figure 5.13. Force r is resolved into horizontal and vertical compenents

ry and 1,

b

SREPIL SE— - ®

Ve V)

a
Kot ®|I[E]]]I[ﬂm>ﬁmm]m]J]®—> Figure 5.13 ' :
.5‘55 e " Longitudinal bending in the hinged box girder

¢ bs
Af_, o due the diagonal forces r: primary system with
Vg ® stresses and edge shear forces
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which are applied as loads to the girder elements. Since the two force coniponsents
are progortlona[ (ri () = (by/ho) r,{x) for all x), the corresponding sectional
forces will also be proportional:

ME () = — ME(X) = My (%) %ﬂ (&)
0
and
b
PEE) = =780 = 1) 52 iy
0
for all x.
Edge shear forees K™ (x) and K*'(x) are required for cohlpatibility of longi-

tudinal strain. They are defined as the integral of the corresponding edge shear
stresses:

Koy = [} b7 ds K™ (x) = [1™()dVds
[ 0 ’

The compatibility conditions can be expressed as the following system of
equations:

Ay MEE) 4+ A, MY (%) = Ay KPP () + Ay K*(x)
A5 ME () + A M (¥) = 7 K2 () + Ay K (x)

where the strains at the slab-web interfaces have been converted into iinear
functions of the sectional forces using the constants A;. The forces K" (x} and
K®'(x) can be rewritten in tcrms of Mg (x) alone, nsing equation (g):

Ko ()= B, My()  K™() = B, My (%)

for all x. It is therefore necessary to solve for K™®?(x) and K™ (x) at only one
arhitrary location along the length of the girder.

The constants B, and B, are functions of the cross-section dimensions. The
distribution of stresses in the statically indeterminate system that correspond to
these constants (fig. 5.14) is conveniently expressed in terms of the parameters 4
and k*. The parameter g is defined as the distance from the neutral axis to the
middle surface of the top slab: )

Iy B*
1435

tl’S b 3 h bw
1+ (—) +672 %
1% \bg b 1

(53

a=hy

The quantity k™ relates A to the web moment in the statically indeterminate
systern, M™:

MY =" Mg G4
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Figure 5.14

Lengitudinal bending in the hinged box
girder due the diagonal forces r: total
slresses in the statically indeterminate
sysiem

where

t*" by Bty B (‘T_’E)
s[i () 1285
sl w3 e m ()
5;—17 [”fs (3 3, ™ \B
The associated bending stresses in the web of the statically indeterminate system
are obtained from the expressions

v = (5.5)

17 .
Grop = '"le (i}
L MY(a—F ' ,
o= MR G
where :
w_ B'H
"= i2

The moment-curvature relationships of the web in the hinged box girder can now
be formulated in terms of MY and w,, the vertical deflection of the web.
Substituting equation (5.4) into the familiar equation

2 ! -
g e = , 56

results in
pre T Cor— kMY ; 5

The differential equation of the elastic curve of the web is obtained by taking two
successive derivatives of equation (k): ’
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3
gred \fﬁ" S : (5.7)
Er S e vy 0}

where r, is the vertical component of the diagonal force (equation ().

Tt can be shown that the vertical shear forces in the web of the hinged box, V¥, are
equal to the web shear forces in the primary system V. The edge shear forces
K2 (x) and K**(x) thus produce only a redistribution of the web shear stresses,

leavirig the total shear force unchanged The shear forces and moments are related

by the fol[owmg expression:

dMy 1 dMv

P I v =
’ ! dx Y dx

(m)

where dM¥/dx + 7%, Recalling equation (h), the shear forces in the top and
bottom slab can be computed from V* as follows:

P = — ]-/bs = %Q_ A (11) -

]

Llastic Restraint of the Transverse Frame. The deformations of the hinged girder

are partially restrained by the \ransverse frames. When the corners of the cross-
section are displaced as shown in figure 5.15, transverse bending moments are
induced. The distribution of these moments is identical to the moments produced
by a diagonal force #2. The elastic restraint due to transverse frame aclion can be
accounted for in equation (I) by adding a term corresponding to the vertical
“component of the diagonal force, r2, expressed as a function of the vertical
displacement w,,.

Figure 5.15 '
Total displacements of the section due to
longitudinal and transverse bending
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Figure 5.16
Transverse bending moments ‘per unit girder length due to r?

: i
i
The increas!: in length of the diagonal of the section, &, is computed from the
moments due ta #2 {fig. 5.16) using the method of virtual work:
|

PRNR 1. W, ©)
EG) G+ <

where
3

b (bw)s h (t:stb_:)a
143 By 3 Q il
2 [ + o+ |35 (5

h !:stbs 3
(¥ bsy3 9
e+ +6 2 ()

= (5'3)

The relation between 8 and the joint displacements follows from the geometry of
figure 5.15:

st
/(g +-05)

This expression can be reduced to a function of w, alone using the relation

[2 W, + f—“ (wic® + 1-9}3“)]
o

- 2w, Wi wE

bg ]10

which is derived from the stress distribution of figure 3.14 and the moment-
curvature relations of the webs, top slab, and bottom slab. It follows that

/(b5 -+ hE) ‘ ép)

=0

Combining equations (o) and (p) yields an cxpression relating diagonal force and
vertical displacement

w3 2 2 .
T @
140 ¥e
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This equation is equivalent to the following relation between the vertical
component of r2 and w,:

P2 oo,
where r@ = r2 i, /)/ (b} + %), and

B fEME(b"’P .
€= & hg bR 39

Equilibrinm Equation of the Web. Equation )]

e AW,
Bl

=k"r
14 v

which was defined for webs of the hinged box, can now be modified to account for
the elastic restraint due to bending of the transverse frame. The total load acting
on the web will no tonger be r,, but rather the algebraic sum of r, and the vertical
fores due to elastic restraint 72 {fig, 5.17). It therefore follows that

wd4wu w Ke) w
EI 7)?—=k (r,—rfy=k"{r,—cpw)

This expression can be rearranged into the familiar equation of a beam on an
elastic foundation

w4,
st epw=r, (s:10)

whose solution w, can be obtained from published tables and charts (see, for
example, Hetenyi 1964). :

The solution w, can then be used to obtain the longitudinal and transverse bending
stresses and the longitudinal shear forces in the section components:

1. The longitudinal bending moments in the web 4™ are obtained from equation
(5.6). The corresponding flexural stresses can then be calculated from equations

(@ and ().

'y 1 1119 Sl MY
T i

TR T o8 = gpwixd
- Y = Figure 5.17

T i Web madeled as a beam oz an elastic
T foundation
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2. The transverse bending moments are calculated from the equations given in
figure 5.16, where r2 is obtained from equation (q).

3. The shear in the web F*{#) is obtained from equation (m). The corresponding
shear forces in the top and bottom slabs, #*(r) and ¥ (¥), are obtained from
equation (n), The total shear force in one web is equal to the sum of V¥ {r) and
the shear due to the torsional sectional forcs, ¥*(T):

Vo = VD0 | _ (5.11)

The total shear forces in the deck slab and bottom slab are obtained in an

identical manner.

The effect of the self-equilibrating diagonal force r on the stresses in a box girder is
investigated in the following example. )

Example 5.1: :
Synunetric and eccentric loads in a simply-supported box girder

»

A simply supported box girder of length Jand cross-section dimensions shown in
figure 5.18 is given. The girder is torsionally fixed at both ends. Tweo load cases are
considered: (1) two trucks at midspan, equidistant from the longitudinal axis of
the bridge, and (2) one truck at midspan eccentric o the bridge axis, Bothcases are
modeled using simplified foads (fig. 5.19). The web shear forces ™ and the web
bending moments A* are to be calcutated.

For the symmetric load, ¥ is obtained by dividing the total shear by 2. The web
bending moment A is obtained from the tetal bending moment 3 in an
analogous manner to equation (5.4):

My =k 2

MY =k, 5

sym

d

2500 ‘

Tigure 5.18
Cross-section of example 5.1 (dimensions in mm})
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Figure 5,19

Load cases of example 5.1: a, symmeiric; b, eccentric

where My = A2 is the moment which would be resisted by one wéb, assuming no
shear transfer begween the webs and the top and bottom slabs. For the given cross-
section, &3, = 0.2.

The e}ntisymmctric loading results in shear due to torsion T as well as shear and
bending due tq the self-equilibrating diagenal force R. Therelevant quantities are

External torgue: M, = 02, i p ot
2 g G - #
. [ [
. ) 0b, l o
Torsional moment: T= +T - 2 f

Torsional shear flow:

Diagonal force: -

R= LT

Vertical component of R: R, = % '

r

where by = 5.70 m and ko =2.295 m. The web shear due fo torsion is obtained
directly from the shear flow v:

D = g =S
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- The web shears and moments due to R are obtained from the defiections of the
elastically supported webs, w, (equation (5.10%), where

- X
= M?ﬁ— = 0.504 m*

IW

B =10.554 (equation (5.5))
C, =167 . - (equation (5.8))
¢; = 0.000401 £ {equation (5.9))

(Eisin Nymm?.) Equations (5.6) and (5.7) are used to solve for M7 (r) a.nd Y@,
respectively. ¥ (T) and ¥ () are then combined according to equation (5.11).

The tesults are shown in figures 5.20 and 5.21, The bending moments due to
eccentrically applied load (case 4 of figure 5.21) are less than the moments due to
full symmetrical load, The maximum web shear due to eccentric load is equal to
the maximum shear due to full symmetric load.

- Tt can be concluded that full symmetrical load wiil govern the design of the’

superstructure for longitudinal bending. The shear forces resultin g from eccentric
live load are nevertheless considerable. With regard to the jongitudinal response of
the systdm, therefoze, eccentric loads need only be considered for shear design.
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Figure 5.20
Weh shear forces ¥~ of example 5.1
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‘Web bending moments 3™ of example 5.1

5.1.3 Torsion and Fecentric Loads in Double-T Girders

Torsional moments in open sections are resisted by a combination of St. Venant
torsion and differential web bending, The latter phenomenon, illustrated schema-
tically in figure 5.22, is known as warping forsion. The torsional moment at a given
section can be expressed as

T =T+ TYE)

where T57(x) and TW(x) denote the St. Venant and warping components,
respectively, The fatio 757 (x)/ 1"V (x) varies along the length of the superstructure,
and is also a function of cross-section dimensions and span length. (The warping
component predominates in most commonly used open sections.) The compo-
nents T3 (x) and T (x) can be obtained at each point along the length of the
superstructure from the compatibility condition of equal twist due to 8t. Venant
and warping torsion:

6% (x} = 5 (x) ) (5.12)
The angle #% (x) is defined by the equation
% (x) = 2w, (x)bo , (5.13)

where w, is the vertical deflection of the web due to flexure and b, is as shown in
figure 5.23. The angle 8% (x) is computed from equaticn (5.1):

o5 () = Gl_K i TS () dy+ C . . (5.i4)
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Far web i Section A

Figure 5.22 . .
Deformation of a double-T girder due to warping torsion

Figure 5.23
Double-T cross-section: symbols

K = 3[(FY b+2(0")° hol (5.15)
for a double-T girder and € is determined from the boundary conditions.

Tt is convenient to express the externailoads as the sitm of 2 component resisted by

warping torsion and a component resisted by St. Venant torsion. External torque -

M, is thus written as
M, = MY + M5 = Q" bo+ 0™ by

where O by and @° by are the corresponding couples applied in the plane of the
webs.

An exact calenlation of the torsional response of an open sect‘ion can be
gomplicated and time-consuming. The computational effort required can be
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substantially reduced by assuming that the ratio of St. Venant torsion to warping
{orsion is constant over the entire girder length, that is, .

TSV (x) _
T]S‘ (.\') -

where & is a constant. The compatibility condition of equation {5.12) now needs
only be solved at one arbitrary point along the length of the superstructure. The
loss of accuracy résulting from this simplification is insignificant. Design at
ultimate fimit state can normally be based on a constant ratio 757/T" =1/2 for
spans greater than 50 m and 1/3 for spans less than 50 m. A similar simplification

can be made for the external load components:

Ss¥

o=k S (@)

It is convenient to compute the warping torsional responss in terms of the
unknown parameter Q% and the St. Venant torsional response in terms of kO™,
The value of % can be obtained from the compatibility condition of equation
(5.12). The components 07 and Q% are then calculated from

i

oY =0/1+k)
and equation (a).

Far pirders with a vertical axis of symmetry, the calculation of the warping
component of torsional response can be further simplified using the modet shown
in figure 5.24. The superstructure is separated along its centreline into two equal
halves. Bach of the half-girders is loaded by Q% =M [b, and is analysed .
separately as a continuous beam. (Only torsionally fixed supports of the original
girder can be considered as vertical supports of the half-girders.) The bending
moments and shear forces thus produced are denoted M, and ¥, respectively.
Stresses can be calculated withoul significant error by assuming that the principal
axes of the hali-girder sections are parallel to the principal axes of the original
section. !

4 W e W
A -5 5

| A ' ' %
ET - 1
e L=

Figure 5,24
Simplified model for the calculatien of warping torsional response
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Figure 5,15

Refined model for the calculation of warp-
ing torsional response: primary system
with normal stresses and redundant shear
force K

Figure 5.26
iy Refined mode! for the calculation of warp-
) ing torsional response: total normal

Stor In -6l stresses in the statically indeterminate
J-———b—-—elk system
0 -

w __.w hg0y
Bt = ~Clop oy

The main advantage of this model is its simplicity. it does not satisfy compatibility
of longitudinal sirain at the cenlreline nor does it satisfy equilibrium (3, =0},
These shortcomings occur because the shear stresses in the deck slab at the cut are

neglected.

The model can be refined to account for the shear stresses at the centreline. The
primary system of figure 5.25 is identical to the model of figure 5.24, except for the
unknown redundant shear forces K which have been added. The stress distri-
bution in the full section (fig. 5.26) is computed from the condition of equal
longitudinal strain at the centreling. The solution can be characterized by two
parameters: the dimension ,, defined as the distance from the middle surface of
the top slab to the neutral axis, and T,, the moment of inertia satisfying the

equation

., M,z
o = St

L
where ¥ is the stress in the web of the original (uncut) section, A, is the bending
moment due to @% in one of the half-girders and z is vertical distance from the
neutral axis defined by the parameter a,. Expressions for a, and I, can be for-
mulated in terms of the cross-section dimensions:

T 1 :
T B4 Gl bl b (5.16)

L 56 (g -
I, = 3 |:1+m +('a* ) ] (5.17)
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T Yoo |F 7 "
— l ? ° Figure 5.27
7 Shear flow due to warping lorsion
,L__bo—,L {schematic)

The stress distribution of figure 5.26 is completely defined by these two

parameters and the moment M. The normat stresses are computed using the

equations )

) M,

g¥ = M%E (weh)
n

a® = g, % (deck slab)

‘Fhe shear flow shown in figure 5.27 is obtained using the following equations:

1. Webs:

w Ap—on
(D) b = V%b (" sds
2. Deck slab:
§ 5 Ifzts 2“’1 b'lz
5 = A £ sds (b)

Between the webs, the constant shear flow

w2
b = v b (h;f_ 2a,hy)
n

must be added to the shear caloulated from equation (b).

Example 5.2;
Torsion and eccentric Ioads in « simply-supported double-T givder

A simply-supported double-T girder of length 40 m is loaded by a force couple O
applied in the plane of the webs (fig. 5.28). Both ends of the girder are torsionally
ﬁxed.‘ The torsional moments will be resisted by a combination of St. Venant and
warping torsion.

The stresses due to warping torsion are calculated in terms of the unknown load
component (". The sectional forces in the left half-girder are shown in
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3 - : Ao
000D 1 20000 - _L

Figure 5.28
Example 5.2: a, cross-section and loads &;
_M _Qhg b, girder and equivalent torque M, ¢,
2.2 torsional moments 7" (dimensions in mm)

figure 5.29. The bending stresses and shear flow at midspan, assuming no shear
transfer between the two half-girders at the centreline, are shown in figure 5.30.
These arc obtained from the centroid «, and moment of inertia I of the half-
section, neglecting skew bending:

a,={0515m

[=143m*
The equilibrium error, A, is equal to 1.28Q" [m].
Tigiire 5.31 shows the exact stress distribulion at midspan, based on the
parameters
(equation 5.16)
J5m* {equation 5.17)
The compatibility condition {equation 5.12) is formulated at midspan. The
rotations 85" and 8" are obtained as follows:

1 20

AV (e — —__ .
1. ] (x—ZOm)ﬁGKJ[;

Q% by, 10EQT B, .
o) dx = FeT (equgtton (5.14)

where G =0.4E, by =5.70 m and

(equation (5.15))

K=1[(0.25)% 10.5 +2(0.50)® 2.375]=0.25m*

e MEOOD, |
. T Sectional forces in the left half-girder
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Figure 5.30

Bending stresses and shear flow at midspan due to 0™ (no shear transfer between the two half-

girders)
302
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TFigure 5.31

Bending stresses and shear flow at midspan due to 2" {including shear transfer between the- tyo
haif-girders) )

Tt therefore follows that 85 (x =20 m) = 570k (Q"/E) Im~*].
W3 W 3
5 _ _err _ QrEn” w -1
w,{x=20m} $SET = WEQTS) 762{(Q"{EY [m™ ] i

6% {x—=20m) = 2(762) (Q"/E)/5.70 =267 (@7 /E) [m ™3]
(equation (5.13))

i
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Setting 0" = 6%, the solution & = 0.47 is obtained. It follows that 0% = 0.6810
and 0% =0.3190.

The flexural stresses due to warping and the associated warping torsional
moments are presented in figure 5.32. Also included are the results of a more exact
caleulation, in which the ratio 75 (x)/T" (x) was not assumed constant. It is
apparent that the assumption of a constant ratio TS TY (x) leads to
satisfactory results. :

5.1.4 Structural Models for Bridge Superstructures

Multiple-celi box girders, T-girders with three or more webs, and slabs can be
modeled as plane grids of longitudinal and transverse beams.

The longitudinal beams in a grid model of a box girder correspond to the cells of
the box (fig. 5.33). The transverse beams model the top and bottom slabs spanning
between the webs, which are assumed to behave as a Vierendeel girder. An
equivalent shear stiffness can thus be assigned to the transverse beams based on
the flexural stiffness of the top and bottom slabs.

5.1.4 Structural Moedels for Bridge Superstructures
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Grid models: multiple-web T-girder
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Grid models: solid slab
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Grid models for T-girders include one [ongitudinal bearn for each web {fig. 5.34).
Three to five transverse beams per span are normally sufficient; further refinement
will not significantly increase the aceuracy of themodel results. The stiffness of the
transverse beams is obtained directly from the section properties of slab strips of
width 5(n + ), where ! is the longitudinal span length and # is the number of
transverse beams per span. Diaphragms can be considered as indjvidual
transverse T-beams. Their section properties are calculated assuming an effective
deck slab width b, = Ab/2, where Ab denotes web spacing. :

Solid slabs can be modeled with a grid consisting of a relatively small number of
elements (fig. 5.35). Four longitudinal beams are sufficient when the ratio pfspan
tength to cross-section width (//b) lies between 2 and 3. The number of beams can
be reduced to three when /fb=3. :

Grid models will yield reasonably accurale sectional forces and deformations
provided the member stiffnesses in flexure, shear, and torsion have been properly
chosen. An exact calculation of member stiffness is complex and fime-consuming
due to cracking and plastification of concrete. Results of acceptable accuracy are
always obtained when the member stiffnesses are calculated from the properties of
the homogeneous uncracked section. The calculation of a member stiffness, X, can
be further simplified by considering its associated sectional force Sk:

1. When S is not required for equilibrium, X can be assigned a very small value
{2 (). The member can then be considered perfectly flexible with regard fo the
deformations associated with K. The computed values of Sy will be very small.

2. When 8y is required for equilibrium and X has no significant influence on the
system deformations, X can be assigned a very large value (2 oo). The member
can be considered perfeetly rigid.

3. When Sy is required for equilibrium and X has a substantial influence on the
system deformations, K shouid be calculated from the homogeneous uncracked
section properties.

5.2 Structural Function of Cross-Section Components

\

Each of the cross-section comporents of a bridge superstructure psrforms several
structural functions simuitaneously. These functions can be classified as Jongi-
tudinal ot fransverse. The longitudinal structural function Is associated with the
beam sectional forces M, ¥, and T} the transverse function is associated with
transverse bending of the cross-section.

A definite advantage of beam statics as opposed to shell theory is that it makes
possible the separate calculation of stresses due [o separate structural functions.
This increases the clarity of the analysis and simplifies the detection of numerical
errors. Furthermore, amy details required to improve structural behaviour can be
more efficiently designed when beam statics is used.
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Thke calculation of peak structural response of cross-section components must
consider structural function. The loading arrangement that produces the
peak response in one function wiil not normally produce a peak response in the

other functions. For example, maximum compression (longitudinal function) and -

maximum transverse bending (transverse function) in the bottom slab of a box
girder will each be caused by two different load arrangements. Stresses resulting
from the transverse function of cross-section components are normally confined
to a relatively small region. The transverse function thus has a correspondingly
small influence on the resistance to in-plane stresses resulting from longitudinal
function, Tt is therefore normally sufficient to design a cross-section component
for the least favourable of the following two combinations:

1. Maximum response of the longitudinal function plus permanent load response
of the transverse function.

2. Maximum response of the transverse function plus permanent load response of
the longitudinal function.

Stresses and-sectional forces must be calculated for each of the principal structural
functions of a given cross-section component. These functions are as follows:

a) Deck Slab

1. Transverse function as a slab, to carry its self-weight and live load to the webs. -

‘Structural response: transverse bending, longitudinal hending, and vertical
shear.

2. Transverse funetion as a frame compenent, to resist distortion of the section.
Structural response: transverse bending and vertical shear. )

3. Longitudinal function as a tension or compression chard, to resist bending of
the entire cross-section about its horizontal axis.
Structural response: longitudinal axial force and in-plane shear.

4, Longitudingl function as a shear wall, to resist torsion of the entire cross-section.
Structural response: longitudinal axial force and in-plane shear.

5. Longitudinal function as a web, to resist bending of the entire cross-section
about its vertical axis.
Structural response: longitudinaf axial force and in-plane shear.

The design of the deck slab is normally governed by function (1), for which the
peak response is produced by dead load pius specified wheel loads. The transverse
reinforcement over the webs will therefore be fully utilized only over a short
distance. There s usually sufficient reinforcement available away from this arca of
peak steel stress to resist the in-plane shear forces due to functions (3) and (4). The
cross-sectional area of the slab is normally greater than required to resist the
longitudinat compression due to function (3). A

b) Webs

1. Longitudinal function as a web, to resist bending of the entire cross-section
about its horizontal axis.
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Structural response: vertical shear and longitudinal axial force. (Vertical axial
forces must also be considered for the webs of bridges in which loads are
superimposed onto the bottom slab.) . )

2. Longitudinal function as a shear wall, to resist torsion of the entire cross-section.
Structural response: Iongitudinal axial force and vertical shear.

3. Longitudinal function as a tension or compression chord, to resist bending of
the entire section about its vertical axis.

Structural response: longitudinal axial force and vertical shear,

4. Transverse function as a frame componeit, to provide rotafional restraint to the
deck stab and (when applicable} bottom slab, as well as to resist distortion of the
section. :

Structural response: in closed sections, transverse bending and shear per-
pendicular to the plane of the web. Tn open sections, torsion.

The design of the webs is governed by the least favourable of the following two
combinations: maximum shear {functions (1) and (2)) plus transverse bending due
to permanent load (function (4)), or maximum transverse bending (function (4))
plus shear due to permanent load {functions (1) and (2)).

¢). Botiom Slab

1. Transverse function as a slab, to carry its selfbweight and any superimposed
loads to the webs.
Structural response; primarily transverse bending, as well as vertical shear.

3 Transverse function as a frame component, 1o resist distortion of the cross-
section.
Structural response: transverse bending and vertical shear.

3. Longitudinal function as a compression or tension chord, to resist bending of
the entire cross-section about its horizontal axis.
Structural response: longitudinal axial force and in-plane shear.

4. Longitudinalfunction as a shear wall, to resist torsion of the entire cross-section.
Structural response: longitudinal axial force and in-plane shear,

5. Longitudinal function as a web, to resist bending of the entire cross-section
about its vertical axis.
Structural response: longitudinal axial force and in-plane shear.

The design of the bottom slab.is fundamentally different from the design of the
deck slab. Function (1) is of little significance for the bottom slab. The design is
governed by a combination of functions: shear forces due o functions (3), (), and
{5), superimposed with transverse bending from functions (1) and (2). The
thickness of the bottom siab at the slab-web connection is determined from the
maximum in-plane shear stress.
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5.3 Analysis and Design of Cross-Section Components
5.3.1 Deck Siab
a} Fundamental Considerations

Deck §labs are exposed to a very complex environment of external influences.
These include static loads, dynamic leads due to vehicle impact, and severe
temperature gradients, In addition, decks may be exposed to deicing chemicals
and freeze-thaw action due to possible deficiencies in the waterproofing system.
The models used for the analysis and design of deck slabs are based on rather
crude simplifications of loads, environmental conditions, and structural behav-
iour. For this reason, the design should not be based on the theoretical ulli-
mate limit state, in which the capacity of the slab has been completely exhausted

“through full mement redistribution and mobilization of membrane forces. A

portion of its capacity should be reserved for actions other than static loads which
are difficult to include in the analysis. The sectional forces should be calculated

nsing elastic methods, to ensure satisfactory eracking behaviour under service

conditions. The additional costs of prestressing the deck slab can always be
justified in terms of improved structural behaviour and durability, even for short
spans. .

Deck slab thickness should never be chosen as small as possible, to facilitate
placement of concrete and to improve dynamic behaviour. Thin, transversely
prestressed slabs require an extremely dense arrangement of reinforcement. For
typical box girders with 6 m spacing between webs and 3 m cantilevers, deck slab
thickness should not be less than 200 mm between the webs and 220 mm at the
edge of the cantilevers, An additional thickness of about 100 mm is required at the,
webs, where the combined web and deck slab reinforcement is particularly dense
(fig. 5.36). . : ' ’

Increasing the slab thickness by only 10 mm results in a considerable improvement
in durability with negligivle additional costs. The additional thickness increases

- superstructure dead load by about 2 percent. The added cost of concrete and

lengitudinal prestressing, combined with the small saving in deck slab reinforce-
ment, results in a net increase in tetal construction cost of only 0.01 percent fq'r
bridges spanning 50 m. V

. .
Deck slabs require a relatively large amount of reinforcement. The typical
cansumption of steel in the deck slab is about 140 kg per m® of concrete or about

. 3000 Hp. , 6000 1yp. . 3000 hp. T
£ = 1 :

Figure 5,36
Minimum deck slab thicknesses in mm for a
. two-lane highway bridge
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Figure 5.37 R
Teflected shape of a slab of infinite length fixed along two parallel edges: a, due to auniform load
over the entire slab sutface; b, due to a concentrated Joad

- 65 peycent of the entire mild reinforcement in the superstructure. (This figure was

ghtained by converting the area of deck slab prestressing to anarea of mild steel of
¢qual ultimate tensile force.) The deck slab reinforcement should therefore be

" desigtied and detailed with special care.

The deck stab can be treated as a one-way slab for most of its length. It need only
be considered as a slab supporfed on three sides in the immediate vjc‘inity of
diaphragms, which are normally located only at abutments, piers, and 11;terna1
hinges.

Loads that are uniformly distributed over the surface of a one-way slab produce a
eylindrical deflected shape with no curvatures or moments in the longitudinal
direction (fig. 5.374a). The slab can therefore be analysed as a beam for uniform
loads. The defiected shape due to a concentrated load, however, has curvatures in
the x-direction which are almost as large as those in the y-direction {fig. 5.37h).
The bending moments in the x- and the y-directions thus induced will therefore
also be of similar magnitude.

b) Fundamentals of Plate Theory

The theory of elastic plates is based on the following assumptions:

1. The material is homogeneous, isotropic, and linear elastic

2. The principle of plane sections applies, that is, lines normal to the middle
surface of the plate remain normal to the deflected middle surface after
deformation )

3. Plate thickness is small relative to the other plate dimensions

4, Plate deflections are small relative to plate thickness

5.3.1 Deck Slab : 247

The equilibrium conditions will be formulated assuming Poisson’s ratio is equal to
zero. This simplification has no effect on the accuracy of sectional forces
computed at ultimate limit state. Under service conditions, the additional steel
stress due to Poisson’s ratio is normally less than 5 percent of yield stress.

Normal stresses are designated o, and o, where the subscript corresponds to the
coordinate axis parallef to the stress. Tensile normal stresses are considered
positive; compressive normat stresses are considered nepative. Shear stresses are
designated by the [etter r and two subscripts, for example 7. The fitst subscript
denotes the coordinate axis normal to the plane under consideration. The second
subscript denotes the direction of stress. Positive shear stress is defined by the
positive coordinate direction when positive normal stress acts in the positive
coordinate direction. Otherwise, positive shear stress is defined by the negative
coordinate direction. :

When all loads are perpendicular to the middle surface, no net axial or shear forces
parallel to the middls surface are produced. This phenomenon is called pure plate
bending. The normal stresses v, and o,, and the shear stresses parallel to the

middle surface, 7,; and 7,,, thus have an antisymmetrical triangular distribution

(fig. 5.38).

The sectional forces are designated as follows:
Bending moments iy Hl,

Twisting moments Flgyy My

Shear forces Ups Uy

When Poisson’s ratio is neglected, the sectional forces, stresses, and deflections
w of a plate of thickness 4 are refated as follows:

iz 2w
me= [ o,2dz = —D57 (5.18)
~H2 E

£ | T _
g 7 1 il oy J,F ~ ol
e N 'y
40 £\ /f\"‘n ™ | | 2l
. = Tl Ewy

? i)'x & V"y

1
|
Gy lz Ty
Figure 5,38

Stresses and sectional forces for pure plate bending
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g w
m, = Q'Lz o, zdz = —DW (5.1
w2 *w i
. - —ps : 5.20
mg, = wiﬂ Tyy 2402 D Axdy ) {5.20)
iz azw

= =D
iy —Lz Ty, 247 axdy

The parameter D = EA%/12 is defined as the flexural stiffness of the plate.

_The above equations are analogous to the moment-curvature relationship i"or
flexure in beams. The moments mz, and m, are proportional to their respective
curvatures, equal to the second partial derivatives of w. The twistiqg moments
W1y, == W1, are proportional to the twist, defined by the second mixed p_artlal
derivative of w. Using these relations, 2 qualitative picture of the moments in the
plate can be obtained from its deflected shape.

The equilibrium conditions are derived as follows for the differential plate efement
of figure 5.3%:

i, o\ o (O ,) _ r—0 A

(M¢Q@%mﬂgﬁ (o, ) dy (@)

(% dy) dx +(§£n_,1 dx) dy— (v, d)dx =0 ()]
v dx

(995 d\') dr+ (% dy)-dx — gldxdy) =0 ' ©
ax dy

Solving equations (a) and (b) for v, and »,, respectively, and substituting these
expressions into equation (¢}, the following equation is obtained: :

+25 0y

8%m, atm an:y - g (d),

Dgat dxady ay

Figure 5,39 .
Equilibrium of a differential plate efement
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-

m®
my@;
m,y@
y
Figure 5.40 :

Sign convention for moments in the transformed (&, #) coordinate system

4

The differential equation for the elastic curve of the i)late results from substitution
of equations (5.18), (5.19), and (5.20) into equation (d): '

64‘11’ 0w Mtw ¢
ax* iyt T aHt T D G20

The bending and twisting moments can be determined for a surface of arbitrary
orientation using the transformation formulas of Section 4.4.2 (fig. 5.40):

- 2 02 ;

Mg = ni, €08° 4y sin® ¢ -+, sin2g
_ 122 0 2 :

n, = m, sin® ¢ +m, cos® ¢ —m,, sin2g

Py, = $(m, — i} sin2¢h + m,, cos2¢

¢) Caiculation of Sectional Forces

The sectional forces can be considered as the sum of two components: (1) forces -
due to the loads, assuming the webs support the slab rigidly in the vertical
direction, and (2) forces due to the vertical deflections of the -webs. The latter
component is only significant for multiple-cell box girders and multipfe-web T
girders. The sectional forces in single-cell box girders and double-T girders can
thus be calenlated assuming the webs do not displace in the vertical direction. This
makes possible the use of simplified finite element modets and influence surfacesin
deck slab analysis.

d) Sratical Models for Slabs on Rigid Supporis

Deck stabs can be normally be modeled as plates of constant thickness, neglecting

© any haunches or thickening of the cantilever tips (fig. 5.41). Equilibrium will
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Figure 5.41
Statical model for slabs on rigid supports

always be satisfied by this simplified model. Any dilferences in sectional forces
resulting from vaziation in slab thickness will be small, and can be accommodated
by a slight moment redistribution at ultimate Himit state. The effects of edge
stiffening need only be considered when a continuous concrete parapet is used.

The geometrical boundary conditions to be used in the model depend on the type
of cross-section:

1. Closed sections:
The slab rotations at the webs are normally sufficiently small that the stab can
be assumed fully fixed at this location, regardless of the type of loading

“(fig. 5.42).

2. Open sections:
The geometrical boundary conditions shouid correspond to the type of loading
and. the stiffening effect of the webs. Except in the immediate vicinity of
diaphragms, the torsional stiffness of the webs is normally insufficient to
restraih slab rotations under uniform load. Hinge supports are therefore
assumed for this case (fig. 5.43). The degree of fixity is relatively high for

. concentrated loads, however, since torsional moments are transferred to the
webs only over a short length (fig. 5.44). Away from the immediate vicinity of
the load, twist in the web is restrained by the unloaded slab. The end moments
for concentrated loads can be assumed equal to about ene-half of the full fixed-
end moments. In all cases, the torsional moments received from the slab must be
considered in the design of the webs of double-T girders.

TR 9 : '
T -
<%
# Figure 5,42

—-[:’__ —» 3 3 Support cenditions for the deck slab of
,}l_l,],_,j‘_h_]_m single-cell box girders - -

TG 4
2 =
l —
o
-+ | —- .
l’ Averoge.of ' Figure 5.43 :

: ‘% £ Support conditions for the deck slab of

—iF—F double-T girders S

—_—»
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Tiwist i web restrained by
the unloaded stab

\ - Figure 5.44
. Twrist in web restrained by Transfer of torsion due to concentrated load from
Il the wlooded sleb . slab to web in a double-T girder

These simplified models satisfy equilibrium and are adequate in many typical
cases. [t may nevertheless be worthwhile to determine the degree of fixity of the
deck slab more exactly, by taking into account the actual stiffness of the individual
cross-section -elements, Open and closed cross-sections must again be
distinguished:

1. Closed sections: .
Since the lower end of the web is restrained by the bottom slab, moments
transferred to the web from the deck slab cantilever can be resisted in transverse
bending. In commeonly used cross-sections, the flexural stiffness of the web is
greater than that of the deck slab. Most of the cantilever moment will therefore
be transferred to the web. The cross-section elements can be modeled as beams.
The moments in the web, deck slab, and bettom slab can then be calculated
according to their respective flexural stiffiesses using moment distribution
(fig. 5.45}.

2. Open sections;
It can be assumed that one half of the cantilever moment is transferred to the
deck slab, while the other halfis transferred to the webs (fig. 5.46). The forsion
in the web thus produced is transferred back to the neighbouring unloaded
regions of the slab.

A more refined calculation can be made using the model shown in figure 5.47. The
slab is represented by four identical beam elements. The width of the beams,
denoted a, is equal to half the infiuence length of the given truck load at the web,
assuming the load spreads out at an angle of 45”. The total cantilever moment is
ass(;lmed to be divided into two equal halves, 3/, which are applied at beams 2
and 3. )

MC MC

1
1
|
o — [ j Fi_gﬂl'?S.r-lS
% Distribution of the cantilever mament 37 to the box

section components according to beam theory

!d_..«—..
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Figure 5.47 . .
" Model far the calcufation of the elastic restraint of the deck slab cantilevers in an open section: a,
cross-section; b, plan; ¢, simplified model; d, primary system with redundant moment X
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Assuming the load is symmetrically applied, the calculation of the moments in
beams 1 through 4 can be carried out for one half of the model (fig. 5.47¢). The
primary system is shown in figure 5.47d. The compatibility condition is
formuiated as :

6 =09+ X1 6, =0

The rotations é,, and é;; are obtained as functions of the flexural stiffness of the
beams ET° and the torsional stiffness of the web GK™:

MCI 2] a
b= "3gF T 3EF Tt GRe

The redundant moment is

1

—_ C
X =& 2-—+3 Fa (5.2
GK™!
The moment in beam 2 is therefore equal to:
Monc i1\ (5.23)
o 213 aEP | ‘
IGK™,
Example 5.3:

Elastic vestraint of the deck slab cantilever in an open section

The following geometrical parameters are given:

Web depth " =20m
Web width ¥=05m
Slab thickness F=025m

Interior slab span I=50m"

It is assumed that ¢=3.5m, and that G=04E. It therefore follows that
K™ = 0.28 (0.5)° (2.0) = 0.070 m*
ErFf'=3.5(0.25%/12 = 0.0046 m*

The solution is obtained from equations (5.22) and (5.23)

1
33 (0.0046)
2+3 504y 0.070)

M=057M¢ . i

X, =M° = 0.43M°

The resulting bending and torsional moment diagram is shown in figure 5.48.
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Figure 5.48
Bending moments in the equivalent beams due to the
cantilever moment A°

Wearing surfoce
9 Figure 5.49

tructural concrete Distribution of a wheel load

e} Distribution of Wheel Loads

As shown in figure 5.49, wheel loads spread out in both horizontal directions at a
2:1 slope in the wearing surface and at a 1:1 slope in the structural concrete. The
'effective wheel load surface is measured at the middle surface of the deck slab.

[} Use of Influence Surfaces

Influence surfaces are an extension of influence lines to two-dimensional
structural systems, The ordinate x of the surface at an arbitrary point {x, y) gives
the value of a sectional forcs or reaction at a specific location (x,, o) when a unit
load is applied at (x, v). Influence surfaces are represented two-dimensionally
using contour lines joining points of equal influence. The parameter x is

- dimensionless for moments and concentrated reactions, and has dimensions fm 1]

for shear forces.

Wheel loads are distribuied over a finite area. The sectional forces they induce
must therefore be evaluated as the product of the given load g and the volume ¥ of
the influence surface above the effective wheel footprint. The bending moment due
to a load g [N/m?], uniformly distributed over an area A [m*] would thus be
calculated using the following equation:

m=gV=gq[r »dd [Nmjm] (®
A . )

Influence surfaces calculated from Iinear elastic plate theory have a singularity at
the point (xg, ¥o); & is thus infinite at the point where the sectional force or reaction
is to be evaluated. The integral of equation (e) is nevertheless finite for all arcas 4.
When the area of integration contains the point (x4, ¥p), calculations can be
simplified by truncating the singularity. The value of «c is thus considered constant
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for all points (x, v} enclosed by a suitably chosen contour, x. The error, egual to
the truncated volume, decreases sharply as the value of x, increases.

Published influence surfaces (Pucher 1977) normally eontain contours of suffi-
cient magnitude to enable truncation of the singularity with negligible error,
provided the loaded area encloses the highest given contour. Attention must be
paid to the coordinate system of the influence surface, which may be different
from the system conventionally used in bridge design.

The volume ¥ can be evaluated numerically by: (a) using an uneven number of
equally spaced, parallel vertical planes, and summing the ordinates using
Simpson’s rule; (b) vsing horizontal planes cutting through the surface at the
contour lines and summing using Simpson’s rule; or (¢) subdividing the loaded
area into segments A 4,, determining the average ordinate of each segment £, and

" summing the products A4, ;. Method (c) is not as exact as (a) or (b), but is most

convenient and thus most commonly used. When concentrated loads are given
instead of uniform loads, the summation XA 4,7, is replaced by 2AQ, %;, where
AQ; is the portion of the concentrated load applied to area segment AA,.

Example 5.4:
Use of influence sufaces

The moment i, at midspan of an infinite one-way slab, fixed at both edges, isto be
calculated for the single row of wheel loads given in figure 5.50. The effective
footprint is 800 nmun square. The wheel loads have been drawn to scale on the
influence surface in figure 5.51. Due to the symmeirical arrangement of the loads,
only three areas need to be considered. The calculation has been summarized in
table 5.1, The value of i, is 35.6 kN  m/m.

g) Moment Envelopes
Influence surfaces have been published for only a few selected locations, typically
at the slab edges and at midspan. Moment envelopes for the entire slab can be

estimated from the available influerce surface momerits using linear interpolation
according to figures 5.52 through 5.54.

120kN 120kN 120kN 120kN

{ Figure 5,50
| ‘Wheel load arrangement of example 5.4
# (dimensions in mm)

o

o

AP S R
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G000,

oA

Figure 5.51 . o
Influence surface of example 5.4 (adapted from Pucher 1977) (x = contour/8m) (dimensions in
mm)

" Table 5.1
Calculation of m, Using Influence Surfaces
Area El Ay Conteur, i aAQ &
[¢33))] - (=Contour,/87) (kN - m/m)

1 4 30 4.9 0195 . 234

2 4 30 23 . 0.092 11.0

3 2 120 0.13 0.005 1.2

Total nAD K =n1, - 35.6

5.3.2 Webs
a) Web Thickness
‘Web thickness is governed primarily by detailing considerations and construction

requirements. Webs should be wide enough to provide at least 100 mm clear *
spacing between tendon ducts in cast-in-place girders. This will ensure proper
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Figure 552
m, and m, moment envelopes due to concentrated loads for the interior deck slab span (circles

3

. indicate moments obtained from influence surfaces)
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Figure 5,53

ni, ard m, moment envelopes due to concentrated loads for the deck slab cantilevers (circles
indicate moments obtained from influence surfaces)
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Figure 5.54

1, moment envelope due to concentrated loads in the vicinity of a diaphragm {eircles indicate
moments abtained from influence surfaces, / = interior span length)

1
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Figure 5,55

Minimum web width 5% {dimensions in ¢m, ¢ = tendon duct diamster): a, b, ¢, tendon
arrangements that permit proper placement and vibration of concrete; 4, errangement to be
ayoided

b)
— ! - =
Longitudingl % "’[ j[
< seclion
Plan I .
sectlon coupling | joint

Figure 5.56
Increase in web width near supports: a, end supposts; b, intermediate supports (/= girder span

length)

placement and vibration of conerete (fig. 5.55).. Local web thickening is often
required to accommodate tendon anchors or couplers near abutments and
supports {fig. 5.56).

Tn normal cases, web thickness is fally utilized for shear resistance only in the
immediate vicinity of the supports. The minimum required web thickness bl is
obtained by setting the shear resistance of the stirrups Vg . equal to the shear
resistance of the concrete Vg .. (It is assumed that the given web reinforcement is
fully utilized at the critical section}.

Ves= fI‘Tﬂ& z(cota +cotf) sinf

(equation (4.3))"
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Ve = foired B 2 (COse +cot B sina) sina (equation (4.5))
AL Sy sinf ' _ (@)

bw
8§ fored sin?«

req =¥rls

The notatior of Section 4.3.3 is used throughout.

For constant ¥y ,, anincrease in the angle of inclination of the stirrups fwill result
in a decrease in required web thickness. Equations {4.3), (a) and (4.4) are used to
formulate the following expression: :

coto

breq (ﬁ) = b 007 (cote +cotfh) sinff

... which pives the required web thicknéss for arbitrary stirrup-inclination, breq (B), a3

a function of the width required when vertical stirrups are used, bl (90°). When
o= ff=45°, the relation simplifies to
I L) 1 W o
br:q (45 ) = _2 breq (90 )

7

which implies a 30 percent reduction in web width.

b) Web Design for Shear and Transverse Bending

Webs must be designed to resist both longitudinal shear forces, ¥, and transverse
bending moments, 7. Simply summing the reinforcement required 1o resist cach
effect alone is not consistent with the actual behaviour of the web at ultimats limit
state. The web reinforcement shouid rather be designed directly based on the
combined effects of shear and {ransverse bending.

The minimum web width required to resist the factored shear force y5 Vs obtained
from equation (4.5):

B = Ye¥s¥
8 T ea Z(cosatcotfi sing) sinu

1f b}, is less than the actual web width 5", the excess capacity can be used o resist

_ transverse bending, When the web is in a state of pure shear, the resultant conerete

compressive force Ffzcote is located at the web centreline. In the presence of
transverse bending, this force shifts towards the flexural compression side of the
web (Kaufinann and Menn 1976). In the context of the truss model used for
longitudinal shear design, this phesomenon can be regarded as an inclination of
the compression diagonal out of the plane of the web axis to maintain equilibrium.

The effect of shifting the resultant compressive foree is illusirated schematically in
figure 5.57. Figure 5.57a.shows the equilibrium of a web segment in pure shear.
When the compressive force is shifted to. ike left, equilibrium is maintained by

T T
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Figure 5.57 M !
Egquilibrium of 2 web segment: a, in pure shear; b, with resultant Fou IMp/zcotoq
campressive force shifted as far as possible to the Ieft; ¢, with 1 by | breq
small transverse bending moment; d, with large transverse v Br
bending moment y=t'-t'-by/2

changesin the stirrup forces (fig. 5.57b). The superimposed moment 7z can then be
resisted by further changes in the stirrup tensions (fig. 5.57¢) or, when the flexural
compressive force m/fy is greater than Bj, by an increase in the total concrete
compressive foree (fig. 5.57d). A simple superposition of the stresses due to shear
and the stresses due to transverse bending, without considering the shifting of the
resultant compressive force, would result in a different staie of equilibrium,

Based on these considerations, a simplified model for the ultimate resistance (Vz,
nig} of web sections subjected to shear and transverse bending can be formulated.
Tt is assumed that the inclination angle of the compzession struts, «, and the
internal lever arm, z, have been given (fig. 5.58) and that the stirrups are vertical
(f#="90"). Concrete tensile strength is neglected and the concrete compressive
stress distribution is modeled as a uniform stress block. Expressions for the stirrup

forees B, and B, required to equilibrate (W, 715) are derived here for the two cases

shown in figures 5.57¢ and 5.57d:

1. Shear predominates (fig. 5.57c): .
The resultant compressive force ¥ /zcote is shifted as far as possible to the left.
A net tensile force By remains in the left stirrup after the displacement of
Fg/7cote and the addition of the force couple due to . Equilibrium is achieved
without additional concrete compressive forces. The equilibrium equations

Yk
zeola

—B—B,=0

_ V& (b j _
B.b, zcota(2 —bi—mg=0

5.3.2 Webs 261
mg®
) by b'
dz [— 7 ]
Wiy | o

8| ' f la,

FEEEFETERt zcoTe
BT . VR L -
; m@ ‘Azcokx } «[ 4|‘ |
5 s s
- h =.FL“_ B = vi bW
o Mg Prea T vy
Figuré 5.58 -

Symbols and sign convention

are solved to obtain the stirrup forces:

¥ b m
B=—"%& __req Mg
'™ zbycota (bo 2 +b‘) bg

__ " __:vga ' Mg
B’_zbncotcz ( 2 mb) + By

2. Transverse bending predominates {fig. 5.57d):
In this case, the tensile force B, vanishes, and the additional concrete
compressive force £, equal to the product of the design compressive strength £,
and the unknown width b, must-be introduced to maintain equilibrium. The
comnerete compression due to shear must be shifted back towards the centreline
of the web. The equilibrium equations are as follows:

Ve |
i zcotcc-hE"_B’_O

Vo (bregtby by
zeotu ( 2 )+mR_B’ (b —b m?) -

The unknownhstirrup force B, is given by
Ve (Blqt+is
Rt ta ( 2 )

¥ ,7ﬁ )
b b 3

R =

Tn b?th cases, the web reinforcement must be sufficient to resist B, and, where
applicable, B, The familiar equations are used: 4, =sB,/f and A, =sB)[f
. where s denotes stirrup spacing. '
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Cliven web reinforcement 4, and A7), the transverse bending resistance mig can
be calculated as a function of shear resistance ¥, using the relationships derived
above. Alternatively, Vg can be calculated as a function of . Itis convenient to
represent the relationships among A7, , A7), Ve, and mi, graphically in the form of
an interaction diagram. .

The symbols and sign convertions shown in figure 5.58 are used in the generation
of the diagrams. Shear resistance ¥y is expressed as a dimensionless ratio Fx/Vro.»
where Fyq is the maximum resistance of the concrete in pure shear:

Vro = req U™ COSE SinZ

Web reinforcement is described by the geometrical reinforcement ratios g, @, and
g,, &1l of which are defined relative to the full web width:

w
A;

_ A = Aar
Q—'bwsl

_ A
b s

I—'bwsi 2y

]

"where AY = A¥;+ AY,. The ratio g is expressed as a percentage of the ratio go,
defined by the following equation:

.ﬂ,[ed
A

5¥

{b)

8o = sine

The parameter g, corresponds to the total web reinforcement A2 such that ¥  is
equal to Fgo. BEquation (b) is obtained by substituting &* for b, in equation {a),
assuming f=90°,

Transverse bending resistance is expressed as the dimensionless ratio #mg{Mze,

where #1,, is the pure fiexural resistance of the web with reinforcement ratio gq,
assuming the stirrups are arranged symmetrically about the web centreline:

s — o B+ 57 £ (1- %)

"The ratio.w, is the mechanical reinforcement ratio relative to the statical depth
bo + b’ of the section: :

o =20 b fy faeasin?e B
OT 2 BB £ 2h hetl

Interaction diagrams have been generated for the typical case defined by
forealo=0.67, 5" =04, and o= 45°, They are given in figures 5.59 through 5.61
for gr,n’g;ﬁ' 1.0, 1.5, and 2.0, respectively.

The design procedure consists first of calculating the reinforcement ratios go and
3 based on the chosen web width (57), reinforcement location (%), the given
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Shear-transverse bending interaction diagram for g,fg;= 1.0
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Figure 5.60
Bhear-transverse bending interaction diagram for g, /o, = 1.5

material strengths (£, £ ,.q, and £} and the inclination of the compression struts
(). The basic tesistances Vo and sigg are then calculated. A point on the
interaction diagram is obtained by dividing the required sectional resistance
v =YrVs K, mg=ygysm) by the basic resistances (Vy/Vi,, mgfnigg). The
rqqmred reinforcement ratio g is then read directly from the appropriate diagram.
Linear interpolation can be used between the curves plotted on a given diagram
and between any two diagrams.




264 5.3 Analysis and Design of Cross-Section Components

- 1] 50
'Y LA -
N & 08
A
06
64 i ; ¢ oy 04
02 02
- f lf \ \
mg L]
TRE . 05 0 o5 10 5 20

Figure 5,61 ' 7
Shear-transverse bending interaction diagram for g fo;=2.0

£.3.3 Bottom Slab

The thickness of the bottom slab near the supports is determined from structural
behaviour. Away from the supports, it is normally governed by detailing and
construction requirements, Ductile behaviour is ensured when the axial resistance
of the bottom slab, neglecting any contribution from the webs, is greater than the
yield force of the girder reinforcement at the support. Conservatively chosen
bottom slab dimensions in the support region will result in no significant increase
in overall cost, since the moments produced by the additional weight will be small,
Away from the supports, the bottom slab should be atleast 0.15m thick, to enable
proper placement and vibration of the concrete, and to minimize differential
shrinkage and temperature strains in the girder. ;

In regions of high shear, high diagonal compressive forces will be induced in the
bottom slab near the slab-web junction. Haunching the bottom slab is re-
commended to reduce the accompanying diagonal compressive stresses. The
required haunch thickness can be calculated from the state of equilibrium shown

in figure 5.62. The diagonal compressive force per unit length, D, isexpressed asa

function of shear stress at the slab-web interface, 7, and bottom-slab thickness 1t

o g bs
D="_= L2J - (=)
COSO oS

The diagonal compressive stress in the conerete is limited t0 £ .a’ -

b L ®

Fsing

£, red
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&%
e
b ¥ = Deosor
. v, 7 Z = Dshat
) Figure 5,62
Section A-A Force equilibrium at the bottom slab-web connection

Substitu_tion of equation (a) into equation (b} yields the following expression for
the maximum allowable shear stress at the slab-web interface, 7.,

Trmax = Jfr,req SINIG COSY (©)

Equation'(c) is used to formulate an,expression for the required bottom slab
thickness in terms of the ultimate shear flow at the slab-web interface v* == yp pgv:

v ¥

Ibs .
Tmas  Jo,rea SIILO COSE

req T

(foreadsa func_tion of ¢, the inclination angle of the princii)a[ stresses, assuming
homogeneous elastic behaviour:

Sorea=1k (1 —03 ;5%) : . (equation (4.4))

Since the normal stress in the transverse direction o, is very small, «, can be
calpulated from the ultimate longituditial norma! stress g = yp yo0, and the
ultimate shear stress 73, = yg ¥5 7., using the equation tan2e, = 27%,/of.)

Thn? reinfor(‘:emei'lt necessary to resist the corresponding transverse tension Z is
designed using the equation ’

sp¥
A= ana

] fsy

This reinforcement can be arranged according fo the actual shear flow, decreasing
away from the region of maximum shear. Proper anchorage of the bars into the
webs is of utmost importance, since the stress in the reinforcement due to bath
shear and transverse bending will be highest at the slab-web interface.
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To facilitate their construction, the haunches should be straight and their slope
should be sufficiently flat to eliminate the need for top forms. Haunch thickness
can be reduced by limiting the flexural compressive stress at ultimate limit state
(5% < f), or by providing additional transverse reinforeement inthe slab to reduce

_the inclination angle of the compression diagonals.

The design of the bottom slab for the combined effects of shear and transverse
bending is carried out as described for the webs in Section 5.3.2.

5.3.4 Diaphragms
a} Overview
Diaphragms can be classified into several different types, according to their

tocation in the superstructure: (1) diaphragms at abutments, {2) diaphragms at
internal hinges, (3) diaphragms at piers, and (4) intermediate dizphragms.

The function of diaphragms at abutments, hinges, and piers is to transfer forces

from the superstructure onto bearings or columns, Diaphragms at abutments and
piers are normally proportioned rather generously, since their weight produces no
moments in the superstrocture.

The function of intermediate diaphragms is to stiffen the superstructure cross-
section against in-plane deformation. They make possible a direct conversion of
externaliy-applied torques into torsional sectionzl forces, which considerably
reduces transverse bending in the section. They also contribute to the transverse
distribution of loads in multiple-web cross-sections. Intermediate diaphragms ase
normally proportioned as thinly as possible, since they resist relatively smali shear
stresses and their weight produces additional moments in the superstructure.

Intermediate diaphragms are usually not necessary. Box cross-sections are
sufficiently stiff {o resist transverse bending without significant additional cost in
both straight bridges and lightly curved bridges. Furthermore, when girder
spacing is small, the deck slab can normally be relied on for adequate transverse
load distribution in multiple-girder bridges. Only for curved girders with open
cross-seotion will intermediate diaphragms be more practical than strengthening
the deck slab and webs to resist transverse bending.

The use of diaphragms at abutments and piers can also be avoided by
strengthening the cross-section and locating the bearings directly under the webs.
In normal cases, however, it will be both practical and econemical to use
diaphragms at these locations. : '

Diaphragms are incompatible with certain mechanized construction techniques,
for example the construction of double-T girders using 2 launching girder located
between the webs. Under these circumstances, it may be preferable to cast the
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(@) (b

Tigure 5.63
Diaphragm types: a, solid; b, frame

- diaphragms after completion of the superstructure, or to eliminate them

altogether. The former option is made possible by providing temporary openings
in the deck slab and dowels extending from the deck slab and webs. The dowels
can be bent into position after the launching girder and superstructure formwork
have been advanced.

Diaphragms can be designed as solid walls (fig. 5.63a) or as frames (fig. 5.63b)..

Bending stresses predominate in frame diaphragms; shear stresses predominate in
solid diaphragms. Frame diaphragms will thus require more reinforcement than

their solid counterparts. Interior access and displacement of formwork in box -

girders is facilitated through the use of frame diaphragms. Solid diaphragms are
normally provided with a small-diameter manhole, Interior formwork must
therefore be removed through temporary openings in the deck slab when seolid
diaphragms are used. '

b Abutment Diaphragms

Abutment diaphragms generally extend over the entire width of the cross-section.
They thus provide rigid support for the deck slab cantilevers and enable the proper
anchorage of expansion joint hardware (figs. 5.64, 5.65). Their thickness normally
lies in the 0.6 to (.8 m range. ' ;

The bearings should be located at the intersection of the girder web and
diaphragm axes. Vertical shear in the webs can thus be transferzed directly to the
bearings without bending or shear stresses in the diaphragm. Only horizontal
shear and torsional moments from the superstructure need therefore be consi-
dered in-the design of the diaphragm reinforcement.

Horizontat shear ¥, results primarily from wind znd earthquake loads. In
continuous bridges, V, is also produced by horizontal thermal gradients due to
unequal exposure fo the sun. Torsional moments T result from the antisym-
retrical component of [ive load and differential settlement. In curved and skew
bridges, additional torsional moments are produced by dead load and the
symmetrical component of [ive load.
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{a) ’ {b) ) b}l(fl

Expapsion jolnt

Web extension
Abutment side wall

Bearing ]

Bearing sect

Figure 5,64
Abutment diaphragm: z, longitudinal section, b, cross-section

Stressing block- out

Weh extension

Fipure 5,65
Abutment diaphragm: reinforcement
details

Beoring seat

Figures 5.66 through 5.69 show the reactions and shear flow due to ¥, and T'in
open and closed sections. The diaphragm reinforcement can be calculated from
these states of equilibrium using truss models. Solid diaphragms are normally
reinforced with relatively closely spaced bars. The inclination of the compression
diagonals is assumed equal to 45°. Shear forces originating from the deck slab are
directed to the lower edge of the diaphragm, from where the reinforcement
transfers them to the fixed bearing. Shear forces that are applied outside the
bearings produce bending in the diaphragm,

The vertical {4, .} and horizontal (4, ,) reinforcement is designed at ultimate limit
state usitig the truss model of figure 5.70:

Yr¥st .
Ao =Ap = s a
N k .ﬁy ( )
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Figure 5.66
Double-T girder: shear flew and reactions due to ¥

Figure 5,67 l
Box girder: shear flow and reactions due to ¥,

Figure 5.68
Double-T girder: shear flow and reactions due to T
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| Figure 5.69
Box girder: shear flow and reactions due fo T

A\t,h

!

: .

| | .

Figure 5.70
Truss model for diaphragm reinfercement

—

where s denotes bar spacing, and v denotes shear flow, The vertical and horizontal
reinforcement must be properly anchored into the slabs and webs of the

' superstructure cross-section, since these bars are fully utilized at the diaphragm
edges, .

The diaphragm reinforcement for crack control should be designed not for the
cracking load of the diaphragm, bui rather for the cracking load of the
superstructure. Ir this way, the redundant forces in the girder due to torsion and
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horizontal shear in the girder are considerably reduced after cracking. The
minimum reinforcement in the diaphragm is thus designed for a superstructure
shear flow v=1,t, where f, is concrete tensile strength and ¢ is the super-
structure slab or web thickness. Equation.(a) is used; under service conditions,
v =vg= 1.0. Taking f, = 2 N/mm? and ¢ = 0.25 m as lypical values, a shear flow »
of 500 kN/m is obtained, Assuming s= 0.3 m and £, = 460 N/mm?, the reinforce-
ment required for crack control is thus: 4, , = A, , = 330 mm?, or 16 mm diameter
stirrups every. 0.3 m.

¢) Internal Hinge Diaphragms

Altliough they fulfill essentially identical functions, diaphragms at internal hinges
are more thinly proportioned than abutment diaphragms. Their thickness
normaily liesin the .4 to 0.6 m range. Internal hinge diaphragms must be detailed
to permit access to the bearings and to incorporate, when required, drainage for
the expansion joint (fig. 5.71).

d) Pier Diaphragms

When the superstructure webs are not directly supported by the pier or bearings,
the diaphragm must be designed to resist the vertical shear transferred from the
superstructure in addition to transverse shear and torsion. The thickness of the
diaphragm 7” depends on the type of connection between superstructure and pier:

1. birect support (bearings directly under webs):

2 =04m to 0.6m,

min

depending on girder depth and span fength

Exponsion joint

Figure 5.71
Internal hinge diaphragm
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Figure 5.72 { !

Pier diaphragm (indirect support)

2. Indirect support {bearings located away from webs):

min Teq

1B = 2B,
3. Monolithic connection: ¢2;, = column thickness

Figure 5.72 shows the forces acting in the vicinity of a diaphragm at an
intermediate pier. It is assumed that, at ultimate limit state, the shear force
originating from the girder webs is transferred to the lower third of the diaphragm.
Reinforcement must bé provided to transfer this force to the upper portion of the
diaphragm above the webs. A combination of vertical stirrups, 4, , (fig. 5.73), and
dingonal bars, A, 4 is normally used for this purpose. Only the deviation force of
the longitudinal prestressing tendons in the immediate vicinity of the diaphragm
can be transferred direcily 1o the bearings. This is accomplished by means ofa

¢, Bridge

Tigore 5.73
Plan section: arrangement of diaphragm
reinforcement A, , to transfer girder shear
{o the bearings

Figore 5,74
: Prestressing layout for a pier diaphragm (superstructure indirectly supported)
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compression strut and the horizontal reinforcement in the upper portion of the
diaphragm. ’

The factored shear force applied at the lower third of the diaphragm is

vs Vig+q)—0382(P)

where V(g - g) is the girder shear force due dead and live Joad and Q (P} is the
deviation force of the tendon over the length /i, centered on the pier axis. The
factor 0.8 is used because the effect of Q(P) is beneficial. The design of the
reinforcement is based on the following inequality: :

Ayt A,z Si0f) {— = s V(g )~ 0.80(P)

High bending and shear stresses result when the superstructure is supported
indirectly. The amount of reinforcing steel required to resist these effects can be
significantly reduced by partial prestressing, The most efficient tendon arrange-
ment results when the anchors are located as low as possible in the diaphragm.
Anchor height is normally limited by construction requirements, Since the
diaphkragm tendons must be stressed before removal of the falsework, the stressing
anchors must be located to provide the necessary access (fig. 5.74). The sequence
of longitudinal and transverse tendon stressing must be clearly stated in the
construction documents. Tn normal cases, the diaphragm tendons are stressed
before the longitudinal tendons.

The reinforcement in the web-diaphragm junction is: closely spaced and must
therefore be carefully detailed. Figure 5.75 shows a possible reinforcement
arrangement. [

Upper surfoce of farmwork
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————— Upper lranswerse reinforcerment ond web slirmps
\Upper longitudinal reinforcement
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55 E ot ——
T i P P iy o eI
I e T P . i e =~
A 5

”;;.;‘“‘5;.'_
v

Main diophragm reinforcement - second layer
1 ongitudingl tendons - second fayer
Main diophrogm reinforcement - first loyer

Lonqitu'dinnl tendons -first layer

Rottom slab longitvdinal reinforcement

/ {Eoﬂom slab transverse reinforcement
Dinphragm longituding! refnforcement

Digphragm stirnips

Reinforcement arrangement at web-diaphragm connection

Figure 5.75

An unbroken flow of forces must be possible in menolithic supersiructure-pier
connections. The moment difference across the support is transferred to the pier
through the internal forces in the diaphragm which must be in equilibrium. The
vertical shear from the superstructore is converted to axial force in the pier, usually
by a different flow of forces. The complete superposition of bending and axial
force may therefore occur only at some distance below the girder soffit. The
reinforcement at the top of the pier must therefore be designed for moment alone,
without the beneficial sffect of axial force. Additional discussion of the flow of
forces at a monolithic girderfeolumn connection can be found in Section 4.5,

e) Intermediate Diaphragms

Intermediate diaphragms, which complicaie the interior formwork, should only
be used when they result in substantial economic benefits. Their thickness is
usualty about 0.3 m. If intermediate diaphragms are required for transverse foad
distribution, the sectional forces in the diaphragm should be computed from a
plane grid model of the superstructure. ' :

Tntermediate diaphragms that are used in curved bridges to convert the deviation
forces g — i, Jhg = M/rlg into & closed shear flow are stressed in pure shear. High
torques can be converted into torsional moments with relatively small shear
stresses in the diaphragm. It is therefore recommended to provide interior
diaphragms in curved bridges whenever transverse bending due to the introduc-
tion of torque requires speciai reinforcement.
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6 Accessories

6.1 Bearings .
6.1.1 General Remarks

Bearings are fabricated to higher standards of quality than most other bridge
components and are normally furnished by firms that specialize in their
manufacture. They restrict the movement of the structure in certain specified
directions, while theoretically allowing it to displace and rotate freely in all others.
The flow of internal forces is concentrated in the vicinity of bearings, resulting
in high local stresses and tension transverse to the main direction of flow; special
reinforcement must normally be provided to resist these effects. Bearings must be
protected from moisture; direct contact with salt water must be prevented under
allcircumstances. Bearings must also inspected and maintained on a regular basis,
and should thus be easily accessible. Their eventual replacement must be possible
without undue cost and effort,

Bearings should be conservatively designed for the displacements and rotations
which they must accommodate, since movements in excess of their capacity may
have serious consequences for both bearing and structure. The possibility of
extremely large displacements due to seismic or other extraordinary loads can be
effectively dealt with by fitting expansion bearings with a positive stopping
mechanism. .

Movement in expansion bearings is always restricted by frictional forces which,
although small, must nevertheless be considered in the design of structures and
the detailing of bearing anchorages. The maximum coefficient of static friction
is approximately 5 percent, while the minimum coefficient of dynamic friction is
approximately 1 percent for expansion bedrings with steel rollers or polytetraflu-
orethylene (PTFE)-coated sliding plates. In the calculation of ultimate loads,
these nominal values should be factored by 0.8 for favourable action of the
frictional forces and by 1.5 for unfavourable action.

A maximum of six independent reaction components and six independent
displacements, or degrees of freedom, are possible at each bearing location
(fig. 6.1). Reactions and degrees of freedom are complementary; each reaction
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-
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. - Figure 6.1
3Forces : Fi,Fo, Fy 3 Displacements : vy Independent reaction components and dis-
3 Momenls 1 M,,Ma,M; 3 Rolations TR placement degrees of freedom at a bearing

component corresponds to a restrained degree of freedom. The sum of the number
of independent reactions R and the number of independent degrees of freedom DF
is thus constant, i.e., R+ DF=6.

Bearings are normally classified according to their degrees of freedom. Small

rotations about the vertical axis are normally accommodated by all bearings, even |

though they are not designed for such movement. The spectrum thus ranges from
the the simple rocker bearing, shown in figure 6.2, with two degrees of freedom, to
the-confined elastomer or pot bearing, shown in figure 6.3, which can accommo-
date up to five degrees of freedom. The symbels given in figure 6.4 can be used to
represent the various bearing types on plans.

The materials commonly used for bearings include steel, conerete, and synthstic

malerials such as ncoprene and PTFE. Steel is well suited for simple rocker and

roller bearings. The combination of neoprene and steel has had considerable
’

! 1 1 Sole plate
| 1 2 Dowels (2per bearing)
+ 13 Base plale
n‘% | % 4 Grout
!I * oFs Wy, Wy Figuve 6.2
Rk, K, Ky M, Simple rocker bearing

{ Sole plo?e. S Stainless steel plale
2 {over plote 6 PTFE sheet
3 Annutar plate 7 Neoprene pod Figere 6.3

4 Base plole 8 Grout Pot bearing
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O Bearing
| des of refafion

=~ —= Direction of movement
Examgles:
(D Rotation in ene divection
'ﬂ} Aotation in of direcBons
"*(D“‘ Displacement In oree efrecion, rotafion In one drection
“69" Disgf?cemenl inona direction, rotafion In il directions

Figure 6.4
‘—69‘“’ Displucement and rofefion in ofl direckions Symbols for bearings

success in recent years. The neoprene pad ensures & uniform distribution of the
reaction, eliminating the need for thick steel plates. Although bearings made of
neoprene alone are economical, they are normally only used for fixed bearings or
for expansion bearings with small displacements. These bearings, which are very
lightweight, must be installed with special care, Both all-steel and steel-neoprene
bearings must be temporarily blocked before installation, in order to prevent any
bearing movement during concreting operations. ‘

Properly detaifed and constructed concrete hinges have the advantage of high
intrinsic durability. They can be designed to accommodate rotations of up to 0.015
radians (Leonhardt and Reimann, 1965). The proper functioning of the hinge
requires that the compressive force be larger than a prescribed minimum value,
and that the ratic of throat thickness to member thickness be less than a prescribed
maxinmun value. Of particular importance is the design and detailing of the
reinforcement for the transverse .tension above and below the hinge. One
disadvantage of concrete hinges is that superstructure and substructure are
connected monolithically, thus preventing any adjustment of the bridge after its
completion.

The highest standards of quality should be insisted on for the fabrication and
installation of bridge bearings. The added cost, which is. always small in
comparison to the total construction cost, is always justified by lower maintenance
costs and longer service life.

6.1.2 Structural Function of Bearings
Temperature change, shrinkage, creep, support displacements, and prestressing

produce deformations in structures, When the structure is statically determinate,
these deformations are not accompanied by sectional forces. When the structure is

B A
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Redundant forces and effective lengths as a function of columm end conditions

statically 'indeterminate, however, the deformations are restrained by statically
redundant connections, which give rise to redundant sectional forces.

Bearings may be used to release one or more of the statically redundant
connections between superstructure and substructure, thus reducing the degree of
statical indeterminacy and the stresses arising due to redundarit sectional forces.
Any reduction in the statical indeterminacy of the system, however, is normally
accompanied by a reduction in uliimate load. Bearings should therefore only be
used when the saving due to the reduced redundant forces is significantly greater
than the added expense resulting from the reduced ultimate load and the cost of
the bearings themselves, including inspection, maintenance, and possible replace-
ment costs.

These principles are illustrated in figure 6.5, in which the longitudinal displace-

ments of a continuous superstructure are imposed onto relatively flexible

columns. The redundant forces in-the columns are a function of the degree of
statical indeterminacy, i.e., of the column end conditions. Any reduction in the
redundant forces due to more flexible end conditions is accompanied by an
increase in the effective buckling length of the column, which will require
additional expenditures fo ensure adequate behaviour at ultimate limit state.

6.1.3 Superstructure Displacements

The displacements of superstructure and substructure must normally be consid-
‘ered in the calculation of the imposed displacements at the tops of columns and
the required range of mavement of expansion bearings.

Substructure displacements and rotations resulting from deformations of the
foundation material can only be estimated from exfensive peotechnical investi-
gations. Long-term measurements are necessary when the soil movements occur
over an extended period of time.
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Bridge superstructure displacements due to temperature change, shrinkage, creep,
and prestressing, however, can be determined more easily. The calculation
depends on locating with reasonable accuracy the newtral point of the superstruc-
ture, defined as the point that remains fixed during the given deformation. The
neutral point coincides with the point of direct connection of the superstructure to
an immovable foundation, when such a connection exists. When the supeistruc-
turé is connected to the foundations through flexible piers, however, the location
of the neutral point must be calculated by considering the equiltbrium of the
superstructure under the imposed deformation, in which the sum of the forces due
to pier displacements must equal zero. The location of the neutral point is thus a
function of pier stiffness, which can only be roughly estimated due to the
variability of foundation stiffness as well as cracking and creep in the columns:
The caleulation is therefore seldom exact for superstructures connected indirectly
to their foundations.

Thelocation of the neutral point can change during the courss of construction. In
the span-oy-span construetion of long bridges, for example, where construction
begins at one abutment and proceeds towards the other, the expansion bearings
can be temporarily blocked against horizontal displacement. These bearings are
then released only when the construction reaches the other abutment, where the
fixed bearings for the completed structure are located. Alternatively, the

- expansion bearings at the starting abutment can remain free to move; the location

of the neutral point will then change at each phase of construction.

ll
a} Laﬁlgr’mdinal Displacements of the Superstructure

Longitudinal displacements in the supers'tructure are produced by the following
actions: ’

1. Temperature Change:
The effective temperature of the superstructure varies from —20°C to $30°C
in temperate regions. Since average construction temperatures normally range
between 10 and 20°C, a temperature drop of 30 to 40°C and'a temperature
increase of 10 to 20°C are thus possible, Assuming a coefficient of thermal
expansion of 1073/°C, the design longitudinal strains due to temperature are

£, (AT) = —0.0004 to +0.0002

2. Shrinkage:
For a relafive humidity of 60 to 80 percent, the long-term shrinkage strain in
structural components of good-quality concrete, with average thickness 0.3 m,
will be ‘ ‘

Ere.r 2 —0.00025

- The phenomenon of shrinkage in concrete is discussed at greater length in
Section 3.1.1.




282

6.1 Bearings

3. Prestressing:
The strains due to prestressing consist of an elastic component and a plastic, or

creep, component. The elastic strain at the centroid of the section is given by

O, o (P P
Py = T2 =
(4 c (4

where P is the prestressing force, 4, is the area of the section and £, is the

modulus of elasticity at 28 days after the concrete has been cast. Assuming the.
average long-term creep coefficient ¢, = 2.5, the plasticcomponent of the total

strain is

P
SCC{P) = ¢w SC,EI(P) =25 Ac E,

The phenomenon of creep is likewise discussed in greater detail in Section 3.1.1.

The clastic strain due to prestress is approximately —0.0001. This value
therefore corresponds to a total long-term strain due to the combined effects of
temperature, shrinkage and prestressing of &, ,, = —0.001, or a shortening of
0.1 m in L00 m., Considerable variation from this result is, however, possible,
depending on material properties, prestressing, and construction sequence.

4. Abutment displacements:
Displacements are practically unavoidable when the abutment is founded on

flexible material. The abutment can incline towards the bridge under the effect
of earth pressure, or away from the bridge due to settlement of the foundation

material.

5. Loads:
Braking and acceleration loads must be considered when the superstructure is

connected to the foundations by means of flexible piers. Because the resulting
displacements depend to a large extent on column stiffness, their calculation is

subject to considerable inaccuracy.

The computed superstructure and substructure displacements should be factored
by roughly 1.4 to obtain the range of movement 1o be used in the design of the
bearings. The resulting conservatively designed bearings will entail only an
insignificant increase in total bridge cost. As stated in Section 6.1.1, a positive
stopping mechanism to limit bearing displacement should always be provided,
since bearing failures can be extremely costly to repair.

k) Influence of Girder Curvature

Changes in temperature and shrinkage produce a change in concrete volume, i.e.
equal strains in the longitudinal, transverse, and vertical directions. Longitudinal
prestressing, however, produces onty & strain in the longitudinal direction. Curved
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Figure 6,6
Curved- girder: a, undeformed geometry; b, deformation due to temperature change and

shrinkage; c, deformation due to longitudinal prestressing

gir@crs thus exhibit qualitatively different displacements due to temperature and
shrinkage on the one hand, and longitudinal prestressing on the other.

The following dis.cussiqn relates to a curved girder fixed at one end. The syinbols
used are shown in f’lgure 6.0a, where the subscript 0 is used to designate the
geometrical quantities before deformation. In the undeformed structure,

5o = {se0 +510)/2,

Sy = Fgty '
and

o0~ 10 = by tp

It therefore follows that

rp = e 510 _ by et 500
2aty 2 S0~ S0

Likewise, after deformation,

ZS,,+51 _ é 5, + 5
e T 255 (.1

5
“=7 (6.2)

For the deformation due to temperature change and shrinkage, shown in
figure 6_.6b, .b =by(1 +8), 5. =50 (1 +¢) and s =5,0(1 +¢). Substituting thess
expressions into equations {6.1) and {6.2), the following equations are obtained:

,,:7'!‘70(1 +8) s.0(1+8) + 5591 +8)

7 salide) —selite ~oU Y

0

‘

R R

G
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and
s sp(i+e) s

T re(ide g =%

For the deformation due to prestressing (fig. 6.6¢), b= by, 5, = 8,0(f + &) and

& =519 (1 4+ £). Thus .

by (L) Fsaltte)
T 2 500 te)—sell+e) 0
and

1
amf=M:%(1+£)
F o )

-Fixed bearings can be used at both ends of sharply curved bridges. Although

temperature change, shrinkage, and prestressing will produce moments about the
vertical axis in this arrangement, the resulting stresses will be low provided the
curvature is high. This arrangement is particularly uited to sharply curved on-
ramps and off-ramps, since complicated expansion joints can be eliminated at
both ends of the bridge.

6.1.4 Bearing Layout

Bearings must be arranged to ensurs a direct and positive transfer of the
horizontal forces due to wind, earthquake, braking, acceleration, and centrifugal
forces to the piers and abutments. Bearings provided primarily to resist vertical
loads are installed level, so that no horizontal dead load forces are transferred
from superstructure to substructure. When longitudinal forces are transferred
directly to one of the abutments, the fixed bearings are best provided at the lower
of the.two ends of the bridge, so that the longitudinal drainage pipes in the
structure can be connected to the abutment drainage system without expansion
joints. Large horizontal forces should not be resisted by the bearings used for
vertical loads, but rather by special bearings designed for this purpose only,

The differerice in strain transverse to the bridge axis between superstructure soffit
and bearing scat is normalty very small. Since some transverse displacement can be
accommodated by all bearings, the transverse strain difference can be neglected
for bearing spacings of up to 10 m.

Bearings must always be arranged to permit easy access for imspection,
maintenance, and replacement. A horizontal bearing seat and, under cerfain
circumstances, projections in the superstructure will greatly simplify the instal-
[ation of jacks.

Figures 6.7 and 6.8 show suggested bearing seat designs for superelevations and

longitudinal grades, respectively, As a rule, projections are preferable to recesses

when a horizontal surface is required.
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Figure 6.7
Bearing seat arrangements for superelevated bridges

Figure 6.8 .
Bearing seat arrangement for bridges on
longitudinal grades. ! .

0.2 Expansion Joints
N t
The design of expansion joints has many special difficulties. Expansien joints in
highway bridges are a relatively hard component relative to the much softer
asphalt wearing surface. As a result, asphalt is often rolled away from either side
of joints by the impact of passing wheels. This produces an uneven surface which
reduces rider comfort and subjects both the connection of waterproofing and the
anchorage of the joint to very high stresses. Large losses of wearing surface near
the joint can be especially dangerous if snow plows operate on the bridge;
extensive damage can result if the plow blade gets caught in the joint. Cracks in the

waterproofing membrane, which expose the joint anchorage to moisture, can -

occur even when the asphalt remains reasonably intact. Whenever possible,
therefore, expansion joints for highway bridges are located only af the abutmehts,
where the deck slab can be easily thickened and reinforced to accommodate a
heavy-duty joint assembly; proper joint drainage can likewise be assured without
major difficulty. Expansion joints should be located away from stress con-
centrations due to reactions or prestressing anchors.
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_ Expansion joints at internal hinges must normally, however, be located in a zone

" of introduction’ of force. The length of the overlapping hinge cantilevers, and .

“hence the allowable joint displacement, are limited by the girder depth. The proper
design and detailing of internal hinges is very difficult; for this reason, internal
hinges should be avoided wherever possible.

Expansion joints are not normally required at abutments with fixed bearings,
where the girder ean be exiended over the abutment back wall and backfilled
directly.

The length of superstructure between expansion joints depends on whether the
bridge carries highway or railway traffic.-In the case of highway bridges, the
proper detailing of expansion joints is difficult. Relatively large joint displace-
ments can, however, be accommodated without undue problems. The opposite is
true for railway bridges, where the proper detailing of a waterproofjoint under the
ballast presents no particular difficuities; large joint displacements, however,
require relatively complicated and maintenance-prong rail expansion joints (figs.
6.9 and 6.10). The length between joints should thercfore be smaller for railway
bridges; the vaiues given in table 6.1 canr be used for preliminary design.

The actual expansion joint hardware is normally fabricated by specialty firms.
Heavy-duty steel joints have performed better than lighter, less expensive joints.
Because of the high dynamic stresses due to wheel impact, care must be taken in
the design of corbels used to support the joint, as well as anchorages and the
connection of the waterproofing membrane.

?Voriab!e

Tigure 6.9
Railway bridge expansion joint: normal
arrangement

‘ Varioble

Figure 6,10
Railway bridge expansion joint:
arrangement for large displacements
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Table 6.1

Recommended Maximum Bridge Length Between Expansion Joints {(m)

Location of Neutral Point Highway Railway
Bridges Bridges
Between abutment hinges

At an Abutment . 600 200

Away from Abutmenis 1000 300

Between internal hinges*
Axway from Abutments 500 200

* These {engths apply only for bridgss with superstructure depth =2.5m.

* Superstructurg Abufment Figure 6.11
1 Rocker plate 3 Slide Rocker-plate joint
2 Run-on plate

(o}

{1 Finger plate 3 Transverse beam 2 Finger plales

2 Support

Figure 6.12
Finger joint: a, section; b, plan

§ Wearing surfuce

Open expansion joints, shown in figures 6.11 and 6.12, must be provided with a
drainage system that is accessible and easy to maintain. The possibility of water
feakage must also be considered in the design of sealed expansion joints, shown in
figure 6.13. A well detailed channel in the bearing seat is usually sufficient for the
drainape of sealed expansion joints.

The direction of movement of the cxpansion joint must be compatible with that of
the bearings. Wherever possible, the displacement of expansion bearings is set
perpendicular to that of the expansion joint, thus facilitating joint design.
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Figure 6.13
Modular sealed expansion joint

6.3 Drainage and Anchorage of Guardrails .

6.3.1 Drainage

The drainage system should carry water off the bridge deck quickly and.

completely. Drainage is necessary not only for the safety of motorists, but also to
atlow the wearing surface to dry out as fast as possible. Water removed from the
bridge deck should normally flow into a storm sewer system, Water that can
discharge freely under the bridge can result not only in damage fo objects
underneath the bridge and to the bridge itself, but also in contamination of
watercourses. Drainage inlets and pipes must be made of materials that resist
abrasion and the effects of chlorides. Cast iren is normally chosen for drainage
inlets, while 2 tough plastic, for instance high-density polyethylene (HDPE), is
used for the pipes.

Regardless of the intensity of rainfall, drainage inlets should be located on both
edges of the deck slab and spaced about 15 m apart along the length of the bridge,
so that water can be carried away as quickly as possible, Providing inlets at the
upper edge of a superelevated deck prevents the flow across the bridge deck of
water from melting snow. Drainage inlets normally consist of three components: a
basin, a frame, and a grate, The basin is provided with a flangs which supports the

frame and to which the waterproofing membrane can be attached. The height of

the frame is detailed to maich the depth of the wearing surface.

The drainage pipes should be inclined at at least a 2 percent slope. The calculation
of the required pipe diameter is based on the intensity of precipitation. Transverse
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pipes normally require a thickening of the deck slab cantilevers. It is recommended
that these pipes be placed inside ducts cast into the concrete to enable their
replacement. The transverse pipes can, alternatively, be located in the open under
the deck slab cantileversif the visual appearance of the underside of the bridgeis of
secondary importance. For ease of maintenance and aesthetic reasons, longi-
tudinal pipes should atways be located inside box girders or between the webs of T-
girders. Stronger pipes should be used for slab bridges, since the entire drainage
system must be cast into conerete and thus cannot be replaced. Drainage pipes
should be regularly maintained. For this purpose, clean-out vents should be
provided at the edge of the deck at 50 to 70 m spacing, as well as at all intersections
of transverse and longitudinal pipes.

6.3.2 Anchorage of Guardrails

Guardrail posts are usually attached to bridges using prefabricated, corrosion-
resistant anchor bolis cast into the edge of the deck slab cantilevers using a
template which matches the bolt holes in the base plate of the post. The diameter
of the anchor bolts should be at least 16 mm; they should be capable of developing
the ultimate resistance of the posts so that only the posts nced be replaced after an
accident. Guardrail posts that are grouted into holes in the deck slab have, in
general, not performed well and are not recommended.

6.4 Waterproofing and Wearing Surfaces

The design of the covering layer of the deck slab, which normally consists of a
waterproofing membrane and an asphalt concrete wearing surface, is of
fundamental importance te the durability of bridges. The waterproofing memn-
brane protects the surface of the deck slab concrete against freeze-thaw action and
deicing chemicals, Deck waterproofing is almost always indispensible, since the
deck slab concrete, worked by hand, rarely has the mintmum surface impermea-
bility necessary to guarantee resistance to.freeze-thaw action in the presence of
deicing chemicals and to limit the penetration of critical chloride concentrations
(0.4 percent of cement by weight) to a depth of 20 mn.

" The wearing suiface is the outer protection layer of the deck slab; its role is to

protect the relatively fragile waterproofing layer and reduce temperature vari-
ations in the concrete surface.

An effective waterproofing-wearing surface system for highway bridges can be
detailed in one of the three following ways:

1. Partially Bonded System (fig. 6.14a). The actual waterproofing membrane
consists of a bituminous layer, approximately 25 mm thick, which is applied in
liquid form over a layer of asphalt-impregnated felt or glass fibres which separates
the membrane from the deck slab. The separation layer must be vented at regular
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Figure 6.14 ] .
Arrangement of waterproofing and wearing surface at deck slab edge: a, partially bonded

waitcrproofing; b, fully bonded waterproofing
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intervals through the deck concrete to prevent the buildup of vapour pressure
underneath the membrane. The membrane is bonded to the deck slab only at the
edges of the deck and at connections to expansion joints and drainage inlets. This
is accomplished by reinforced bituminous material or elastomeric sheets, 0.5 to
1 m wide, applied with a hot adhesive. The concrete at these locations must be
thoroughly cleaned by water blasting and allowed to dry befors the edge

waterproofing is applied. The bituminous membrane is extended over the bonded -

edge waterproofing to the edges of the deck slab. Bonded waterproefing should
also be placed across the deck near the grout vents of presiressing tendons. The
asphaltic concrete wearing surface should consist of a both a leveling course and a
surface course, with a total thickness of at least 60 mm.

This system is relatively simple and economical. Salt water which penetrales
through a leak in the unbonded bituminous membrane can, however, reach far
beyond the location of initial penetration. The extent of the damage can be [imited
by parfitioning the deck slab into several sections using transverse strips of bonded
waterproofing. Any damage to the bituminous membrane can nomally be
detected by the presence of water at the vapour vents,

2. Fully Bonded Waterproofing (fig. 6.14b). This system consists either of a
bonded membrane, 1 to 3 mm thick, which is applied in liquid form to the deck
concrete by spraying or screeding, or of a hot-glued elastomeric sheet. The
concrete surface must first be prepared by waterblasting and allowed fo dry out.
Any blisters which may occur as the membrane is applied should be pierced and
repaired. A few such small defects are not serious in this system, since water which
‘penetrates the membrane is prevented from spreading to large areas of the deck.
The wearing surface consists of a leveling course, preferably liquid-applied
bitumin, and an asphaltic-concrete surface course, for a total thickness of about
80 mm. A fully-bonded system is relatively expensive and difficult to apply. When
properly built, however, it is the most effective and practical waterproofing
available.

3. Conerete Wearing Surface. A properly desipned and censtructed concrete
wearing surface is extremely durable and provides reliable protection to the
structural concrete underneath, An additional thickness of 80 to 100mm is
normaity used. Since the spacing of cracks in the wearing surface will be
approximately equal to its thickness, shrinkage will produce only microcracks of
width less than 0.05 mm. Proper bond between the wearing surface and the
structural stab is necessary to prevent the penetration of water to the structural
concrete, For this reason, the deck slab must be waterblasted, maintained in a
moist condition and coated with a thin [ayer of epoxy mortar before the wearing
surface is cast using special machines. The benrd between the structural concrete
and the wearing surface is further enhanced through the use of dowels, which can
be anchored into the hardened structural slab.

Concrete wearing surfaces must be sufficiently impermeable to resist freeze-thaw
action in the presence of deicing chemicals and to restrict the penetration of critical
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chloride concentrations 1o no more than 50 mm below the surface. Impermea-
bility results from the choice of aggregates, low water-cement ratio, air entrain-
ment, proper placement, and protonged curing. The edges of the wearing course
must be ireated with special care. Joints, which are sprayed with a waterproofing

chemical and filled with epoxy, are normally provided between the wearing .

surface and curbs, expansion joint hardware and drainage infets.

Reference

Leonhardt, F., and . Reimann. 1965, Betongelenke (Concrete hinges). Deutscher Ausschull fir
Stahlbeton, vol. 175. Bexlin: Wilhelm Ernst & Sohn.

7 Design and Construction
of Special Bridge Types

7.1 Overview
The most common types of prestressed concrete bridges are;

1. Girder bridges

2. Arch bridges

3. Frame bridges

4, Siab bridges

5. Cable-stayed bridges

The suitability of a particular type of bridge depends on many different factors,
including topography, geotechnical conditions, height, clearance, and method of
construction. '

The most commen type of concrete girder bridge has a prismatic, cast-in-place
superstructure and is built on a straight alignment with no skew supports. This
type of bridge will be referred (o as conventional, even though it may be built using
unconventional, mechanized construction procedures. ‘

Conventional cast-in-place girder bridges are best suited for short and medium
spans. Falsework accounts for a substantial portion of their total construction
cost. The cost of conventional scaffolding supported directly from the ground is
primarily a function of topography, geotechnical conditions, height, and clgar- -
ance under the bridge, Intermediate supports can be eliminated when mechanized

" falsework is used; falsework costs are then independent of conditions below the

bridge. Although mechanized systems are expensive, they can lead to lower
construction costs for Iong bridges built in difficult terrain. When the alignment is
straight or has constant curvature, the incremental launching method can be used.

Other types of girder bridges can be distinguished according to peculiarities of
design and construction. The categories, which are not mutually exclusive,
include:

1, Girder bridges with precast elements
2. Cantilever-constructed girder bridges
3. Skew girder bridges

4. Curved girder bridges
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Precast beams are especially economical for long bridges with many short spans.
Girders ranging from 25m to 35m in length can be easily erected by a self-
propelled crane, provided they can be trucked direetly to their proper location.

- Erection of girders in the 40 m to 50 1 span range normally requires a launching

girder, the high cost of which can be justified only for bridges of great length, The
deck slab is at least partially constructed of cast-in-place concrete, The durability
and ride quality of this type of bridge is substantially improved by making the
individual spans continuous over the piers.

" Precast segmental girder bridges are normally prestressed with external, un-
. bonded tendons. One of the principal advantages of this type of bridge is speed of

constraction,

- Cast-in-place girders built using the balanced cantilever method are appropriate
. forlong, high spans and difficult terrain. Falsework costs are independent of span

length and bridge length. Construction time can be shortened relative to
conventionally constructed bridges, since the girder can be built cut from several
piers simultaneously. The cantilever method can also be used for precast
segmental spans up to 100m in length. Because it requires expensive erection

~ equipment, precast segmental cantilever construction is only economical for long

bridges.

Skew bridges are used to achieve the shortest spans for crossings at angles of other
than 90 degrees. They can be properly arranged into existing topography and
result in the best clearance. Their construction, however, is always more difficulf.
In addition, the long, complicated abutments of short skew bridges can be
expensive.

Arch bridges are economical only under special topographic and geotechnical
conditions. In V-shaped valleys, for example, they may be preferable to girder
bridges, which require costly tall piers of dubious aesthetic value. Arches can be
built on conventional falsework or using cantilever construction; both methods
areexpensive. Thehigh cost of the arch can be partially offset, however, by savings
achieved in the approaches. Short spans and the use of mechanized falsework ars
recommended in this regard,

Frame bridges are normally built only for small spans and are particularly suitable
for grade separdtions. Economy is difficult to achieve with long-span inclined-leg
frames, which require expensive falsework; conventional girder bridges are
usually preferable in spite of additional column height. In special situations, such
as Jow-level river crossings, two-hinged frames may be feasible for spans up to
60 m.

Slab bridges can be constructed very simply and are economical for spans of up to
roughly 30 n1. This type of bridge is appropriate for grade separations where the
available superstructure depth is limited. Solid slabs are particularly suitable for
skew crossings, since reinforcement can be be arranged without difficulty in the
directions of principal stress.
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The feasible span range of concrete cable-stayed bridges extends beyord the
current record of 440 m (see Chapter 1), The most economical arrangement has
proven to consist of a slender girder suspended by two planes of closely spaced
cables, which results in smalf bending moments in the girder. The ratio of span
length (o bridge width should be as large as possible, and should 1ot be less than
12:1. The overalt stability of the system and the resistance of the cables ta fatigue
and corrosion must be carefully investigated in the design. Cable-stayed bridges
can be simply built using cantilever construction. The construction costs of cable-
stayed bridges are primarily a function of span arrangement, tower height, and
cable arrangement.

1.2 Conventional Cast-in-Place Girder Bridges
7.21 Conceptual Désign

Girder bridges that are built non-ssgmentally should have constant depth over
their entire length to reduce falsework and formwork costs, This type of bridge is
ecoromical for spans of up to roughly 80 m in length. An efficient use of materials
and a simple layout of prestressing steel result from choosing span lengths to
minimize the difference between the moment diagrams of any two adjacent spans.

Girder depth is determined by economic and aesthetic considerations and may -

also be influenced by clearance requirements. The ratio of span length to girder
depth, /{h, should be chosen between 12 and 35.

The most economical girder depth corresponds to a ratio of span to depth of

roughly £5. Greater depths often appear heavy, particularly when the bridge is .

low. Values of I/k ranging from 13 to 15 have nevertheless been successfull v used
for incrementally launched bridges, which require a greater internal lever arm to
resist large stress reversals during launching. The deeper girder does not normally
detract from the visual slenderness since most bridges of this type are high. The
savings in falsework and formwork obtained by increasing {/h are normally
outweighed by increases in the consumption of prestressing steel. The net increase
in cost, however, is small in comparison with the improved appearance resulting
from a more slender bridge profile. Raising ifir from 15 to 20, for example,
increases total construction cost by roughly 5 percent, For this reason, the ratio of
span to depth Is often chosen between 17 and 22, which is slightly higher than the
most economical value,

The increase in cost associated with values of i{h between 25 and 30 is, however,
substantiat and ean only be justified when required for clearance under the bridge.
Haunching one span is preferable to reducing the depth of the entire bridge when
only one span is affected by the clearance requirement, Slender bridges, which are
susceptible te large deformations and dynamic effects, should only be considered
when spans are short.

§
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Additional discussion of the effect of girder depth on visual appearance can be
found in Section 2.3,

For bridges of up to 300 mintength, horizontal forces in the longitudinal direction
originating from the superstructure (due to braking, acceleration, wind, and
earthquake) should be transferred directly to a rigid foundation. This is best
accomplished by providing fixed bearings at one of the abutments. Durability is
enhanced by this arrangement, which requires only one expansion jeint.
Superstructure displacements due to creep, shrinkage, and temperature become
too large to accommodate at one end of the bridge when total length exceeds
300 m. It is thus necessary to provide expansion bearings at both abutments and to
transfer the longitudinal horizontal force from girder to foundation through
flexible piers, Where there is no risk of foundation settlement, it is practical to
connect several piers monolithically to the superstructure. Special care must be
taken in detailing the reinforcement connecting the girder to stiff columns, where
large moments are transferred. When foundation settlement is likely, the
superstructure can be completely detached from the substructure using bearings at
every pier. This arrangement enables the subsequent correction of unacceptably
large settlements by jacking the superstructure.

7.2.2 Design of the Cross-Section

The form of the cross-section is primarily a function of the following factors:

1. Deck width and girder depth

2. Construction sequence

3. Arrangement of longitudinal prestressing
4. Use of space between the webs

5. Aesthetic considerations

Figures 7.1 through 7.9 show examples of typical cross-sections from bridges
constructed in Europe since 1958. (Dimensions are given in m and cm.)

Sectien ot = Section at
migspan " supports
253 | 1170 2.55
g 1 1 F
Figure 7.1 -

‘Weinland Bridge, Switzerland (built 1958): main span 88 m, span to depth ratio 22.6, span by
span construction on conventional falsework
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Figure 7.2
Quadinei Bridge, Switzerland (built 1267): main span 40 m, span to dcpth ratio 20.0, span By span
construction on conventional falsework

45
Section of Section at -
midspan Supports
] 3 : :
Figure 7.3 Lﬁh" ’

Pregorda Bridge, Switzerland (built 1973); main span 36 m, span to depth ratio 20.0, span by span’
construction on conventional falsework

200, §He]e] 200

Section at Section ot
rmidspan supports ]
5 2068+
3359 |1 535 125 3565
1 Al _l_ £}
Figure 7.4 T )

- Krebsbachtal Bridge, Germany (built 1975): main span 451, span to dcpth ratio 12.9, .

incrementally launched with segment length 22.5 m
i

The two principal types of cross-section used for cast-in-place girders are hollow
boxes and T-sections. Box girders are stiffer and stronger in flexure and torsion
than T-girders of equal depth. (The strength of T-sections can, hoivevcr, be
improved through the use of a partial bottom slab at the supports, thus increasing
the width of the compression block.) Box girders are also somewhat simpler to

- construct, Tn general, therefore, hollow boxes are more economical than T-

sections. An additional advantage of box girderts is that the danger of water
freczing on the roadway surface is reduced by the heat retained inside the box.




298 7.2 Conventional Cast-in-Place Girder Bridges

Figure 7.5 .
Grade separation, Zizers, Switzerland (built 1958): main span 32.5 m, span to depth ratio 38.2,
built in 3 stages on conventional falsework (two frame systems, one suspended beam)

50| | 1060 50, , 50 1000 - 150

265 |; 49 '”2.65 2.65_” , ass_l
’ 40 L l 40 “a0 l l 40 o
-‘ 1580 Constant section
Figure 7.6

Grenzbriicke (Boundary Bridge), Basel, Switzerland (bvift 1980): main span 35.4 m, span o
depih ratic 17.7, span by span construction on conventional falsework
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Figure 7.7 Constant section

Vorland Bridge, Germany (Built 1968): main span 39 m, span to depth ratio 13.0, span by span
construction on launching girder
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Figure 7.8 : :
Felsenau Bridge approach spans, Berne, Switzerland (built 1975); mati span 48 m, span to depth
ratio 13.7, span by span construction on conventional falsework

63| | .90 &0 .90 , [65
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: i -
i
Figure 7.9

Lake Gruyére Viaduct, Switzerland (built 1978): main spar: 60.48 m, span to depth ratio 15.1,
span by span construction on launching girder

Access to and use of the area between the webs of T-girders requires scaffolding
suspended from the fop slab. The cost of such a system is usually no less than the
cost of a bottom slab. Box sections are therefore preferable, for example, when &
large number of pipes must be installed between the webs.

.In general, the number of webs should be as small as possible. Flexural strength

and stiffness in the longitudinal direction increase with increasing radius of
gyration (J/(Z/4}), which can be maximized for a given depth by minimizing the
total width of the webs. It is not possible, however, to design arbitrarily thin webs.
As discussed in Section 5.3.2, the minimum width of an individual web is
determined by the diameter of reinforcing bars dnd longitudinal prestressing
tendons, specified clear cover, and the required spacing between tendons, Total
web width must therefore be minimized by reducing the number of webs.
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l ]

Cross-sections with 2webs 4%

10 Girder depth [m]

20
10 4
Cross-sections with morehan 2webs
] l Figure 7.10
G0 120 140 160 180 Estimation of number of webs according
Bridge width [m] to girder depth and bridge width

The minimum number of webs is normalfy governed not by longitudinal shear,
but by transverse bending in the top slab. Webs that are too widely spaced result in
transverse reinforcement costs that outweigh the associated savings in concrete,
longitudinal reinforcement, and formwork. The feasibility of cross-sections with
two webs can be assessed for particular combinations of bridge width and girder
depth using figure 7.10.

The greatest ease of construction is achieved through the use of cross-sections with
two webs, The entire reinforcement for both webs and, where applicable, the
bottom slab can be placed without difficulty after the construction of the exterior
forms, Two webs may nevertheless be insufficient in certain cases, for exampie

when girder depth is limited and all tendons must be anchored at one section ]

without thickening the webs.

Medium and long-span multiple-lane highway bridges can have either one wide
cross-sectiont with two webs or two narrower cross-sections. The ease of
construction of a single wide section results in savings that far outweigh the
increased transverse reinforcement required. Falsework costs can be reduced by
casting the deck slab cantilevers after completion of the box using a form traveller.
The use of single piers, which are more effective than twin piers in resisting lateral
loads, is also made possible. A single wide cross-section appears narrower than
twin sections of equivalent total width when viewed from below, resulting in 4
betler appearance, particulatly for high bridges, Wide sections appear slender
even for relatively low ratios of span length to girder depth, due to the shadows
cast by the wide cantilevers onto the webs. Furthérmore, transparency is improved
through the vse of single piers,

The main disadvantage of single wide cross-sections is that the entire bridge must
be closed during major repairs or demolition, Furthermore, single cross-sections
are not recommended for low-level multiple-lane highway bridges, since the
savings in falsework and pier costs are considerably smaller and an acceptable
dsgree of visual slenderness cannot be achieved with economical values of ih.
Twin parallel box girders with continuous deck slab or double-T girders should be
used instead.
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7.2.3 Prestressing Concepts
a) Full Prestressing for Permanent Load

Prestressing designed according to this concept must be capable of preventing
tensile stresses due to service dead load plus prestressing -at all points along the
girder after deduction of all losses. The prestressing force obtained in this way
should be increased if deformations in the siructure due to permanent load exceed
allowable limits. Mild reinforcing steel is designed to ensure that the combined
resistance of reinforcing and prestressing steel is adequate at ultimate limjt state.
The reinforcing steel provided must be greater than the minimum reinforcement
required to control cracking due to restrained deformations and self-equilibrating
stresses. .

Moments in excess of the cracking moment will still be possible under the
combined effects of permanent load and restrained deformations. The cracking
moment will only be exceeded, however, by a small amount. The resulting cracks
will be narrow and well distributed, provided the structure has been adequately
reinforced for crack control.

b) Full Prestressing for Permanent Load only in the Support Region

Prestressing designed according to this concept need only prevent tensile stresses
in the support regions of the girder due fo dead load and prestressing, after
deduction of all losses. This concept achieves greater cconomy by éliminating the
resfriction on permanent load stresses in the bottom slab, which is often better
protected from exposure to deicing chemicals. Mild reinforcing steel is designed as
outlined for Concept (a). A stabilized crack pattern can be produced when the .
cracking moment is exceeded by a significant amount under permanent load.

This concept normally leads to an economical use of prestressing steel and can
casily be implemented by using tendons that overlap at the supports. As a result of
the relatively weak prestressing in the midspan region, large deformations are
possible for long, stender spans. This concept is therefore best suited to spans less
of than 40m.

7.2.4 Preliminary Design

An initial estimate of the reinforcing and prestressing steel in a continuous girder
can be obtained from the behaviour of the system at ultimate limif state. Flexural
resistance is computed using the equafion

MR = (As ﬁy + AP .f.l"}') z

assuming the ratio of mild reinforcing steel in the top and bottom slabs is 0.6..
percent and zisequal to s —0.75(1% + 1*). (The parameter & denotes total depth of

Bt = €7
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AP,1= Kt Apm Ap Ap,fxr-f-\;.'m
]

1
T~ [ I N
L ) = i T Figure 7.11

Notation for initial estintate of reinforce-
m Ma,r ment in a contituous girder

the section, ¢** denotes thickness of the top slab, and #*° denotes th‘i‘ckness of the
bottom slzb.) The area of prestressing steel at midspan, 4 .15 Obtained from the
inequality

el (MR ot Mt s, Mf‘")
r ! 2

where M is the design moment due to dead load plus Jive load at midspan of a_.

correspotiding simply supported beamt and My, ., 3 ;, and My, are the flexural

resistances at midspan, 1eft support, and right support, respectively (fig. 7.11). The
areas of prestressing steel at the left and right supports, Ap, and 4p ., are
expressed as multiples of Ay .

AP.! = Ky AP,NU AP,r == Ky AP,m
- !
The coefficients x correspond to the proposed tendon arrangement.

The initial estimate of web width and any other cross-section dimensions that are a
function of longitudinal prestressing should be corrected, if necessary, using ?he
value of A, thus computed. The final design of the reinforcing and prestressing
steel can then be carried out according to the chosen prestressing concept.

7.2,5 Tendon Layouis
a) Simply Supported Girders

Whenever possible, tendons in simply supported girders should extex}d fr_om f)n;e
end of the girder to the other, Provided both ends are accessible for Jackmgz it is
preferable to alternate stressing and dead-end anchors (fig. 7.12). If the girder

extends only a short distarice past the supports, the tendons should be anchored in

‘the lower portion of the séction. This results in a direct flow of forces and good

Fignre 7.12 :
Recommended tendon layout for simply
supported pgirders
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{a}
I
|
P 1
* —]
A
Figure 7.13 '

Flow of forces at girder ends (service conditions}: a, tendons anchared in lower portion of section;
b, tendons anchored at centroid of seciion :

protection against diagonal cracking immediately above the support (fig, 7.13a).
Since the tendens are horizontal at the critical section for shear, increased shear
reinforcement will often be required. When the girder extends a sufficient distance

beyond the supports, the tendons can be anchored at Lhe centroid of the section
(fig. 7.13b). The inclined tendons. then ntribute to the shear resistance at the

crifical section,

Varying the arca of prestressing steel with bending moment does not reduce
construction cost, since any savings in prestressing steel are outweighed by
complications in detailing and construction, Tendons should therefore be
anchored away from the supports only if the girder.ends are not accessible for

_stressing. In such cases, stressing anchors can be located at the intersection of web

and top slab (fig. 7.14). The reinforcement of the deck slab cantilevers must be
interrupted at the anchorage block-outs and then spliced after the tendons have
been stressed. Alternatively, the stressing anchors can be located at the infersec-

]

(b

Figure 7.14
Tendons anchored at intersection of top slab
and webs: a, longitudinal section; b, cross-section
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{o}
b -
- 4
(k)
Figure 7.i5
Tendons anchored at intersection of bottom slab
and webs: a, longitudinal section; b, cross-section
e ”(T“V?—M{;‘;
s .
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. | L zendon tap) -
- - Shear reinforcement

—*
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[l
Additional web relnforcement
Agrfyy = 02 Aoy

Fipure 7.16
Additional web reinforcement near ends of tendons anchored at intersection of bottom slab and

webs

tion of web and bottom slab (fig. 7.15). It is recommended that, additign__al_,web“..
reinforcement, equal to roughly 20 percent of the jacking force in the tendon, be
ﬁ}ovidgd in front of the anchor {fig. 7.16).

k) Contintous Girders
The profile of the centroid of prestressing steel should be as close as possible fo

parabolicin each span of a continuous girder. The deviation forces induced by the
curved tendons will then directly counteract the uniformly distributed dedd load.

The percentage of dead load.halanced by prestressing should be approximately.

e - . +
constant for all spans. In all practical cases, however, tendons are given a reverse
curvatureat the supports. To balance dead load as closely as possible, theradivs of
curvature of the tendons at the supports, 7, should be minimized. Typical values of
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= Af L*' _____________
Af, N ;
i ; Centreid of presfressing steel I’f
H ! .

|
T ! Figure 7,17

tlu J Tendon profile near intermediate supporis
7 of continuous girders

rrange frorp 3.to 5 metres, depending on duct materiaf and diameter. Expressions
for the deviation forces were derived in Section 4.6.5:

§/P :
gp = N in the span . (equation 4.7)
_ 24P : '
Jr=——3 at the supports (equation 4.8)

‘Iu both equations, P denotes prestressing force. The other parameters are defined
in figure 7.17. ‘ '

Estimates of a _and Af are obtained by considering the slope of the prestressing
steel, o, at a distance 4 from the support. Assuming ¢ is small and g is small
compared to /; it follows that '

tanfx;ﬂ and  tane = sing =2
I ) . r '
Therefore,
_4r - ’ '
a= W | (=)
Moreover,
tang = 247 = Y
a !
and so
- 2(1 _ 8r
Vo wy ®

The va}ue of f should be maximized by providing the largest possible tendon
ecpentncity at midspan and at the supports. The number and size of tendons at
mlfispan and at the supports are required to calculate [ exactly. As an initial
estimate, /' can be assumed equal to £, the total depth of the section.

The ideal tendon profile for haunched girders is also parabolic. Tendons can be

- Jeid out for an equivalent girder with siraight centroidal axis (fig. 7.18).
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ey Figure 7,18

T_-.r-' Ideaiiz%d siraighl girder axls Tenden profile for haunched girders: a, real
N . l haunched girder; b, idealized straight girder
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o Group 1 (particl lengid @X3 Il
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Schematic fenden layout

Section A-A Section B-B Section C-C

Figure 7.19

Tendon layout for three-span continueus girders: area of presiressing steel varied span by span
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Two-span and three-span continuous girders are usually built on conventional
falsework. Concrete is placed into all spans of the structure simultansousky
without vertical construction joints. The prestressing can easily be varied from

span o span according to the magnitude of the moments. It is therefore preferable,

not to carry all tendons from one end of the bridge to the offer, byt ratherto locate
the stressmg anchors_at the girder ends and the dead-end anchors near the
mfermedlate o_supports (fig 7.19). The webs must be locally thlckened to ac-

the interior supports or at af midspa hc top C y_shoul
ﬁm—_ closc as possible to the webs to simplify the. flow, of forces..

T o

Longer continuous girders are often built following a span-by-span construction

sequence, for which it is common o stress only a portion of the tendons in a given '

span before the removal of falsework and formwork. Tendons are normally
grouted only after falsework has been removed, several spans at a time. Unless a
detailed calenlation of the increase in stress at ultimate limit state is made for these
unbonded tendons, flexural resistance must be calculated using the effective
prestress, ap, and not the full yield stress, fp,. The flexural resistance of sections
built by span-by-span construction can thus be significantly less during construc-
tion than the resistance of the completed structure; a verification of safety at
ultimate [imit state during construction is therefore indispensible. The fulf factor

of safety, y = y57&, need not be developed during construction when prestressing -

forces and loadings are carefully controlled. Provided eracking and deformation
behaviour are adequate, a reduced factor of safety of approximately 80 percent of
y can be used.

Several aliernative tendon profiles and coupler arrangements suitable for span-
by-span construction are illustrated in the following examples:

Example 7.1:
All tendons conpled at the same location

Figure 7.20 shows a possible prestressing layout in which all tendons are
anchored, stressed, and coupled at each construction joint. The main advantage of
this arrangement is that it requires no increasé in web thickness, provided the
anchors can be arranged in one vertical column. The tendons must, however, be
spread wide apart in the vertical plane at the construction joint, which resultsin a
large angular change and hence large friction losses. The introduction of a strong

. concentrated force at the construction joint requires 1oca1 strengthening of the

weh reinforcement.

Example 7.2:
Only a portion of the tendons conpled at the same location

Figure 7.21 shows a tendon layout in which two thirds of the tendons are
anchored, stressed, and coupled at each construction joint. The remaining tendons

i e B i M
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| Grown IDBOD b ' |
o ‘%

Confu;der . Conpler
Schernatic fendon layoui

Section A-A . Section B-B Section C-C

Figure 720 - o .
Tendon layout for continuous girders: all tendons coupled at the same location in each span

_continue uninterrupted over the joint. They are placed into the forms and

conerefed in with segment 7, the excess is kept on spools and placed into segment
i+ 1after it hasbeen formed. Storing tendons on spools in this way is usually more
ecanomical than using movable couplers.

The concentrated anchor force in this arrangement is smaller than in Example 7.1.
it is normally necessary, however, to thicken the wehs near the intermediate
supports. The required web width is nevertheless smaller than if two vertical rows
of anchors were used. Because some of the tendons will be unstressed when
falsework is removed, safety at ultimate limit state, cracking, and deformations
must be verified during construction: :

Example 7.3:
Overlapping tendons at the intermediate supports

Figure 7.22 shows an arrangement in which couplers are replaced by overlapping
tendons at the intermediate supports, Two alternate anchor arrangements are
possible;

Alternate t:
Stressing anchors are located at the face of the construction joint and dead-end
anchors of the spliced tendons for the next span are cast into the webs behind the
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Figure 7,21 B
Tendon layout for continuous girders: combination of coupled and continuous tendons at
construction joints ¢

Seclion B-B : Seciion C-C

joint. Thickening of the webs can often be avoided in this way, All tendons for the
next span must be cast into the support region of the previous span. The excess is
stored on spools until the next span has been formed and reinforced.

Alternate 2;

Build-outs for the anchors are provided in the webs on the opposite side of the
support from the construction jeint, Only the ducts themselves must be cast into
the conerete. The prestressing steel can thus be pushed or pulled into the ducts at
any fime. The stressing anchors remain accessible dfter construction, making
possible a second stressing immediately before grouting.

In both alternate arrangements, all tendons for a given span are stressed before
removal of falsework. Couplers are eliminated and, when the lap length is
sufficient, the prestressing force is doubled in the support region. The stressing
sequence can be freely chosen when Alternate 2 is used, enabling a substantial
reduction of prestressing losses due to creep and shrinkage. The main disadvan-
tage of Alternate 1 {s that the tendons for the span that is not yet formed must be
conereted into the previous span. The lapping of tendons can be complicated by

- the web build-outs required by Alternate 2. .
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Figure 7.22
Tendon layout for continuous girdess: tendons lapped at intermediate supports

Example 7.4:
Combinations

The systems presented in the preceding examples can be freely combined, as shown
in figure 7.23. A simple, well-chosen tendon layout can significantly reduce losses
due to friction and facilitate construction. -

7.2,6 Incrementally Lannched Bridges

The incremental launching method can be economical for the construciion of
long, multiple-span bridges when falsework costs are rendered prohibitive by
bridge height or topographical conditions. The alignment must be straight or of
constant curvature. Allconcreting is done behind one or both of the abutments, in
a relatively small area that can be easily enclosed and protected from extremes of
temperature and humidity. Quality comparabie to factory-produced precast
concrete can thus be achieved. Segments are cast against the previousty
constructed portion of the bridge. After hardening, they are prestressed for
contimuity with the existing portion and displaced away-from the abutment,
pushing the bridge along with them. The casting area is then prepared for the
production of the next segment.
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Figure 7.23
Tendon layout for the approach spans of the Felsenau Bridge, Berne, Switzerland

The casting area consists of steel beams to support the webs of the superstructure
and mechanical formwork for the bottom slab and the deck slab cantilevers that
can be rapidly swung into place. Steel plates are used to form the portion of the
bottom slab that is in contact with the steel support beams; the contact surface
between the beams and the plates is normally lubricated (fig. 7.24).

The launching apparatus consisis of a horizontal jack, rigidly attached to the
abutment, and a vertical jack which is pushed along a stainless steel surface by the
horizontal jack (detail A of figure 7.24). The bottom of the vertical jack is coated
with tefion to reduce friction against the stainless steel; its top surface is shaped to
maximize friction between the jack and the underside of the bridge. A typical
launching operation begins by lifting the bridge by several millimetres using the
yertical jacks. It is then pushed forward by the horizontal jack to the full extent of
its stroke. The vertical jacks are then unleaded and returned to their original
position.

The prestressing of incrementally launched bridges normally consists of straight
tendons in the top and bottom slabs and parabolically draped tendons in the webs.
.The former tendons are denoted A% and A%. They are used to cover the positive
and negative moment peaks occurring at all points along the girder during
construction (fig. 7.25). The parabolic tendons, located in the webs, are provided
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for additional live load resistance. Their area, A}, is normally chosen between 1.0
and 1.2 times the total area of slab prestressing, 4% + 425,

The slab tendons are coupled at the construction joints between segments. They
can extend over two or three segments, depending on the arrangement of the
abutment and the casting area. The web tendons are instailed after completion of
the girder and are normally lapped at the intermediate supports.

The construction sequence results in the characteristic moment history shown in
figure 7.25a, which yields the dead-load moment envelope of figure 7.25b. Since
the highest moments occur at the forward end of the girder, the slab prestressing
must be ircreased in this area. A launching nose is normally used to reduce
negative moments at the forward end of the girdar,

7.3 Girder Bridges with Precast Elements
7.3.1 Conceptual Design

The principal advantage of precast components is ease of erection. Their use can
substantially reduce construction time, enabling superstructures to be built at
rates of up to 3000.m* per month. Shortened construction and elimination of
falsework often result in low construction cost. Superstructures that use precast
elements are often characterized, howsver, by thin cross-section components,
large exposed surface of concrete, and many construction joints, alt of which are
disadvantages with regard to durability, The thin, finely reinforced precast
elements must be therefore be manufactured and handled with care. Careful
inspection is particularly important when precasting is done on the construction i
site, where well-trained and sxperienced staff are not always available. . :

The two most common types of precast components used in bridge superstruc-
tures are girders and cross-section segments.

1. Precast Cross-Section Segments, Bridge spans constructed by the precast 4
segmental method are composed of many short precast segments which are ¥
prestressed together longitudinally after erection. Due to the high cost of casting '
and erection equipment, this type of construction is normally economical only for -

long bridges. The joints between segments are not normally crossed by niild
reinforcing steel, They must therefore be prevented from opening by a residual
compressive stress of 0.5 to 1.5 N/mm? under long-term dead load, long-term
prestressing, live load, and temperature gradiént. Economy and quality are
enhanced by the use of external, unbonded tendons.

The shapes of precast segmental cross-sections are similar to the shapes used for
cast-in-place girders (fig. 7.26). The webs of externally prestressed sections can be
reduced to the minimum required for shear resistance or can be designed as

COLEGID 1

m.u L)t L'ili‘t'ih i S




R LR

© cross-section.

314 : 7.3 Girder Bridges with Precast Elements

-
S
(=3

ta} i

2130

Al supparts 3580

SR £ L 40

Figure 7.26

Cross-sections of precast segmental bridges {dimensions in mm): a, Long Key Bridge, U.S.A.
(external, unbonded tendens); b, Kishwaukee River Bridge, 1.S.A. (balanced cantilever
construction) . .

concrefe trusses, resulting in a significant reduction in dead load. When external
prestressing is used, the vertical component of the tendon fores at the deviation
points does not act in the same plane as the opposing shear force in the web. This
eccentricity must be taken into account in the design and reinforcement of the

2. Precast Girder Elements. Precast girder elements can be used economically for
spans of up to 30 m provided a minimum number of elements, typically 40, can be
cast. Longer girders require more expensive casting and erestion equipment and
are therefore normally used only for long bridges.

Girder depth is determined using the same criteria as for cast-in-place bridges. The
narrow deck slab cantilevers of precast girder bridges often have a negative impact
on visual slenderness. . -

Simply supported systems have not provided adequate durability, appearance, or
ride comfort. The neoprene seal in the expansion joint and the connection of the
waterproofing membrane to the expansion joint hardware cannot be maintained
watertight in service (fig. 7.27a). Water thal penetrates at these locations
endangers the ends of the girders, bearings, and tops of piers. Girder ends are often
inaccessible for inspection and maintenance. The light expansion joint hardware

o)
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Dretails at supporis of bridges with precast girder elements: a, simply supported spans with
expansion joint; b, simply supporited spans with linking slab

can rarely be anchored properly, resulting in damage to the surrounding conerete.
Bearings must normatly be located at girder ends and at the edge of columns,
which results in a complicated flow of forces and the need for additional
reinforcement.

The use of a continuous deck slab 1o link the girders over the supporls is, at best,
only a partial solution to the problem (fig. 7.27b). Although ride comfort is
considerably improved, the waterproofing membrane over the relatively flexible
linking slab is easily damaged and cannot be relied on to protect the slab, girder
ends, bearings, and tops of piers from defcing salts. Linking the girders in this way
resulls in no improvement in the bearing layout and complicates the jacking of the
superstructure.

The best solution with regard to durability, appearance, and ridé comfort is to
transform the individual spans into a fully continuous system by using thick
diaphragms and a continuous deck slab at the supports (fig. 7.28). The bridge can
thus be supported on a small number of high-quality bearings. By climinating
bearings under each individual girder, the width and thickniess of the piers can be
substantially reduced. (Thickened or twin piers are nevertheless required at the
intermediate expansion joints of long bridges.) Although temporary supports at
the piezs are needed for erection, their added cost can always be justified by the
superior aesthetic qualitics of the slender piers they make possible. Cracks in the
deck slab over the supports can be prevented with a properly chosen prestressing
concept. Tendons that are continuous over several spans should be coupled well

below the deck siab surface to reduce the stress range in ‘the couplers and to
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Figure 7.28
Details at supports of continuous bridges with precast girder elements

prevent tensile stresses in the lower fibres of the girder. The girder ends shoutd be
built out as shown in figure 7.28 to improve the transfer of shear from girders fo
diaphragm.

On curved alignmients, precast girders are arranged along the chords of an are,
resulting in deck slab cantilevers of variable width. The axes of the piers can be set
parailel to each other or radial to the roadway alignment (fig. 7.29). The former
arrangement enables all girders of a given span to be of equat length. It is preferred
for viaducts along mountain slopes, where the foundations must normally be
aligned parallel to the gradient vector of the slope. Casting many girders of
unequal lengths can usually be done without undue difficulty and cost. There is
thus no penalty for aligning the piers radially. Tapered diaphragms must be used
with this arrangement.

Sections 7.3.2 through 7.3.4 wilt be devoted to the use of precast girder elements,

Figure 7.29
Arrangements of precast girders for bridges on curved alignments: a, axes of supports paraliel; b,
axes of supports radial
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7.3.2 Design of the Cross-Sectien

The cross-sections of precast girders are determined by fabrication procedure,
prastressing system, erection procedure, and construction of the deck slab.
Girders are normally cast in steel forms that can be vibrated to consclidate the
concrete. Pre-lensioning can be feasible, even for on-site precasting, provided a
sufficiently large number of girders is cast. Pre-tensioning and post-tensioning can
be combined. It is most common to stress the post-tensioning steel after erection of
the girder or after the deck slab has been cast. The post-tensioning can be coupled
at the intermediate supports to resist negative moments.

Although it would be theoretically possible to design a superstructure consisting
entirely of precast girders, the heavy girders required would be expensive to
transport and erect. Erection would be complicated by unequal girder deform-
ations, which would have to be equalized somehow before the girders could.be
connected together transversely, Casting the deck slab in place after the girders are
erected results in much lighter girders that are easier and mors economical to
transport and erect, and a system that is much less sensitive to unequal
deformations in the girders. !

Based on these considerations, the girder cross-section should have the following -

characteristics:

1. A compact bottom flange to facilitate consolidation of the concrete in the
closed forms. It should be designed to limit compressive stressds during
construction and detailed allow the proper distribution of pre-tensioning steel.

2. Webs varying in thickness between 180 mm and 220 imm for beams without
post-tensioning and between 220 mm and 250 mm for beams with post-
tensioning in the webs. S

3. A wide, thin top flange to improve stability against overturping during erection

and provide good bond with the cast-in-place deck slab, The top flange can be -

made wide without significant increase in formwork costs.

The web thickness at the girder ends is increased to roughly the width of the
bottom flange to improve the transfer of force from precast girder to diaphragm
and to increase the shear resistance of the girder near:the supports (fig. 7.30).

The formwork for the deck slab can be supported from the bottom flange or
suspended from the top flange of the girder(figs. 7.31 a and 7.31b). Alternatively,
precast concrete planks can be used (fig. 7.31¢). Pre-tensioning the planks
substantially improves their strength and stiffness as formwork; the prestressing
steet is fully effective as transverse deck slab reinforcement in the completed
structure.

7.3.3 Prestressing Concepts
The presiressing concept should ensure adequate cracking behaviour under

service condifions. This can normally be accomplished by eliminating tensile
i
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Main lengitudinal reinforcement for bridges with precast girders

' stressesdue to dead load in the deck slab only, without restricting tensile stresses in

the bottom {ibres of the girder. Since the bottom flange of the girder must always
be reinforced with well distributed prestressing and mild steel, cracks in the
bottom {ibres will be small and eventy spaced. This prestressing concept is usualiy
implemented using continuity tendons, coupled at the supports, and additional
tendons in the deck slab over the supports (fig. 7.32).

The first stage prestressing in the precast girders, i.e., the tendons that are stressed
before the deck slab is cast, should be designed to minimize the redistribution of
dead load moments. The procedure proposed in Section 7.3.4 can be used for this
purpose. The simple beam moments due to the self-weight of the girders and the
deck slab, effective during construction, will remain unchanged for the life of the
bridge. The continuity tendons and the additional deck siab tendons need
therefore only be designed to eliminate tensile stresses due to superimposed dead
load. Since the positive moment at the supports due to prestressing will not be
balanced by a negative moment due to dead load, reinforcement will be required to
resist the tensile force at the bottom of the girders. These bars should be carefully
spliced as shown in figure 7.28.

The calculation of stresses necessary for the design of presiressing is complicated
by the effects of creep and shrinkage. A simplified calculation procedure is
presented in Section 7.3.4. .

7.3.4-Preliminary Design
a) Ultimate Limit State

It is assumed that the superstructure is constructed according to the following
seguence:

1. Erect precast girders

2. Install continuity prestressing and reinforcing steel
3. Cast diaphragms at the supports and deck slab

4. Stress continuity prestressing

A L IR
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The precast girder cross-section is assumed fo have a pronounced bottom flange,
similar to the section shown in figure 7.30.

The self-weight of the precast girders and cast-in-place deck slab, gq, is thus
resisted by the simply supported girders and produces only positive moments. The
moment at midspan is denoted M™{g,); the corresponding design moment,
denoted M (g,), is equal to the load factor yg times M™ (g,). Superimposed dead
load, Ag, and live load, ¢, are resisted by the continuous system resulting from the
addition of deck slab, diaphragms at the supports, and reinforcement for negative
monment. The corresponding design moments at midspan and at the support are
denoted MY (Ag, q) and M (Ag, q), respectively.

The main reinforcentent is shown schematically in figure 7.32. At midspan, it
consists oft
1. First stage prestressing, installed and stressed before erection, A7 o

2. Mild reinforcing steel in the bottoni flange of the girder, A7
3. Contimuity prestressing stressed affer the deck slab has been cast, 45

(The total area of presiressing steel at midspan, AT o + AT ... is denoted AF.) The
reinforcement at the supports consists oft

1. Continuity prestressing in the girder and additional prestressing in the deck

slab, A7
2. Mild reinforcing steel in the deck slab, 43

Behaviour at ultimate limit state must be investigated for two separate cases: the

precast girders in the simply supported system during construction and the
composite cross-section in the continuous system after completion of the bridge.

During construction, the following inequality must be satisfied:
m I it
M (ge) 8 — Mz
Ya

where
Mo 2 (AR o Jpr + AT fip) 20 , )

The internal lever arm, z4, can be taken as the distance between the centroids of
the top and bottom flanges of the precast girder (fig. 7.33).

4 R

1y

Figure 7,33 .
—t* Flexuzal resistance at midspan during construction
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Figure 7.35 '
E B Flexural resistance at the supports in the completed structure

After completion of the structure, the following inequality must be satisfied:

M (go) + MT (Ag, @) — Mi(Ag, @) < ;1; (Mg + M) .
where '
MR = (A7 fo, + 47 f) 2
and )
MG = (4] foy+ A ) 2

The internal lever arm at midspan, z, is approximately equal to the distance
between the centroid of the bottorn flange and the centroid of the composite deck

- slab (fig. 7.34). At the supports, lever arm z’ can be taken as the distance between

the upper edge of the bottom flange and the centre of gravity of the reinforcement,
takinginto account the length and yield force of the continuity tendons, additional
deck slab tendons, and mild reinforcing steel in the deck slab. As an’initial
approximation, z’' can be assumed equal to the distance between the upper edge of
the bottom flange and the centroid of the composite deck slab (fig. 7.35).

b) Service Conditions

The state of stress in the superstructure is influenced by: (1) self-equilibrating
stresses due to.differential creep and shrinkage in the precast girders;and cast-in-

place deck slab, and (2) the redistribution of moments due to the change from

simply-suppaorted spans to a continuous system. An exact calculation of stresses is
thus analytically complex and, due to variability in the material properties, of
doubtful accuracy. As stated in Section 7.3.3, moment redistribution can be
eliminated by a suitable choice of first stage prestressing in the simply supported
girders. In such a case, the primary effect of creep and shrinkage will be a
redistribution of stress from the precast girders to the compeosite section {girders
and deck slab), without changing the sectional forces.
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Asswming no redistribution of moment, the long-term stresses due to dead load
plus presiressing, ¢, can be approximated using the following expressions:

ol bt (deck slab) (a}
o2 = gy + af?) (precast girder) ) (b)

The subscript 0 denotes stresses due to dead [oad, g, plus presiressing, P, in the
simply supported precast girders, assuming no participation of the deck slab;
subscript 1 denotes stresses due to g+ P in an idealized sunply supported
superstructure, assuming girders and deck slab have been cast in place simulta-
necusly. The long term stress o, is thus the average of stresses calculated from
these two limiting cases,

When redistribution of moments is prevented, the additional strains due to creep
and shrinkage in the top and bottem fibres of the precast girder at midspan will be
equal:

Ash = Asls ‘ ©

(The superscripts tg and bg denote fop and bottom fibres, respectively, of the
precast girder.) By formulating expressions for As' and Ae® in terms of known
stresses and strains, it will be possible to solve equation (c) for the required first
stage prestressing fercc.

A general expression for &, was presented in Section 4.7.1:
&y, "0 (14 4) + Do %0 (| + 4 §) + £y (equation 4.10)
It therefore follows that
Ty Oy :
Agg = (I pdy) —4 1= (I — )]+ Ay,
E, E,
or, assuming g is 0.8,

= n T
Aew - Ec (1 +08¢co) Ec (1 0'2¢'w)+AEcs,w . . (d)

where Ag,, , ist the residual shrinkage strain after continuity has been estabiished.
An expression for Aeg is formulated from the condition of compaiibility of strain
at the interface between girder and deck slab:

Ag? = Ag’
It follows from equation (d) that

' 1 o
Aﬁg=é5$=ié

(1+0.80%) + Ac., R
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where o, is obtained from equation (a). A similar expression for Ag is
formulated by substituting equation (b) into equation {d):

o

by
Agtt — ”a +"i (1+08¢27) - F (1 - 0202+ Aek,,
C

Ial 1o

2 (1+08¢w)*77(1_12¢ )+6csm . (f)

where ¢ 27 and Asf? , are residual creep and shrinkage coefficients, respectively,
after creation of bond between girder and deck slab:

Equation (¢} can now be solved for the first stage prestressing force required to
prevent the redistribution of dead load moments. An additional margin of safety
against positive moments at the supports due to superimposed dead load,
conlinuity prestressing, and deck slab prestressing can be prowded by satisfying
the following inequality:

[Aef] > |Aeld]

7.4 Cantilever-Constructed Girder Bridges
7.4.1 Conceptual Design -

The balanced cantilever method is often appropriate for the construction of long
spans when bridge height, topography, or geotechnical conditions render the use
of conventional falsework uneconomical. Savings are achieved partly due to the
construction method and partly due to the structural system, Previously cast
portions of the superstructure can be immediately used to support the construc-
tion of new segments, making possible the use of short, economical form
travellers. Formwork is adjustable and can be reused many times. The regular
repetition of identical tasks for the construction of each of the segments
substantially reduces the ratio of labour costs to material costs. The use of short
segments makes possible an economical prestressing layout that closely matches
the moment diagram,

The economical range of span lengths for cast-in-place cantilever construction
begins at roughly 70 m and extends to beyond 250 m. For long spans, the ratio of
falsework and formweork cost to total superstructure cost ranges between 25 and
35 percent, independent of bridge height and topography. This represents a
considerable saving over conventionally constructed cast-in-place bridges, for
which ratios of 40 percent are typical. For spans less than 70 m, the advantages of
cantilever construction are outweighed by the costs of pier tables and erection of
form travellers.
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In classical cantilever construction, cantilevers are built out symmetrically from

pier tables in segments ranging between 3 and 5 metresin length, The construction -

sequence for a given segment consists of the following steps:

1. Prestress the previously cast segment approximately two days after it has been
cast

2. Advance form travellers to their new position

3. Anchor travellers to the newly prestressed girder end and adjust formwork

4. Place reinforcing steel, couple new téendon ducts with empty ducts in the
completed portion, and pull prestressing steel into ducts

5. Cast the new segment

The completed cantilevers are linked together at midspan into a continuous frame
system. They can be connected by a monolithic closure pour, a hinge, or a short

suspended girder. Hinges al midspan are generally more economical than

monolithic connections, since they prevent the redistribution of moments in the
girder from the stronger support region to the weaker midspan region. Hinges
have, however, significant disadvantages with regard to serviceability. Discon-
tinuities in roadway grade at midspan due to creep deformations in the cantilevers
are practically unaveidable when hinges are provided. The use of expansion joints
at midspan not only creates special difficultics in detailing, but also reduces
durability and ride comfort,

Hinges that permit longitudinal displacements of the superstructure must be
provided with large, complicated bearings to transfer shear force due to live load
(fig. 7.36). The height of the enclosure for the bearings must be carefully adjusted
fo ensure positive transfer of force and free rotation of the hinge, regardless of the
horizontal position of the bearings. Provision must be made for the disassembly of
the enclosure to replace the bearings.

A partial improvement over traditional hinges is the prestressed concrete hinge,
which does not break the continuity of the deck slab (fig. 7.37). Its use may be
appropriate when longitudinal expansion at midspan ¢an or must be restrained.
Since the long-term impermeability of the waterproofing membrane in. the
refatively flexible deck slab cannot be relied on, a corrosion-resistant cover plate
should be provided at the axis of the hinge for additional protection. The
underside of the membrane should be vented using small pipes cast into the slab to
enable the rapid detection of defects in the waterproofing system. An accessible
inspection chamber should be provided below the hinge.

Cantilever-constructed bridges are normally haunched to correspond to the
cantilever moment diagram, In exceptional cases, however, the cantilever method
can alse be used to construct prismatic girders. Girder depth is then determined
according to the same criteria as for cast-in-place girders. The redistribution of
moments produced by the change from cantilever to the continuous system is
larger for prismatic girders than for haunched girders. Prismatic girders will
therefore require more prestressing and a more complicated tendon [ayout.
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7.4.2 Desigu of the Cross-Section i
Box cross-sections, which are effective in resisting negative moments, are normally '

used for cantilever-constructed superstructures. As many section dlmcnsmns as i
possible should be kept constant to simplify the formwork.,

a) Webs

The webs are most often vertical. Inclined webs complicate the placement of

" concrete and, in haunched girders, result in a bottom slab of variable width.
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o) : )

| ~

i
I——_—' j~ m" Figure 7.38

| Girder cross-sections: a, normal; b, superelevaied

Variable superelevations can be best accommodated by a thombic deformation of
the cross-section (fig. 7.38). The webs typically contain only a small number of
tendons, and often none at all. Their thickness can therefore be determired on the
basis of shear strength, provided additional thickness is not required to anchor the
cantilever tendons or to place and vibrate the concrete. Vertical webs that do not
contain tendons should not, however, be thinner than 0.35 m. As explaired in
" Section 5.3.2, the use of inclined stirrups can substantially reduce the required web
thickness. This will result in a considerable reduction in dead load in haunched
girders. Inclined shear reinforcement, mild or prestressed, can be placed into the
deep webs without difficulty.

b) Deck Slab

The form of the deck slab is chosen based on the considerations presented in
Section 5.3.1, Its thic]sness must be sufficient fo accommodate the cantilever
tendons, which are typically spaced across the full width of the slab near the
supports. Additional stab thickness may also be required beside the web stirrups
for tendon anchors (fig. 7.39). The horizontal and vertical shear resistance of the
slab is substantially reduced during construction by the large number of empty
tendon ducts,

c) Bottom Slab

At the supports, te bottom slab must be sufficiently thick to resist the
compressive force due to flexure and shear at ultimate limit state under maximum
Ioad. Tts thickness should decrease linearly towards midspan to match the
compressive force in the slab. This variation in thickness can be easily ac-
commodated by the web formwork. The bottom slab should not be thinner than
0.16 m. ' ’

Figure 7.3~ -
Anchorage of cantilever tendons at the
imtersection of deck slab and web
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(o) ' ()

Figure 7.40
Shear resistance of haunched box girders; shear flow r; 5" a, as a function of the sectional forces;
b, as a function of the tensile force in the top slab

d) Variation of Girder Depth

Based on aesthetic and economic considerations, the ratio of span to depth should
be roughly 50 at midspan and 17 at the supports. The profile of the girder between
these two points has a substantial influence on the internal forces due to flexure
and shear. Girder shape should be chosen fo achieve a suitable compromise
between the thickness and reinforcement of the webs on the one hand, and the
longitudinal reinforcement on the other.

The design shear force in a haunched girder, ¥}, is resisted by shear flow in the
webs, 1,4%, and the vertical component of the compressive force in the bottom
slab, ¥§*. (Ths parameter 7, denotes design shear stress in the web; 5 denotes web
thickness.) For a given girder profile,  the relationship between longitudinal
reinforcement and shear reinforcement can be obtained by expressing the shear
ﬂo_w 7, 0™ as a function of the tensile force in the top slab, FF,

Such an expression is derived by considering the simplified girder segment of
figure 7.40a, in which the axes of girder and top slab are assumed horizental. The
shear flow is first expressed as a function of the sectional forces Myand ¥V

WL (- vy =1 (r,- 2 82

The sectional forces are now written in terms of Fj*:

AM,

My— FF =
y=FFz and ¥ Ax
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The change in moment can be expressed approximately as
AMy = (My+AM,) — My = [(FF + AFP) 2+ Al — Ff 2
=P Az+ ARz
(Higher-order terms have been neglected.) It therefore follows that

< Az AF“
"I:A Z7Ax

The shear flow can now be rewritien as

" s Az Az AF _ Fz A\ ARP
Tb" = ( “Ax z Ax) T Ax T oax @
This relation is shown in figure 7.40b.

The area of longitudinal steef required at a given section is proportional to Fi*. The
total amount of longitudinal reinforcement is thus proportional to the infegral

iz

£ By (x) dx (®)

where / denotes span length, The web width and web reinforcement required ata
given section are proportional to 7, and hence to dFF/dx. The iotal
consumption of shear reinforcement is thus proportional to the following integral:

" dr

1™

where & denotes girdér depih.

(x) B dx ©

The expressions derived above are now used to compare longitudinal reinforce-
ment, web thickness, and web reinforcement for the two girders of figure 7.41a.
The profile drawn with solid lines varies more uniformly.along the length of the
girder than the dashed profile, which is flatter near midspan and steeper near the
support,

The tensile force in the top slab, plotted in fipure 7.41 b, represents the longitudinal
reinforcement at a given section. The solid line is linear over most of the length of
the girder. This implies that the girder corresponding to the solid line can be
reinforced with constant increments of steel for segments of equal [ength. As can
be observed by the areas under the two curves, less longitudinal reinforcement is
required by the uniformly varying profile.

Figure 7.41 ¢ represents the web thickness and web reinforcement required at a
given section. It is apparent that web thickness and web reinforcement for the
uniformly varying girder profile can be constant over a large region of the girder.

{a)

(b

]

7.4.2 Design of the Cross-Section ) 329

Girder profile (vertical scale exaggerafed) Cross ~ section and loading

2000
] 1 30001. 6000 1300{}

Momeni diagram

self-weight gl = 136 kN/m g5 = 396 W/m
superimposed dead load A3 = 30 kiN/m
live tond q = 45 kN/m®

gts {Ordinate proportionol to area of steel of a given point,
area proportiono! fotetal consumption of steel

dF1S {Orcinate propertionc! 1o web thickness ond
= area of sheer reinforcement)

et {Area praportional to fotal consurnption of
) shear reinforcement)

Figure 7.41
Effect of g|rder profile on longitedinal reinforcement, web w1dth and shear reinforcement
.(dimensions in mm)
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The minimum web thickness required for shear resistance can therefore be easily
provided over a substantial portion of the span length., For the dashed, non-
uniformly varying girder profile, the minimum thickness required for shear
resistance varies considerably and is greatest away from the section of maximum
shear force. To facilitate detailing and formwork, the web thickness correspond-
ing to the peak of the curve is usually maintained for the entire Iength of the girder,
resulting in an inefficient use of materials over much of the span.

The total consumption of shear reinforcement is proportional to the area under
the curves of figure 7.41d. It is evident that the uniformly varying girder profite
requires more stirrups, sinee the maximom shear flow occurs in regions of greatest
girder depth.

.7.4.3 Prestressing Concept

The prestressing concept is chosen to make the ratio of prestressing moments to
dead load moments as high as possible while still making efficient use of the
prestressing steel. This will result in a prestress as close as possible to form-true,
thus minimizing elastic and plastic deformations of the superstructure due to
permanent load. For given a given tendon eccentricity and effective prestress, the
ratio Mp/M, is maximized by reducing the longitudinal mild steel to the minimum
required for crack control, typicaily corresponding to a geometric reinforgement
ratio between 0.6 and 0.8 percent. The area of prestressing steel, AP, is then
designed to ensure safety at ultimate limit state.

The ratie /A, near the supporis is {ypically lower for cantilever-constructed
bridges than for conventionally built bridges. This is a consequence of a low ratio
of live load moment to dead load moment, which is typically equal to 0.2 for
cantilever consiructed bridges. The effect of A7, /M, on the value of Mp/M, can be
investigated by considering the behaviour the section shown in figure 7.42. The
following inequality must be satisfied for safety at ultimate limit state:

YM M) S (Ap fo, Az

where y denotes the global safety factor, assumed equal to 1.8, Efficient use of the
steel is made when both sides of the inequality are equal:

y(ﬁ{g + "\'Iq) = (AP Jq’y + Asﬁy) Z (a)

— Aetpy
] ———

™

Tigure 7.42
Internal forces due to flexure at ultimate limit state

7.4.3 Prestressing Concept KX
Assu1m11g M, =0.2M, it follows that

by,
}” Pﬁ’}+‘4 f;y

The moment due to prestressing, Mg, is defined as
zZ
My = Apop 5 _ (b

Assumingop and z are constant, the largest vahue of M, is obiained by maximizing
Ap; subject to the restriction of equation (a). It thus follows that 4_ must be as

~small as possible. Setting 4, to zero, equation (a) is transformed into

Substituting this expression for 4, into equation {b) yicids

My = 06}’}? M,
¥

Assuming gp = 0.7 for, it follows that M = 0.76 M, The maximum moment due to
prestressing consistent with efficient use of reinforcement is thus significantly less
than the dead load moment.

Any difference between My and A, will result in elastic and plastic deformations of
the girder, which must be compensated by camber. When the structure is made
continuous by a monolithic closure pour, these deflections will produce an
undesirable redistribution of moments from the strong support region to the
weaker midspan region. These effects should be prevented as much as possible by
providing the largest possible ratio #4,/M,, i.e., by minimizing the consumptionof
longitudinal mild reinforcing steel.

The axial component of stress due to prestressing, Mp/4,, is substantially higher
for cantilever-constructed bridges than for conventionally built bridges. In spite of
the relatively large difference between M and M, therefore, the proposed
prestressing concept normally results in full prestress for dead lead and a
substantial fraction of live load.

Minimizing the consumption of longitudinal mild reinforcing stecl has the added

- advantage of reducing consiruction costs. Longitudinal mild steel cannot be used

efficiently in cast-in-place segmental bridges since a large proportion of it will be
taken up by lap splices at the construction joints between segments. In addition,
bars projecting at the end of each segment complicate the installation and
coupling of tendon ducts.

.
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Figure 7.43
Prestressing arcangement in cantilever-constructed bridges: a, longitudinal section and schematic

layouts; b, plan: cantilever tendons

7.4.4 Tendon Layout
a) Cantilever Tendoris

The cantilever téndons are the principal reinforcement of the structural system.
They are located in the deck slab and are anchored at the ends of the segmenfs
(fig. 7.43). In this way, an efficient arrangement that closely balances the moment
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diagram can be achieved. Anchors are preferably located at the intersection of
deck slab and web. They can also be located lower down in the webs, however,
provided the webs are thick enough to accommedate the anchor hardware. The
smtall savings in the web reinforcement obtained in this way are usually
outweighed by complications in detailing since the tendons must cross the plane of
the stirrups to be anchored.

The top slab of each segment (other than the cantifever tip segments) must contain
empty ducts for tendons that will be subsequently instafled and stressed. These
ducts must be spliced at the construction joints between segments. The arrange-
ment of the tendons should therefore make possible the reuse of formwork at the
segment ends by ensuring a regular pattern of holes for the tendon ducts, The clear
distance between the ducts should not be less than 80 mm. The vertical sHear
resistance of the top slab is considerably reduced by (he presence of the closely
spaced ducts; splitting of the slab in the plane of the tendons must be prevented by
stirrups between the ducts (fig. 7.44). Hosizontal shear in the slab due to the
spreading of the concentrated anchor forces must also be considered, especially
during construction when the ducts are empty,

Contilever fendons
Top layer of slob reinforcement

7 7 T Stirrups .
& \G /O & .~ Tendon supports Figure T.44
™~ Botlom Jayer of slab reinforcement Top slab details

It is often practical to place the tendons directly onto the lower mat of slab
reinforcement, thus eliminating the need for special tendon supports. The small
reduction in tendon eccentricity is offset by greater ease in concreting, The
arrangement of the tendons must not impair the flexural resistance of the slab by
reducing the depth of the compression block.

Holes in the ducts or improperly made splices can lead to penetration of cendent,
which may hinder the placement of the prestressing steel. PVC pipes should
therefore be placed inside the ducts during concreting. When these pipes are
sufficiently stiff, it may be possible to eliminate tendon supports for short

segments, '

b) Midspan Tendons

The midspan tendons, located in the bottom slab near the webs, resist positive
moments in the middls third of the span (fig. 7.43). Build-cuts for the anchors
should be located as near as possible to the webs and properly connected to them
by reinforcement. The pull-out forces of the midspan tendens resulting from
curvature of the girder soffit must be considered in the design of the bottom slab.




-
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¢) Continuity Tendons

]

Continuity tendons in the girder webs are sognetimes used in special cases
(fig. 7.43). These tendons can be used as reserve prestressing, designed on the basis
of the actual deformations measured after closure. The ducts, which must be cast
inte the concrete before the definitive area of steel has been selected, should
therefore be conservatively detailed. To limit their stressing length, continuity
tendons are normally lapped over the pier table and anchored in the webs.
Continuity tendons complicate the placement and vibration of concrete in the
webs. ’

74.5 Preliminary Design and Special Design Considerations

a) Estimate of the Main Reinforcement

The thickness of the top slab and the arrangement of the interscetion of top slab
and webs cannot be detailed without knowing the number and size of prestressing

tepdons required. The estimates of 4, and 4, at the supports and at midspan .

presented in this section will normally be sufficient to finalize these details, and
hence to establish the definitive cross-section dimensions at these two locations.

When hinges are provided at midspan, the reinforcement at the supperts can be
determined using the following inequality:

1
Mi(g+q) = o (Ap foy + A3 f5) 2

where Mj (g + ) is the cantilever moment due to full dead load pluslive load and z
is assumed equal to the distance batween the centroid of the deck slab and the
centroid of the bottom slab. As stated in Section 7.4.3, A5 should correspond to a
geometrical reinforcement ratio of 0.6 to 0.8 percent of the area of the top slab.
The reinforcement in the midspan region will generally be very small,

When the canlilevers are monolithically comnected at midspan, an envelope of
design moments must be caleulated at the supports and at midspan. The moment
at the support consists of the following components:

1. M*(g,): cantilever moment due to dead load
2. AM: moment redistribution due to creep
3. M*(Ag.q): continuous system moment due to superimposed dead Ioad and

live load
4. Mp{m,c):  redundant moment due to midspan and continuity prestressing

. Thereinforcement at the supports can therefore be determined from the inegualify

21
Mi(go) + Mi{Ag, @)+ AM + Mp(m, ) £ ™ (Ap foy+ A )z (@)
R
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The moments AM and M, (m, ) are positive and small relative to the negative
moments M*{go) and M*(Ag, g). Sincs any error induced by neglecting A A and
Mep (i, ¢) will be small and on the conservative side, inequality (a) can be rewritten
as

; 1
Mi(go)+M; (Ag, g) = . (A foy+ 4 £5) =

The moment at midspan consists of the following components: -

1. AASL: moment redistribution due to creep
2. M™Ag,q): continuous system moment due to superimposed dead load and
live load

3 Msp(m, ¢):  redundant moment due to midspan and continuity prestressing

Since they increase M™(Ag, ¢), the moments AM and Mp(m, c) cannof be
neglected at midspan. The value of AM can be estimated using the following
sXpression, assuming the flexural stiffness at midspan is between 0.05 and 0.10
times the flexural stiffess at the supports:

—0.10[M(g0) + Mip (ca)] S AM = - 0.15 [M>(g0) + Mip (ca)]

where M*(go) and M3a(ca) are the moments at the support in the cantilever
system due to dead load and cantilever tendons, respectively. When the
prestressing concept proposed in Section 7.4,3 is used, the inequality simplifies to

—0.02M5(g) < AM < —0.0345(gy)

The value of M,p (i, c) is a function of many differeit factors, including member
stiffness, length of the midspan tendons, and layout of the continuity tendons, The
following approximations for M., (m, ¢) are valid for haunched girders:

Mp(m, ) = Mp(m) + Mp(c)
where :
Mp(p) = —0.75M7(m)  and  Mp(0) = ~0.5M5(0)

and MJ% (m) and M (¢) are the primary system moments at midspan due to the
midspan and continuity tendons, respectively.

‘The reinforeement required at midspan can now be calculated using thefol[owing
inequality:

1
M7 (Ag, )+ AM + Mp(m, ) < . (AF fo, + AT f)z
R
where A7 Is the total area prestressing steel at midspan, including midspan and

continuity tendons, A7 is the area of reinforcing steel in the bottom slab, and the
internal lever arm, z, can be approximated by the distance between the centroids of

- the top and bottom slabs.
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Figure 7.45
Contribution of jnclined longitudinal tendons
to shear resistance

b) Shear Resistance of Inclined Tendons Anchored in the Webs

Tendons that are carried down into and anchored in the webs can be considered in
calculating the shear resistance of the cross-section. They are only effective in this
regard, however, in the portion of the web located above the anchor. Stirrups must
be provided in the web below the anchor to equilibrate the shear stresses in this
portion of the web.

The vertical component of the force in the inclined tendon, Psin g, acts opposite to
the shear force at the section (fig. 7.45). The value of 2 at ultimate Lmit stateisa
function of the angle of inclination, B.If fis less than 45°, P must be takenas the
effective prestressing force. Higher values of P may be used only when £ is
sufficiently large.

The force Psing is equilibrated by the shear flow td™, acting over the upper
portion of the web:

Psinf = 1Bz,

This shear flow must be equilibrated in the lower portion of web with stirrups,
assumed vertical;

w A foy
oY zpy = —Sizbm cote

where s i5 the stirrup spacing and « s the angle of inclination of the compression
struts in the concrefe. The area of steel required for the stirrups in the lower
portion of the web is therefore given by

th¥stane _ Psinfistana
A = —— - TP AR (b}
: .f:"y . Zlup-]:_‘?
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Norma!  Transition Reduction Figure 7.46
zone 2one 20ne Truss model for development of shear resjstance

A\{fay from the zone of influence of the inclined weh (denoted Nermal Zone in
figure 7.46), the shear flow A" must be equilibrated by stirrups extending over the
full depth of the web. The required area of steel is given by

A¥ -
-sTf’l zcote = 7H" 2z

from which it follows that

4w - TO7stane  Psinfistana

¥ ﬁy Zlop .l.;j 1

whick isidentical to equation (b), derived for the stirrups in the region of influence
of the inclined tendon. The area of web reinforcement corresponding to the
contribution of the inclined tendons thus remains constant in the normal,
transition, and reduction zones of the girder (fig. 7.46).

The upper end of the stirrups must be anchored above the tendon én_lchor in the
reduction zone and at the top of the section in the normal zone. In the transition
zone, the length of the stirrups varies linearly between these two extremes.

H
The total shear resistance of the section consists of the contribufions of the
inclined tendons, the corresponding partial-depth stirrups computed above, the
vertical component of the compressive force in the bottom flange, ¥} (fig. 7.40),
and any additional full-depth stirrups, The tensile force in the chord is determined
directly from the truss model.

7.4.6 Caiculation of Camber and Castiné Elevations

Deformations of the falsework and of the structure itself must be compensated by
camber, to ensure that the design profile of the bridge can be achieved after
completion of the bridge. The prescribed camber is equal to the total deflection
due fo dead load plus a small portion of the deflection due to live load and
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temperatire gradient. The plastic component of dead load deflection to be
balanced is measured from time of construction to roughly one half of the design
life of the bridge. A reliable calculation of girder deformations requires careful
consideration of the modulus of elasticity of concrete, creep, shrinkage, relaxation
of prestressing steel, and displacements of the foundations. '

Targe deflections ocour in cantilever constructed bridges due to the peculiaritics of
the construction sequence and the prestressing concept. The following defor-
mations must be considered:

1. Deflection of the traveller during concreting of the segments

2. Deformations of the cantilever system before closure due to thedead load of the

cantilever segmbnts, travellers, and closure segment .

3. Deformations of the continuous system after closure due to midspan and
continuity tendons, superimposed dead load, and possibly a small portion of
the deformation due fo live load and temperature gradient

4. Deflections of the girder induced by deformations of the columns and
settlement of the foundations

" Before casting, the formwork at the free end of segment /41 nust be set to &
specific elevation, given by the sum of the deflections afier casting and
. prestressing, Ay, and the form camber A7, (fig. 747).

Plevation of formaork of polnf i+ 1
o
//, -i
. Camber Az 0f point i+1 alfer seqment {+1 has
been cast and prestressed
Caerber A; of polnt 1 ofter segment 1 hos

| been cost ond prestressed
I

+ — Target elevati
T » rget elevation

5] - Figure 7.47
i 1+1 Bridge profile before casting of segment i+ 1
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a) Form Camber A?, 4

Form camber, denoted A?, |, compensates for the deflections at the tip of segment
i+ 1 dueto; (1} deformation of the traveller under the weight of segment 7 + 1, and
(2) deformation of the previously cast cantilever (segments 1 though 7) due to the
dead load and prestressing of segment i 4 1.

The deflections of the traveller can normally be caleulated with good reliability
and can also be checked on site at the beginning of the cantilever construction.

. Deformations of the traveller must be limited to prevent the webs from breaking

away at the construction jeint during casting of the deck slab. The formwork is
normally attached to to the preceding segment, thus eliminating relative
displacements of the two adjacent segments and reducing the load on the traveller

_ by half (fig. 7.47). The deflections of the cantilever can be calculated using the
““inethod of virtuat werk with a unitload {J = 1 at point 1+ 1. The flexural stiffness

v

of the uncracked section can be assumed.

b} Camber A;

Camber A; compensates for the deflections of point i These deflections are
accumulated beginning immediately after segment ¢ has been prestressed up 1o
approximately half the design life of the bridge. Three components are considered:
{1} deflection of the cantilever before closure, 6, (2) deflection of the cantilever
due to the closure segment, 67, and (3) deflections of the continuous system afrer
closure Sf°.

1. Deflection of the Cantilever Before Closure 6}¢. This deflection is the sum of all

 deflections occurring from immediately after the prestressing of segment 7 to the

completion of the final segment # and removal of the traveller (fig. 7.48), Ttcan be
calenlated approximately using the following expression:

G 2 (1 4+ A) SO (g, P) = (1~ AB) 0" (g, P)
+ A3 (1) 810 (T)

where the following component deflections of point i are considered:

Sk g PY: due to g, and P applied over the entire cantilever length
grt0d (g P): due to g, and P applied between points 0 and

Gh (T due to weight of traveller, 7, applied at point 1

g (T): due to T applied at point /

The partizl creep coefficient A¢ is a function of the long-term creep coefficient, ¢,

and can be taken approximately as 0.1¢ for 7 in the first quarter of the cantilever, .
-0.05¢ for i in the third quarter of the cantilever, and 0 for / at the end of the

caniilever. The prestressing force P is defined as the effective average force during
the construction of segments i through #. Eventual foundation seitlements and

column deformations that cceur during this time period must alse be considered.

B A T e e
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Figure 7.48 -
Elastic deflections during cantilever construction

2. Deflection of the Cantilever Due to the Closure Segment &f. These deflections of
point { oceur in the time interval that begins immediately the traveller has been
removed from the tip of the completed cantilever and ends after the closure
segment, denoted m, has been cast. They are cansed by the following actions: (1)
Joss of prestress during this time interval, (2) creep during this time interval, and
(3) self-weight of the closure segment.

3. Deflections of the Continuous System After Closure 8. The deflections in this
final phase consist of: (1) residual plastic deformations due to self-weight and
cantilever prestressing, (2) residual loss of prestress in the cantilever tendons, (3)
midspan and continuity prestressing, including all prestressing losses, (4) su-
perimposed dead load, (5) possibly a small component of live load and

temperature gradient, and (6) residual foundation settlement and column .

deformations occurring after closure. The calculation of items (2) through (6) is
made for the final continuous system. Ttem (1) is calculated for the cantilevers,
taking into account the redistribution of moments due to the change of system.

Al
;Turgei elevation

= T

Fipure 7.49
Camber curve A;
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% Deflections and camber for precast segmental

Torget elevation § cantilever construction

Camber of the entire gi}der can be reliably determined by interpolation between

values of A, calculated at four to six points. Resulting camber profile is shown
schematically in figure 7.49.

The calculation of camber for precast segmental bridges is somewhat simpler. The
desired camber profile, 4,, is the sum of the deflected shape of the cantilever at
closure, 670" and the deflected shape of the system in its final state 8
(fig. 7.50). Camber A; must be built into cach segment during precasting.
Cantilever construction with precast segments requires the precise alignment of
pier segments. Adjustable bearings are helpful in this regard.

7.5 Skew Girder Bridges
7.5.1 Conceptual Design

The supports of skew grade separations and river crossings can often be aligned
perpendicular to the longitudinal axis of the bridge. The use of skew supports,
however, is normally preferable for the following reasons:

1. Abutments and piers can be propetly integrated into the landscape

2. Span lengths are minimized o :

3, Piers of river crossings can be oriented parallel to the direction of flow and
designed with an appropriate hydraulic profile, thus maximizing the channel
cross-section and reducing scour

Skew bridges do, however, require long, complicated abutments with costly
expansion joint details. In addition, the costs of superstructure falsework and
formwork are generally higher than for non-skew bridges.

Skew girders tend to carry. loads to the supports using the shortest path. The
direction of principal stress due to bending and torsion in the horizontal plane of
the top and bottom fibres lies between the girder axis and the normal to the
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support axes. The supports in the obtuse corners, moreover, are more heavily
loaded than those in the acute angle corners.

The structural behaviour of skew bridges is a function of the ratio of torsional
stiffness to bending stiffness. The edges of the cross-section (taken perpendicular
to the longitudinal axis of the bridge) deflect differently; the cross-section twists as
a result (fig, 7.51), Torsional moments proportional to torsional stiffness are
required for compatibility; these moments are small in T-girders, which ‘are
relatively flexible in torsion. '

The compatibility torsional moments induce a force couple and longitudinal
bending momenis at the ends of the girder. At the girder ends, rotations are only
possible about a vector parallel to the support axis; rotations about the vector @,
normal to the support axis, are restrained by the end diaphragm (fig. 7.52). If the
girder is ilso fixed against rotations about the vector e, normal to the girder axis,
total rotational fixity is produced, since @, and @, are linearly independent.
Rotations and moments due to compatibility torsion are therefore prevented in
girders that are restrained against flexural rotation and twist at both ends; their
behaviour is not affected by the skew angle.

Flexural and torsional stiffiess are reduced by the formation of cracks. Pure

tarsion in the absence of bending results in cracking over the full periphery of the

section and thus in a sharp decrease in torsional stiffness. When coupled with
bending, however, the decrease in torsional stiffness is less pronounced, since no
shear cracks are formed in the flexural compression zone. The deformations of
prestressed girders due {o load and prestressing, and hence the torsional moments
necessary for compatibility, are normally small. Under service conditions,
therefore, the reduction in torsional stiffness due to cracking is not significantly
greater than the reduction in flexural stiffness; the restraint ai’the ends of the
girder does not fall off suddenly with a corresponding redistribution of mements.
Atultimate [imit state, the ratio of flexural stiffness to torsional stiffness is of little
significance, provided torsional and flexural behaviour is ductile.

The end diaphragms are oriented along the support axis and are designed as
panels, the behaviour of which is primarily in-plane. They must be extended out to
the edge of the deck slab cantilevers, to provide a rigid support for the sxpansion
joint and for the long deck overhang in the acute angle corner (fig. 7.53). All sharp
corners should be broken off by surfaces of roughly 0.2 m in width.

The end diaphragms of box girders serve primarily to transform the moment due
to the unequal vertical reactions, X = (A4, — A, ) &4/2, into a shear flow (fig. 7.54).
The shear flow induces the end moment A = X, cos« and the torsional moment
T =X, sine in the girder. The end diaphragm is therefore stressed primarily in
shear. The vertical reactions of open sections, which normally differ by only a
small amount, produce bending and torsional moments in the girder webs. The
end diaphragms are thus primarily stressed in bending {fig. 7.55).
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Structural behaviour of skew girder bridges

f “mmmmmmmammm&wwm s

i




144 7.5 Skew Girder Bridges
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Figure 7.52
Moedel of supports of skew box girder bridges
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End diaphragms of skew box girder bridges
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V: Shear
¥{X): Shear flow dueta ¥y
.
f viXy) = T
X
A= V- ?ul
Figure 7,54

Shear flow in an end diaphragm of a skew box girder bridge

Figure 7.55
Bending in an end diaphragm of a skew double-T girder bridge
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#
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Figure 7.56 i

Intermediate diaphragms of skew bridges: a, single diaphragm parallel to axis of support; b, twin _

diaphragms perpendicular to longitudinal axis of bridge

At intermediate supports, single skew diaphragms oviented along the axis of the
support or twin diaphragms oriented perpendicular to the longitudinal axis of the
‘bridge can be used (fig. 7.56). Whichever arrangement is chosen has little effect on
the structural behaviour of girders with open sections.

The supports of skew bridges are designed following the same principles as
outlined in Section 6.1 for bridges with supports at right angles to the bridge axis.
Whenever possible, fixed bearings should be provided at one of the abutments.
When skew bridges are supported flexibly in the longitudinal direction, the strong
axis of skew piers is not fully effective in resisting loads transverse to the
longitudinal axis of the bridge. Since the load cannot be directly transferred to the
abutment, a large portion of it is resisted by the weak axis of the pier (fig. 7.57).

For long bridges, the direction of movement of expansion bearings should always
be set parallel to the longitudinal axis of the bridge. When the system is sufficiently
flexibie, the redundant forces induced by the component of displacement tangent
to expansion joints are small can be neglected. For short bridges, however, the
complications in joint detailing thus created can be avoided by setting the bearings
perpendicular to the axis of the joint. The resulling transverse displacement should
be accounted for in the design.

. The axis of rotation of skew diaphragms (fig. 7.56a) is always identical to the
support axis. Deformations of the diaphragm are small and can be neglected in thé
design of the bearings. When the diaphragins are oriented perpendicular to the
bridge axis (fig. 7.56b), the axis of rotation varies with girder loading. In such
cases, therefore, bearings that can rotate about two perpendicular axes should
always be provided.

It may be practical to support bridges with very proncunced skew on abuiments
that are trapezoidal in plan (fig, 7.58). Although the effective length of the bridge
isincreased somewhat by this solution, the abutment acrangement and detailing of
the expansion joints is considerably simplified. The abutments of twin parallel
bridges should be staggered according to the skew angle and designed as in the
normal case with the support axis-perpendicular to the bridge axis (fig. 7.59).
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Figure 7.57
Models for the behaviour of skew bridges under transverse load: =, fixed supports; b, flexible
supports

752 Caleulation of the Sectional Forces

a} Single-Span Girders

Skew girder bridges can be modeled using beam elements, provided the ratio of
span length to width of cross-section is greater than 1.5. The choice of model
nermally depends on the type of cross-section.

Girders with open section are modelled by plane grids. The longitudinal elements
represent the webs and the transverse elements represent diaphragms and deck
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Figure 7.58
Trapezoidal abutment for single skew bridge

7.5 Skew Girder Bridges

Séction A-A

slab (fig. 7.60a). This model yields sectional forces in the individual cross-section
components and not the sectional forces of the entire cross-section. For
prefiminary design, the girder webs can be considered as independent of cach

other, i.e., not connected by transverse members.

Girders with closed section can be modelled as a single beam on skew supports
{fig. 7.60b). The diaphragms are assumed to be totally rigid. This model yields
sectional forces of the entire section, which can then be apportioned to the
individual webs, It should not be used for the design of diaphragms, for which

local investigations are necessary,
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Fipure 7.59
Staggered abutments for twin skew bridges

Figure 7,60

* Models for single-span skew bridges: a, open section; b, closed section
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Single-span skew bridges with closed cross-section can be most easily analyzed
using the force methoed, The model is statically indeterminate to the first degree for
vertical loading (four support reactions, three equilibrium equations). Releasing
the momgnt at the connection’of the girder to one of the diaphragms {point Bin
figuie 7.61a) yields the statically determinate primary system. The bending and
torsional moments in the primary system due to the redundant force X arcshown
in figure 7.61b.

)

Example 7.5:
Single-span skew bridge with uniform load

The structural system and uniform load g are shown in figure 7.62a, The skew
angles at the supports are denoted o and §. The redundant foree X, is obtained
from the solution of the following compatibility condition:

N § =01+ 8, =0

where

— M - T
5&=jMErfdr+j'TG—Kd\:

It therefore follows that

g : cotu+cot f

=" sinf (cot® ¢+ cote cot f+ cot? f+ 3r)

where x = E[JGK. When o =f, the expression simplifies to

ql* 2coto
' 8 3sina (cot?x+x)

The berding and torsional moments at the supperts 4 and B are thus given by

MA=MP =¥, cose .

T4= T®= X, sina

The end restraint and the torsion in the girder thus increase with increasing skew
angle, «, and decreasing values of #,

When the skew angles at the support axes are not equal, the web span lengths wilt
be unequal. The distribution of the sectional forces of the total cross-section to
the girder webs can be done rigourously using the theory of shells, or using the
approximate expressions of figure 7.63.

The moment X, is applied to the support diaphragm as a closed shear flow
(fig. 7.64}. The corresponding design shear flow, v, (X,), is transferred from the
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Analysis of a single-span skew bridge with closed cross-section: a, model and primary system; b,
flexural and torsional moments due to X, = 1
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Figure 7.62 .
Example 7.5 a, medel and leading; b, sectional forces in primary system

——————————————————— M, Y

—————————————— Mz Ve
=l Shear forces: V, & V + —1
Bending momenis: My ﬁ“ l% orces: ¥, +0,
- A sy. e
M =M T B,

Fignre 7.63
Distribution of total sectional forces to the girder webs
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Flgure 7.64

Shear flow in an end diaphragm

‘d.iaphfagn to the supports 4, and A4, by an orthogonal layout of stirrups and

longitudinal bars. Thig reinforcement must be propetly anchored at the edges of
the diaphragm. The design of the reinforcement is based in the following two
inequalities: '

W
v (X)) = ;; i},ilﬂ (stirrups)

L
v ()= -},1— %fsi (longitudinal reinforcement)
i

where ¥ and s* denote the spacing of stirrups and longitudinal reinforcement,
respectively.

In the top and bottom slabs, the shear flow v{Xy) is in equilibrivm with the slab

. tensile and compressive forces. These farces can be essily determined from the

truss model corresponding to the given arrangement of reinforcement.

Example 7.6:
Truss models for the calenluation of tensile and compressive forces in the top and
hottam slabs due to the shear flow v (X}

The geometrical and statical relationships at the support are given in figure 7.65.
The skew angle is 45°. The bending and torsional moments at the ends of the girder

are thus of equal magnitude and the moment X, is M 1/5

W
_ o = 45°
T—Ppp M=T
X = MoT
o ¥
Figuere 7,65

Example 7.6: geometry and sectional forees at the intersection of girder and end diaphragm
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* Figure 7166
Example 7.6: truss model for the top slab

1. Top slab: Tt is assumed that the reinforcement is arranged orthogonally and the
compression struts are inclined at 45° to the longitudinal axis of the girder. The

Jongitudinal and transverse tensile forces can therefore pe expressed as follows

(fig, 7.66):
Longitudinal tension Z, :

: M
a) Due to bending: Z, (M) = :’T

0

7.5.2 Caleulation of the Sectional Forces 355

b)‘Due to torsion: Z ()= 2—/?0% by = -2%

¢} Total: i = %2_5

Transyerse tension Z,:

a) Due to torsion: Zo(T) = E%E‘b“ = % = QJMTO

The shear flow v(X,) at the connection of the slab io the diaphragm can be

expressed as 7
X, M2 M

X)) = + = =

) 2bo hy 2b, ]/5110 2bg ity

The total shear force V(X,) along the interface is thus given by

M

g V2

VR = (X))t =

The resulting state of equilibrium is shown in figure 7.67.

2. Bottom slab: For the given skew angle (45°) and orthogonal reinforcement
arrangement, the longitudinal compressive force due to bending is greater than the
longitudinal tensile force due to torsion. The longitudinal and transverse forcesin
the slab can be expressed as follows (fig. 7.68):

Longitudinal compression D;:

a) Due to bending: D (M) = }{:f
0

LM
a2y

Figure 7.67

Example 7.6: equilibrium of forces
3 M al the connection of top siab to

I gt 2 hy diaphragm
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DL,{aF‘%E
Figure 7.68
Example 7.6: truss model for the bottom slab
. T T

b) Due to torsion: D= ~Thaby by = kg

M
¢) Total: Do = Ty
Transverse tension due to torsion:

T T M

Zo(D) = g5 5% = 35, = 38,
oo

As in the top slab, therefore, the total shear force along the slab-diaphragm

interface, ¥ (X}, is [ﬁM,QhU. The resulting state of equitibrium is shown in
figure 7.69.

Figure 7.69

bottom slab to diaphragm

Example 7.6: equilibrium of forces at the connection of
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b) Continuous Girders

The arrangement of diaphragms at the intermediate supports has little influence
on structural behaviour of girders with open cross-section. Plane grid models, by
which the sectional forces in the girder webs, diaphragms, and deck slab can be
directly calculated, are recommended.

The structural behaviour of girders with closed section, and hence the models used
for analysis, vary with the arrangement of diaphragms. When skew diaphragms
are used (fig. 7.56a), the girder is modeled as a single beamn; the diaphragms are
modeled as 1igid elements, The elastic restraint of columns monolithically
connected to diaphragms can be represented by a torsional spring (fig. 7.70). The
bending moments and shear forces of the entire cross-section can be distributed
equally to the webs, since the webs participate equally to the resistance of the total

sectional forces. :

The effect of skew diaphragms on the forces in the cross-section elements is smail.
Since the angle of flexural rotation of the girder at intermediate supporis is
normally small, compatibility forsional moments and the correspending disconti-
nuity in the bending moment diagram will be insignificant. For preliminary
calculations, therefore, the skew at the supports can be neglected.

Diaphragm pairs perpendicular to the longitudinal axis of the bridge can be
modelled as rigid members extending out from the girder (fig. 7.71). Their lengthis
the distance between the girder axis and the bearing centreline. This model yields
only the sectional forces of the entire cross-section; any difference in forces in the
two webs is not considered. Grid models are therefore superior for girders with
closed cross-section and perpendicular diaphragms. One hailf of the flexural and
torsional stiffness of the total section is distributed to each web; the diaphragms
are considered rigid in bending and perfectly flexible in torsion (fig. 7.72).

Ko / .
R S

Digphrogm connected Girder supporfed
monolithically to column on beorings

\\,

Figore 7.70 .
Model for continuous skew girders with skew diaphragms

/ A -/
4 1% s e

Figure 7,71
Single-beam model for continuous skew girders with diaphragms

Tongitudinal bridge axis

perpendicular to the
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Figurg 7.72 - :
Planegrid model for continucus skew girders with diaphragms perpendicular 1o the longiudinal
bridge axis

At a given section cut parallel to the skew angle, moments and shear forces in the
webs are unequal. The moments-at the supports and at midspan are somewhat
smaller than the corresponding forces in & system with skew diaphragms, since a
portion of the reaction at the perpendicular diaphragms is transferred to the other
web. At sections cut perpendicular to the bridge axis, the sectional forces
comiputed by the single beam model and the average forces computed by the grid
model agree well. The torsional moments computed by beth models also agree
well, provided the torsional moments in the individual webs and. the warping
torsional moment due to differential web bending are considered.

Example 7.7: .
Models for continnous skew givders with closed cross-sections

The structural behaviour of a two-span continuous girder with two different
diaphragm arrangementsis considered in this example. Sectional forces in a girder
with skew diaphragms are given in figure 7.73a. Figures 7.73b and 7,73 ¢ give the
sectional forces in a girder with perpendicular dizphragms computed using a
single-beam model and a plane grid model, respectively.

The shear forces and torsional moiments of the girder are transferred to the
diaphragms through shear flow in the siabs and webs. The resultant shear flow
applied to the diaphragimsis calewiated from the difference of the shear forces and
torsional moments on either side (fig. 7.74).

The shear flow due to the symmetrical components of shear force can be
calculated using the usual methods of structural mechanics. The shear flow due to
the antisymmetrical components is obtained from the superposition of an
antisymmetrical shear flow and a redunddnt St. Venant shear flow around the
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Jo=32m | Figure 7.74

40" [e4]  Example 7.7; shear flow in perpendicular diaphragms |

The calculation can be simplified by neglecting the shear flow in the top and
bottom slabs due to vertical shear, since the resultant shear force in these two
elements is zero. The stresses in the diaphragms are thus induced ogly by vertical
shear in the webs and shear due to St. Venant shear flow due to torsion; a state of
pure shear in the diaphragms resulis.

c} Frames

Single-span skew bridges can be designed as frames, in which case the girder is
normally haunched. This resulls in a more slender and elegant apprearance as
compared to a simply supported beamn with constant depth. The abutment walls

are strengthened with ribs. By decreasing the depth of the ribs from top to bottom, -

the connection of wall to foundation is effectively hinged. The redundant forces
due to givder shortening are thereby significantly reduced (fig. 7.75).

Sectlon C~C

.

Figure 7,75 e .
Section B-B Abutment details for skew frame bridges

7.3.3 Prestressing Concepts and Tendon Layouts 361

Figure 7.76 -
Model of a skew frame bridge

Statical models of skew frames are statically indeterminate to a high degree. For
the model proposed in figure 7.76, the abutment walls are modeled by frames 1—

2-4-5 and 6-7-9--10, respectively. Tt is assumed that beams 2—4 and 79 are
rigid in bending and torsion; the columns 1-2, 4-5, 6-7, and 9-10 ate assumed

rigid in the plane of the frame. Cne half of the bending and torsional stiffness of
each wall is distributed to each of the columns,

The detailing of frame corners requires special attention. The reinforcement
connecting the abutment walls to the girder is laid out parallel to the prestressing
tendons in the girder, A massive inclined beam at the connection of the abutment
wall to the bottom slab must be provided to deviate these tensile forces (fig. 7.77).

Changesin thelength of the girder due to prestressing, shrinkage, and temperature
resuit in a rotation of the abutment walls {figure 7.78). The abutment walls should
therefore be as flexible as possible so as not to restrict the free movement of the
girder, The wing walls are therefore separated from the abutment wall using
expansion joints or are designed as cantilevers. The tensile forces resulting from
the restriction of the longitudinal girder movement must be considered in the

- calculation of stresses,

7.5.3 Prestressing Concepts and Tendon Layouts

The prestressing concept for skew girder bridges is essentially simifar to that of
cast-in-place girder bridges with non-skew supports, Full, form-true prestressing
for dead load eliminates tensile stresses due to permanent load and effectively
equalizes the reactions at the acute and obtuse corners. This results in small
torsional moments in the girder.

Statical considerations favour locating the tendon anchorages as high as

possible at the girder ends, The location of the anchors must, however, respect the
clearance required for the expansion joints, '

Exanple 7.8:
Moments due to prestressing in a single-span skew bridge

It is assumed that the skew angle, ¢, is 45° at both girder ends. The stiffness ratio
EI/GK is 1.7. Two cable layouts are given {fig. 7.79): ‘

TERRTET:
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Abutizent rotations due to longitudinal contraction of the girder
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Figure 7.79
Figure 7.77 . ‘ . Example 7.8: cable layouts
Truss model for the eorner of a skew frame bridge

arrangement. The portion of the load balanced should be transferred as directly as

' Layout 1:  Support moment = 0.25P7f, ; : . o e J .
midspan moment — — 0,75 Ff : . ?ggsl:ai;tTISeI )to rigid supports by providing sharp reverse curvature at these points
Layout2:  Support moment = 0,25 Pf+ 0.88 PAY, . _
midspan moment = —0.75 Pf— 0.12PAf Mild reinforcing stee! is laid out orthogonally in the slabs, parallel and
perpendicular to the longitudinal girder axis, This corresponds to the direotions of
If the webs of a given span are of unequal iength, the force and eccentricity of the the largest principal moments away from the immediate vicinity of diaphragms
prestressing are determined so that the deviation force is proportional to the share and supports.

of the dead load carried by that web (fig. 7.80)

Tendons in continucus girders are always laid out so that the deviztion force gp
bafances the dead load, regardiess of girder cross-section and diaphragm
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7.6 Curved Girder Bridges
7.6.1 Conceptual Design

Modern highway construction frequently requires bridges that are located on
curved alignments. Although such bridges can be designed by superimposing a
curved deck slab onto straight girders, a superstructure that is truly curved
normaily results in simpler construction and an improved visual appearance.

Torsion in curved girders is induced by vertical loads, including those that are
symmetrical about the longitudinal axis of the bridge. The flexural tensile and
coinpressive forces acting on a curved girder element are siaf cally equivalent to a
radially directed couple of forces (see Section 7.6.2), The couple acts as a torque
and must therefore be balanced by torsional sectional forces. In closed cross-
sections, itis equilibrated by a closed shsar flow; in open sections, it is equilibrated
primarily by differential bending of the webs, referred to as warping. Either typeof
section must deform transversely in flexure to convert the torque into the torsionat

- sectional forces. Although frame action is normally adequate to resist transverss

bending in closed sections, girders with open sections reguire closely spaced
diaphragms, which are expeasive to build. Box cross-sections are therefore
preferred for curved girders in most cases.

Bending moments may be redistributed at ultimate limit state only when the
associated torques and torsional moments are redistributed in a corresponding
manner. The absolute value of the torsional moments in a prismatic curved girder
is thus increased when the bending moment diagram is shified downwards
(tig- 7.82). In a cantilever-constructed haunched girder, however, the absolute
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— Sectidna forces oocording fo elaskic Theory

——=~ Redistributed sechional forces
Figure 7.82

Effect of a redistribution of bending moments on the torsional moments in curved girders: a,

<continuous girder, constant depih; b, continuous cantilever-constructed girder, variable depth
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Glrder oxs

Sugpart axis

Fignre 7.83
Axes of curved bridges

value of torsion decreases near the supports when the bending moments are

redistributed in the same way.

Prestressing tendons and reinforcing steel must be restrained by special reinforce-
meént against pull-out along the concave surfaces of the webs. The pull-out force,
g, is equal to tensile force in the steel, Z, divided by the radius of curvature of the
reinfprcéement, r. Due to inaccuracies in placing the reinforcement, the local radius
of curvature of the steel is often smaller than the radius of curvature of the web.
The detailing of eurved prestressing tendons is discussed further in Section 4.6.4.

The difference in length between interior and exterior webs must be considered in
detailing the reinforcement. The roadway axis, girder axis, and support axis are all
different, and must be clearly distinguished on the drawings (fig. 7.83)."

The equatioris of equilibrium for a curved girder subjected to vertical load,

CLV=0, TM.=0, XM=0

cdn be satisfied for a two-span structure with three non-collinear vertical supports;
the system is statically determinate and stable (fig. 7.84). This arrangement is not
practical, however, since disproportionately large bending and torsional moments
are prodliced over the entire length of the girder. The structure is thus sensitive to
deformations. The ends of curved bridges should always be restrained against
twist by at léast two bearings at each abutment. To prevent uplift, it may be

necessary to locate the bearings away from the webs by extending the end

Figure 7,84 B
3 Statically determinate, contimugus curved
f girder
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Figure 7.85
Bearing arrangement for a sharply curved,
single-span bridge

Figure 7.86

Recommended bearing arrangements for continuous curved girders: a, torsional resiraint at all
supports, 3 times statically indeterminate; b, torsional testraint at the abutments only, 2 times
statically indeterminate

diaphragms (fig. 7.85). Stresses and deformations of continuous bridges are
smaller when torsionally fixed intermediate supports are used (fig, 7.86). When
clearance under the bridge is critical, for example at skew crossings, the narrower
point supports may nevertheless be preferable.

"As outlined in Section 6.1.3, the free end of a curved girder displaces in different

directions due to temperature and due to prestressing (fig. 7.87). Tt is normally
preferable to detail the expansion bearings at the free end to allow only tangential
displacements, thus simplifying the detailing of the expansion jeint which must
displace in the same direction as the bearings (fig. 7.88). The associated redundant
sectional forces in the girder and the columns due to change of temperature will be
small. For ihte system shown in figure 7.88c, the redundant force in the colummn,
X, can'be solved from the following compatibility condition:

Oy = g+ X (6F +8f) =0

. Figure 7.87

e

: it g::i: ?:’“ a?ufge Displacements at the free end of a curved
a7 CUe 0 femper Bar girder (plan}
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{c) Imermediots support

1] B Displacement of fangentially
. Supporled girder

Figure 7.88

Restraint of thermal coniraction of a
curved girder: a, model; b, deflections; ¢,
primary system and redundant forces

where 58, and 4F; are the displacements of girder and column, respectively, when
X, =1 The 1edundant sectional forces in the girder and column can then be
computed from the solution X, .

Expansion bearings are not normally required at the abutments of sharply curved
bridges, since changes in girder length produce only small axial forces and bending
moments about the vertical axis. The corresponding stresses are so smal] that
additional reinforcement is usually not required.

7.6.2 Analysis

The simplified method of analysis presented in this section is valid when the
longitudinal axis of the bridge is a circular arc of constant radius. In general, the
radius of curvature can vary along the length of the bridge. For design

caleutations, however, an average constant radius can be assumed for each span,

thus making possible the use of the proposed simplified caleulations. The notation
and sign conventions are defined in figures 7.89 and 7.90.

7.6.2 Analysis 369

)
£ / Girder owis

Radius of curvature
Angle of epering
Nertical load
Ercentricily of lood
External lorque

won

-~ g = o
[

now oo

/'/ . k. -

Figure 7,89

- Sign convention for geometry and loading

V = Shear
M = Bending moment
T 2 Torsfonol mement

Figure 7.90
8ign convention for sectional forces

The equations of equilibrium for the differential element of 2 curved girder shown
in figure 7.91 are:

dV+gds=0 : ‘ 7 {a)
AT+ Mdé+(eq+)ds =0 )]
dM— T(l‘qﬁ — Fds={ (é)

Figure 7.91
Differential element of a curved girder |,
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Dividing each equation through by ds and substituting 1/r for d¢jds vields the
following three equations:

%":_q _ @
%Jk%l_{:—eq—t ©
a T _ g ()
ds r

By differentiating equation {f) with respect to s and then substituting equation (d)
into equation (f), the following pair of differential equations is obtained:

2 u td '
i,—f: —(g-l- eq+t) = — (7.1

where 51, denotes the total equivalent applied torque.

An approximate iterative sotution to equations (g) and (e) can be developed by
dividing equation (g) through by r:
1dlF M eq 1 | @

oAt
Expressing M as a linear function of g/?, this equation can be rewritten as
1dT 1 gl* eg 1 (_flu e L)
ra T Ty ety t

Assuming ! <r,e <r, and fr < g, it [ollows that the left-hand side of equa?ion (h)
is smalt relative to g, The term 47 rds can therefore be neglected in equation (g),
which is transformed into .

M,

&r - 1 ®

The bending moments in the curved girder are thus approximated by 24, the
momenis in a straight girder of equal arc length. A first approximation of the
torsional moments is obtained by substitution the solution of equation (f) into
equation (e): )

an, (M, ) ;
T = (rﬁ-eq-f-t i 1)
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This is ihe equation of torsional equilibrium of a straight bar, which can thus be
solved using the classical methods of structural mechanics. The term M [ris
normally the dominant load in this equation.

The initial estimate A, can then be refined by substituting 7} into equation (g):

- rods

d* M, 1dT,
as? “( )

The iterative calculation converges rapidly.

This approximate method does not normally satisfy compatibility when used for
statically indeterminate systems, for which an exact solution is obtained only

** when the ratio of flexural stiffness to torsional stiffness, EfGK, is 0. The method

does; however, satisfy equilibrium, The solution computed using the approximate
method thus corresponds to a small redistribution of the sectional forces of the
exact solution.

Example 7.9:
Simplified caleulation of M and T in a enrved givder

The girder is shown in figure 7.92a. Twist is restrained at both ends; flexural
rotations are resirained at one end. A uniformly distributed load is applied over
the entire length. It is assumed that Jjr = 0.2 and EI/GK =1.0. The results of the
analysis are given in figure 7.92b and in table 7.1. The results of the approximate
analysis agree closely with the sxact solution,

4

Figure 7.92 :
Example 7.9: a, structural system and loading;
b, sectional forces.

T

AT

g
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Table 7.1 .

Bending and Torsional Moments of Example 7.9 {times g/>/1073)

Section M, T, A T
1st Iteration ] Exact Solution

A —125.00 0.00 —125.00 —0.02

1 0.00 2.87 — 0.28 2.86

2 62.50 0.78 62.46 1.05

3 62.50 —2.34 62.55 —2.34

B 0.00 --4,17 0.00 —4.16

7.6.3 Transformation of Torque into Torsional Seetional Forces

The vector sum of the bending moments M and M -+ @M in a differential element
of a curved girder is denoted m,ds (fig. 7.93). Because it is tangent to the
longitudinal axis of the element, m, ds can be regarded as a torque. It is apparent
from the force triangle shown in figure 7.93 that m, = M/r, This expression can
also be formulated by considering the deviation forces acting on the element,
defined as the vector sum of the flexural compressive and tensile forces,
respectively (fig. 7.94). The deviation forces are formulated as follows:

gpds=Dd¢p  qpds = Zd

The internal lever arm is denoted z. Making the substitutions D =: iz,

Z = — M/z, and d¢ = dsfr, the following equations are obtained:

D M Zz M
qp=—7T=—

r o T YT T

M+dM
M+dM «@mi‘ds
M

y -ds = M-do
o where ds = r-dp Figure 7.93
M Equilibrivm of bending moments and
m = torque in a differential beam element

Figure 7.94 .
Deviation forces due to girder curvature
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Figure 7,95
Deviation forces of flexural compression and
tension in a box girder

The couple formed by g, and ¢, is denoted m,':
myds = gpzds = — gy zds

o M
P =4pZ= —fpz = . @

which is the same result as obtained from the model of figure 7.93,

In box cross-sections, the deviation forces are localized in the top and bottom
siabs {fig. 7.95). Therefore, . :

!sz_ﬂf‘L: @ bs __ A{ — I?l,
P N ®

V\{hen e and  are zero in equation (7.1), the moment m1, ds will be in eguilibrivm
with the torsional moment 7¢

ar _ M .‘
F R

{c}

It is assumed that torsion in box sections is resisted primarily by a closed shear
flow » (fig. 7.96)‘ The difference in shear flow dv across the clement can therefore
be expressed in terms of the difference in the torsional moment:

dr :
T 2bohy ' @

dy

Figure 7.96
Shear flow in a curved girder ¢lement
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Sy p o M
5 9 2rhy
— .
T : "
& 2”"’01 . rz-rbu o Figure 7.97
X Torsional shear forces
p——
M,
2-1+hy
yo by '
&
' M
. Zrho o
i Figure 7.98 .
by Shear forces due to torsion plus deviation
forces
' ~
2rhg
By

Comﬁining equations (¢) and (d}; the following expression for du/ds as a function
of M 'is obtained:
", M

d _dr 1 m
ds  ds Zbohy  2bghy - Zbohor

The corresponding shear forces per unit length in the top slab, bottom slab,‘and
webs are given in figure 7.97. Adding ths deviation forces " and g™ (equations

_ (b)) vields the state of equilibrium shown in figure 7.98.

The shear forces resulting from the introduction of torque produce transverse .an‘d
Jengitudinal bending in the girder. This phenomenon was discussed in detail in
Section 5.1.2. If the stresses induced by transverse bending are high, it may be
preferable to provide intermediate diaphragms, The deviation forces g and g%
will then be transferred through longitudinal bending to the diaphragms, where
they are introduced into the cross-section as a concentrated torque.

In curved girders with open cross-section, the torgque i, can be resolved into @
statically equivalent couple of vertical forces applied in the plane of the webs

(fig. 7.9%c):

_m_ Mg 7.2
T8 b - a2

where g is the given load, applied symmetricaily about the longitudinal axis of the

girder. The longitudinal bending moment in each half of the girder can be assumed

equal to half the moment due ta g, M ()/2, pius the moment due to §, (-
M(q)

M =D a1 M=%+ M@
t
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ES oM i M
___qﬂ_-_ Lo Q'-WO AXI\A lq= thy
| [
il b, 820 b,
0 o]
Figure 7.99

Warping torsion in a curved double-T section: a, deviation forces due to flexural tension and
compression; b, approximate transverse bending moments due to the deviation fercss; c,
differential web loading due to the torque i,

* where “interior' and “exterior” are defined relative to the centre of curvature.

: When M (g) is positive, | My, | <], |; when M () is negative, | My, | > | Mol

(As a first approximation, it can be assumed that M, = M., = M(3)/2.)

The deviation forces g, and g, are calculated for the flexural tensile and
compressive forces of each half of the girder. Assuming that A (g) is positive, the
tensile forces are given by the following equations:

Zu=t (M2 y@)  Za; (2 u@)

where z is the internal lever arm. The corresponding deviation forces are

Zexl
r

int

Az, = and Gz,ent =

These forces induce transverse bending in the webs and in the top slab. At the
intersection -of webs and top slab, the transverse moments are given by the
following equations:

1(h _ '
M = 7 = - (L - 1) 73
' t M -
M % Qg7 =+ (524 M@) (7.4
Exanmyple 7.10:

Transverse bending moments in a curved bridge with open section

The single-span bridge is simply supported in flexure and torsionally fixed at both
ends. The span, [, is 30 m and the radius of curvature, 7, is 200 m. The distance
between the centrelines of the webs, by, is 6.5 m. A uniform load of 150 kn/m,
denoted g, is applied. The bending moment at midspan is calculated approxi-
mafely for a straight girder: '

2 2 T
Mg) = &é_ - 9&8(30)_ — 16900kN - m

LY

i
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The torque at midspan is calewlated using equation (7.1):

_M(z) 16900 -‘

and is resolved into the couple §:

=1 8:_55 = 13.0kN/m (equation 7.2)

0

The load 7 is distributed parabolically along the Iength of the girder. The moment
M(g) can be approximated as follows:

=12 2z
L

The transverse moments at the intersection of the webs and top slab are calculated
using equations (7.3} and (7.4): )

Mgy = ftj)T) (liz?ﬂ?_ - 1_220) = 36.2kN - m/m
Mgy = ﬁ (@+ 1220) = 48.4 kN - m/m

7.6.4 Prestressing

In statically determinate systems, the forces in the prestressing steel are in
equilibrium with sectional forces in the concrete. The latter forces can therefdre be
obtained directly from the corresponding components of the former. Assuming
the angle of inclination of the tenden is small, the components of prestressing force
relafive (o the centroidal coordinate system of figure 7.100 are as follows:

P.~p M.=P.a,~Pa,
da

P}:Pfo M,=P.a,

P=p, f;i_’ M,=—P.a,

l The torsional moment is defined with respect to the shear cenre:

T=M.—Pc,+Pe =Plo,—c)—P (a,—¢c,)

*
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C= Shear centre Figure 7.100
S+ Centrold Components of prestressing force
X

Each of these components corresponds to an equal and opposite sectional force in
the concrete: :

da, da,
N=-P, M, . =—P, (af dx%azz:l)
da,
Vr=—Fs ar M., = —Pea,
da,
V;'Z=—P:E ﬂ/‘[r,z:ﬂpxay
da, da
7:‘ = Px [((I}‘— cy) H - (az— Cz) ?xz] (75)

The concrete sectional forces produced by several tendons are obtained from the
superposition of the force components of each individual tendon.

Curvature of the tendons, due to tendon profile or curvature of the girder itself,
produces deviation forces normal to the Tongitudinal axis of the girder. These must
be equilibrated in the concrete section, either by differential shear flow or by
deviation forces of the normal stresses. Although the deviation force of the tendon
can be assumed concentrated at one location, the equilibrating concrete stresses
are typically distributed over the entire section, Transverse bending in the cross-
section will thus be induced, Since the transverse bending moments are required
for equilibrium, they must be considered at ultimate limit state, :

The deviation force of the tendons due to curvature of the girder in the x-y plane is
in equilibrium with the deviation forces of the normal stresses in the concrete due
to N, M, and M_ : ’

3 — ¢
QP,y e Qc,y

where
3 Px g 1
QP.y = _T and qr:,y = *; Ty (M’ -’w;,y: M,z)
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The deviation forces of the tendons due to the profile of the rendon relative to the
axis of the girder are given by the following expressions:

ar, da dapP, d*a
t y P ¥ P Pl z z
k= a’x * dx and - qf. dx * Ayt

Ttis assumed that gf', and g§!, are applied at the shear centre. The corresponding
torque is therefore

My p = qugfy (az - Cz) + qgfz (ay - y)

Z d2
= b [ @me)+ T e

These forces are equilibrated in the concrete section by the differential shear flow
dofdx dueto ¥, |, V, ., and T,.In a prismatic girder, the distribution of dvfdx in the
cross-section is geometrically similar to the distribution of the shear flow,

Typical shear flows in a box cross-section due to ¥, , ¥, ,, and 7, are shown in -

figure 7.101. For girders with variable cross-section, the shear flow on both sides
of the girder element must be considered in the caleulation of dvfdx.

The exact distribution of the differential shear flow is often not necessary for the
calculation of the transverse bending moments. It is sufficient in most cases to

compute shear forces in the top slab, bottom slab, and webs to equilibrate gf!,, -

gF ., and m, . Thus, shear forces in the top and bottom slab balance gf!,, shear
forces in the webs balance g, and m, pis balanced by a closed shear flow around
the box. ‘

In statically indeterminate systems, the redundant moments due to prestiessing
can be easily determined using the approximate method presented in Section 7.6.2.
Equation (7.1) s used to calculate the torque due to the redundani moment due to
prestressing in the straight girder, A4, ;:

Mep,s

Yy ¢ =

Figure 7.101
Shear flow tf in a box seclion: a, dus to ¥, ;; b, dug to ¥, ;; ¢, dueto T,
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The redundant {orsional moments due to prestressing, Tip, are calculated from
my p and from the torsional moments due to prestressing in the statically
determinate system, 7p.

7.6.5 Prestressing Concept and Tendon Layout

The prestressing concept for curved bridges is normally based on the same
considerations as for straight bridges. As a ntinimum, tensile stresses in the deck
slab due to permaneni [oad should be prevented. Torsion, which increases flexural
tensile stresses, must be considered in the caleulation of the required prestressing
force. The tendons in curved bridges can be arranged as described in Section 7.2.5
for straight bridges. Itis also possible, however, to arrange the tendons to enhance
the behaviour of the structure not only in flexure and shear but also in torsion.

In box girders, tendons that counteract torsion can be arranged in the webs or in
the top and bottom slabs. The required tendon profile can bs chosen, for example,
to balance some fraction of the torsional moments due to dead load. In a statically
determinate system, the torsional moment induced by an individual tendon is
given by the following expression:

T.(P)=—P, [(ay —ey) %— (a,—c,) %] (equation (7.5))

When the tendon is [ocated in a web and (@, — ¢} is constant, the slope da,/dx can
bechosen to match the torsional moment diagram due to 1oads at each point along
the girder. Similarly, when the tendon is located in the top or bottom slab and
(a, — c,) is constant, torsion can be balanced by an appropriate choice of da,fdx.

Insimply supported girders, it is possible to arrange the tendons to balance a given
torsional moment diagram without aftering the effect of the prestressing in
bending. This is accomplished by locating the tendons in the exterior web above,
and the tendons in the interior web below, the profile determined for flexural
behaviour (fig. 7.102). As shown in figure 7.103, balancing torsion in this way
itcreases transverse bending. Savings in torsional reinforcement are thus achieved
at the cost of additional reinforcement for transverse bending.

Tendons in the top and bottom slabs can compensate torsion and transverse
bending (fig. 7.104). In this arrangement, the savings in reinforcement for torsion
and fransverse bending are obtained at the cost of additional prestressing.

For these reasons, therefore, the balancing of torsion by prestressing is normally
avoided. Regardless of the tendon arrangement, the savings in reinforcement are
small and almost always outweighed by difficulties in construction.

In continuous girders, it is impossible to balance a given torsional moment

_ diagram by adjusting the profile of tendons in the webs without reducing the

R

ey
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{a)

° ]
l ® ]
]
R :Exlerior web

dog _dnyy PB:slderdor web -

[ Y
F}-—L =E]
=7

{c} (R= B, T #C My =M =0
. : Figure 7.102

Tendon arrangement in a simply sup-

—_ ported girder o compensate bending

and torsion: a, model; b, torsional
d 7 moments due to dead load, 7,; ¢,

{d) tendon arrangement to balance Ty; d,

tendon arrangement to balance bend-

superposition of arrangements (c} and
{d} to balance torsion and bending

[ Ry o I W

Torque due ko Differential shear
bending flow dueto torsion

(b) Figure 7.103
{l o+ = Transverse forees in a girder element: a,
due to load; b, due to prestressing with
Torque due to tendons in the webs arranged as in
deviation forces of figure 7.102
the tendons

Differentict shear
fiow due 1o torsion

flexural effect of the prestressing (fig. 7.105). If torsion in continuous girders must
be compensated by prestressing, it is preferable to use additional tendons in the
-top and bottom stabs (fig. 7.106).

In straight girders with non-skew supports, the effect of longitudinal prestressing
is essentially restricted fo longitudinal structural behaviour. Prestressing con-
tributes directly to the flexural resistance of cross-sections; the yield force of the

ing moments due to dead load; e,
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(a} . e
: I o R
b
; Torque due o Differentlol shear
! bending . floaduelo torsion Figure 7.104
v . Transverse forces in a girder element: a,

e — = “due 'to load; b, due to presiressing with ’
| _‘:J— + : tendons in the top and bottom slabs !
1 - - B
i Torque dee la Differerfigl shear
! devighion forcesof  flow e fodorsion
i The fendons - ;
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Figure 7.105
Theoretical tendon arrangement in & conti-
nueuws girder to compensate bending and i
torsion: a, model; b, torsional moments
due to dead load, T; ¢, tendon arrange-
mtent to balance 75 d, tendon arrangement
{e} to balance bending moments due to dead

b : load; ¢, superposition of arrangements (c)
and (d} to balance torsion and bending

tendons is thus considered in the computation of Afy. The vertical component of
prestressing, M, normally acts against the shear due to load. It can be added to the
cross-section resistance, or, equivalently, to the design shear (see Section 4.3.3):

Vit = Va+ V2

Any transverse sectional forces induced by presiressing in straight glrders arg
small and can be neglected.

,
b
b
i
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Figure 7.106
Arrangement of tendons in top and bottom slabs
of continuous girders to corupensate torsion due
L Tendons in fop slab 1o load

Tendons n botlom sleb

In curved girders, the effect of longitudinal prestressing is more pervasive. As
shown in figures 7.103 and 7.104, prestressing also induces torsion and transverse
bending. The torsional moment induced by prestressing, Ty, can be added to the
design torsion in & similar manner to longitudinal shear:

T =Ty+ Tp

Effective sectional forces are also used for the design of ¢ross-section elements -

under the combined effects of shear and transverse bending;
Mg orp = Hly + Hip
The compongnts of the effective sectional forces due to prestressing (Vp, T, 1mip)

should be calculated using P, when the design sectional force is decreased by
prestressing and 1.2 P, when it is increased by prestressing.

7.7 Arch Bridges

7.7.1 Conceptual Design

The cost of falsework and formwark for arch bridges is high in comparison to

conventional cast-in-place pirder bridges. As a result, arch bridges are economical
only under a limited range of topographical and peotechnical conditions, Arches
may be appropriate for crossings of rivers, canyons, or steep valleys, where a single
long span is required for the main obstacle and several short spans can be used for
the approaches. The economical range of reinforced concrsts arch spans extt_ands
from 50 m to 200 m. The higher costs of arch bridges may sometimes be justified
by their superior aesthetic qualities. '
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L Spon |

Figure 7.107
Terminology for arch bridges

\Springhg fne Springing fné

The ratio of arch span to rise, //f; should be chosen between 2:1 and 101 {for
terminology, see figure 7.107). The sensitivity of arches to creep, shrinkage,
temperature change, and support displacements increases with increasin g valucs
s:ofJff. Stresses and deformations due (o these actions are normally small when the
‘ralio of span to rise is less than 4:1, regardless of the degree of statical
indeterminacy of the arch. As J[ff approaches 10:1, it may be necessary to reduce or
eliminate redundant moments due to restrained deformations by providing hinges
at the springing lines and at the crown. The lon g-term deformations of flat, hinged
arches, in particular the-angle break at the crown hinge, will be large and must
therefore be carefully checked. Excessive deformations are unavoidable when the
span to rise ratio is greater than 10:1, even when full rotational restraint is
provided at the arch abutments. Reducing //f below 2:1 results in an awkward
appearance and substantial increases in construction cost.

The most common arch bridge arrangement consists of a roadway girder
supported by the arch from below (fig. 7.1084). It is also possible, however, 1o
suspend the roadway from twin arch ribs located above the roadway edges. The
girder can be designed to resist the horizontal compenent of the arch reaction; this
arrangement is called a tied arch (fig. 7.108b), Suspending the roadway from the
arch may be an appropriate solution for low-level crossings or when suitable
foundation material for conventional arch abutments is not available, Economy
and elegance are nevertheless difficult to achieve when this type of bridge is built of
reinforced and prestressed concrete. Arch bridges with suspended roadway can be
more successfully designed in structural steel,

The location of the arch abutments is Eérgely a function of topography,
geotechnical conditious, and construction method. Aesthetic considerations

()] =T ‘ /L7g,
-

Figure 7.108

Arch bridge types: a, conventional arch
bridge with roadway supported above
arch; b, tied arch with suspended readway
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Figure 7.109
Arrangement of arch abutmenis for an
inclined roadway

Figure 7.110

Crown design: a, arch and girder fised
fogether monolithically; b, arch and girder
separate

Figure T.111 )
Suggested crown arrangement when arch
and girder are fused together

require that the chord joining the springing lines be orfented paraltel to the deck
girder axis, as shown in figure 7.109. By locating a column directly above faach of
the arch abutments, two foundations can be eliminated and ths arch reaction can
be directed inlo the ground at a steeper angle.

The crown can be designed by fusing the arch and girder together monolithically
(fig. 7.110a) or by separating the two with short columns (fig. 7.110 b). The foFmar
arrangement enables a direct transfer of longitudinal horizontal forces from girder

“ta archand then to the arch abutments, A satisfactory visual treatment is obtained

when girder soffit and arch are of equal width and when the arch axisis tangent to
the extended girder soffit line (fig. 7.111). An uneven number of interior spans
above the arch generally results in the best appearance; columns shouid thus ot
be located at midspan when the arch and girder are separated at the crown.

The arch, columns, and deck girder constitute a frame system, When the girder is
divided into fewer than five interior spans, the arch should be simplified into an
inclined-leg frame and the system designed following the gnidelines presented in
Section 7.8.

'The moments in the frame system can be divided into two components: Sfixed

system moments and flexible system moments, Fixed system moments are
produced when vertical deformations of the arch are restrained and are thus equal
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to the continuous beam moments in the girder. Flexible syster moments
correspond to vertical displacements of the arch and are, in general, shared by
arch and girder. Two idealized limiting cases are possible: stiff arches, which resist
the entire flexible system moment with no participation of the girder, and deck-
stiffened arches for which the entire flexible system moment is resisted by the
girder, - :

Moments due to arch displacements can be further divided into dead load and live
load components. To minimize bending in the arch due to dead load, the axis of
the arch should be located along the dead load pressure line {see Section 7.7.4),
Axial deformations in the arch due to dead load always displace the arch away
from the pressure line, thus inducing moments due to dead load in the frame
system. Far more important, however, are the frame system moments produced
by arch displacements due to partial live load. Flexible system momenfs of either

" type are distributed to girder and arch according to their respective flexural

stiffiess, Bending in the arch necd not be eliminsted entirely. Since flexural
capacity increases initially with axial force, moments of limited magnitude are
actually resisted more efficiently by arches than by girders of equal depth, which
do not benefit from *“natural prestressing” at nitimate [imit state.

Arch stiffness affects not only the behaviour of the completed structure but also its
behaviour during construction. The arck can be made sufficiently stiff to carry the
dead load of arch, columns, and girder without relying on girder stiffness for
global stability. This enables falsework to be removed immediately after
completion of the arch, or construction of the arch using the cantilever method.
Although the falsework required for slender arches is lighter in comparison, it
must normally be kept in place until completion of the girder.

Girder depth should be constant for the entire length of the bridge. Tn addition, the
approach spans should not differ markedly in length from the girder spans above
the arch. The girder moments in the arch re gion, the sum of a fixed system moment
and a flexible system moment, will thus normally be greater than the moments in
the approach spans. The girder must therefore be proportioned more generously
than normal girder bridges; it is recommended that the ratio of span to depth be
chosen between 12:1 and 15:1 in the approach spans. This enables the girder
moments in the arch region to be resisted economically.

Stability of the frame is greatly enhanced by continuity in the deck girder. Tn
addition, the detailing of properly functioning joints is difficult due to the
relatively shallow girder. Expansion joints in the girder should therefore be

" provided only at the girder abutments, even when the approach spans are curved.

Since the neutral point of the system is located at the crawn of the arch, the girder
supports must permit longitudinal displacements.
7.7.2 Dresign of the Cross-Séction

The cross-section of the girder must be chosen in consideration of the interaction
of girder and arch. For stifl or nearly stiff arches, bending moments in the girder
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will be a function of interior span length only. Double-T or selid slab sections can
therefore be used, regardless of arch span length, When girder stiffness has a
significant influgnce on the behaviour of the frame system, positive and negative
moments in the girder will be of approximately equal magnitude over the entire
length of the arch. Box cross-sections ate therefore chosen for the girder of long-
span arches; double-T sections can be used for short-span arches.

The cross-section of the arch is primarily a function of arch span length and the
ratio of arch stiffness to girder stiffness, Deck-stiffenad arches can be built as thin

_ slabs, the thickness of which is normally controlled by the buckling resistance of

the arch between columns. This criterion can be satisfied by providing a relatively

large number of closely spaced columns, Slabs, twin ribs, or hollow boxes can be.
_used for arches that must resist some or all of the flexible system moment. The

choice of secti'oq depends primarily on span length.

Slab arches appear slender and elegant but are relatively expensive. The ratio of
flexural resistance to material cost is sinall, particularly for wide slabs. Falsework
for slab arches must be capable of supporting the entire dead load of arch,
columns, and girder, Slab cross-sections are thereforé normally used only for
narrow bridges and for spans less than 20 m. o

‘Twin ribs arg econemical for spans of up te roughly 150 m. A more favourable
ratio of flexural resistance fo material cost is obtained with rectangular sections
oriented vertically. The solid, narrow eross-section reduces the cost of top forms,
required when the oufer face (of the arch is steeper than 20 degrees. The
considerable bending stiffness of ribbed arches helps to reduce falsework costs,

Box sections, which can be used for spans in excess of 200 m, are the most practical
cheice for long-span arches. The high ratio of flexural resistance to material
consumption helps to offset the high cost of interior formwork, Hollow-box
arches are normally sufficiently stable to enable removal of falsework before
completion of columns and girder. Their light ‘weight, moreover, makes them
suitable for construction using the cantilever method.

¢
7.7.3 Prestressing Concept and Tendon Layout

The approach spans, which resist only fixed-system moments, can be prestressed
according to the prestressing concepts presented in Section 7.2.3 for conventional
cast-in-place girder bridges. The tendons are preferably arranged in the webs. A
different concept and tendon arrangement are required for the girder spansin the
arch region, which must resist positive and negative moments of roughly equal
magnitude at all locations. Tension reinforcement is therefore required at the top
and at the bottom of the section. An efficient use of prestressing results when the
prestressing stee] and the minimum reinforcing steel are just sufficient to resist the
ultimate moments due to dead load plus live load at the locations of lowest stress.
The cross-section resistance is increased as required-at other points by the addition
of mild reinforcing steel.

T T .
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Tenden arrgngement
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Fipure 7,112
Tendoa arrangement for arch bridges

Itis recommended that the entire girder be fully prestressed for dead load, The
prevention of permanent cracks is desirable not only for durability, but also
because the resulting increase in stiffness improves the global stability of the frame
system. .

T.he tendon arrangement shown in figure 7.112 is recommended for hollow-box.
girders. Web tendons, designed to balance the dead load of the girder in the fixed

systemn, are provided over the enfire length of the bridge. They are lapped at the

_columns above the arch abutments and are terminated just before the crown. The

interior spans above the arch are often progressively shortened towards the crown,

By stressing the web tendons at the columns above the arch abutments, the-
prestressing force decreases towards the crown to match the reduction in span

length. The full eccentricity of the tendons can thus be utilized for the entirelength

of the girder.

Tendons in the top and bottom slabs are provided only in the arch region and
should be placed as close to the webs as possible. The bottom slab tendons
ferminate just before the crown (fig. 7.113). Top slab {endons that are contimsous
{)ver 'the crown can help to balance the eccentrically applied arch force at this
ocaflion. '

The stressing anchors of all tendons in the arch region are located at the face of a
buttress formed by widening the webs {fig. 7.114). A temporary opening in the
fieck slab must be provided to allow access for the Jack. Overlapping the tendons
is beneficial since negative moments in the girder are normally highest at this

location.

7.7.4 Preliminary Design

The axis of the_arch should be located as close as passible to the pressure line due
to dead load. Since the weight of the girder and columns is applied as concentrated
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Figure 7.113
Tendon arrangement near crown

Temporary occess opening
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Figure 7.114

Tendon arrangement over the arch abutments
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Figure 7.115
Pressure line due to dead load: noiation

loads at the base of each column, the slope of the pressure line will be

discontintous at these locations. Thess small angle breaks should not be

smoothened out for aesthetic reasons to achieve an arch of constant curvature; the
- true pressure line is always the mast visually convincing form. ;
The pressure line is calculated assuming the arch is hinged at the springing lines
and at the crown (fig. 7.115). The dead Toads, G;and g, span length J, and rise fare
given. The moments produced when Gy and g are applied to a simply supporteq
beam of length [ are denoted M, (x). The horizontal reaction component, M, is
obtained from moment equilibrium of one half of the three-hinged arch: '

M)
"=

The moments in the three-hinged arch, M (x), are therefore given by the following
equaftion

M(x) =My(x) — Hy

The arch ordinates, v, are obtained from the condition M{x)=0, for all x, It
therefore follows that

My M)

PSR S any’

The total weight of arch, columns, and girder can be approximated as a uniformly - B

distributed load, denoted g. The corresponding value of the horizontal reaction is
given by the equation : :
o _ & .
LIGEL
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Figure 7.116 .
Moments induced by vertical deflection of
the arch due to dead load

me

The axial force in the arch, N(g), induces axial deformations which produce a
vertical deflection at the crown, 4% Assuming N(Z) = H(g)cose, the crown
deflection can be calculated using the following approximation

5¢ o H@) I+ 3041
SEAATT 4

where A4:C denotes the cross-sectional area of the arch at the crown. When both
girder and arch are fixed at the ends of the arch span as shown in figure 7.116, the
moments induced by &% can be expressed as follows:

1 16£19

MPE = =5 MOF == §©
. A
MAC = M% MAS = 1611? 3¢

The moments thus produced in the girder must be superimposed with the fixed
system 1moments due to dead load.

Redundant moments due to dead loadare also produced when the arch is built by
cantilever construction. The arch deforms due to creep after closurs, inducing a
state of stress approximating that of an identical arch cast on conventional
falsework. :

Moments in the flexible system due to dead and live load can be calculated in a
relatively straightforward manner for twe limiting cases: (1) a deck-stiffened arch
with fixed-end girder (fig. 7.1172) and (2) a stiff arch with girder of negligible
flexural stiffness (fig. 7.117b). For equal geometry of the nodal points, the frame
moments in both systems will be identical. For the redundant forces shown in
figure 7.117¢, the flexibility coefficients &, can be formulated as follows:
i
by = [ M

I

dé (deck-stiffened arch)

I
My g (sHiff arch)

M,
5};( ﬂgﬂd}ﬁ ds=£ Aiflw
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Figure 7.117 -
- Primary system and redundant forces in
My -f idealized girder-arch systems: a, deck-stiffened
arch; b, stiff arch; ¢, moments dus to X, = {

}vhere sdenotesarc length along the arch axis and & is the horizontal coordinate. Tt
is assumed that the flexural stiffness of the arch obeys the following equation:

ET*cosa = EF4°C
where Ef:¢ is_ the stiffness of the arch at the crowrn. Moment dia grams for the two
cornmon partial live load cases of figure 7.118 are given in figure 7.119 for a stiff
arch; the moments in the girder of the correspending deck-stiffened arch are
identical. -

In general, moments in the flexible system are shared by girder and arch. They can

‘be calculated approximately by distributing the moments A obtained from either

a deck-stiffened arch or a stiff arch to girder and arch according to their respective
stiffnesses:
¢ © .
MY=M e (girder) ) (a)
. 4.0 '
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L4 lia

Figure 7.118 . )
Partial live lbad arrangements: a, over the left half of the span; b, over the middle third of the span
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Figure 7,119

Frame system moments in a stiff arch due to partial live load

nfluence lines are normally required for the calculation of the envelope of live
load moments in the flexible system. For preliminary design, however, maximum
moments at the springing lines, quarterpoint, and crown can be estimated from
the two partial live load cases shown in figure 7.118.

Girders that are not supperted over the springing lines have a longer “frame span’
than the arch. The flexible system moments should in such cases be computed

i
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taking I as the arch span. The moment diagrams of fignre 7.119 remuin valid. The
distribution of the flexible system moment to girder and arch according to
equations (a) and {b) is valid at the quarterpoint and crown. At the springing lines,
the flexible system moment will be resisted essentially by the arch alone, assuming
EI%~ EFAC,

The total moment in the flexible system, A, must be computed using second-order
methods. Montent 34 can be sxpressed as the sum of a first-order component, M,
obtained from figure 7.119 and a second-order component M;, equal to the axizl
force in the arch times the second-order deflection of the arch due to My. The
following simplified method for caleulating A4, is valid for fixed-end arches with
prestressed girder.

The critical load case for buckling normally consists of dead load plus live load
applied to one half of the arch span. The deflections of the arch due to this [oad,
and hence its buckled shape, are shown in figuré 7.120. Provided Ef cosa = ETAC
for all values of «, the calculation of 44 can be carried out for an idealized straight
member, shown in figure 7.121. :

I
Figure 7.120 '
Antisymmetrical buckling shape

Py

' ’
— N
e T Tl Figure 7.121
Model for the caleulation of second-order
moments in the frame system !

>

Flexurof sﬁff;e';s El,

The second-order deformations, &, are computed from the first-order deflections
due to live load. The effective flexural stiffness of the idealized straight member at
ultimate limit state, EIL, must be used. Provided the arch profile follows the dead

load pressure line and the deck girder is prestressed, ET, can be approximated as» |

EL =1 (EI*®+ EI%)

The factor 1/4 is used to account for cracking and material plastification at
ultimate limit state. :
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The first-order deflection at ultimate limit state can be expressed approximately as

l 2
y‘f"{O.max (_—)
PR A

o 132,

where Ay ., is the maximum moment in the flexible system due to live load
applied to one half of the span, obtained from figure 7.119. The total safety factor
y is the product of the load factor ys and the resistance factor yj. .

The second-order deflection is obtained from the equation

1
J

where the crifical load of the arcl, Ng, is given by
Ny = ”zEII ,
(075)
and N denotes the axial force in the arch due to dead load and live load. -
The seeond-order moment 34, can thus be computed from the following equation:
My, =0738yN

The factor 0.73 accounts for the end conditions of the straight beam model
(fig. 7.122). The total moment 34 (equal to My + M;) must be distributed to the
girder and the arch according equations (a) and (b).

oo
. ) +— 7N
R PPt T2 W
ores - l . Figure 7.122
J. Lo i Buckling shape of the straight girder model
1

1
7.8 Frame Bridges
7.8.1 Conceptual Design
Frame bridges can be regarded as simplified arch structures. The most conimon

types of frame bridges are single-span frames with straight or inclined legs
(figs. 7.123a, b, c} and multiple-span, inclined-leg frames (figs. 7.1234, ).
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Fignre 7.123
Frame bridges: a, two-hinged frame with box cross-section; b, twe-hinged frame with slab cross-
section; b, two-hinged frame with slab cross-section; c, trapezoidal frame for small underpasses;
4, inclined-leg frame bridge; e, inclined-leg frame bridge with V-struts

Single-span frame bridges are appropriate when the span is long compared to the
height of the bridge. The horizontal reaction at the base of the short, stiff columns
produces positive and negative moments of similar magnitude in the girder. This
type of structure is usually easier and less expensive to maintain than simply
supported bridges, since expansion joints and bearings can be eliminated for spans
of up to approximately 50 m. Because they use materials more efficiently, single-
span frame bridges also appear lighter and more slender than simply supported
bridges, especially when the girder is haunched. Single-span frames can be built
without special problems for spans of up to approximately 70 m. For longer
spans, it is difficult to design foundations capable of resisling the horizontal
reaction.

Single-span frame bridges are normally designed as two-hinged systems. Hinge
action can be achicved by tapering the columns towards the base; actual hingesare
detailed only in exceptional cases. Because they are usually required to retain soil
on ejther side of the bridge, the columns are designed as vertical or slightly inclined
walls. Ribs can be provided on the backfilled face of the columns to increase their
internal lever arm. Long-span strictures may require a heavily reinforced, inclired
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diaphragm at the intersection of girder and column to help deviate tensile and
compressive forces around the corner of the frame (fig, 7.123a). A truss model can
be used to design the diaphragm reinforcement,

The ratio of girder span to depth should be roughly 17:1 at the supports and 50:1
at midspan. A box section can be used for the entire length of the girder for spans
greater than 50 m. The depth near midspan is normally insufficient for  hollow
box when the span is less than 50 m. For spans in the 25 m to 50 m range, a double-
T section can be provided over the middle three quarters of the bridge: a bottom
slab is added near the ends for additional negative moment resistance. Solid stabs
are inost practical for spans less than 25 m.

Solid slabs can be used for girder and columns when the span length is less than
15m (fig. 7.123¢). Thess small frames are normally covered with subgrade
material to increase the homogeneity of the roadway.

Expansion joints must be used for span lengths greater than 50 m. Figure 7.124
shows a suggested detail in which the frame columns are located inside the
abutment chamber. Expansion joints are not necessary, however, for spans less than
50 m. In such cases, backfill is retained by the columns; the approach slabisplaced
onto a neoprene strip on the end diaphragm (cf. fig. 7.125), Damage to the
wearing surface at the ends of the bridge can be prevented by cutting a groove in
the asphalt at the probable crack location and filling it with bitwminous material,
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Figure 7.124
Detail at ends of long-span two-hinged frame bridges
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Figure 7.125
Detail at the end of V-strut bridges

The details shown in figure 7.125 require considerably less maintenance than an
expansion joint,

Grade separations in the 30 to 35 m span range are often designed with V-struts.

The truss action of the struts results in strong fixity of the girder. The columns,
which are slender relative to the girder, can be connected monolithically to both
gizder and foundafion; the bending moments in the ecolumns will be insignificant.
Tension columns that are covered with fill should be protected against vertical
loads induced by soil settlement by a semicircular shell located above the colurmns.
The girder ends should be backfilled directly without expansion joints, thus
eliminating the need for abutments (fig. 7.125). :

Inclined-leg frames can be an economical alternative to arches for small and
medium spans. They are particulatly appropriate when the use of inclined legs
results in balanced, economical span lengths (fig. 7.126). The geometry of
multiple-span inelined-leg frames should correspond to the pressure line due to
dead load (fig. 7.127). This will eliminate girder deflections at the columns due to
dead load and will result in a dead-load moment diagram in the girder equal to
that of a contimzous beam. The line connecting the foundations of the inclined

Figure 7.126
Suitable topography for inclined-leg frame bridges
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Figure 7,127 '
Pressure line for inclined-lea frame bridges (G denotes girder reaction plus the weight of the upper

portion of the column): a, skew-symmetrical V-strut bridge; b, skew-symmetrical inclined-leg
bridge; ¢, asymmetrical inclined-leg bridge
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cotumns or the points of intersection of the columns and the finished ground line
should, for aesthetic reasons, be oriented parallel to the foadway grade.

Vertical diaphragms are used at the connection of the inclined piers to the girder.
The width of the diaphragms should be less than the column as it connects to the
girder (fig. 7.128).

7.8.2 Prestressiné Concepts and Tendon Layouts

Long-span frame bridges are sensitive to deformations. The horizontal reaction at

- the base of the columns can be considerably reduced by deformations due to
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shrinkage, creep, and foundation displacements. This can lead to substantial
redistributions of moments. It is therefore recommended to provide a concentric
state of stress at midspan under permanent load, taking into account the loss of
prestress and the reduction of the horizontal reaction. When frame bridges are
used for grade separations, cracking in ‘the underside of the girder should be
prevented by full prestressing for dead load. ,

Slab frames with spans of less than 10 m, used for grade separations, need not be
prestressed in the direction of the span. The behaviour of these structures is not
impaired by deformations nor by flexural cracks. Adequate prestressing per-
- pendicular to.the span is of considerably greater importance for long prade
separations, to prevent full-penetration cracks due to shrinkage and temperature.

The tendons in single-span frames usually extend over the entire girder length to
achieve a strong prestress at midspan. The deviation forces due to prestressing
should balance the dead load, regardless of haunching. The effective curvature of
tendons in a haunched girder can be calculated as shown in figure 7.129. The
curved axis of the girder is taken as horizontal and the upper surface of the girder is
drawn curved, maintaining the distance between axis and surface,

The columns of single-span frames are prestressed only for fong girder spans, since
the wide webs of the columns can usually be properly reinforced with mild
reinforcing steel. The lap splice of the column reinforcement and the girder
prestressing should be generously proportioned. Adequate transverse reinforce-
ment must be provided at the location of the splice.

The tendons in multiple-span inclined-leg frames can be arranged as for a
conventional continuous beam, provided the form of the structure corresponds to
the pressure line due to dead load. -

p /Glrdef axis

’ idealized tendon oxis ,
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Fipure 7.129
Tdealized tendon layout for haunched girders

Ideclized herlzontol girder axis
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7.9 Slab Bridges
7.9.1 Couceptual Design

The solid slab is the [east efficient of the cross-sections commonly used in bridge
construction. Slab sections can achieve flexural stiffness and resistance only at the
cost of high dead load. Since the thickness of solid slabs is usually no greatet than
0.8 m, their economical range of spans is [imited. Slab bridges are nevertheless a
practical solution for grade separations, in particular those with a complicated
layout, -thanks to their minimal depth, two-dimensional isotropic structural
behaviour, and simple construction procedure.

The’ geometry of skew slabs can be described by the following parameters
{fig. 7.130): span length parailel to bridge axis, /; skew span length perpendicular
to the axis of the supports, /y; width, b; and skew angle, ¢, measured between the
longitudinal axis of the bridge and the axis of the supports. Economical values of /
for a simply supported solid slab, depth 0.8 m, wilt vary between 20 m and 40 m,
depending on ¢ and the ratio /o /b (fig. 7.131). Span lengths can be increased by 10
to 20 percent when the slab is continuous over several supports or mcorporated
into a rigid frame.

The dead load bending moments in slab bridges are generally about five times
greater than the cracking moment of the slab. A complete crack pattern will
therefore be produced over a large area of a non-prestressed slab due to dead load

- Spon paraliel ta
bridge axis
12 Shortest distance
between spporied sdges .
b 3 Width Fignre 7.130
¢t Shew angle Geometry of skew slab bridges

Figure 7,131 ,
/b Maximum economical span length, /, for a
simply supported slab of thickness 0.8 m
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Figure 7.132
Principal bending mements »2; and 7, due to uniform load in a simply supported skew slab

alone. In addition, non-prestressed slabs are extremely sensitive to deformations,
especially at the free edges. It is therefore recommended that slab bridges be
prestressed and that their deformatlons dug to permanent load be carefully
checked. - o

In skew slabs, the direction of the principal bending moments due to dead load
deviates only slightly from lines drawn perpendicular fo the support axes

(fig. 7.132). When the width of the slab, 4, is large relative to /;, the sectional forces

in its middle region will be identical to the sectional forces in a slab of infinite
width. A special investigation will thus only be required at the free edges.

Expansion joints and bearings should be avoided whenever possible. Single-span
slabs, for example, can be connected monolithically to the abutment walls to form
aframe system. Provided the slab is prestressed, the negative moments due to dead
load plus prestressing at the slab-wall connection will be small under service
conditions. The thickness of the abutment walls can thus be smaller than the slab
depth (figs. 7.133 and7.134), The abutment wall may be strengthened with
perpendlcular ribs that taper from the slab-wall connection dewn to the
foundation.

Bearings will be required at at least one end of long continuous slab bridges. They
should allow rotation in all directions and should be spaced at a distance of 3to 5
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Figure 7.133
Details at intersection of slab and abutment wall

E—“‘.__..V ‘ . 7 - 2
' ) » Figure 7.134
ﬁ' / “ — g Plan: connection of abutment wall to slab

times the slab thickness. A single unindirectional bearing, normally located on the
longitudinal axis of the bridge, determines the direction of movement, All other
bearingsare free to displace in all directions. The resistance of the slab to punching
shear must be checked at the bearings, in particular at the corners. The danger of
punching is best eliminated by locally. thickening the edge of the slab rather than
by reducing the spacing of the bearings.

The design of abutment wingwalls poses a difficult aesthetic problem for grade
separations. Wingwalls that are parallel to the roadway above should not appear
too tall relative to slab depth. Smaller, better proportioned walts can be achieved
by lengthening the span (fig. 7.135). This will ofien, however, result in a
substantial increase in cost. Wingwalls that are parallel to the roadway crossing
underneath can create the impression of a tunnel. A better appearance is obtained
when the walls are funnel-shaped or when they are split into upper and lower
portions, as shown in figure 7.136. Shori-span grade separations that are designed
as trapezoidal frames can be incorporated particularly well into embankments
(fig. 7.137).

Figure 7.135
Visuval effect of wing walls
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Figure 7.136
Possible wing wall arrangements

Figure 7.137
Trapezoidal underpass

7.9.2 Design of the Cross-Section

Solid cross-sections are normally used. Solid slabs are particularly easy to
construct and, due to their two-dimensional isotropic behaviour, are appropriate
for complicated planlayouts with large variationsin the directions of the principal
bending moments. The slab thickness should, for economic reasons, be limited to
roughly 0.8 m.

Although hollow-core slabs made with stay-in-place forms are somewhat lighter,
they are more difficult to construct and are less durable than their solid
counterparts. The internal formwork must be anchored against uplift during
concreting and all voids must be provided with vents and drainage openings.
These added construction costs usually outweigh any saving in concrete and
reinforcement for short span bridges.

Ifa slab thickness of 0.8 mis not sufficient for the given span length, a multiple-cell
cross-section should be used (fig. 7.138); the depth should be increased to at least
1 m, Precast, prestressed concrete planks, 50 mmi thick, can be used to form the
deck stab, The prestressing in the planks can later serve as the main reinforcement
of the deck slab in the completed structure. A large number of oval-shaped
manholes must be provided in the bottom slab for access to each of the cells.

Figure 7.138
Cross-section of a multiple-cell slab bridge

7.9.4 Design 405

Figure 7.139 :
Deetails at free edges of slab bridges

The free edges of non-skew bridges can be designed as cantilevers, as shown in

" figure 7.139. Cantilevers should be avoided, however, for the free edges of skew

bridges which are highly stressed and thus sensitive to deformations. Any
weakening of the cross-section or additional loading from the cantilevers is
therefore undesirable.

7.9.3 Prestressing Concept

Tt is neither necessary nor practical to eliminate tensile stresses due to dead load at
every point on the slab. It is sufficient to prestress the structures to obtain a
balanced state of stress under permanent load. The cracking moment should be
exceeded only locally and deformations should be kept small, particularly along
the free edges. This can be achieved by balancing between 60 to 80 percent of dead
load with the deviation forces due to prestressing over the entire slab. Construc-
tion s facilitated when the prestressing steel is arranged in the smallest number of
different directions, using parallel tendons of equal length. '

7.9.4 Design . P

Sectional forces can be calculated directly from the differential equation of an
elastic plate t
7w Bw 3w g

= T 5T ay" + oD ‘ {equation 5.21)  {a)

usingequations (5.18), (5.19), and (5.20) of Scction 5.3.1. Reinforcement designed

purely on the basis of the elastic sectional forces, however, is needlessly

complicated. A simpler, more rational arrangement of reinforcing and prestress- ¢
ing steel can be obtained by taking advantage of the capacity of slabs to,
redistribute moments. Significant reduction of peak siresses due to cracking can

be assumed even under service conditions. '

Design, detailing, and construction are considerably simpiified by concentrating +
the main reinfercement into a small number of bands, each composed of parallel
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bars orf tendons of equal length. The arrangement will satisfy global equilibrium

and .ensure adequate behaviour under service conditions when the design

moments are computed as the sum of the moments obtained from: (1) the elastic
solution of equation (a), and (2) a solution of the homogeneous equation

t

atw d*w a*w )

_ — b

Bt T oxe ayt + ay* : ®)

for an appropriately chosen structural system. The sccond, sclf-equilibrating

component can be regarded as a redistribution of a portion of the moments of -

component (1) onte the main reinforcement bands. The load of magnitude zero is
decomposed into-the following two loads:

1. 4, applied to an idealized slal in which the reinforcement bands are assumed to
behave as independent beams
2. — g, applied to the original slab

Equilibrium is unchanged since the net load is zero. Both systems satisfy the
statical boundary conditions of the given system. The sectional forces due § are
beam sectional forces and are thus easily computed.

The redundant moments due {o prestressing, m#i,p, which must be combined with
the moments ‘due to dead load and live lpad at uitimate limit state, are a
particularly good choice for the self-equilibrating moments. They are defined by
the following equation - ' '

Higp = Mip -~ Hlyp

where my is the fotal moment due to prestressing and mgp is the prestressing
moment in the statically determinate system:

- Pe
Hgp = — b

The parameter Ab is the tributary width of one tenden and is equal to the lesser of
the tendon spacing or twice the slab thickness (fig. 7.140). The moments »i, are
obtained when the deviation force g, is applied to the original slab; moments
— Mgy are obtained when — g, is applied to the idealized slab in which the
prestressing bands are individual statically determinate beams. The redundant

Figure 7.140
Model for the ealculation of the moment
due to prestressing in slabs

!
|
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Figure 7.141

Points at which reinforcement must be designed (4 denotes slab thickness): a, slab simply

supported at two opposite edges; b, slab fixed at two opposite edges

moments #1,p are thereforg self;equilibrating and can be readily combined with the
moments due to dead load and live load. The load factor y, can be freely chosen
between 0.8 and 1.4.

The elastic sectional forces due to the given loads are normally calcutated using the

finite-clement method. The self-weight of cantilevers (fig. 7.139) is considered as
an edge loading, (v.qge, Meqqe)- The sectional forces due to live load are obtained
from several critical positions of the load.

The reinforcement is designed for the factored moments due to dead load, live
load, and the redundant moment due to prestressing. The design is based on the
principles outlined in Sections 4.3.5 and 4.4.2. The calculations need only be
performed at the points indicated in figure 7.141; the reinforcement thus
computed can be then used for the corresponding region of the stab.

Example 7,10: : .
Rectangnlar siab: Calenlation of design moments due to dead load

The simply supported slab shown in figure 7.142 is loaded by its self-weight, g.
Prestressing tendons are located at either edge of the slab in bands of width &g,

#% e
1 |

l=1.5b ?

i .
Edge strip by [-b/8
b/Z _
_ Figure 7.142 ’
%e' A L Example 7.10: structural system




408 7.9 Slab Bridges
mg [x=G) .
¥
m o my L 00
L - 089 - §__, - 05 -

mg (x=0)  Stractural system: beam -

¥
A %zi“ ' - o

26 000

< Y
J< —X e —=x

mg =0} Structural sysfem : slb
¥

m _°eej ______ 0 ooo__ _ _
s
Eas ~083 ¢ Eae —
]800
——X }/ Q15 Cex
mg = yg Img + Mg -q) (=0k; yg =14
. ¥
Md Myd i 060 _
3,\ } 0.28 x
Figure 7.143

Example 7.10: moments 2, and m, {divided by g/%/8) at the centre of the slab

equal to 5/8. The design moment in the x-direction will be concentrated along
these bands by adding self-equilibrating moments due to the sum of: (1) § on the
idealized system consisting of independent edge beams, and (2) — § on the original
system. The total foad due to § is 65 percent of the total dead load:

- b

The resulling design moments are shown in figure 7.143,
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=
’%’ Tenden :%
! 1=15b :
- ¥
2 Fi 7.144
AT ] ~ Figure 7.
} Middie strip M—b@x Example 7.11: structural system
- Tendens
Example 7.11:

Rectangular slab: Caleulation of design moments due to dead load, lve load, and
Prestressing

The slab shown in figure 7.144 is loaded by dead load, g, and a uniformly
distributed live load, g, equal to 0.25g. The deviation force due to prestressing, gp,
is chosen to give a total load equal to 80 percent of total dead load:

b
. qP—O.Sg%

The load factor for prestressing, y,, taken as 1.4. The design moments are shown
in figure 7.145,

mgeq (=0 gy y \
o Y I ™ 000, ____ !
dem 089 . }%__ 00% 4
1
Mgp *Mp =~ Mgps =0 :
¥ y
My _ m 000
-osl% ——————
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M _ .1 908 My o _...fo00
§Qﬂ8
405
< 403, de -025 .
Figure 7.145

Example 7.11: moments m_ and n1, (divided by (g g}/%/8) at the centre of the slab
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Example 7.12: a, structural system and loading; b, tendon arrangenent

Printipal redundant moments due fo prestressing g Printipal design momenls my
My Mg = Mgp Mg = | Amg,q+.4mep
Figuré 7.147 '

Example 7.12: principal bending moments at points m, #, and 5 of a simply supported slab (ses
figure 7.141)

Evample 7.12; .
Skew prestressed slab: Caleulation of the design inoments in the prinicipal divections

The slab shown it figure 7.146 is loaded by dead load, g=10kN/m?, and a
uniformly distributed live load, g=2.5kN/m? The deviation force due to
prestressing, gp, is taken as —0.8 (g +g) or —10 kN/m?. The factor y»is 1.4. The
resulting design moments are shown in-figure 7.147.

7.9.5 Reinforcement Layout

It is difficult to optimize of the total tonnage of reinforcement in skew slab bridges.
Fach position of the lead yields different principal directions for the bending

7.9.5 Reinforcement Layout . 411

moments at all points in the slab, The theoretically most efficient reinforcement
layout would therefore be compficated and expensive. It is more economical to
arrange the reinforcement into regular patterns that are easy o fabricate and
place. The savings in [abour costs will always outweigh the added costs resulting
from the higher consumption of steel,

It is not necessary to cover fthe entire surface of the slab with prestressing tendons,
The sectional forces in the portions of the slab that are not crossed by fendons will
be transferred to the prestressing steel by the redundant moments due to
prestressing. Tt is preferable 1o provide bands of parallel tendons which, wherever
possible, are orienfed in the direction of principal stress. Parallel fendons must

-always be provided along the free edges, which are particularly sensitive to

deformations. The resistance to punching shear at point supports can be enhanced
by concentrating bands of prestressing tendons at these locations.

The eccentricity of the tendons need not be propoertional to the theoretical
moment diagram due to dead load. It is preferable to provide a parabolic cable
profile, which produces distributed deviation forces that are roughly uniform. The
prestressing will therefore balance a portion of dead lead and the moment
diagrams due to dead load and prestressing will be roughly proportional 1o each
other.

Figures 7.148 and 7.149 illustrate some possible arrangements of prestressing in
skew slab bridges.

(a) {b)
# =

A

Frame

Figure 7,148
Tendon arrangements for single-span slabs: a, narrow; b, wide
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Tendon arrangements for multiple-span slabs: a, narrow; b, wide

Minimum mild reinforcing steel must be provided over the entire slab surface.
This reinforcement is necessary for crack eontrol and may be considered in the
caleulation of ultimate flexural resistance. The bars are normally arranged in
an orthogonatl pattern, parallel and perpendicular to the bridge axis for narrow
or long slabs, and parallel and perpendicular to the support axis for short
slabs. -

The edges of the slab are sirengthened with bars parallel to the edge and closed
stirrups (figs. 7.150a, b). The stirrups are designed for the superimposed
shear flow due to vertical shear and twist according to the principles outlined in

Section 4.4.2. They must be properly spliced with the transverse reinforcement’

of the slab.

A top layer of reinforcement is normally required in the corners of the slab that
form an obtuse angle. This reinforcement can be detailed as shown in figure
7.150¢. .

The calculation of the steel stresses under service conditions is difficult since the
redistribution of sectional forces due to cracking is often substantial, even at
low load levels. If the cracking moment under dead load and prestressing is
exceeded by a significant amount in individual regions of the slab, it may be
necessary to provide additional prestressing. .
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(a) =] rEdge strengthening [Edge sfirrup
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Section A-A

 Edge stirup
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Section B-B

U] *  Upper surface of slab

(e}

e

. ————

Dy=15¢
Curved reinforcement anchored
Inta siab with stirups

Seckon C-C

Figure 7.150 ) .
Reinforcement layout for skew slabs: a, edge reinforcemént for narréw slabs; b, edge
reinforcement for wide slabs; ¢, upper reinforcement in obtuse-angle corners

7.10 Cable-Stayed Bridges
7.10.1 boncéptuai Design

a) General Considerations

The longest-spanning prestressed concrete bridges are supported by inclined steel

cables. This arrangement extends the economic range of concrete bridges well
beyond the limits of conventional girder bridges. Although arches are also
statically feasible for relatively long spans, they are now only economical in
exceptional situations.
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Construction cost
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Cost comparison: conventional bridges and cable-stayed bridges

Although cable-stayed bridges have traditionally been preferred for long spans,
they can be competitive with arches and conventional girders for spans as small as
150 m (fig. 7.151). They can also be appropriate for spans less than 150 m when
clearance under the bridge is severely limited; the traditional alternatives - arches
with suspended roadway, through trusses, and through girders —are expensive and
visualty inferior.

Cable-stayed bridges are generally uneconomical when the ratia of span length to
bridge width is less than 10:1.

b) Cal;_ie System

Arranging the cables into two planes maximizes the torsional stiffness of the
structurai system and thus optimizes static and dynamic behaviour. Arrange-
ments using one or three plahes may nevertheless be preferable for bridges
carrying divided highways. When only one plane of cables is provided, the
torsional stiffness of the system is furnished by the girder alone. A torsionally stiff
box girder is therefore required in such cases. .

Figure 7.152 shows the most common cable patterns in elevation. The fan pattern
(fig. 7.152 a), which concentrates the cable anchorages at the top of the towers, is
the most efficient. The detailing of the anchors, however, can be difficult and
costly. The harp pattern (fig. 7.152b), simplifies detailing of anchors at bath ends
of the cables, but is the least efficient. The half-fan pattern (fig, 7.152¢), in which
the anchors are distributed over the upper portion of the tower only, is a popular
intermediate solution.

The lower cable anchors should be spaced relatively close together, The spacing
should be small enough to allow the girder to be built in cantilever construction
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Figure 7.152
Cable palterns: a, fan; b, harp; ¢, half-fan

without temporary stays. For stender, flexible girders, anchor spacing is normally
equal to segment length, which typically varies between 6 and 8 metres. For stiffer
girders, anchor spacing can be an integer multiple of erection segment length.
Small-diameter cables should be avoided, since the cost of corrosion protection,
anchors, and erection is high relative to the cost of cable steel. The lower cable
anchors should therefore not be spaced closer than 6 m apart. The chosen spacing
should permit the replacement of an individual cable without falsework and
ensure that the rupture of a cable, for example due to a vehicle fire, will not Iead to
collapse. The safety of the structure with one cable removed can be checked using
a reduced factor of safety, :

Backstays are cables that connect the tips of towers to rigid points at the ends of
the stayed spans. They stiffen the system and reduce bending moments in towers
and girder under the influence of partial live load. The participation of the cables,
and hence the efficiency of the system, is thus enhanced by their use. The stress
range in backstays is relatively high, and fatigue is thus often critical for their
design, The stress in the backstays due to fuli live load on both side spans should
not be less than 15 percent of tensile strength, to limit cable sag and the associated
reduction in stiffness. ‘ :

For aesthetic reasens, the surface formed by the cables should be plane or slightly
curved. The anchors should therefore be arranged in a straight or a slightly curved
ling at the girder and at the tower. This requirement cannot be met when the
anchors are conceniraied at the top of the tower in a fan pattern; the crossing of
the cables which results often produces a disturbing visual effect.

¢} Towers

The main span should be supported symmetrically by two towers., Since
supporting the main span by a single tower doubles the length of the cantilever,
single towers should only be used in exceptional circumstances.
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Increasing tower height reduces the consumption of cable steel, but increases the
costs of the tower itself. As shown in figure 7.153, the best compromise between
thess two costs results from when tower height is between 20 and 25 percent of
main span length. Shorter towers may, however, be used when warranted by
aesthetic considerations.

When backstays are used, any differences in cable forces on either side of the tower
due to unbalanced live load are transferred directly to the backstays, This prevents
large bending moments in the towsrs. In such cases, the towers can be relatively
flexible in the logitudinal direction; stiffness can be determined to ensure adequate
stability against buckling.

Towers should, however, be stiff transverse to the axis of the bridge. As shown int
figure 7.154, various forms are possible, depending on girder width, tower height,
and bridge height. The greatest torsional stiffness about the longitudinal axis of
the bridge is achieved using A-shaped towers, since tower, cables, and girder act as
a space truss. The lowest flexural and torsional frequencies of systems with A~
shaped towers are typically sufficiently far apart to ensure adequate vibrational
behaviour (see Section 7.10.5).

Towers that are vertical in the plane of the longitudinal axis of the bridge are
normally most economical, since the lever arm of the cantilever system at the base
of tower base is maximized for a given tower height (fig. 7.155). When towers are
inclined away from the main span, their height must be increased to maintain the
lever arm; when towers are inclined towards the main span, stresses in the
backstays are significanily increased. The construction of inclined towers always
entails additional costs and difficulties.

The location of the towers, and hence the span arrangement, can be determined
from the allowable minimum stress and stress range in the cables. The graph of
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Figure 7.154
Typical shapes for towers
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figure 7.156 gives upper bounds for the ratio of side spans to main span. This ratio
should be chosen as close as possible o the values obtained from the graph, which
minimize the [ength of the main span for a given bridgelen gth. If the span fengths
are fixed from the outset and the most favourable span ratio cannot be chosen,

unloading of the fhain span cables under partial live Joads must be prevented by’

additional means. For short-span bridges, it may be sufficient to increase the
flexural stiffness of the girder, thus reducing the fraction of live load resisted by the
eables. Any transfer of load from cables to girder, however, reduces the overall
efficiency of the system. For longer spans, it may be preferable to use ballast or to
provide additional backstay cables to prevent horizontal displacements of the
towsr tips. :
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. ‘ !
d) Girder Cross-Section

' The design of the girder cross-section must consider static behaviour in the
transverse and longitudinal directions, construction methods, load-carrying
mechanisms after the rupture of a cable, and dynamic behaviour.

i

‘Bending moments in the girder consist of two components: equilibrivin moments,
a function of the spacing between cable anchors, and compatibility moments, a
function of the overall defarmations of the system. When the cables have been
propetly prestressed, the equilibrium moments due to permanent load are those of
a continuous beam rigidly supported at cach of the anchor points, Compatibility
moments due to dead load, caused by axial deformations of girder and cables, can
be lArgely eliminated by a subsequent adjustment of the prestressing forces in the
cables. Long-term shortening of the girder due to creep gradually moves the

stresses due to permanent load towards the stresses of an idealized system cast .

simultaneously on falsework. Depending on the prestressing in the stay cables, up
to two thirds of these stresses can be restored. :

The system deformations induced by partial live loads are substantial, due te the
flexibility of the cable system, The compatibility mements in the girder increase
sharply with increasing girder stiffness (fig. 7.157). Although these moments
unload the cables and tower, this results in no significant savings. The amount of
girder reinforcement required cannot, however, be assessed of the basis of these
momenis alone. Girder reinforcement is also a function of the internal lever arm of
the section, which increases with girder stiffness, and the transverse structural
system. '

Girders should normally be chosen as slender as possible, while maintaining
appropriate {ransverse structural behaviour. Slenderness is limited by buckling
stability and the integrity of the system in the event of the rupture of a cable. The'
ratio of girder depth to moment of inertia should be as large as possible for box
and T-sections.

When two planes of cables are used, slabs with stiffened edges are most
economical for bridge widths up to roughly 12m; double-T girders with

i
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Effect of girder stiffness, /%, on bending moments in the girder

diaphrag:ﬁs are most economical for grealer widths (fig. 7.158). Box secffons must
be used for bridges with only one plane of cables to ensure adequate torsional
stiffness (fig. 7.159). ’

e) Bearings and Joints

Bridges with two planes of cables normally require vertical supports only at the

ends of the side spans. By eliminating vertical supports at the towers, negative

moments in the girder can be substantially reduced.

Backstays normally produce uplift reactions at the ends of the side spans which
cannot be compensated by ballast alone. Prestressed hold-down cables are thus
required. The downward reactions at these locations can be increased by making

" the stayed sparts continuous with the approach spans.

Fixing the girder against longitudinal displacement significantly increases the
stability of the tower and is thus always recommended. The actual position of the
fixed point is of secondary importance. Since cable-stayed bridges are flexible in
the longitudinal direction, it can normally be located at the end of one of the side
spans without difficulty, even for long-span bridges, For three-span bridges
supported in this way, only one large expansion joint would be required. The fixed
point can also, however, be located at one of the towers. Braking forces are thus




420 © 710 Cable-Stayed Bridges

(a)

2130 200

mo | 3% |270 Fio470 " 5930
24330

(b}

14500

—

o

TFigure 7.158
Cross-sections for bridges with two planes of cables (dimensions in mm): a, Pasco-Kennewick
Bridge, U.S.A., 1978; b, Diepoidsau Bridge, Switzerland, 1985
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Figure 7,159
Cross-sections for bridges with one plane of cables (dimensions in mm): a, Chandoline Bridge,
Switzerland; b, Brotonne Bridge, France, 1977
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carried to the fower foundation through bending, Since the axial force in the tower
below the girder is normally large, only a small eccentricity will be produced.

Horizontal displacements transverse to the axis of the bridge due to wind and
seismic loads can be restrained at the towers and at the ends of the side spans. At
the towers, buttresses and neoprene bearings can be used for this purpose. A gap
of 2 to 3 mm should be provided beiween buttress and bearing, to aflow girder and
tower to displace freely relative to each other in the vertical and longitudinal
directions. Expansion joints at midspan of the main span are impractical, since
they require complicated bearings (fixed vertically, free longitudinally) and induce
unavoidable discontinnities in roadway grade due to long-term girder deflections
and Iive foad, Increasing the stiffness of the cables anchored near the joint can help
to reduce, but will not eliminate, the rotation at the joint. Systems with expansion
joints at midspan should thus only be considered for single-span bridges.

7.10.2 Cables and Anchorages
The choice of cable system is a funetion of tensile strength, modulus of elasticity,

corrosion protection, fatigue resistance, anchor details, and erection procedure,
The most commonly used types of stay cables are listed in table 7.2.

TFable 7.2

Cable Types .
Type Typical System ) Er.o (KN/mm?)
Parallel bar Dywidag . 205

Parallel wire BBRV. 205

Parallel strand V8L, Freyssinet 195
Locked-¢oil ' 165

Wire rope . 150

The modulus of elasticity of stay cables, E, is a function of the material modulus,
Ec o, and sag. The influence of the latter factor is a function of stress, g, and
projected horizontal length, 7,. An idealized modulus of elasticity, Eg ;, which
accounts for og and I, can be defined as foliows:

E
Eei = “‘“% ) : (&)
1_|_?c i e, .
263

The density of the cable, ., is given by the following expression:

= e
Yc= AC"h
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Iy Idealized modulus of elasticity for stay cables
400 {adapted from Leonhardt and Zellner (1980))

where G is the total weight of the cable, including corrosion protection, and A.is
the area of steel in the cable. Equation (a) is graphed in figure 7.160 for an assumed
Eg, o of 205 kN/mm?,

o . .
The value of E. has a substantial influence on the overall stiffness of the structural
system. Decreasing E, increases both first order moments and second order

moments, thus reducing the stability of the system. Since E ; is a cubic function of .

o, the stress in the cables should be as high as possible. The use of high-strength
steel for stay cables is thus recommended, especially for long-span bridges.

Cables are the most susceptible component of the structural system to deterior-
ation. Corrosion protection of the cables is thus of utmost importance; paint alone
is insufficient. .

Locked-coil cables and wire ropes are composed of galvanized wires. A zinc
coating of roughly 100 g/m? is typical. Locked-coil cables are often coated with
epoxy after fabrication. The durability thus obtained normally meets the
standards prescribed for long-span highway bridges. Wire ropes, which canmot be
reliably coated in this way, have a relatively low service life of approximately 50
years. They are therefore used oniy for small bridges, for instance pedestrian
structures. ' .

Parallel bar, wire, and strand cables are enclosed in steel or polyethylene ducts.
The connection of the ducts to the anchors at either end must be watertight. After
the cables have been prestressed, the ducts are carefully grouted. Polyethylene
ducts have a lifetime of roughly 50 years; when properly maintained, however,
they can last much longer. The entire cable must normally be replaced in the event
of a failure'in the corrosion protection mechanism.
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When polyethilene ducts are used, cables can be fabricated under controlled
conditions in the shop, compleie with anchers, transported to the site on compact
spools, and easily erected. Steel ducts normally use more expensive, corrosion-
resistant materials and complicate erection. ’

The fatigue resistance of stay cables must be carefully checked. Although the
fatigue resistance of stay cables and prestressing tendons in concrete are essentially
identical, the design stress range of the former is significantly higher. Qscillating
stresses are induced by cable vibrations dus to wind and by live load. Wind-
induced vibrations can.be sharply reduced by dampers at the anchorages or by
increasing the intrinsic damping of the cable itself. Bending of cables at the
anchors must always be prevented.

No test results relating to the spectrum of live load stresses are available. The
provisions contained in cedes and standards apply primarily to steel bridges.
Normal cables are primarily influenced by live loads applied in their immediate
vicinity; backstays have a much larger region of influence. Fatigue stresses in
backstays should therefore not be caleulated for a single vehicle, even for highway
bridges, but rather for a single truck of 400 kN and roughly 30 percent of the
uniform design live load, 4.

Extensive tests have shown that the fatigue resistance of stay cables is independent
of the absolute magnitude of the fluctuating stresses, provided the upper limit, g,
is less than 50 percent of tensile strength (Birkenmaier 1980). Fatigue design is
therefore based on a stress versus life diagram (8-N curve), in which the ordinate
represents stress range, Ag, and the abscissa represents the corresponding number

of load cycles required to produce failure, N. Since the fatigue resistance of stay- -

cable anchors is normalfy greater than that of the cable praper, design 8-N curves

are based on those of a single wire, modified to account for the effects of group

interaction in the cable, Thus, the design 8- curve for the cable, Ag (V), can be
expressed as

Ace(N) = ﬁ Agy (V)

where Agy,- (V) denctes the 5 percent fractile of the single-wire S-N curve. The
canversion factor, y;, accounts for group interaction, fabrication tolerances, and
surface defects; it is normally equal to 1.3, The factor of safety, y,, can be taken as
1.25. The functions Aoy (N} and Ao (N} are plotted for a typical wirefcable
combination in figure 7.161.

The number of design load cycles, 1, is a function of type of load and average daily
truck traffic, and is generally specified in codes and standards. The values in
table 7.3 can regarded as typical. Safety against failure in fatigue s ensured when
the following inequality is satisfied:

Agy = Ao () . _ (7.6)

where Ag; is the computed stress range under design fatigue load.
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Table 7.3
Number of Design Load Cyeles, #
Average Daily Concentrated Load Uniform Load g
Truck Traffic
500 2000000 200000
2000 Number of ¢yeles at which 2000000

fatigue limit is reached

The fatigue resistance of backstays, in which fluctuating stresses are induced by
two load types, can be verified using an interaction equation. The specified
number of load cycles for design fatigue loads g and Q are denoted n, and ny,
respectively. The corresponding computed stress ranges are likewise denoted Ao,
and Agy,. Adequate safety against failure in fatigue is ensured when

n! X

1 .
Vo) T Naog = (1.7

where N(Ag,) and N (Ag,) are the maximum permissible number of load cycles for
the given stress range,

Special anchors are required to ensure that wire rupture in fatigué oceiiis in the
cable proper and not at the anchor; for this reason, conventional prestressing
anchors cannot be used for threaded bar, paraliel wire, or parallel strand cables.
As shown in figure 7.162, parallel strand anchors transfer the cable force due to
prestressing and dead load to the bearing plate directly from the anchor head; the
force due to live [oad is transferred from the strands fo the transition pipsin bond,
and then directly from the pipe to the bearing plate. Careful workmanship in
fanning out of the strands and in greuting are of primary importance to the fatigue

resistance of the cable. The details illustrated in figure 7.162 are also used to

anchor parallel bar cables.

The HiAm anchor, shown in figure 7.163 a, has been developed for parallel-wire

cables. The individual wired are anchored to a circular perforated plate by means

1
i
H
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Anchors for parallel wire cables: &, Hi-Am; b, DINA R

of cold-formed buttonheads; the plate bears against a steel sotket fiiled with a
mixture of epoxy and steel balls. Cables using HiAm anchors are completely
prefabricated in the shop, thus ensuring a high degree of reliability. The DINA
anchor, shown in figure 7.163 b, has also been used for parallel-wire cables.

‘Locked-coii cables are anchored using a steel socket. The wires at each end of th!a

cable are “broomed” and inseried into the socket, which is then filled with molten
zine, Special attention must be given to the prevention of water penetration where
the cable enters the socket. :

Cables are normally prestressed from their lower end using hydraulic jacks. The
upper anchorages should be arranged to permit easy replacement of the cables and
should always be arranged symmetrically with respect to the longitudinal bridge
axis. When a singie plane of cables is used, the eables in the side spans can be
doubled (fig. 7.164).

Cables can be anchored inside the tower when the tower dimensions are
sufficiently large. The necessary clearance depends on the erection equipment used
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"Figure 7.164
Suggested detail for anchorage of cables at
tower (single plane of cables)

- Weld

Figure 7.165
Connection of steel duct to steel pipe cast
Steel pipe cast inlo concegte intc tower concrete

Sfeel duct

arid can be substantial, Transverse prestressing or structural steel members must
be provided to resist the horizontal component of cable force.

Wire ropes can be carried over the tower with saddles. The radius must be at least
65 times the rope diameter or 600 times the wire diameter, whichever is greater.

Steel ducts, which can be used for threadbar or parallel strand cables, can be
weldéd to a steel pipe which has been cast into the tower concrete (fig. 7.165). This
arrangement enables the transmission of differential cable tensile forces to the
tower through duct, weld, and pipe.

7.10.3 Analysis and Design

The sectional forcés in the girder cannot be easily caleufated due to the ki ghdegree
of indeterminacy of the structural system and the high degree of interaction
among the cables. :
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To prevent excessively high stresses under service conditions, the sectional forces
due to the deformation of the system must be considered. It is therefore
recommended to compute envelopes of the sectional forces using elastic methods.
The redistribution of sectional forces can be considered to a limited extent by
“slight variations of the stiffness of tower and girder. In such cases, however, the
response of the system under service conditions must always be investigated.

Twe-dimenisional models can normally be used to calculate the sectional forces.
Second-order methods need only be used when dead load is greater than 5 percent
of thecritical foad of the system, computed from the flexural stiffness of girder and
tower at ultimate limit state.

Generally speaking, the towers are the most critical components of the system,
The capacity of the system is practically exhausted with the formation of a
mechanism in a tower, since the second-order moments increase sharply and the
girder normally has only a small reserve of stability. Plastic hinges in the girder,
however, are less dangerous, provided they do not endanger the stability of the
towers. Hinges in the girder lead to only small increases in stress in the cables and
towers when the girder cannot resist additional moments due to the deformation
of the system.

Cables must resist static and dynamic actions. Although the design of normal
cables is primarily controlled by static behaviour, the desigtt of backstays is
usually controlled by fatigue. :

Cables are designed for static loads using working-stress methods. They can be
considered safe when the maximum stress due to dead load plus live load is less
than or equal to a specified allowable stress;

O-C,mas(g_" Q’) g 045)“0 = O’SJE—'J'

where Je: and fz;, denote, respectively, the minimum tensile strength and nominal
yield stress of the steel. The factor of safety, 0.45, also takes info account
secondary flexural stresses that are not normally considered in the analysis,

Safety against fatigue failure is verified according to equation 7.6, Equation 7.7 is
used when fatigue stresses are induced by two distinct load types.

Special consideration must be given to the load factors used for dead load and
cable prestressing, to ensure that sections designed at ultimate limit state will also
have adequate behaviour under service conditions. The permanent load moment
under service conditions, A7, is defined by the following sum:

where A4, is the moment due to dead load and M is the moment due to stay cable
prestressing. Prestressing forces in the cables are chosen so that M approximates
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the moment diagram of a continuous beam supported at each of the cable anchor
points. For design at ultimate limit state, it would appear at first glance
appropriate to proceed as in classical prestressed concrete design, treating M., as
a redundant moment due to prestressmg The ultimate moments could thus be
formulated as

My=yg M, + 1.0Mg;

As reported by Saul and Svensson (1983}, however, this approach can result in
values of M, that differ greatly from M, or which are even of opposite sign;
reinforcement designed for M, would thus be inadequate under service conditions.

This difficufty can be avoided by applying the same load factor to M, and Mp:
My = ys (M + Mep) (@)

This results in moments at ultimate limit state that are compatible with those
under service conditions. The apparent inconsistency of factoring Mep by y5 is
resolved when equation (a) is rewritten as

My=ys (M +1.0Mep) + (ps— 1.0) Mep

where the moments due cable prestressing are now factored by 1.0 as in classical
design and the term (ys— 1.0) My can be considered as a redistribution of
moments, valid at ultimate limit state.

As in the design of conventional bridges, siresses due to temperature, shrinkage,
and creep need not be considered at ultimate limit state. Furthermore, they are
usually not relevant under service cenditions, provided the cross-section is
adequately reinforced for the control and distribution of cracks.

The behaviour of slender girders at ultimate Hinit state must be verified taking into
account the geometrical and material nonlinearities of the structural system.
Permanent load, the corresponding cable prestressing forces, and the critical live
load must be increased progressively to the y; level, proceeding from the system
deformations due to temperature, shrinkage, and creep. Material stiffness must be
decreased by the factor 1fyg, i.e., for a given steel or concrete strain, the
corresponding stress from the stress-strain diagram is to be reduced by 1/yx.

7.10.4 Stability

Failure in buckling can be initiated in either the girder or the tower, since
permanent load induces large compressive forces in both.

The girder is stabilized by the cable system and its own dead weight. Tts buckling

shape is a function of its slenderness ratio, support conditions, and cable

arrangement, and thus cannot be easily determined.
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Figure 7.166
Bridge used for investigation of stability

Figure 7.167
First buckling mode for bridge with very slender girder, I=0.02 m* a, girder not fixed
horizontally, 4; =3.88; b, girder fixed horizontally at tower, 4, =3.83

Figures 7.167 through 7.171 illustrate buckling shapes for the idealized cable-
stayed bridge depicted in figure 7.166. Several different conditions of restraint of
horizontal displacements were considered. The moment of inertia of the girder, I,
was chosen as the parameter for the study; all other section and matenai
properties were maintained constant. The first eigenvalue, 4;, given for each case,
relates the critical vertical buckling load and girder dead load as follows:

Serit ™ )'L g

-
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7.80.4 Stability ) ' . 43

Figure 7.168
First buckling mode for bridge with slender girder, 7% = 0.20 m*: a, girder not fixed horizontally,
2, =13.35 b, girder fixed horizontally at tower, 4, = 13.35

Figure 7.169
Higher antisymmetrical buckling modes, I%=0.30m* girder not fixed horizontally: a, -
J=1380; b, 4, =1399 -

" Figure 7.170 .
Buckling of tower, 1% = 0,35 1}1"’ {less than critical value), girder not fixed horizontally, 4, = 13.99

-

Figure 7.171 .
First buckling mode, 1% = 10.00 m*, girder fixed hotizontally; a, girder fixed at tower, A, = 43.34;
b, girder fixed at end of bridge, 4, = 42.35; ¢, girder fised at tower and at end of bridge, 1; = 42,79

The bucking shapes corresponding to a very slender girder (7€ = 0.02 m*y are
given in figure 7.167. The buckling behaviour is independent of horizonial girder
restraint and is characterized by short waves in the side spans. These are the result
of the large horizontal component of the force in the backstays and the relative
flexibility of the outer cables.

As girder stiffness is increased, longer waves and horizontal displacement at the tip
of the tower are induced. Figure 7.168 shows the first buckling mode for
I%=10.30 m*, which is symmetric about the midspan axis, and is also independent
of the horizontal restraint of the girder. If n6 horizontal restraint is given by the
girder supports, antisymmetrical buckling shapes are produced by the higher
buckling modes (fig, 7.169). The third mode shown is characterized by bucklingin
the tower ouly, .

The herizontal support conditiens begin to influence the mode of buckling after I¢
reaches a critical value, approximately equal to 0.35 for the idealized bridge of
these examples. When 7% = 0.35 and horizontal restraint is provided at ene tower
or at one end of the bridge, the bridge buckles roughly as shown in figure 7.168 b,
When 7 ==0.35 and no horizontal restraint is provided, the bridge buckles as
shown in figure 7.170, characterized by bending iu the tower only and a horizontal
tigid-body displacement of the girder. The buckling load is independent of girder
stiifness when 7% > 0,35 and no horizontal restraint is provided.
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Influence of support conditions en stability

Figure 7.171 illustrates buckling figures for three bridges with 7¢ = 10.0 m#*, all of
which are horizontally restrained at one of more of the supports, Horizontal
resiraint enables the joint participation of girder and column in the buckling
resistance of the structure and thus significantly increases the buckling load
(fig. 7.172).

From these examples, it can be concluded that premature buckling of the tower
must be prevenfed by restraining the girder against horizontal displacement, and
premature buckling of the girder must be prevented by providing a minimum
girder stiffness, which will be 4 function of span length.

7.10.5 Dynamic Behaviour

Multiple-cable bridges with slender girders are considerably less sensitive to
vibration than conventional girder bridges or suspension bridges, Due to the
nonlinear stress-strain behaviour of stay cables, the frequency of free vibrations is
a function of amplitude. Tncreases in amplitnde due to near resonant vibration
thus tend to move the natural frequency of the structure away from the frequency
ofexcitation. Inaddition, the natural frequencies of the lower modes diifer by only
asmall amount (fig. 7.173). Strong vibrations are therefore often excited in several
different modes; the resulting vibrations largely counterbalance each other when
superimposed.
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first mode:  fy = O6Hz, Ty= 49s

Thrdmode:  f5 = 11Hz, T3= 09s

Figure 7.173
Typical natural frequencies and mode shapes for cable-stayed bridges
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Figure 7.174 .
Free vibration of the Dicpoldsau Bridge, Switzerland (deflections measured at midspan with
Iaser; bridge excited into vibration by impact of a 5 kN sandbag falling from a height of I m)

The damping of cable-stayed bridges is similar in magnitﬁde to the dampihg of
conventional girder bridges. Measurements of vibrations on the Diepoldsau
Bridge in Switzerland yieided a logarithmic decrement of 0.03 (fig. 7.174). Similar

maodel tests for the cable-stayed bridge over the Rio Parané in Argentina yieldeda

logarithmic decrement of 0.15 (Walther et al. 1985).

Vibrations induced by vehicular traffic are small. As stated in Section 3.2.1, the
excitation frequencics induced by truck wheel loads lie between 2 and 4 Hz (truck
body vibration) and between 8 and 12 Hz (axle vibration). Since thelowest natural
frequencies of cable-stayed bridges are normally less than 1 Hz, the likelihood of




434 7.10 Cable-Stayed Bridges
{n)
L
- | = Y
i ] = I ERER
-l S 11Dr|nr:\ 1:
Speed: 200 km/h wihout plank ! ! I HEH
] 1 7'; L = ] |! uE
H
<X g"=‘10%'
T NN
Speed: 216 kmfh witlh phank AR
s i I~
T r:
({20
! I {0mm 1|5 e
Speed: 635 km/h withou! plank A ! !
B 1] ]
3 ¢l
> f&?‘; pI%
A
Speed: 575 kim/h witiplank 1
(b) 0 =40; Ty 4.565
T,= 291
785 ' )
fo e = .,4]2,%,” L 520076
p=20%
Speed: 180 km/h wihout plosk_
%10, T 4.57s
fy=2.19 Hz
Jsozoma NETVTTINVIN YT FTVPE ; 520076
; [T
LR i f
1™ o=180%

Speed: 190 km/h with plank

Figure 7.175
Dynamic increment, ¢, computed from deflections at midspan: &, Diepoldsau Bridge (cable-
stayed}, vehicic weight 250 kN; b, Balma Bridge (conventional girder), vehicle weight 160 kN
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Wind exciles vibration

Figure 7.176
Flutter: coupled flexural and torsional vibration

resonant vibration due to traffic is small. The dynamic increment of live-load
girder deflection, ¢, is considerably smaller for cable-stayed bridges than for
conventional girder bridges. For the Diepoldsau Bridge, the maximum valus of ¢
induced by a single truck running ovér a plank on the deck was roughly 10 percent
{(Walther et al. 1985), For girder bridges, however, ¢ can reach values of up te 180
percent (fig, 7.175). The combination of a refatively low natural frequency and
low dynamic increment results in vibrations due to live load that cause no
unpleasant psychological effects on pedestrians.

Wind-induced vibrations are primarily the result of periodic gusts or vortex
shedding. For cable-stayed bridges, the first mode shape is often similar to the
deflected shape of the structure due to wind loads. Vibrations of dangerously large
amplitude are highly unlikely, however, since resonant vibrations are hindered by
the change in natural frequency resulting from increasing amplitude. Flutter due
to simultancous bending and torsional vibrations must, however, be considered
(fig. 7.176). Bridges with H-shaped towers and slender girders are particularly
sensitive in this regard, since their fundamental flexural and torsional frequencies
are practically equal. ‘ :

7.10.6 Construction

Cable-stayed bridges are normally built using the balanced-cantilever method.
Precast segmental construction is well suited for bridges over navigable waters;
otherwise, the girder can be cdst in place using form travellers, The use of
conventional falsework may be economical for short, low-level bridges, since the

all of the cables can be erected and prestressed in a singfe operation. This simplifies’

the work of the cable erector and leads to lower costs.

The profile of the girder immediately after closure should be the camber curve
required {0 compensate deflections due to superimposed dead load, residual creep,

e T e e
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and residual shrinkagse (fig. 7.177). The moments in the girder should not differ
greatly from the moments of 4 continuous beam supported at the cable anchor
points. The cable forces, S, and lengths, §;, corresponding fo this state can be
easily calculated. (The superscript ac denofes after closure.) The vertical
component of 57 is essentially the self-weight of the suspended segment. The
unbalanced horizontal force at the tower is equilibrated by backstay cables.

This state can be achieved by proper control of cable forces and lengths during
cantilever construction or by a supplementary adfustment of the stays immedi-
ately before or after closure. The analytical complexity of the former option is
generally preferable to the high cost of the latter. The following procedure can be
used to control of the force and length of stay cables during cantilever
construction:

The prestressing force in the #th cable, 87, must satisfy the following equation:

E;Ai & sina; — £4, tAIE cosoy =S¢ (a)
] 5

P

where Sf* has been previously computed. The second term on the left-hand side of
this equation is the chiange in cable force due to &, the vertical deflection of point £
before continuity at midspan, The third term is the change in force due to AIf, the
horizontal displacement of point i, The calculation of A/f must account for creep
and shrinkage in the girder. Since §;and A7 are functtons of 87, equauon (a) must
be solved iteratively.

After the jth cable has been prestressed, the forees in the otﬁer cables can be
approximated as follows:

Sior 28
-1 1Y e,

where G denotes the weight of the traveller , and
S = 8%
for k #i.
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Deflected shape after casting segment §
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Figure 7.17%
Deflected shape after prestressing cable 7 with force §?
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Deflecled shape dueto -gy:

'Superp'oshinn of the deflected shapes due to -gq end wefaht of segment 1(fig. 178)
o | Torget elevalion

3 H 1 during construction
| l | L Flevation of forms of pofad i
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Figure 7.180
Elevation of forms at point §

" Form camber at point /is determined to compensate for elastic deformation of the

traveller dliring casting of segment / and deformation of the girder due to SP (figs.
7.178, 7.179,|and 7.180).
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8 Analysis and Design .
of Bridge Substructures

8.1 Piers

8.1.1 General Ideas

Piers have a profound influence on the appearance of bridges. Their primary
aesthetic function, which increases in importance with increasing number of
spans, is to enhance transparency. The influence piers have on the economy of
bridges is much smaller in comparison, Provided their average height is less than
about 30m, piers will normally make up less than 5 percent of the total |
construction cost. Additional costs incurred to a¢hieve aesthetically pleasing pier
cross-sections will therefore be slight. Conversely, it will rarely be possible to
Jjustify the choice of poorly shaped piers on the basis of substantial cost savings. It
is thus preferable to select the cross-section dimensions based on aesthetic
considerations rather than economic criteria.

Transparency of the structure is maximized when pier width is small relative to
superstructure width. Single piers are normally preferable in this regard, except in
the case of low, wide bridges where two slender columns should be used. An
acceptable degree of transparency is difficult to achieve when the upper ends of
piers are widened into hammerheads. Guidelines for pier design to improve -
iransparency are proposed in Section 2.3. .

Construction is considerably simplified by the use of a constant cross-section. A
parabolic profile, corresponding to the lateral load bending moment diagram,
may nevertheless be more appropriate for very tall piers, Identical section
dimensions should be used for all piers, regardless of variation in height.

The shorter of the two principal cross-section dimensions is chosen to keep the
slenderness ratio of the tallest pier within reasonable limits. (The slenderness ratio
is equal to the effective length of the pier, &, divided by its radius of gyration, 7.
Further discussion of f, can'be found in Section 8.1.2.) The slenderness ratio is
normally greatest immediately prior to construction of the superstructure, when
the completed pier stands freely, Slenderness ratios of up to 220 can be tolerated
under these circumstances, provided the pier loads consist only of self-weight and
wind on the pler itself. The corresponding slenderness ratios in the completed
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structure would be 55 for columns fixed at both ends and 77 for columns fixed at
the base and hinged at the top, assuming the piers are restrained against sway. The
piers of canfilever-constructed bridges are highly stressed during construction by
the unbalanced girder weight. This situation can be alleviated by increasing the
section dimensions to reduce the stresses. It may be more practical, however, to
increase the allowable load by reducing the critical length through the use of
temporary cables or other means.

Aesthetic considerations normally lead to piers of relatively slender proportions.
The consequences of slenderness must be considered in the analysis and design of

the reinforcement.

8.1.2 Second-Order Analysis of Slender Reinforced Conerete Columns
a) Fundamental Considerations

The ultimate load of slender reinforced concrete columns can be reliably
caleutated only when nonlinear behaviour is taken into account. Nonlinearity
resulls from changes in system geometry induced by the loads (geometrical
nonlinearity) and from cracking of concrete and plastification of concrete and
stee! (material nonlinearity).

Thecalcolation of sectional forces according to classical first-order theory is based
on equations of equilibrium formulated for the geometry of the undeformed
structure (fig. 8.1a). This approach underestimates the actual sectional forces,
which must satisfy the equilibrimin conditions of the deformed system geometry
(fig. 8.11b). Methods of structural analysis in which the equilibrium equations are
formulated for the geometry of the deformccf structure are called second-order

methods.

Assuming that material behaviour is linear and elastic, an exact second-order
analysis would consist of solving a fourth-order differential equation for the

ia
1
|
1
| -
|
i
1
|
|
e |
e . Figure 8.1
5 : a Moment at the base of an eccentrically-loaded
M7 =0-e W = Qle+w) column: a, from first-order theory; b, from second-

ta) LY} order theory
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member deflections, w. Sectional forces could then be obtained from the
appropriate derivatives of w. The solution of the differential equation is only

" pracfical, however, for members of constant flexural stiffness EI. The structural

response of members with variable ET is more easily calculated nsing approximate
methods.

As a result of material nonlinearity, the flexural stiffness of a reinforced concrete
section is & nonlinear function of the sectional forces Af and V. A second-order
analysis in which the functional relationship between EX, M, and  is rigorousty
Formulated at each point would however be toc complex for use in bridge design.

Calculations can be considerably simplified by assuming constant flexural
stiffness. Conservative yet reasonably accurate results are obtained when the
stiffness ET corresponding to the sectional forces at the critical section is assigned
to each point along the member. The second-order analysis can then. proceed
under the assumption of linear elastic materiaf behaviour. Since the actual flexural”

stiffness will be greater than or equal to Bl at all points, the deformations will be

overesumated resultmg in a safe lower bound for the ultimate load. do ob oust {
,r«v\f(o Iy RPN/

b} Differential Equation of the Elastic Curve . W (\N” 3\"5

The calculation of sectional forces is based on the solution of the differential
equation of the elastic curve. The equation is formulated in this section for the
general case of a column with arbitrary end conditions, subjected to an axial load
0 and a lateral load g. The x-axis is located along the longitudinal axis of an
idealized siraight column. The origin of coordinates is located at the colummn’s
upper end (fig. 8.2). Two components of lateral deformation are considered:
initial eccentricities resulting from inaccuracies in construction, w,{(x); and
unknown displacements produced by loads and imposed deformations, w (x). The
total deformation w,, {x) is thus: ‘

Wior (¥} = g (%) + w(x) @.1)

The initial geometry of the structure is defined as the initial deformation wg (x)..

a
::]

Figure 8.2
Notation and sign convention

et

Sa
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As in first-order theory, the differential equation of the unknown displacements
w(x) is derived from moment-curvature relations. The geometrical refationship
between displacement and radius of curvature, r(x), is given by the following
expression: '

21y
wi(x) = % o ;% _ (a)

Under the assumption that plane sections remain plane after deformation and that
material behaviour is linear and elastic, equilibrium of a differential element
requires that

1. M '
;.d,x——‘EIdx (b}

The moment-curvature relationship is obtained by substitution of equation (h)
into equation (a):

- ¥ | @

W) =~

Fs

or, equivalently,
EI = | Mr|

Taking two derivatives of equation (¢) vields the fourth-order differential
equation of the elastic curve w({x) which, assuming E7 is constant, is written as

wh® (x) +-

M) _
zr 0 L @

The bending moment M (x) can be expressed as the sum of two components,
M, (x) and M, (x). M, is defined by the equation of equilibrium of the initial
system geomnetry, When the initial eccentricity wy (x} is equal to zero at all points
along the member, the familiar equation of equilibrium for a straight beam

M= —gq
is obtained.
* The component A, is equal to the produet of the axial force Q and the lateral

displacement, w, plus any additional redundant moments necessary for compati-
bility in a statically indeterminate system;

M,(x)=a,+a,x + Qw(x)
szl = Qwﬂ‘
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The second derivative of the total bending moment can therefore be expressed as
M = M{+ M} = M+ Qw" (e)

The differential equation of the elastic curve is obtained by substituting equation
(e) into equation {d):

ufi”(x)—i- % W (%) =‘—-%§X-)- . (8.2

Tts general solution is the sum of the general solution to the homogeneous
equation .

W) + % W (x) = 0 8.3

and a particular solution fe the inhomogencous equation (8.2). The general
salution of the homogeneous equation is

Wg = C| sinkx+Cycosxx+ Cyx+ Cy 34

where Cy, Cy, Cy, and C, are constants of integration and

3] :

= EQ? ’ = V’"i | 3.5

The particular solution to the inhomogeneous equation is denoted w”. It can be
defined piecewise if M is discontinuous. The general solution to equation (8.2) is
thus

wx) = wy(x}+wp(x) = Cysin xx + Cy cosrex + Cyx + Cy+wi(x)
(8.9)

The constants C; are determined from the boundary conditions,

The sectional forces can be evaluated from the appropriate derivatives of the
elastic curve

M == EDy" (8.7)
V= —Elw" ' (8:8)

¢} Closed-Form Solutions

Closed-form solutions of equation {8.2) can be obtained for several cases of
interest in the design of slender columns, three of which are presented in the
following examples. The solution w(x) is used to calculate sectional forces
- according to equations (8.7) and (8.8).
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The critical load of the column, denoted (¢, corresponds to the lowest eigenvalue
of the differential equation. Deflections of indeterminate magnitude will occur
when an axial load of magnitude Qis applied. Under these conditions, the system

is said to have buckled. The critical load will be calculated for the columns of -

examples 8.2 and 8.3.
Example 8.1;
Cantilever columu with uuiform Interal load and concentrated loads at its tip

The system and loadings are shown int figure 8,3, The initial eccentricity, wq, is
assumed equal to zero at all locations along the celumn. The unknown
displacement at the top of the column, w(0), is denoted w”, The basic statical
relationships of the problem are as follows: o

M, =M,— Hx— @2;—2, 1 =—q

My =Qw(x)—w"), - My =Qw"(x)
M=M+M,=M,—Hx— ? + Q0w —wTy= —Elw"
V=M =—H—gx+ 0w {x})= —EIv"

The differential equation of the elastic curve is obtained by substituting My = —q.
into equation {(8.2):

o & 4
W +E[M = %7 (f)

The corresponding homogeneous equation has general solution

wy = € sinkx+ Cyeosxx+ C3x+Cy, (equation (8.4))

Figore 8.3
System of example 8.1

S
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where x = |/{QEI). A particular solution of the form w = cx? is assumed for the
inhomogeneous equation. Substitution into equation (f) yields

S
H 50 x (g)
The general solution to equation (f) and the first four derivatives of the solution
are thus ‘ )

w = C, sinex+ C, cosxx+ Cy x+ Cy + oy

20
W =y xcoskx— C, ksinkx+ C; + % x
w = —C, k¥sinkx— Cyrc? cosxx + %
W= —C, x? cosxx+ Cyx?sinkx

W= Cp ket sinkx + Cy it cosxex
The constants of integration are solved from the boundary conditions:

_ M,
Ef

F0y= —El"(0) = —~H+ 0w (), or w"(0)=(H— Ow{O)/EI
Atx=0 w{)=0
w{}=0

The following constants of integration are thus ebtained:

At x=0: M(0) = — ETw"(0) = My, or w'({0)=

C, =m [(M[,-I- % EI) Ksinxl—H—ql]

C = é— (Mo +5 EI)

¢y~ —‘Z‘}’:" [(Mo+% EI) xsinrcl—H—gIJ
—--é— (Mg +% EI) cosk{— H-Q—I - %%

Substituting these constants and the particular solution (equation (g)) into
equation (8.6) yields the complete solution. The sectional forces in the column are
obtained from equations (8.7) and (8.8). At the base of the column (x = I):

1 s sinkl] g
M(D—COSKI[M“—QEI (H +ql) = ] G E

V()= —(H+ql)




446 ' ' 8.1 Piers

Fipure 8.4

System of example 8.2: a, given geometry and

imposed displacement; b, upper hinge support
7 ~ replaced by horizontal force 2

ib}

Example 8.2: . - .
Horigontal restraining force in a column with lower end fixed and upper end hinged,
subjected to an imposed displacement . :

The hinge at the top of the column is replaced by a horizontal force H (fig. 8.4).
This makes possible an equivalent formulation of the preblem in terms of H,
rather than in terms of the given horizontal displacement w”. The initial
eccentricity wy is equal fo zero at all points along the column. The basic statical
relationships are as follows:

M, = — Hx, M =0

My=0w(x)—w"), My =0n"
M=M+M=—He+ Qw(x)—wh) = — EIw"
V=M= —H+4 0w = —EWw" .

Since M7 (x) =0 for all x, the differential equation of the elastic curve (equation
'(8.2)) reduces to

,iu Q W —
W +EI w' =1 . {In}

Since this equation is itself homogeneous, only wy is considered:
Ww=wyg = C;sinkx+ Cy cosux+ Cy x+ C, (equation (8.4))

where x = /(Q/EI}. The boundary conditions are as follows:

CAtx=0: V() = —Elw"(0) = —H1+ Qw'(0), or w"(0) = (H—Ow (O))/ET

M(0) = —EMw" (0) =0, or w'(0)=0
Atx=0I w{i=0
w{l)=10
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These boundary conditions yield the following constants of integration:

—-H
Ci= Orcosxl
C,=0
H
=1
tgo
H ftanxl
Co= Q( = 4)

The complete solution to equation (h}, in terms of H, is therefore

W) = e (tanxx_x) n ﬂ(tanxlil)

O\ kx o X
The value of H is obtained by setting 12 (0) = w7 in the above equation:
Qx T

)

~ Tanrl—xl "

Equation {i) can be used o calculate the critical load 0, of a column with lower
end fixed and upper end free, since the horizontal restraining force at its tip will
vanish when the buckling load is reached. H — 0 implies that then tanxl— + oo,
and hence

7 e
Kl=n 7 for any positive integer n

The critical load @5 corresponds to n=1:

g 8] _7
n? ET
Q = 4[2 - QE
Example 8.3:

Buckling load of a column with lower end fixed and upper end hinged

The structural system is shown in figure 8.5, where H denotes the unknown
horizontal reaction at the top of the column. The column has no inifial
eccentricity, The basic statical relationships are

M (x)=0, M (x)=0

My (x) = Hx+ Qw(x), () = Q0w (x)




R
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B

Q which has as its solufion
= fo —2 | xl=1437 .
The critical load is obtained by replacing & bﬁf 1/(Q,’—EI) inl the above equation,
. yielding o
: | 0 PUTE_ o - .

Critical loads are commonly expressed in the form Qp=#2 EIfIZ, where } is
defined as the effective length of the column. Thus, for the column of example 8.3,
+ k=1{1/2.04 =0.71. The quantity / is a function of end conditions and column

R Figure 85 ) . stiffness; critical lengths for commonly-used column types can be found in figure
3 System of example 8.3 : R N

d) Approximate Calculations: Vianello's Method

Since M} = 0, the differential equation of the elastic curve is homogeneous , . , o e e
1nce My eren quatio g Figure 8.6 shows an axially loaded column, hinged at both ends, with inifial

w, O eccentricity w, (x). (The maximum value of wy (x} is denoted wy ..,.) Application
Wit = 0 : _ _ of the load O results in first-order moments 3y, which are a function of this initial
: geometry: ) :
Its general solution is - My (¥) = Oy (%)
w=wy = Cy sinxx+ Cyeosxx + C3x+Cy (equation (8.4)) : M, induces additional displacements w,, which can be calculated according to

. ) first-order theory using the methed of virtual work:
where x =1/ (Q/ET), The constants of integration are obtained from the boundary
conditions: : w0y () = | M% ES) A ()ds = | Q&g}(s) M. (s)ds G
Atx=0: w({@®=0 N . ‘ .
| M(0) = —EMw" (0) =0 or  w'(0)=0 B where /7, (s) are the momenis obiained when a unit lateral load is applied at point
| ’ i * x. Assuming EI is constant, the above equation can be rewritten as

Atx=IL w({) =10

w() =0

1y () = EQ?' [wols) H,(s) ds , (8.9)
which can be expressed as the following system of equations: '
C,+Cy=0
C,xk2=0
Cysinxl + Cyeoswl + C3l+ Cyl=10
Cy xeoskl — Coxsingl+ Cy =10

The critical load 0, corresponds to the nontrivial solutions of this system of
equations. Since C, and C, vanish, J; can be obtained by setting the determinant
of the matrix of coefficients of C; and C; equal to zero:

Kot Figure 8.6 . .
Tncremental deflections of an axially-loaded column with initial
eccentricity wy '

singl —xlcosxl=0 or wl=tanxl
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In a similar manner, the additional deflections due to Af; — Qw, , calculated using
first-order theory, are .

a () = [ iy 5) B (5) ds ©

Additional terms w,(x) are obtained analogously. The total deflection w(x) can
thus be.expressed as an infinite series

w(x) =wy () +w, (3 + w0+ .. {§]

If the additional displacement w, is proportional to the initial displacement wy,
then equation (8.9) can be rewritten as

w(x) = -E% { wo () M (5) ds = awp () = % Kwy (x)

where o= QKJET, and K, (x) = fw, (5) M, (s) ds. Since K is a function only of the,

initial displacement, it will be constant; it is conveniently expressed as X = [*/c, for
a constant ¢. It follows that

W {x) = ?T{II W (x) = aowg (x) . ()
_or |
o = 'E (ﬂ)

Equation (k) thus becomes
| Wa(x) = % wy (x)
and equation (I) is trénsformed into
wix) = wo () (t+e+a®+...)

If 0 < ¢ < 1, this infinite series can be summed; the total deflection will be

wix) = wo(x) Ii—a (@)

Tfe = 1, the deflections w(x) wifl be infinite. The condition ¢ = 1 thus corresponds
to the critical load Q. Since w(x) is proportional to w, (x} for all values of «, it
follows that w, (x) must be proportional to the buckled shape of the member. The
critical load is thus given by

cET
Qg = Tz
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obtained by setting « = 1 in equation {n}. Expressed in terms of O, equation (u)
becomes _ ’ :
- £

Or

og-

Equations (m) and (o) can likewise be rewritten as

91 = o o () | (8.10)

w(x) =Wwo(x) I—Q : (8.11)

Qe

respectively. ! Although derived here for the particular case of a statically
determinate column with ¢onstant flexural stiffness, these equations are general,

" valid for both statically indeterminate columns and columns with variable EI.

They are exact provided wy(x)} is proportional to the buckled shape of the
mermber.

‘When the applied load Qis equal to the critical load Q, equation (8.10) reduces to
1y () = wo (¥) | (8.12)

Hence, when @ = ;, the additional displacement w, due to M, = Qw, will equal
the initial deformaiion. This observation leads to & procedure for caleulating 0
given wy (x), w, (x) is calculated as a function of @ using equation (8.9). The two
expressions are equated and solved for @, which will be equal to Qp.

The procedure is suitable for approximate calculations. The actual buckled shape
can be replaced by a curve w, of similar shape that satisfies the same boundary
conditions. The caleulation is then carried ouf as described above. When the
buckled shape of the member'is not obvious, the elastic curve produced by a lateral
load can be assumed for w,. The final result is relatively insensitive to the choice of
load; either a concentrated or a uniform load can therefore be used. This technique
is particularly helpfuf in the case of columns of variable stiffness.

Although equation (8.11) was derived for the case of an initial eccentricity wy, it is
also valid in the more general case of deformations induced by the combined

! 1t is possible to express the quotient (/0 in terms of axial force N. This is often necessary for

_consistency, when the centext is clearly one of sectional forces and net of external leads. In
these cases, the critical load is simply rewritten N, whose value is identical to @ in all cases
where axial lcad is concentrated at the ends of the column. The parameter ¢ can thus be
equivalently defined as

N

a=
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action of initial eccentricity, load, and imposed displacement. The deflection w, is
defined as the first-order displacement due to the total first-order moment by
rewriting equation (j) as

Aq,\\so.'.-.t)c(-‘-\ P W [(5 (o0ias
= [ g gas  asonet aplicadas,

- where M, is the sum of the first-order moment due ta initial eccentricity and the
first-order moment due to loads and imposed displacements:

My = M; [wg] + Mg, g, ...]

The additional displacement w,, is caleulated using equation (k); higher terms are
defined analogously. The sum w, (x) + w, (¥) + w3 {(x)+ ... is denoted w(x), the ’
total second-order displacement due to M. If w, is proportional to the buckled
shape, then equation {8.11)} can be rewritten as

wi{x) = wy (x) 1 o (8.13)

QE
The Vtotal deformation can now be formulated using equation (8.1}
Wip (X) = iy (x) + w(x)
where w(x) is the initial eccentricity and w{x)} is as defined in equation (8.13).
Equation (8.13) can be used for approximate caleulations by relaxing the
condition that w, (x) be proportional to the buckled shape. Provided w, (x)

satisfies the same boundary conditions, and is reasonably similar to the buckled
shape, results of acceptable accuracy can be obtained.

Example 8.4:
Cantilever column with uniform lateral load and concentrated loads at its tip

The system is shown in figure 8.7. The deflection at the tip of the column due to
first-order moments, wi, is

gt  HE MP_ P (qlz HI Mo)

wl = a0 Mg
SEI T 3EI 2EI ~ EI

8 3 2
The critical load of a cantilever column, derived in example 8.2, is

w2 El
= g
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¥ I[’?)G?

Figure 8.7
System of example 8.4

The second-order deflection at the tip can naw be obtained from equation (8.13):
: !

P (qF HI Mo) f
“E\s T3 agr
=Bl

The corresponding second-order moment at the base of the column is

M= - (qé +H1—MO+QW) M M4 Mot
This approximate solution agrees closely with the exact solution calculated from

the differential equation in example 8.1. The difference between the two solutions

is less than 0.5 percent at all load levels; the agreement is so good that the two '
solutions cannot be distinguished in figure 8.8.

Wl Ty
8 - l 16 [ '
7 - 4
/ O ®0g
6 12
/ .
5 0

: /! )

L] .____,_/

o) 04 08 1z 16 20 24 289 () 04 08 12 16 20 24 284

Figure 8.8
Results of example 8.4, plotted asafunclmn of axialload @, for My = —1, H=1,g=1,1=1, and

" EI=1; a, deflection at top of column w™; b, moment at base of column A£#
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Figure 8.9

System of example 8.5: a, given geometry and

imposed displacement; b, upper hinge support,
+ 2 replaced by horizontal force

{b}

Example 8.5;

- Horigontal restraining force in a colamn with lower end fixed and upper end hinged,

snbjected to an imposed displacement
The system is shown in figure 8.9a. As in example 8.2, the hinged column with
imposed displacement wT is replaced by a cantilever column with lateral load & at

its upper end (fig. 8.9b}. The first-order deflection at the tip of the column .

produced by & is

' HP
O =55

" The second-order deflection at the tip is calcalated from equation (8.13), given the
critical load of a cantilever column @, = z? EIj41%

, H? 1 By
Oy g
1 T RZLET

" This equation is rearranged 1o yield the following expression for H:

A -‘
H=3ﬂw(0) 1_4Q12) [ W=o —% S -;;‘ﬁf;;[ - 6\[5
IE n?El yre :
- The given tip displacement w7 is now substituted for i (0), thus completing the
solution. The corresponding moment at the base of the column,
MB= —(HI4+ Qw"), is given by the equation

2
ME = —[%51 w (1 —%—f) — QwT]

The approximate and exact solutions are compared in figure 8.10.
. L v
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Be w e Exact sclufion b}
. ~1.H e ——— Approximate sofufion .
Figure 8.10 :
Results of example 8.5, plotted as a function of axial load @, for wi=1,/=1, and ET=1: a,
horizontal reaction H; b, moment at base of column A5 .

Example 8.6: .
Critical load of a column with lower end Jixed and npper end hinged

The system and axial load are shown in figure 8.11a. Nodes 0 through 6 are
equally spaced over the height of the column.

Equation (8.10) will be used to solve for Q. The true buckled shape is
approximated by wg, the deflected shape due to a horizontal load & = t applied at
node 2 (figs. 8.11 b, ). The initial deflection wy and the additional deflection Wy,
produced by the first-order moments due to wy, Wil be equated at node 2.

l ¢ wylug) iyl
¢ $"~ ﬁg 7 R 000
14 080
2 | LBy Sl 00
3 I 090
4 057
5 _ o3
& 777“4 7J7, - ilu4]

la} ] Ic)

Figure 8.1% ’
System of example 8.6: a, geometry and axial load; b, transverse load; ¢, deflections Wa
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Table 8.1

Calculation of w, (x,) Using Simpson’s Rule

Nod M N E " MMn

oce e () I Qelwa ()

¢ 0.000 0.000 1 0.000

1 0.631 0.086 4 .21%8

2 1.000 0.173 2 0.346

3 928 0.093 4 0.344

4 1575 0.0i2 2 0.014

5 0.184 —0.068 4 —0.050

6 - 0.000 _ —0.148 St 0.000
MAn ree—
ab LU 872

Total Belvo () 0.8

The deflection w, (x,)is calculated analogously to equation (8.9) using the method

~ of virtual work, Because the system is statically indeterminate, computational

effort can be reduced by considering the real displacements and curvatures for a
statically determinate primary system, and the virtual loads and moments for the
given statically indeterminate system of figure 8.11, The quantity M/ET thus
denotes the real curvature due 1o the moment M = Q¢ wy; M denotes the virtual
moment due to the load #=1 at node 2. The integral

!
M
wy (x,) = g BT Mdx

is evaluated numetically using Simpson’s rufe with the help of table 8.1. Thus, for
Ax=1j5,

_ Ax 087
i) =5 3 ZEI 3 QE

0sl?
wolxg) = 0.0485 Er o (xz_)
Thecritical load is obtained from the condition w, (x,) = wo (x,) (equatidn (8.12))

O = 20. 621 12
This approximate solution agrees to within 2 percent of the exact solution
obtained from the differential equation

w* El

== T 2 2%

!2

8.1.3 Calculation of Ultimate Resistance for Flexure and Axial Force

a) Fundamentals

The uitimate resistance of a section subjected to bending moment A and axial
force & is defined by specific combinations of these two sectional forces, which

8.1.3 Calculation of Ultimate Resistance for Flexure and Axial Force 457

can be represented simply and clearly by means of an M- interaction diagram.
The caloulation of the ultimate sectional force combinations (A4, Ng) is based on
the following assumptions:

1. Plane sections remain plane after deformation
2 The tensile strength of conerete can be neglected
3. Idealized stress-strain diagrams can be used for both steel and conerete

As discussed in Section 4.3.1, material strengths can be defined in several different
ways. In the context of M-N interaction diagrams, it is customary to use specified
design values for the strength of both concrete and steel, £, and f,, respectively.

The stress-strain behaviour of concrete can be idealized in several ways. The
diagram given in the CEB-FIP Model Code (Comité Euro-International du Béton
1977) is commonly used. The stress-strain curve consists of a parabolic segment
for strains between 0 and 0.67¢,, and a constant segment for strains between
0.67e,, and 1.0¢,. (g, denotes the ultimate compressive strain.) A simplified
version of this diagram, also shown in figure 8.12a, consists of two constant
segments. Concrete stress is assumed equal to zero for strains less than 0.2¢,,, and
equal to f; for straing greater than 0.2¢,,. Use of this simplified diagram will result
in a considerable reduction in computational effort without significant loss in
accuracy.

The stress-strain diagram of reinforcing steel is normally idealized as bilinear
(fig. 8.12b). It is characterized by linear increase in stress up to the yield strain Eops
beyond which the steel stress {5 constant and equal to £ The specified maximum
permissible steel strain, & ..., normally lies between 0.005 and 0.007.

b) Interaction Diagrains for Ultimate Sectional Forces

The ultimate limit state of the cross-section is achieved when the extreme fibre
compressive strain reaches ¢,,, or when the strain in the outer layer of reinforcing

Be/t, 6‘slfsy
10 ’ 10
08 / a8 /
05 06

) —EB-EP o /
04 / Parabolic for ESO_GT 04 /
02 —— S[mpfﬁied ussumpﬁm| oz

02 04 @6 08 0 ot/ 60 30 g ey

fal - Ib)
Figare 8.12

Edealized stress-strain diagrams: a,-concrete; b, reinforcing steel
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,;_Egu_,r
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S
A\ i N
\ ~

i \ \\\\
I o Figure 8.13
' States of strain at ultimate limit state; effective cross-

section resistance
S5,mcn(

+

steel reaches &, ., (fig. 8.13). These ultimate states of strain define the effecrive
resistance of the cross-section. A point on the M-N inferaction diagram is
caleulated by assuming one of these ultimate states of strain. The corresponding
stresses are then calculated from the material stress-strain diagrams and
integrated to obtain the ultimate sectional force combination (My, Ng).

Lacge curvatures are associated with the ultimate strains defining the effective
cross-section resistance. This implies that the ultimate limit state of a slender
member will be accompanied by large deflections w and large moments Qw. The
maximum axial load @ which can be sustained by the system thus deformed will be
lower than the actual ultimate load, which is reached at a lower curvature and with
lower (w moments. It is therefore preferable to define the ultimate resigtance
using reduced states of strain, obtained by Jimiting the maximum strain in the
outer layers of reinforcing steel to the yield strain:

&

Es,max ™
¢

{8, = 0.0022 for f, =460 N/mm?2.) The cross-section resistance defined by thfa
reduced states of strain (fig. 8.14) will be called the rediced resistance. Although it
is somewhat lower than the effective resistance, it will result in a higher ullimate
load of the member, due to the smaller curvatures and Qw moments.

These concepts are illustrated in figure 8.15 for the simple case of an eccentrically
loaded cantilever columa. The axial load ¢ is increased from zero until failure of
the member oceurs. The interaction diagrams of the effective resistance (R) and
the reduced resistance (R4} at the base of the column are given in figure 8.15a.

gy
-(I
~
ANNAY } \
Py \\
NN
(el Figure 8.14
L. States of strain at ullitnate limit state; reduced cross-

section resistance

i o g0000% ?,l{d L Uzs N/"zuw{?
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tal . fw o e
-N 1‘ ) 1%0 W, & ] 0max w e R
N Effective resistoncs (R} [— I ' l
\‘\/ Reduced resistonce {Rpeq) { }
\\ reruar. I i
T‘E_ QiR} ! l
NiQ} A 1
mHa} .
7 h‘T o Mo i v
W = w[Beq) w=wlR}
N=q
M= Olerw)

Figure 8.15 .
Ultimate load of an eccentrically [oaded column: a, interaction diagrams; b, system and load; c,
ultimate deformations {reduced resistance); d, ultimate deformations (effective resistance)

The sectional forces AM{Q), N(Q) produced by the increasing axial load Q are
plotted on the same set of axes. The M (), N(Q) curve reaches a maximum atits -
point of irtersection with the interaction curve of the reduced resistance.’ The
corresponding axial load, denoted @,,,,is the ultimate joad of the system, Beyond
this point, increases in strain are only possible by reducing the load. The effective
cross-section resistance can thus only be reached for an axial load Q{R) less than

max*

The four characteristic states of strain shown in figures 8.16 through 8.19 are
normally sufficient to generate interaction diagrams, Further computational
effort can be saved by using the rectangular stress block of the simplified concrete
stress-strain diagram of figure 8.12a. An interaction diagram calculated using
these simplifications is compared with the corresponding “exact” diagram in
figure 8.20. If is apparent that any error is small and on the conservalive side.

The interaction diagrams of the effective resistance model and the reduced
reststance model typically differ by only a few percent. The states of strain of figure
.13 can thus be used to calculate the cross-section resistance, even for slender
members, provided deformations and second-order moments are computed using

53]
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Figure 8.16 :

State of strain 1: a, sectional forces and strains;
b, concrete stresses and resultant forces in
It} conergte and steel
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the reduced states of strain. The slightly unconservative ultimate sectional forces
thus obtained can be tolerated since the calculation of deflections and second- ’
order moments, which normally disregards the stiffness of the concrete between ' i
cracks, is sufficiently conservative, '

Figure 8.17 . Charts and diagrams to assist in the calculation of ultimate cross-section |

szraa‘;s‘ffbstZ‘::crzétj’stsfc‘;i‘:sn:Lg"rr::l‘]lg':: : resistance have been published for many commonly used cross-section types |

forces in concrete and steel ! (Menn et al, 1977, Walther 1977). Interaction diagrams for rectangular and D

) circular columns are given in the Appendix. Most published interaction diagrams

- are given in terms of nondimensional guantities to extend their range of
application, Commonly used dimensionless expressions are as follows:

ji- Ny Heo] My Axial foree: Hp = e (8.14)
e (INE t ¥ ' TRTERE :
€5 ""\i < :Iesy ; ' ) . My

| T < , ‘Moment: Mg = biif (8.15) |
| . . |
i r‘fca%y . Figure 8,18 . : :
. b A State of strain 3: a, sectional forces and Interaction diagrams are normally published for specific arrangements of !
JTc'J‘ " f.é‘r";‘;l;inbé:]fé‘r‘:tztzrfg‘:f::f and resultant reinforcement. The diagrams given in the Appendix, for example, assume that the 5

reinforcement of a rectangular section is located only at the extreme tensile (4,)
and compressive (Af) fibres, and is arranged symmstrically about the axis of the
crogs-section (4, = A;). The mechanical reinforcement ratio is defined in terms of
Agpor = A F A

i tgy : I '
: i) : = 150l Jsp '
Esy:[_ ~~_(‘t\ R f Do bh ./L: (8‘16) X

%
I

£

c} Interaction Diagrams for Prestressed Compression Members ' ‘

-

Figure 8,19 ;
. S State of strain 4: a, sectionat farces and
fal’ tb) strains; b, resultant forces in gleel

The ulfimate resistance of a prestressed compression member can be calculated o !
with reasonable accuracy using a simpfified method. It is assumed that the il
prestressing steel is located on the flexural tension side of the section. Due to its Iy
pre-strain, the prestressing steet and mild steel located at the same depth will yield . i
roughly simultaneously (fig. 8.21).

Mild steel and prestressing steel can thus be considered as equalin the calculation
_ Wl ' - of the interaction diagram, Both can be assumed to yield at an increment of strain : \
i < . : equal (o g,. As shown in figure 8.22, the axial force and moment due to initial
St Exoct colevtation : ‘ prestress, P and Mg, produce only a translation of the origin of the diagram.
<  SimpFfed ealcufalion . )
2 . i : : Yielding of prestressing steel on the compression side of the section, however, will
R . C , A
: always be preceded by crushing of the concrete. When only a small amount of
e ) prestressed compression reinforcement has been provided, the usual ultimaje : -
- states of strain of figure 8.13 or figure 8.14 can be used, -

gl . Figure .20
G ol M Approximate and exact M- interaction : The total bending moment due to loads and prestressing must be considered in

caleulating the deformations of prestressed compression members.

Nﬁ“%“ - Mg : diagrams )
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1 _ Figure 8.21 -
€, %Ep-Epp £5:Ep Stress-strain behaviour of mild steel and
i woR prestressing steel in a prestressed com-
lt— Decompression straln pression member

ﬁ M
I
! HAs
|
l
i
€
+Ap= g
Figure 8.22
Interaction diagrams of a non-prestressed
member (origin &), and of a prestressed

=Y

member (origin &)

e

8.1.4 Flexural Stiffness of Reinforced Concrete Sections

The flexural stiffness of a reinforced concrete section is a function of the sectional
forces 4 and N, This is a consequence of the nonlinear stress-strain behaviour of
concrete and reinforcing steel, and of the negligible tensile strength of concrete.
Flexural stifftiess is also a function of duration of loading, due to creep in concrete.

The influence of cracking and nonlinear stress-strain behaviour on flexural

stiffness can be observed in the relationship between bending moment, M, and
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K
M
by

Figure 8.23

M 7 N = constont Moment-curvature diagram of a reinforced
f vature diageam of

! //S u concrete section for initial loading, assuming
—@;"(0{5 * 4 -constant axial force

r

curvature, 1/r, in a previously uncracked section. A typical moment-curvature
relationship is illustrated in figure 8.23, in which Af is increased from zero to the
ultimate moment Af, while the axial force N is held constant for all values of M.
The loads are assnmed to be of short duration; the effects of creep can thus be
neglected.

The diagram is nenlinear and is characterized by three distinct segments sepa-

“rated by discontinuities in slope, The first extends from the origin to the cracking

moment A, . The section is uncracked and its behaviour is essentially linear in this
region. The second segment extends from M, to M,, defined as the moment at
which yielding in the outer layer of reinforcing steel begins. The third segment
extends from M, to Mg, the ultimate moment of the section, Momentis A, and Ay
correspond to the states of strain of figures 8.14 and 8.13, respectively.

Flexural stiffuess can be defined in several ways. Figure 8.23 shows three
possibilities. The tangent stiffness EIT is equal to the slope of the moment-
curvature diagram for a given moment M. It can be expressed as °

aM
d(ifr)

EIT=‘ = tana’

The secant stiffness EIS is equal to the slope of a line passing through the origin
and intersecting the moment-curvature diagram at a given point (1/r, M):
M :
s _ |4 _ - s
EF —-|Ur| | Mdr| = tana

" Both EIT and 'EI® are defined for initial loading only. When the section is

unloaded, or when load is reapplied to a previously loaded section, the resulting
moment-curvature dizgram will assume a more linear character; EI™ and E75 will
be approximately equal for all values of M. In this case, the two sliffnesses are
denoted collectively EIY:

EIV = tana”

The use of EI5, the secant stiffness derived from the moment-curvature diagram of
initial loading, will be conservative and will lead to reasonably accurate deflection -
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e

Figure 8.24
Secant stiffness ZI5 as a function of M and ¥

calculations. The value of EI° can be determined simply and divectly from the
moment A and the state of strain, Figure 8.24 shows the variation of secant
stiffness with the sectional forces A and ¥; the values of EFF along the shaded
boundary of the surface correspond to the ultimate sectional forces.

Tt was proposed in Section 8.1.3 that the calculation of deformations and second-
order moments in slender columns be based on the reduced cross-section
resistance, in which the ultimate limit state of the section is reached when the strain
at the outer layer of reinforcement is equal to e,,. The corresponding reduced
secant stiffness is denoted EI:

ElL=r, M,

where r, and M, are the radius of curvature and moment, respectively, obtained
from one of the reduced ultimate states of strain.

Therole of the reduced stiffness Ef, can be visualized using the moment-curvature
diagram of figure 8.23. It is apparent that the small increase in moment from M, to
Mp results in a large increase in curvature. Increasing the moment beyond Af, thus
results in farge increases in second-order moments but only negligible increases in
cross-section resistance, It is therefore reasonable to define the capacity of slender
compression members in terms of A, and to calculate deformations at ultimate
limit state using the corresponding stiffness EL.

Axial force N is plotted against EZ, in figure 8.25. Each point on the curve is
obtained from a state of strain in which &5, max = &5, The curve can be quickly
sketched using the four characteristic states of strain of figures .16 through 8.19.
The correspending radii of curvature are as follows:

State of stress 1: i) = oo
h
State of stress 2 it = EP.

57
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-N
{
Ely

N

i

. Figure 8,25 ]
EI{.” . Relation between reduced stiffness EI,
——F[, and axial force N
B o2 Y

i *‘7‘!7/ B EL

State of stress 3: r¥= Jo
2g,,
State of stress 4: = g_n

Sy

The calewdation of member deformations is considerably simplified by assuming
constant flexural stiffness along the length of the member, equal to EI, at the
critical section. The virtvat work integral confirms that the greatest contribution
to the displacement will be from locations where A is large and ET is small. At
these points, the actual stiffness will be close to the minimum stiffness EJ,. At the
remaining locations in the member; where A is small and E¥ is large, the actual
stiffness will be considerably greater than EZ,. The cantribution of these points to
the total displacement will be much less, due to the smaller bending moments. The
end result will thus be relatively insensitive to the larger error in ET at these
locations. Deformations caleulated in this way will thus be reasonably accurate.

‘Because a lower bound of memBte stiffness isused at all locations, any error will be
‘on the conservative side.

An exact calculation of the deformations and second-order mornents may
nevertheless be worthwhile for very tall bridge piers. An iterative procedure can be
used for this purpose. The second-order moments M{x} are. first caleulated
assuming constant flexural stiffness El,. The stiffness of the uncracked homog-
eneous section is then assigned to all locations where A7 (x) < M,. At all other
lecations, the radius of eurvature r(x) corresponding to M (x) is calculated, The
flexural stiffness in the cracked portion of the member is then obtained from the
equation

EI(x) = | M(x)r ()
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Table 8.2 .
Reduction of Stesl Strain Due to the Participation of Concrete Batween

Cracks (o= Ay, /40

Average Steel Strain &,

O S0.6% Ot > 0.6%
M EMS2M, L0787 (M) 0.888 (A1)
L 2MSMEM, C09e (AN 1.0eH (a)

(The contribution of the concrete between the cracks can be considered in the
calculation of r(x) by means of an average steel strain e, as given in table 8.2.) The
caloulation of the second-order moments is then repeated using EI(x).

Creep in concrete results in progressive increase in strain at constant stress. The
time-varying strain produced by the sustained concrete siress g, is given by

g} = &, (1 + (1))
Cat time i, and
Beoon = €e,et (1 + ¢cu)

after many years. The quantity &, 1 denotes the strain corresponding to o, in the
stress-sirain diagram for short-termloading (fig. 8.124a). The effect of creep can be
visualized as a stretching of the stress-strain diagram in the horizontal direction by
a factor of (i + ¢). It is apparent that concrete will be able to sustain strains in
excess of g, under long-term loads. -

Points on the interaction diagram of a cross-section subjected to sustained load
can be computed using normal procedures, provided the concrete stresses are
calculated from the stress-strain diagram stretched by the factor (1 + ¢). Since the
ultimate long-term strain in the concrete is greater than g, the use of the strain
diagrams of figures 8.13 and 8.14 will lead te an underestimate of the cross-section
resistance. The difference between the shori-term and long-term stresses for
strains near &, will, however, be relatively small. The cross-section resistance
under susiained load obtained from the states of strain of figurs 8.13 will therefore
closely approximate the actual resistance. On the other hand, the difference
between the short-term and long-term stresses corresponding to &y, will be
considerably greater. Use of the strain diagrams of figure 8.14 will thus resnlt in
sectional forces which are significantly smaller than the actual resistance under
sustained load.

Tt is possible to define new states of strain that lead to a realistic value for the ul-
timate long-term load. They must be sufficiently high to maximize cross-section
resistance, yet must also limit second-order effects. A rigorous calculation of such
an “optimal” strain distribution for sustained loads is, however, impractical. The
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effect of creep is primarily one of ificreasing member deformations, while leaving
the cross-section resistance essentially unchanged. Calculations can thus bo
simplified by using the reduced cross-section resistance, obtained from the strain
limitation & ,,,, < &,, and the short-term stress-strain diagram, for both short-
term and long-term loads. Long-term deformations at ultimate limit state must be
caleulated, however, using a reduced flexural stiffness to account for the effects of
creep. The reduced stiffness is defined as follows:

EL{¢) =k, EL
The simplification is, in all cases, conservative.

The reduction factor &, is a function of the creep coefficient ¢ and of axial force.
Graphs of k, as a function of ¢ and the nondimensional ratio g g, are given in

.. the Appendix for both circular and rectangular sections. The quantity Hg, is a
nondimensional expression for the ultimate axial force in pure compression, and is

equal to 1 + . Quantities s, and 1, are defined in equations (8.16) and (8.14),
respectively. For the typical case ¢ =2 and ng/ngo = 0.3, k4 lies between 0.5 and
0.6. _ : .

The deformations due fo sustaired and short-term loads can be combined by
idealizing the former as a short-term effect. The procedure will be formulated
using the following notation:

‘G sustained load
¢:  short-term load
Ng:  crifical compression

The first-order displacement due to sustained load, w, {G), is compiuted using the
flexural stiffness &y EX,. The corresponding second-order displacement is ob-
tained from equation (8.13):

1
[ NG}
Nele)

w{G) = w (G) 8.17

where the critical compression has also been reduced due to effects of creep:
c gk, El
Nelg) = ~—1;1L~2
The idealized short-term displacement W, () is defined as the first-order
deflection that would produce w(G) in the absence of creep:

i
W(G) = W (G) —
1 1 N(G) . (a)
Ne

T
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where N = n? EL/IZ is calculated using the flexural stiffness for short-term loads.
The following expression for W, {G) is obtained by rearranging equation (a):

#:(G) = w(6) (1 - 9%,@) 3.18)

The total deformation due to the combined effects of sustained load @ and short-
term load ¢ can now be calculated:

H= (ﬁ‘l (G) + W, (Q)) M—GI)-W-Q“T (8.19)
NG

where w, (@) is the first-order displacement due to short-term load.

Example 8.7: i
Concentrically loaded column with inifial eccentricity wy, sibjected to Tong-term

load G and short-ternt load Q

The systemn, loadings, and critical loads are shown in figure §.26. The calculation
of the total lateral deflection, w,,,, proceeds as follows:

wi{G) = w, % _(EqL.]atilon (8.100)

wi(G) = w, J]\\fi(((;i)) lﬁ;N(G) = 1.0w, {Equation (8.17))
Nel(d)

w, (G} = w(G) (1 — N]E}i) = 0.76w, {Equation (8.18))

wi (@) = wo sz,f) = .08,

ls+u

X G = 6000KN Q = 2000kN

1 Npip) =12C0CKN  Np= 25000k

Figure 8.26
System of example 8.7
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1
W(G+ Q) = (F () + wy (Q) ——v o = 123
TR NG ]'Vt N(Q) ° 7
£ (Equation (8,19))

W = Wo +Ww(G+ Q) = 223w, (Equation (8.1))

8.1.5 Imposed Deformations

Redundant support reactions and sectional forces are induced in statically in-
determinate structures by imposed deformations due to self-equilibrating stresses

- or support displacements, Because they exist merely to satisfy compatibility, these
reactions and sectional forces are proportional to the stiffness of the systern,

decreasing as the structure’s deformability increases as a result of eracking,
material plastification, and ereep.

Imposed deformations are of little significance to the behaviour of non-slender
members at ultimate limit state. Provided the system is sufficiently duetile, the

-compatibility conditions that define the accompanying redundant forces need

no longer be satisficd. In slender compression members, however, imposed
deformations increase the second-order momsnts and must therefore be con-
sidered at ultimate limit state.

Cracking induced by imposed deformations must always be checked under service
conditions. This is best accomplished using the geometrical methods described in
Section 4.8.4, since the accompanying nonfinear behaviour cannot be adequately

dealt with by statical methods.

The following example shows how imposed deformations can bs considered in the
design of slender columns at ultimate limit state, and investigates their influence
on the second-order moments. ;

Example 8.8;
Concentrically loaded colunu with initial eccentricity, with and without an imposed
displacement at its upper end

(In this example, square brackets will be used to denate the action causing the
displacement, while parentheses will be used to denote the point at which the
function is evaluated. Thus, wwe](x} will be the displacement at point x due to
initial eccentricity w,.)

1. Imposed displacement not considered:

The system and loadings are shown in figure 8.27. The maximum initial
eccentricity is denoted wy .. The total deflection due the initial eccentricity is
calculated as follows:
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;

-a'—-r g —- H
H\
™
’ ®

! ) ' Figure 8,27

! A4 System of example 8.8; no imposed displacement

Dl = w0 () 5 (Bquation (3.10)
B

P16 = o002 )2

T%[wa](l).— Wy [wo] () g o (x) 0:, O wolx) 0,0
05 : :

(Equation (8.13))

. : 1
W) = w0 4wl = o) {145 L) = wot) — -
QI-.' Q 1 __2
' . Ok
(a) (Equatien (8.1))
The second-order moments are thus
Mx)= 0w, &) — Hlwglx
where H[w,] is the statically redundant horizontal reaction at the top of the
column. Its value can be obtained from the boundary condition w,{0) = 0:

Mo
Wio0) = § 7 Hdx =0,

where 4 (x) is the cantilever moment due to a unit Jateral load at the top of the
column:

M) = —x 7 (b)

Assuming constant flexural stiffness, the maximum moment is

Mmax =0.733 Qw(),max %

O

and is located at roughly the upper third point of the column.
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Figure 8,28
System of example 8.8 with imposed displacement w?

) Timposed displacement considered:

The same column, with identical axial load and initial ecceniricity w,, is now
subjected o an imposed displacement w(0) = wT at its upper end (fig. 8.28). The
quantities i, and w” are of opposite sign. Equation (8.1) is again used to
formulate the total deflection:

Wi () = wo (X} +w(x) = wo (3) + wlwg] () +w[wT] (x) (c)_

where w (x) has been expressed as the sum of a deflection due to wy and a deflection,
due to w?, From equation (a),

wo (X)) + whivg] (x) = wo (x) 1 0

Qs

The solution of w[wT](x) begins, as usual, by expressing it as a function of first-
order deflections using equation (8.13): . -

winT(x) = w, [wT1(x)

i
_e

QO

w,; [wT] is the first-order deflection due to the moment

M) = — Hyx,
where

The solution of w[wT](x) is thus complete, and can be substituted into equation (c)
to obtain the total second-order deflection. The second-order moments are now
computed:

Mo, W10 = — © (9oy (0) — Wi (3} — Hx
= — Q00iay (0)— o () = wliwe] () — wlwT] (x)) — Fx
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Figure 8.29

Ultimate load of the celumn of example 8.8 with and without imposed displacement (difnensi_ons
in mm): a, section properties; b, load and imposed displacement; ¢, response at upper third point;
d, response al base

The quantity H is the statically redundant horizontal reaction whose value is
obtained from the boundary condition w,,(0) = w7 at the top of the column:

Mw,, w7
T (]

wl = IT} Mdx

where 3 (x) is as given in equatfon (b).

As shown in figure 8,29, the imposed deformation results in ingreased bending
moments and a lower ultimate foad relative to the column without the imposed
deformation.

8.1.6 Design at Ultimate Limit State
The familiar condition

S;=5(50) < ;—R R (8.20)

8.1,6 Design at Ultimate Limit State ‘ 473

-can also be-used in the design of slender compression members at ultimate limit

state, The load factors, denoted yg, are defined in design codes and standards. The .
value of y5 for dead Ioad Is normally larger when its effect is unfavourable, and

smaller when its effect is favourable. The values of y for all other loads do not
normally vary. The computed cross-section resistance is reduced by the resistance
factor yx, which is applied equally to both coordinates of the interaction diagram:

(Mgfyg, Nefyz).

Statistical variation in the flexural stiffness of slender columns can be accounted
for by calculating deformations using a design value of stiffness El

s,
Yr

Many published interaction diagrams express the cross-section resistance in terms

of unfactored moments and axial forces. Factoring the sectional forces by y = y5 vs
simplifies the use of these diagrams, while maintaining the specified margin of
safety. Inequality (8.20) is thus transformed into

SF=yrS@ISR or S*=S(y=R (8.21)

Equivalence of the two structural safety criteria requires that flexural stiffness not
be factored by 1/, when inequality (8.21) is used.

Two equivalent statements of the safety criterion can thus be formulated for a
given axial load @, first-order moment A, and first-order displacement'w, . In
both statements, the parameter » is used to relate the geometrical eccentricity of
the member to the statical eccentricity of the axial load at the critical section
(fig. 8.30). ‘ :

Setond-order
momend /Q

]

lo)
Figare 8.30 s :
Maximum eccentricity 77w, of axial foree for various end conditions: a, hinged-hinged; b, fixed-
fixed; ¢, hinged-fixed : :
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1. Loads factored by yg, resistance factofed by 1/yg, stiffness factored by 1y,
{inequality (8.20)):

1
Ny=ps 0 £ Ny
'R

1
My = ye My - ys Qw4 y‘_ < — My
5
E,d

The first-order deflections and critical load are calculated using the factored
flexural stiffness ET, [y,

, ,_ ¥sQ s
Wy g = EL iy alr,
and
2 EI,
-Qea= £ Iz 22

E

(The coc':fﬁcient o is a function of the first-order moments and system geometry
and is obtained from the virtual-work integral.) .

2. Loads factored by y = yp ys, resistarice and stiffness not factored {(inequality
(8.21)): -

N* =950 < Ny
ME=ypys My + 2 ys Qi
i

where the first-order deflections and critical load are calculated using the
unfactored flexural stiffness EL:

wf = lklgi—g wl?,
and
n EL
I

(= is defined as above.)

- 8.1.7 Use of Design Aids
a) Nondimensional Ratios

As stated in Section 8.1.3, published interaction diagrams normally express the
ultimate sectional forces in terms of nondimensional ratios. The dimensionless
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)
ne
e hy i
W
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Figure 8.31
Symbols used for restangular cross-sections

quantities used in the diagrams given in the Appendix are defined as follows for

- rectangular and circular cross-sections:

1. Rectangular Sections:

H

The symhols used are given in figure 8.31. It is assumed that the section is

symuneirically reinforced, ie., 4, =4
1. Axial force:
2. Moment: '

3. Flexural stiffness:

4. Radius of curvature:

3. Mechanical reinforcement ratio:

2. Circular Sections:

4
5o

=R

PR Ehf
My

g —bhzf
el, = E{ = L
YOBRYL TR
Iy

h
o A AL,
b bh  f

The symbols used are given in figure 8.32. The area of reinforcement, 4, is

assumed to be uniformly distributed

1, Axial force;

2. Moment;

Ne

i —

around the circumference.

AN,
R R,

4
g ZW_Z

Figure 8.32
Symbols used for circular cross-secticns
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) 4EL, 1,
. . C_ 1y
3. Flexural stiffness: . el —Lﬂ WL m,
4, Radius of curvature: f]rz
5. Mechanical reinforcement ratio: Wy = 4A§ Iy
_ ah® f

The parameter r,/h is a nondimensional expression for the radius of curvature
corresponding to the plastic moment m,. Values of r,/h can also be obtained from
theinteraction diagrams in the Appendix. The dimensienless flexural stiffness e/,
used to calculate the second-order moments, can be computed from

a %mR (8.22)

b) Design Procedures

As stated in Section 8.1.1, column dimensions will normally have been chosen
on the basis of aesthetic criferia. The design of slender bridge columns for
adequate structural safety is thus primarily concerned with determining the
amount of reinforcement to be provided. Two design procedures can be used for
this purpose: .

1. Design review:

1} The section dimensions and axial force #* = y, i, are given. An estimate is
! . ¢ . YrHy g
made of the required reinforcement ratio, e

(2) Theultimate moment mi, and radius of curvature 7, /i corresponding to »* and
¢ are obtained from the interaction diagram. The flexural stiffness ei, is
caleulated using equation (8.22).

(3) The second-order displacements and second-order moment m* are calculated.
The safety of the cross-section is adequate for the assumed reinforcement ratio
provided m* = mny.

(4} Another reinforcement ratio is chosen and the procedure is repeated if
m* > mpg (design inadequate), or if m* is much less than sz, (design overly
conservative). In the latter case, it is incorrect to use the reinforcement ratio
corresponding to the point (#¥, m*), which will always be insufficient.

The procedure is conservative since the deformations of the system are calenlated
using the flexural stiffness el, corresponding to the ultimate cross-section
resistance (ng, M), which will be less than the stiffness corresponding to the actual
design sectional forces (%, m*).

e e e
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2. Direct design;

A rapidly converging iterative procedure is derived here for the simple case of an
axially loaded column with initial eccentricity wg(x). The maximum value of
wy {x) is denoted wq_ ... The second-order design moment, expressed in nondi-
mensional form, is given by the expression

= p# 10men - (8.23)
1.0
fig

(The parameter # is defined in Section 8.1.6.) Equation (8.22) is used to rewrite the
critical load in terms of my and r, fh:

7, 2 .
np— whel,  wimplr,/h)

SO b @

The following expression Is obtained by setting mp=mr* and substituting
equation (&) into equation (3.23):

5 2
- (ﬂQ_L ) ) . 8.24)

h 72,0
The moment m* can be computed directly from »* using this expression.

The direct design procedure can thus be formulated as follows:

(1) Thesection dimensions and axial force #* = y5 1, are given. The reinforcement
rafio w is assumed equal to 0.2. .

(2) The radius of curvature ry/h corresponding to n* and @ is obtained from the

interaction diagram.
(3) The moment m* is obtained from equation (8.24).

(4) New values of w and r,/h corresponding to (#*, m*) are obiained from the
interaction diagram. The procedure is repeated until the difference between
two successive values of m* is sufficiently small.

Example 8.9:
Concentrically-loaded rectangular column with initial eccentricity w,

o
The system geomelry, loadmg 0, and support conditions are shown in figure 8.33,
The initial eccentricity is assumed proportional to the buckled shape of the
column. Its maximuin value, in nondimensional form, is :

Womar _ Fi
h 3004
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o, max

Figure 8.33
— 7)7,; System of example 8.9

The relevant geometrical information and material parameters are as follows:

. [=300m Wo,mee = 0.070m N = 20000kN.

v L=210m = 0.733 Jfi= 24N/mm?
h="07m Hik= 005 Joy = 460 N/mm?
b= 40m I/l =30.0 y=ygpys=18

The interaction diagram is taken from the Appendix for a rectangular section,
/i =0.05, ©=0.00 to 0.50, Aw = 0.050. The nondimensional axial load is

s IN
n _bhj; 0.536

The reinforcement will be designed first by the design review procedure, and then

by the direct design procedure.

I. Design review:

) Assumie w,, = (.25.
2) mg = 0.20
%275
e, = %1 g = 55
3 m* = p* %ﬂf—"% = 0.35 (Equation‘(8.23))

1=

He

€)] Since m* > myg, the assumed reinforcement ratio is unaccepiable.
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(- Assume e, = 0.35,
(2). g = 0,24

% = 265

h

.7

efy, = w};‘i Mg = 03.6

3 m*:n*mﬂﬂj‘i“ﬁzoij
h (- n '
N

(4) ~ Since m* < mpy, the design is acceplable.

2, Direct Design:

Equation (8.24) is adapted to the given parameters by.substituting the values of
1%, 1, Wo,uaes B, and [ /i The following expression is obtained:

48.9 .

*
7 0.0393 4 Py

The steps of the iterative caloutation are presented in table 8.3.

Table 8.3
Sofution of Example 8.9 by Direct Design (n* = 0.536)
T, 48.9
ti Iy ey 287
Tteration w i } mr = (L0393 4 T
1 0.20 280 0,244
2 0.27 275 0.217
3 0.30 270 0.220
4 0.30° 270 0.220

8.1.8 Special Cases

a) Columns During Construction

Bridge columuns are normaily free-standing prior to construction of the super-
structure, In this state, the effective length /, is equal to twice the height / provided
the column is fixed to a rigid base, As a result, the slenderness ratio Ifi of the free-
standing colwmn will be higher than /¢ for the same column in the completed
structure. Values of 4/f of up to 240 are possible for free-standing columns.

‘The stresses in the free-standing column are induced by its Self~weight g and wind
load g,,. The critical distributed load of & cantilever column, (g))g, is equal to
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Figure 8.34
T m77w§ Statical model for the calculation of second-order effects in a free-
e

IR TT RN
=3
o

standing column during construction

about three times the critical load Q applied at the tip (Timoshenko and Gere
1961:103), Second-order deflections and moments can therefore be calculated
using an equivalent tip load equal to g/f3. The statical model shown in figure 8.34
must be modified as necessary to account for any etastic rotations at the base of the
column.

Dead load can have either a favourable or an unfavourable effect on behaviour
at ultimate limit state. The design must be checked using the formulas of Section
8.1.6 with two different load factors y, for dead load. The total safety factor for
dead load pg = yzys may therefore be different than the total safety factor for
wind, ¥,,.

The second-order deflection at the top of the free-standing column, neglecting any
rotation of the foundation, is given by the expression

(H’T)* = “’D'max + (yw QWI + Y gll’3 Vﬂ‘max) 1
i

8EL O _¥eglf3
Ox

(The initial displacement, wq_,.¢, is obtained from the relevant design standard
and is normally left unfactored.) The correspondmg ultimate sectional forces at
the base of the column are

N* = —yggl
* ﬁ?w"?wl T
M* = 2 yG 3 (W )
b) Expansion Bearings

Superstructure displacements due to prestressing, shrinkage, temperature, and
other actions produce frictional forces in expansion bearings, which must be
considered in the column design. Properly detailed and maintained bearings with
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l'ggHA,m
’—E A— —=R i / !
et _— j-L_ -
I Oy~ H
L e
X i ' Figure 8.3 :
T Statical model for the calculation of second-order eﬁects inacolumn

Foyrax with expansion bearings at the top

" steel rollers or PTFE sliding surfaces broducc frictional forces equal to roughly 5

percent of the vertical dead load reaction from the superstructure, The loads to be
considered in the design of the column thus consist of the total self-weight of the
column g/, the maximum superstructure reaction A4,,,., bearing friction, R, and
wind g, (fig. 8.35).

The deflection of the column tip at altimate limit state, neglecting foundation
rotations, is

WTYE oy qul4 lez ?(31/3+Amax) )
(H ) - “().mas + ( 851 + 3EI3. + QE O,max
1 ' .
B ) . ©
O - \'

A7 s

(The y factors may not all be equal ) The ult1mate sectional forces at the base of the
column are thus
i

N* = 7y(gl+/imax)

2 . .
are = =T8T Ry (g3 Ag) (47

+

The computed column tip deflection (equation (a)) may be greater than the
maximnum possﬂ)]e superstructure displacement uG In such a case, the frictional
force R acts in the opposite direction, reswtmg ‘the tip displacement and thus
redudiy the demgn moments. The value of R must therefore be Iimited to a
conservatively smali multiple of the superstructure dead load reaction . Ay

i

R<aA &a\é(ot)/ /’f"/-) ;

where o lies between 0.005 and 0.010, dependmg on bearing type. AItcrnatlver,

. it can be assumed that the displaceinent # is imposed at the column tip with
- the bearings blocked (fig. 8.36). The design would then be adequate at ultimate

TN T,
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N Figure 8,36
e Statical model for the caleulation of second-order effects in a
L s column with blocked bearings and imposed superstructure
’ Homontus displacement &€

-limit state provided the inequalitics of Section 8.1.6 are satisfied. The resulting
horizontal force at the column tip H, required for compatibility, must act opposite
to the displacement, and satisfy

VH*| < ud,

8.1.9 Flexible Systems
a) General Remarks

Tn the context of column design, siructural systems are defined as flexible when
longitudinal forces due to wind, earthquake, braking, and other actions are
transferred from superstructure to foundation through the columns, or fixed when
the transfer is made directly, normally by means of fixed bearings at an abutment.
The portions of a bridge between internal hinges, and thus disconnected from the
abutments, are normally designed as flexible systems.

The inherent siability of fixed systems is relatively high, since all columns whose
tips cannot displace relative to the superstructure are effectively restrained against
sway in the longitudinal direction. Their effective length is thus substantially
reduced. The stability of flexible systems, however, can only be provided by

columns that are not braced apgainst sway, and whose effective length is )

correspondingly greater, For these reasons, fixed systems are normally more
economical, except in the case of very long bridges.

Due to the inherent inaccuracy in the caleculation of the neutral point for
superstructure displacements, the detailing of bearings for flexible systems
requires particular attention. This topic is discussed further in Chapler 6.

b) Global Stubility of Flexible Systems

Flexible structurdl systems'rnust have sufficient longitudinal stiffiiess to ensure
that deformations and second-order moments are not excessive. The global
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stability of the bridge provides an effective measure in this regard. The second-
order longitudinal displacement of the superstructure u® can be expressed
approximately as

- ,,gx%
[
Y

G

u (8.25)

where ¥ is the first-order superstructure displacement and yg s the inherent factor
of safety against buckling of the system. The second-order moments A resulting
from u¥ can likewise be expressed as

b
(4
YE

u¥
M = My g = My (8.26)

where A, is the first-order moment,

The factor y; should be greater than 3.0. The global stability of the system is often
checked, however, prior to designing the column reinforcement. In such a case, y5
is calcutated assuming the specified minimum reinforcement in all columns. The
stiffness of the system can be considered adequate provided yj calculated in this
way is greater than 2.0, It is assumed that the column reinforcement will be
increased during final design, thus raising y; to an acceptable level. If the global
stability is checked after the final design has been completed, y; should not be less
than 3.0.

The buckling load of the system is reached when, for an arbitrary longitudinal
displacement of the superstructure «, the sum of the horizontal forces H;
transferred from the superstructure to the columns is equal to zero. A procedure to
calculate y; can be based on this condition. The system buckling load is expressed
as the product of the column loads @ and the unknown safety factor yg. The forces
H, are likewise expressed as funciions of the buckling load yp0Q and the
superstructure displacement #® The horizontal forces are then added and their
sum equated to zero: ‘

T H=0 @
This equation can then be solved for vz,

Expressions for the horizontal forces H; are derived below for three types of
cotumns, Since the loads are increased by a global safety factor yg, the column
flexural stiffness EJ, is leftunfactored. A value of 220/ My can be used as an initial
lower-bound estimate of EZ,, corresponding to minimum column reinforcentent.

_ The sigh convention is given in figure 3.37.
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Figure .37
Sign convention for flexible systems

¥ 2
H

_—

Figure 8,38

Column with lower end fixed and upper end hinged:
horizontal force H corresponding te system buckling
load

1. Lower end fixed, upper end hinged K(ﬁg. 8.38):

Displacement at the top of the column:

i

,1!T=}$)T7

! lnyQ

O
where
HP #n? EI
wie=_"" and Qy="53> ®
' 7 3E] ET 4

Horizontal force at the top of the column:

7 H=3T§IZWT

2. Both ends fixed (fig. 8.

Displacement at the top of the column:

wT e ]

1

1
_ =€

(b%) e Qs 120)

39:

Or
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[
Figure 8.39
Rt Column with both ends fixed: horizontal force H
= corresponding to system buckling load
whare
HPB 7t El,

T _.. — ‘
Wy 1257, and (g ——7—1]
Horizontal force at the top of the column:

12BI, (0 70\ _ 1207
H = 5 (1 55)5- Q- 1:0)

Equal expressions for the horizontal force A are obtained for both column types,
The different support condlttons therefore produce only a change in the critical
load of the column. . |

3. Both ends hinged (fig. 8.40):

Horizontal foree at the top of the column:

H= _—"?EQ

lrs'ﬂ 7ed

——— e —— —— ——-

Figure 8.40
Column with both ends hinged: horizontal force H
corresponding to system buckling lead .

=
-
&
&
.
-
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Since all displacements at the top of the column must be equal (s] = »9, forali7), .

the condition of equation (a) can be written

Selp (s - 55 -

4 ] i)

where the index { denotes the statically indeterminate columns which stabilize the

system (iypes 1 and 2 above), while j denotes the statically determinate columns

{type 3 above). The quantity O ; is the critical load of column i. Equation (b) can
- be solved for yg:

¢} Calculation of the Ultimate Load of the System

The buckling load derived above is not a reliable indicator of 1he ultimate load of
the system. Under the infiuence of wind loads, longitudinal forces in the
superstructure, and bearing eccentricity, the ultimate capacity at critical sections
will be reached for loads substantially less than the buckling load.

Anexact calculation of the ultimate load of a flexible system would account for the
superstructure construction sequence, as well as material parameters and climatic
and geotechnical factors. Such a caleulation would be very complex analytically.
it would moreover be based on many parameters which are subject to
considerable statistical variabiiity or are difficult to determine at the design stage.
The large computational effort required would thus not result in increased
accuracy. It is therefore reasonable to use a simplified procedure.

Tt will be assumed that the ultimate {oad of the system has been reached at the
formation of the first plastic hinge, that is, when the ultimate resistance has been
reached at any one section of the system. This assumption results in a lower bound
for the ultimate load, since the formation of a single plastic hinge will not
constitute a failure mechanism unless the system is statically determinate, Due to
second-order effects, however, only a limited increase in load is normally possible
after the first plastic hinge has been formed. The procedure is therefore a
conservative and reasonably accurate indicator of the true ultimate load of the
system.’

The safety of each column section at ultimate Jimit state must therefore be checked
according to the inequalities of Section 8.1.6, which will be expressed here in the
following form: :

(Inequality (8.21))

S*(M*, N¥) <R
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When this inequality is satisfied at all locations, the ultimate load of the system will
be greater than the factored design loads.

The sectional forces at ultimate [init state S* must be caleulated considering three
types of lateral actions: (1) imposed column tip displacements due to prestressing,
shrinkage, and temperature change in the superstructure; (2) lateral wind loads g,,,
applied directly to the colurn; and (3) horizontal forces H acting at the column
tip. The second-order displacements due to each of these actions are combined and
used to compute the second-order moments.

The imposed column tip displacement due- to prestressing, shrinkage, and

. temperature change in the superstructure is denoted wi. This displacement can

normally be computed using the flexural stiffiress of the homogeneous, uncracked
column se¢tions. The superstructure construction sequence must be accounted for
iri the calculation. It can be assumed that column stiffness remains constant during

_the entire construction period. The initial eccentricity w, (x), whose sign is chosen

to practuce the most unfavourable effect, is combined with wi resulting in the total
mitial deformation, w,. This deflection will closely approximate the column’s
buckled shape. The relation can be formulated at the top of the column as follows;

wi =wi+wl

The superstructure acts as a rigid link among the columns. Any column tip
displacement in addition to w} must therefore be equal for all columns of the
bridge. These additional displacements, denoted w7, are produced by wind load
o the cotumns and the horizontal force Happlied at the column tips, and include
the second-order displacements due to the initial deformation Wi,

The unknown horizontal forces can be calculated by expressing the force at
column /, H;, as a function of the tip displacement w7, The equilibrinm condition
of the superstructure is used to solve for w7 (fig. B.41):

5

Hy—-YH =0 ©
Higy
Iy Hy iy
Figure 8.41
Horizontal forces H} transterred from super-
v 7 . structure to columns at uliimate load
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q'll

——bH*

Fipgure 8.42
Column with lower end fixed and upper. end hinged:
ultimate load of the system

where H7%, is the fotal horizontal load (factored by y= g ¥¢) Originating from the
superstructure and includes the minimum frictional force at all expansion
bearings, applied in opposite direction to the loads.

The expressions for H; are derived here for three common column types. Loads are
factored by y =7x ¥s: the column flexural stiffness ET, is left unfactored:

1,

Lower end fixed, upper end hinged (fig. 8.42):

First-order displacements at column tip:

we = wy [H¥F+wy [¢%] + wi[w]]
where
H*P
3EL

14
vile* = SEI

wl [H*] =

3T T ‘_.g T
wi [wf] = 0, W]

(Q is equal to the vertical reaction from the superstructure plus approxi-

mately one third of the total column self-weight.)

Second-order displacement at column tip:

H*P  g*] o* 1
T L
W (BEI,, +Q5H)1_Qf
0
where :
0 _ mrEL
E 412
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¢ :
H'

q* [ i

i.

Figure 8.43 i

kL Column with both ends fixed: ultimate foad of the sysiem 5

Wl {

Horizontal force at column tip: : i

12 /0 * 3g%1 1207
H*:wTF(TE—QT)— qé — anl wi (d)

2. Fixed at both ends (fig, 8.43): ' ‘

First-order displacements at column tip:

H* P
Wi (H*) = 12EF, |
o T o |
Wi g7 = 24EI J
o !

wl (wh) = =~ wi ; : :
I QF i

{Q is equal to the verfical reaction from the superstructure plus approxi-
mately one half’ of the total column self-weight.)

Second-order displacement at column tip:

H*[3 * 14 *
WT_(‘—-I il +Q w,) !

T\i2EL T adEL T, M) TpF |

where - E
. |

n* EL N . i

Qg = T i

O

I

Horizontal force at column tip:

Qe _ Q% _g¢*1 _ 120%

e (G- ) -2y ©
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Figure 8,44
Column with both ends hinged: ultimate load of the system

3. Both enils hinged (fig. 8.44):
Horizontal force at colwmn tip:

=1

H* = _QT* O R T . A )

The horizontal forces H; caleulated from equations (d), (e), and {f) are substituted
into equation (c). The value of w” obtained from equation (¢} is then substituted
back into equations (d), (), and (f) to obtain the value of H, for each column.

The ultimate sectional forces can now be computed and checked against the
available cross-section resistance, If it is determined from the sectional forces that
certain columns or substantial portions thereof are still in the uncracked state, the
calculation can be repeated using the stiffiess of the uncracked homogeneous
section in these regions. This can fead to a significant increase in the ultimate load
of the system in some cases.

d} Inclined-Leg Frame Bridges

Inclined-leg frame bridges behave as flexible two-dimensional frames. The
transfer of longitudinal horizontal forces from the superstructure to the supports
induces bending in the superstructure. The supersiructure moment envelope must
therefore be calculated by superimposing the effects of the vertical and the
horizontal forces.

Longitudinat displacements and the resulting bending moments are magnified
by second-order effects according to equations (8.25) and (8.26). The magnitude
of the increase will be a function of yg, the inherent factor of safety against
buckling of the system.

The critical load case for buckling of the system consists of dead [oad plus live load
applied to one half of the bridge (fig. 8.45a). If the structure is symmetrical, the
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Figure 8.45 .
Inclined-leg frame bridge: a, symmetric and antisymmetric load components; b, moment
diagrams; ¢, simplified load components; d, buckled shape

loading can be expressed as the sum of a symmetrical component and an
antisymmetrical component, The superstructure moment diagrams produced by
each component are shown in figure 8.45b. The calculation of y, can be simplified
through the use of concentrated loads @5 and O (fig. 8.45¢). Instability is
induced by compression which is a result of the symmetrical component alone,
The buckling load of the system is therefore expressed as a mmltiple of 05,

Oep=yg o5

A rigorous calculation of the buckling load of the system can be made using the
stiffness method, taking into account axial deformation. A system of equations is
established for the joint rotations and displacements of the structure loaded with
g 0%, The buckling load is obtained by setting the determinant of the system equal
to zero. ’

In simple cases, the buckling load can be calculated directly using Vianello's
method, presented in Section 8.1.2. Assuming an initial displacement &, corre-
sponding to the buckled shape of the structure, the buckling load is reached when
the first-order displacement J; is equal to &;:

& s 0% d) =&

The possible formation of plastic hinges in the girder at ultimate limit state must be
considered in computing the moments M, due to J, and y; @5, When the girder is
designed for the moment diagrams of figure 8.45b, without considering moment

(827
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redistribution, M, can be calculated using normal procedures, as cutlined in the
following example

Example 8.10:
Inclined-leg frame ivithout plastic hinge

The system and loadings are shown in figure 8.46. The initial displacement;

consists of the rigid-body rotation of the columns through angle 6, and the

corresponding deflections of the superstructure. The resulting bending moment

diagram (34,) is shown in figure 8.47. The additional rotation of the columns, §,,
is computed using the method of virtwal work:

"M, 1 s 0y (ac/2p?

&=L g M =5 7@ G Bat o)

The virtual moments # are given in figure 8.48. The factor of safety apainst
buckling is obtained from equation {8.27):

JELb{a+cf2) tana

E T T 0 a2

o ¢*
c o :
i ]
2
[
c o |
l - |
b} Y 15 7o
-, ;
Figure 8.46
o8 System of example 8.10: a, geometry and
loading; b, initial displacement &,
¥
7 e
3 .
TMa O LaGp Figure §.47

fena “[g+t/) . Moments M, due to yg Qs and &,
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2
) Figure 8,48
- Moments A due to a unit rotation at the
o

base of each of the inclined columns

The moments M, are proportional to the moments due to the coneentrated
antisymmetrical loads . When the girder is designed to form a plastic hinge at
the support before the ultimate [oad is reached, M, must be altered accordingly. In

- the following example, it is assumed that the plastic moment at the supports is

equal to the design moment due to symmetrical load (g + g/2).. The antisym-
‘metrical load of figure 8.45¢ will therefore cause no increase in moment at the
right support. The moments A4, can thus be considered to act on a hinged system.

Example 8.11:
Inclined-leg frame with plastic hinge

The system and loadings are shown in figure 8.49. The girder is hinged at the right
inclined support. The initial deflection d, is identical to the previous example
(fig, 8.46). The bending moments M, due &, and v, Q% are shown in figire 8.50.
The method of virtual work is again used to.selve for J;:

U M, 1 & (ac) (a+c)
g 5 1)
i I o Mdx= GEL, Q" S tanaia+ o2
'
OS
¢ a
P
=
14
c J _‘L Figure 8.49 :
I I, System of example 8,11 .

—{ & sn e Figuore 8,50
S O e Moments Af, due to yg Qs and &,
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z Wz
( D Figure 8.51
i - a-c - Moments 3 due to a unit roldtion at the
fi=t = Zola+ o) M= tase of each of the inclined columns

(The virtfual moments M are given in figure §.51.) The value of yy, is obtained from
equation (8.27):

_ BELb(a+c/2)’ tana
BSOS a9

8.2 Foundations
8.2.1 General Remarks

Foundations are a relatively expensive component of bridges. Foundation costs
can vary from 30 to 80 percent of the superstructure cost, depending on the
topographical, geotechnical and hydroogical conditions. The foundation system
and its interaction with the superstructure also have a profound effect on the
overall structural behaviour of bridges. The choice of structural system and the
careful analysis and design of its components are therefore just as important for
the substructure as for the superstructure,

The foundation design must provide an adequate margin of safety against the
. oceurrence of the following limit states: loss of bearing capacity, overturning,
excessive settlement, and slope stability, It must be based on a thorough
description of the geotechnical and hydrological conditions, obtained from
borings, piezometer readings and, where necessary, measurements of long-term
soil displacements. The substantial statistical variability of all peotechnical
parameters must be considered. Laboratory tests are the primary means of
identifying the range of varfation of the parameters.

8.2.2 Spread Footings

The simplest and most economical foundation type is the spread foeoting. These
foundations can be used when a competent soil or rock layer is present relatively
close to the surface. The depth of the bottom of the footing must lie below the
maximum depth of frost penetration; the upper surface of the footing must be
focated at least 0.5 m below finished grade.

Footing dimensions must be selected to prevent excessive settlements, over-
turning of the stracture, and bearing pressures in excess of the available capacity.
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Stability against overturning is of particular importance for columns during
construction and for columis that are not restrained against sway. In addition,
slope stability must be considered in the design of footings located in mcImed
terrain.

Foundation settlements are calculated for the total dead load reaction. When
appropriale, settlements can be calculated according to elastic theory using
published influence charts (Terzaghi 1943; additional charts from various sources
can be found in’ Kldckner, Engelhardt, and Schmidt $982). The allowable
foundation settlement is usualty chosen to limit cracking in the superstrueture or
to limit the maintenance required for subsequent bearing adjustment. It is often
practical to reduce potentla] settlements through deep vibration, injections, or
other den51ﬁcat10n measures,

Resistance against overturning must be checked for the most critical load
combination. The limit state is defined as a bearing pressure at the edge of the
footing equal to the bearing capacity of the underlying material. All loads that
induce overturning are increased by the factor yg. Dead load is multiplied by a
smaller factor when it resists overturning, The allowable soil pressure along the
edge of the footing can be obtained from the stress-deformation diagram of the.
soil. It is reduced by an appropriately chosen resistance factor. Adequate stabitity
is ensured when the maximum factored stress at the footing edge is less than the
factored allowable soil pressure. Second-order effects resulting from the defor-
mations of both column and soil must be considered,

The bearing capacity of the soil is rarely of controlling significance in the
calculation of footing dimensions, which are normally determined from the
allowable settlements, Slope stability may, however, be critical in inclined terrain.
The factored resistance of the soil against sliding must be greater than the
maximun shear stress due to factored foundation loads at the critical surface.

The footing slab is designed for two load cases: maximum. vertical load, and
maximum eccentricity of scil pressure. Its thickness at the column face should be
chosen to eliminate the need for shear reinforcement. This will normally be the
case when: the resultant of the soil pressure outside the column perimeter is
directed to the column by a compression diagonal inclined at roughly 45°, and . -
the compression diagonal resulting from soil pressure at the edge of the footing is
inclined at roughly 30° (fig. 8.52). Any sloping of the top surface of the footing
should be made without top forms for reasons of economy and should not hinder
the proper consolidation of the concrete. Trussmodels can beused in the design of
the reinforcement. The reinforcing steel must be properly anchored at the edges of
the footing.

Spread footings that are not located at the immediate surface are normally built
in sloped or shored excavations. Seldier piles and timber lagging can be used for
shoring when the excavationisin the dry. Otherwise, sheet pile walls can be used in

-sand or gravel; drilled conerete pile walls are recommended in coarser maferial.

Deep footings are built as shafts or cofferdams.
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Figurc 8.52
Spread foolings: geometrical requirements for no shear reinforcement

When spread footings are not appropriate for the given geotechnical conditions,
deep foundations such as shafts, cofferdams, or piles must be used.

8.2.3 Shaft Foundations

Shaft foundations have the following advantages:

1. The soil is visible and fully accessible for inspection over the entire depth of the
foundation

2. The definitive depth of the foundation can be established without difficulty
during construction, to correspond with the actual soil conditions encountered

3. At Teast a portion of the reaction from ihe bridge can be compensated by the
weight of the material removed from the excavation. This makes shafts
especially suitable for foundations in unstable soils, particularly in inclined
terrain

Shaft foundations are best suited for construction in cohesive soils where the water

table fies below the bottom of the foundation. They can also be built, however,in -

granular soils when shoring, injections, or other appropriate measures are taken.
Provided the permeability of the soil is relatively low, the water table can be
lowered below the bottom of the footing using wellpoints or other meats.

The shape and dimensions of the shaft cross-section can be freely chosen, The
diameter should nevertheless be large enough to permit mechanized excavation. A
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circular section is normally chosen, except in inclined terrain where elliptical
sections can resist the non-uniform soil pressure more sfficiently. Varying the
interior cross-section with depth is not recommended, since suspended formwork
of constant diameter is normally used to cast the walls. The footing can be made
slightly wider than the shaft, but only nnder appropriate conditions.

Shaft foundations can be divided into two classes, according to the manner in
which they transfer the reaction from the superstructure to the ground.

1. Bearing shafts transfer the entire column load to the soil through the footing at
the bottom of the shaft {fig. 8.53). The walls serve primarily as stay-in-place
shoring for the excavation. When required, they can also protect the columns
against lateral pressure due to long-term seil displacements. The load on the

“bearing layer is in all cases reduced by the weight of the excavated material.
Connecting the column to the-top of the shaft fixes it solidly into the upper
sutface of the ground and reduces its effective length.

2. Friction shafts transfer a significant portion of the column load to the soil
through skin friction, The column normally rests on a thick concrete cap on top
of the shaft (fig. 8.54), or is connected to the shaft along its entire depth
(fig. 8.55).

Drainage must be provided in shafts that have been designed to relieve part of

the load on the bearing layer. Tt is recommended to dimension the drainage pipes -

very conservatively, to reduce the risk of blockage through silting.

—_————=

Rotk surfoce

Figure 8,53 :
Bearing shaft for soil subject to horizontal
displacements
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Shafts are constructed by the underpinning method. The height of the rings varies
_ between 0.8 and 1.5 m, depending on the cohesien of the soil. Construction of the
g upper partial rings required in steeply sloping terrain is facilitated by first casting a
: 0.3 m thick concrete slab on grade around the excavation, and anchoring this slab
info the soil (fig. 8.56).

In the absence of soil movements, the load on the shaft walls is derived from the 0k
horizontal pressure in the at-rest condition, reduced to account for the beneficial o s
effects of arch action around the shaft. An expression for the lateral soil pressure i
on the shaft, o®, is derived below for a shaft with radius r, and soil of unit weight y
and friction angle ¢. The inclination angle of the soil surface is denoted f.

In the at-rest condition, the vertical and horizontal soil pressures are as follows: [

(e ¥4
am=£K q, {
Seclion B-8 : ] where X;, the coefficient of [ateral stress at rest, can be expressed approximately as

a function of the coefficient of active stress K,

Ky =K, [1+sin(¢ —f)]

Figure 8.55

Bearing shaft: column rests directly on where 5 ) _ . 2 - ) |
Seclion, | A-A shaft footing - K, = cos?¢f{1 + ]/[smq&sm(qﬁ — BYfcos B} i
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Figure 8.57
At-rest pressure in inclined terrain

By > By

Gh > G'hz

1
The horizontal at-rest pressure is therefore
o= K, [ +sin (¢ — P o, | ()

The at-rest pressure on the uphill side of a large-diameter shaft will be greater than
the at-rest pressure on the downhilt side (fig. 8.57), Passive pressure must therefore
be mobilized on the downhill side to maintain equilibrium.

The unsupported excavation below the completed portion of the shaft is made

possible by a local redistribution of stress known as arching. The load is

transferred away from the excavated face in both the horizontal and the vertical
directions. The vertical arch action disappears as the shaft construction progresses
deeper, A significant portion of the horizontal arch action, however, remains after
the shafl is completed, and contribufes to the reduction of the load on the shaft.
Equation (a) can thus be modified to take this beneficial effect into account. The
lateral pressure acting on the uphilt portion of the shaft, o®, is defined as a nultiple
of gy

UR = Agh (b)

where the reduction factor 4 is defined as follows (Lang and Huder 1985, 154—
156):

L, it —exp (“% K,,tanqb) ‘ ©

z .
? tan (}5 .
The pressure acting on the shaft wall (uphill side) is obtained 5y substituting

equations (a) and (c) into equation (b):

1--exp (—Ka % tan(b)
ol = K ry [j +Slll(¢*ﬁ)] ——"W
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an equal and opposite pressure is applied to the downhill side of the shaft fo
equitibrium, :

Vertical skin friction
™ =2g%tan¢

can be assumed for friction shafts. Settlement of the shaft is required before this
skin friction can be fully mobilized.

The design of the shaft walls can be based on the moedel shown in figure 8.58.
Second-order methods are normally required for the calculation of the sectional
forces. The critical load Ny is given approximately by

Mg
Wy

where Nis the tangential force in the shalt ring, wy is the initial eccentricity, and wy
is the first-order wall deflection due to &-and w,. The initial eccentricity is
assumed proportional to the buckled shape, and can be approximated as the first
order deflections due to the applied loads. For shafts located ir soils susceptible to
horizontal displacements, a range of possible load combinations (g,, g,) exists.
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Fipure 8,58
Statical model for the design of shaft walls
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The flexibility of the spring, ¢, can be calculated approximately from the local
shaft radius r and the constrained modulus of elasticity My obtained from an
cedometer test:

- ro .
oy f{: . for continuous support, and

¢ . . . .
ep = Kfi . for discrete springs with spacing Af

Long-term movements in the soil should be prevented by ﬁroviding a drainage
system 1o stabilize the entire slope. Borings for the drainage can be located at the
- . surface of the ground and inside the shafts. .

When the construction of a drainage system is not practical, the shaft should be
designed to absorb at least a portion of the soil movement, If a well-defined siiding
surface can be identified in the soil, the shaft shou!ld be made discontinuous at the.
plane of intersection. This will permit the unrestrained movement of the upper
portion of the shaft along with the soil mass. Two or three joints are normally
sufficient (fig. 8.55). Rock wool pads, about 50 mm in thickness, can be used as
joint material.

Excavation costs can be prohibitive when stable soil layers are located at great
depths. In such cases, it may be more practical {o found the shaft closer lo the
surface; excavating only what is necessary to compensate the coluinn load. The
system is then detailed so that any deformations induced in the siructure by shaft
displacements can be subsequently corrected. This can be accomplished by
providing a bearing between the column base and the shaft cap, thus permitting
the column to be jacked back into position after the shaft displaces.

Long-term movements in the soil can induce an increase or a decrease in the initial
ring pressure in the shaft walls, depending on the geometry of the sliding surface.
Since this geometry cannot normally be clearly determined, the rings should be
conservatively designed for an increase in pressure. A long-term program fo
moniter the shaft wall deformations should also be considered. A conservative
shaft wall design is recommended even when the soil is stable, since shaft
foundations are extremely difficult to rehabilitate.

8.2.4 Cofferdams

The classical methods of shaft foundation construction cannot be used below the
water table. In-such cases, cofferdams may be a practical solution. Cast-in-place
concrete cofferdams are shown in figure 8.59. These can be used in sandy or
gravelly soils without boulders or cobbles larger than 200 mm in diameter (This
material can be excavated relatively easily underwater without blasting.) Steel
sheet piling can also be used in these conditions, Cofferdams consisting of drilled
concrete piles are best used in soils in"which boulders are present, The ratio of

'
|
]
]

8.2.4 Cofferdams ' : T5m
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' Figure 8.59
Cofferdam foundations: a, after completion of underwater excavation; b, final state after partial
removal of cofferdam walls

perimeter to cross-scctional area, and hence the overall material consumption, can
be minimized by selecting a circular cross-section.

The walls are constructed segmentally above the water table and continuously
lowered by excavation underneath the previously completed portions. The lowest
segment, which is provided with a strong steel cutting edge, has an exterior
diameter 100 to 200 1mm greater than the other segments.

The initial stages of the excavation can be undertaken in the dry as long as the
intrusion of water is slight and there is no danger of soil liquefaction. Below a
given depth, however, underwater excavation methods must be used. Skin
friction, which is produced as the cofferdam is lowered, can be minimized by the
injection of a bentonite slurry between the walls and the soil from the interior of

the cofferdam. This measure is not appropriate in permeable soils, where the -

slurry may flow into the cofferdam from below. Wall friction is best reduced in
these cases by stuffing straw between the walls and the soil. .

After the cofferdam has been excavated to the desired depth, it is sealed with
tremie concrete placed underwater. Any mud that settles to the botfom of the
excavation must be removed before the seal is placed. Settlement should be
minimized by casting the seal immediately after completion of the excavation.
After the seal has hardened, the cofferdam can be dewatered. The hardened seal
_course provides sufficient resistance against hydrostatic uplift. Fhe structural
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footing and the pier can then be cast using normal procedures. For piers located in
rivers, the upper portion of the cofferdam can be removed to roughly 4 m below
the river bed, depending on scour danger.

An alternate construction procedurs is possible with sheet-jnile and drillg:d—pile
cofferdams, which can be sealed before excavation with soil injections. Int this way,
all excavation can be done in the dry.

8.2.5 Pile Foundations

A large number of different pile systems is available to match the wide variety of
possible soil conditions and applications. Piles can be used for deep foundations
whenever the soil is not susceptible to horizontal displacements and adequate
access is available for the equipment required to place them.

a) Pile Types

Piles can be classified according to the following characteristics:

1. Production: Produced on-site or prefabricated
2. Placement: Driven or drilled
3. Load transfer: End-bearing or friction

Prefabricated piles can be made of timber, steel, or concrete. Their dimensions are
limited by the equipment used to transport and place them. As a result, their [oad-
cartying capacity is relativety small. The design service loads for prefabricated
piles range between 100 and 1000 kN, depending on soil conditions and pile cross-
section. Although timber piles are most often used for temporary structures, they
can also be used for permanent structures provided they are permanently located
. below the water table. Their low cost renders them particularly suitable for the
foundations of small bridges. Rolled H-sections are the most common steel pile
type. They are appropriate for use as end-bearing piles. Concrete piles are
normatly more economical than steel piles. Hollow concrete sections produced by
spinning have been used to minimize weight.

Piles can be produced on site from plain concrete, reinforced concrete, or injected
mortar, Their diameter ranges from 0.5m to 1.5m. Because their length is
practically unlimited, their full capacity can be utilized. The design service loads of
commenly used in-situ piles range from 1000 te 10000 kN, depending on pile

cross-section. The diameter of these piles can be locally reduced due to a collapse -

of the surrounding soil during placement of congrete, It is therefore recommended
that in-situ piles be tested after construction.

Driven piles can be used when the soil contains no boulders or other impediments
to driving. Piles can be driven by impact, vibration, or jacking. The surrounding

- considerably increase the load acting on the pile.
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soil is compacted by the displacement of soil and by vibration. The capacity of
driven piles can be estimated from the resistance encountered during driving. The
diameter and length of driven piles are limited. Pile driving is not recommended in
sensitive soils where the accompanying vibrations may result in a rearrangement
of the soil structure and possibly subsidence of the adjacent area.

For drilled piles, an equal volume of soil is removed before the pile is placed into
the ground. A steel shell isnormally first placed by twisting it back and forth about
its longitudinal axis, The soil is excavated as the shell penetrates into the ground.
Granular material can be brought to the surface using an auger. Boulders can be
broken up by coring. The shell is withdrawn as the pile is concreted. Underwater
coticreting methods should be used for piles exiending below the water table, since

... dewatered shafts can cave in as the casing is removed. A slurry wall can be used

instead of a steel shell under certain circumstances.

As their name implies, friction piles transfer load from the structure to the soil
primarily by skin friction. A high coefficient of friction between soil and pile is
therefore essential for these piles to function properly. Bearing piles transfer the
load primarily at the pile tip. A sound layer of rock or soil is required. In all cases,
however, the load is actually transferred by a combination of friction and bearing.

b) Pile Systen}s

Friction piles are normally driven, since the skin friction is enhanced by the driving
operation. Prefabricated piles or injected piles are suitable for relatively small
distributed loads, and where short piles can be used. Concrete piles that are cast
in place and then driven are suitable for large concentrated leads and when long
piles are required. The bearing capacity at the tip can beincreased by a bell-shaped
end. Cast-in-place friction piles are used only in exceptional cases, for instance
sensitive soils, soils with impediments to driving, very deep bearing layers, or very
large concentrated loads. The pile capacity, which is determined from careful
inspection of the excavated material, should be confirmed by a load test. This s
normally expensive for large piles.

Pile group action is a problem particular to friction piles. The minimum pile
spacing should be about three times the pile diameter. It can be assumed for the
caleulation of foundation settlements and carrying capacity that the pile group
behaves as a spread foofing of identical dimensions,

Cast-in-place concrete drilled piles are well suited for bearing on rock, since their
tips can be properly keyed into sound material below the rock surface. Skin
friction must be relied on for additional resistance in certain cases where the
bearing layer is less than ideal. Cast-in-place driven piles may be more suitable in
these situations. Bearing piles must always be checked for negative skin friction
produced by settlement of the upper layers of soil. This phenomenon can
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The upper ends of piles are normalty connected to the base of the column by means
of a pile cap. It is also possible, however, to desipn the piers as extensions of the
pileis. Tn such cases, iricreased deviations from the dimensions shown in the plans
must be expected, due to the length and inclination of the piles.

1f a column is supported by a single pile or one row of piles, column fixity must be
provided through pile bending. This implies that the upper layers of soil must be
capable of resisting the cotresponding lateral pressures. The largest bending

homents in the column-pile system ocour under the foot of the column in
the region of connection to the pile. This type of foundation is not recommended
for columns that have expansion bearings at their upper end or for columns that
stahilize flexibly supported bridges. Columns thatare restrained against sway bya
fixed superstructure can, however, be founded without undue problems on a
single row of piles.

When pi%cs are grouped into two or more rows, lateral loads arc resisted primarily
* by axial forces. Pile bending will be small and will only oceur when the horizontal
reaction at the base of the colunn is resisted by vertical piles.

Prefabricated and injected piles required to resist horizontal loads are preferably
battered. Battered piles are less practical to constructin cast-in-place concrete, due
to difficulties in placing the reinforcement and concrete. When these small-
diameter piles must be used vertically, the surrounding soif will contribute to the
horizontal and flexural resistance, Tn such cases, the pile witl behave as a beam on
an elastic foundation. -
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Appendix: Diagrams for the Design
of Slender Columns

A1l Use of Diagrams
a) Fundamentals

’I:he following diagrams can be used for the design of columns with rectangular or
mrpu[ar cross-sectiop. They are valid for slender members and members stressed
primarily in axial compression. The following notation is used:

1. Mechanical reinforcement ratio:

A AL .
w s e 7 (rectangular sections)
A4 . .
= As fy (circular sections)
T B2 e
4

2. Normalized sectional forces:

N, ' Ma -
Hg = ij’c Mg = 51?%—2 (rectangular seclions)
N, M ¥
Hp =—2 Hg = B (circular sections)
T2 s
Y iy,

where the ‘design values of material strength, £ and f,, are defined in Sec-
tion 4.3.1.

b) Buckling Diagrams

These diagrams give normalized axial force, ng, as a function of slenderness
I/h. An initial eccentricity wo = /,f300 has been assumed. The diagrams can be
used for values of @ ranging from 0.1 to 1.2, #'fh = 0.05 or 0.10, and ¢ = 0.0 (short-
term load) and 2.0 (long-term load).
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¢) mg-ny Interaction Diagrams

The strain in the reinforcing steel has been limited to 0.0022, which corresponds to
yield for £, =460 N/mm?, When bending moment is the predominant sectional
force, the cross-section resistance determined in this way is smaller than the actual
resistance computed assuming no limitation on steel strain, particularly for
circular sections with low reinforcement ratios. This assumption is nevertheless
reasonable for slender columns and leads to a more aceurate calculation of the
actual ultimate load.

In addition to the normalized cross-section resistance (g, 71g), the diagrams also
give the corresponding normalized radius of curvature rfh, used in the calculation
of flexural stiffness. The following relations apply: R

ET,

ely =723 I (rectangular sections)

ei, = E—EI”—- (circular sections)
Z ’14 ﬁ

The diagrams can be used for values of w ranging from 0.0 to 0.5 and from 0.0 to
2.0, and K [k =0.02, 0.05, or 0.10.

d) ky-Diagrams for the Reduction of Stiffness Due to Creep

These values can beused to calculate the design valus of flexural stiffness for long-
term loading, EL (¢), computed as follows: .

El,(¢) =k, EI

The factors k, are given for values of ¢ ranging from 0.0 to 3.0, as a function of the
1atio Mg fHpg, Where ngo =1+ w denotes ultimate axial force in the absence of
bending. ‘

Appendix
A2 Notation

Nofalion ;

Rectongular secfions

Normalized guaniities:

Hg __Ely
Ly el beh¥f

Mg _AgtAY
MRTuREl, Y wh

s

Nermalized _quontitlest
Np Ely
Ll et A T ITA

Ay iy

M
M T, L ek
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A3 Buckling Diagrams
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Ad mp-ny Interaction Diagrams
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A5 k, Diagrams for the Reduction of Stiffness Due to Creep
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Abeles, P.W,, 33

Abutment: diaphragms, 26771, 342,
344—45, 353, 396; recommended details,
173—4; skew frams bridges, 360, 361; skew
pirder bridges, 346, 348; slab bridges,
403~ 4, twin pardllel bridges, 346, 349

Acceleration, vehicular, 88, 282

Actions, 83-90

Apsthetics: 58—64; arch bridges, 383; cable-
stayed bridges, 415; and economy, 49,
64; piers, 439-40; slab bridges, 403

Agpregates, 67, 70

Aging function (Trost’s method), 156

Aging-rebend test, 79

Afir content test, 71

Afr pores, 6667

Alignment of highways and railways,
aesthetic impact, 62

Allier River Bridge, 13, 16

Ammann, Othmar H., ¢

Anchorage of reinfercement, 1{8—19

Anchors, prestressing: description of sys-
tems, 128—30; lecation, 303-4, 326, 333;
symbols, 130; transfer of force, 13133

Anchors, stay cable: details, 424--25, 425;
spacing, 41415

Anchor zone reinforcement, 13133, 304

Angle change, presiressing tendons, 148

Antisymmetrical component of eccentric
load, 213

Appearance (serviceability), 95, {7274, 314

Arch bridges: conceptual design, 294,
382-85; design of cross-section, 385-386;
historical references, 1-6, 8, 13—-22, 24,
2528, 33, 35; longest-spanning, 45-46;
preliminary design, 387—94; pressure
line, 389; prestressing concept and ten-
don layout, 386-87

Arching of soil, 500

Adt-rest condition, 499

Aue Bridge, 28, 29

Autobahns, 20

Backstays, 415, 424

Balanced cantilever method, See Cantilever
construction

Balma Bridge, 434

Bar, presiressing: anchots, 130; properties,
81; stay cables, 421, 422, 426

Bar, reinforcing. See Reinforcing steel

Barrios de Luna Bridge, 47, 47

Battered piles, 506, '

Baur, W, 31

BBRY systeny, 31, 128, 128 -

Beam on elastic foundation, 220, 227-28, 506

Beams: flexural resistance 106-7; models,
211, 242; precast, 294, 314-23; safety,
114; sectional forces, 97—-102; shear
resistance, 108 ~11; torsional resistance,
111 --12; vibration, 203-8

Bearings, 277-79; and behaviour of slender
columns, 480—82; cable-stayed bridges,
419, 421; conventional girder bridges,
296; curved girder bridges, 368, layolut,
267, 284—85; serviceability, 171-72;
skew pirder bridges, 345; slab bridges,
402-3; structural function, 279~80; and
superstructure displacements, 28084

Bearing seat, 284

Bending of reinforcing steel, 77

Bending resistance. See Flexural resistance

Bendorf, Bridge over the Rhine at, 37, 38

Bents, multiple-column, 59

Birkenmaier, M., 31

Birs Bridge, 40

Boltzmann’s principle of superpoesition, 153

Bond: and cracking behaviour, 176; pre-
stressing steel, 82, 105; reinforcing steel,
79. See also Anchorage of reinfofcement

Bottom siab: analysis and design, 264-66;
cantilever-constructed girder bridges,
326; skew gizder bridges, 353, 355-56;
structural functions, 244

Box cross-section: arch bridges, 186; cable-

stayed bridges, 419, 420; cast-in-place
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girder bridges, 296—99; curved girder
bridges, 365, 372—T4; early applications,
13, 16, 20, 25; models for deck slab,
250--51; precast segmental britlges, 314;
skew girder bridges, 342, 348, 349; tor-
sional constant, 218—19; torsfonal resi-"
stance, 213 .

Box girder: detailing of reinforcement,
121-23; diaphragms at abuiments,
269—70; effective flange width, 214-16;
flow of forces, 125-26; Introduction of
eccentric loads, 219—-31; structatal
models, 211,238, 239

Braking, vehicular, 88, 282

Brandestini, A., 31

Brooklyn Bridge, 9, 11

Brotenne Bridge, 43, 44, 420

Buckling: calbe-stayed bridges, 428—32;
factor of safety, 483; inclined-leg frame
bridges, 490—94. See also Critical load;
Columns, slender

Cable-stayed bridges: analysis and design,
426—28; bearings and expansicn joints,
419, 421; cables and anchors, 42{-26;
cable system, 434—15; conceptual design,
295, 413-21; construction, 435-38;
dynamic behaviour, 432—35; girder
cross-section, 418—19; historical develop-
ment, 42-43; stability, 428-32; towers,
415-17

Camber, 193; cable-stayed bridges, 435--138;.
cantilever-constructed girder bridges,
337-40

Cantilever-constructed girder bridges: cam-
ber and casting elevations, 337--40;
conceptual design, 294, 323-24; design
of cross-section, 325-30; preliminary
design and special design considerations,
334—37; presiressing concept, 33031

Cantilever construction: arch bridges, 350;
cable-stayed bridges, 435; estimates of
prestressing steel, 57; historical develop-
ment, 24, 32, 37; redistribution of sec-
tional forces, 158; use of unbonded
tendons, 145, See alse Can-
tilever-constructed girder bridges

Cantilever tendons, 326, 33233

Captllary pores, 66—67, 169

Qaguot, Albert, 23 .

Carbonation, 85, 168—69

Cement, 69-70

Cement paste, hardened, 66

Centrifugal force, 88

Chaley, Josepl, 8

Chandeline Bridge, 430

Change in structural system, 13761, 335

Index

Chazelet, Bridge at, 12, i3

Chillon Viaduet, 39, 40

Chioride ions, 65, 168-70

Choisy-le-Roi Bridge, 3%

Circular frequency, 158

Closed section. See Box cross-section

Cofferdams, 502-3

Coignet, Frangois, 12

Cold-formed steel, 77~78, 8081

Collision load, 388-8%

Columns, slender: approximate analysis,
449-52; behaviour during construction,
479; design, 472—74; differential equa-
tion of elastic curve, 441 -44; example
of design, 477-79; expansion bearings,
480—82; flexural stiffness, 462—69; im-
posed deformations, 469; second-order
analysis, 440—56; ultimate resistance,
107-8, 456—62; use of design aids,
474-77

Comfort, user, 171, 231

Compatibility conditions, 9697, 469; com-
posite sections, 165, 322; cracked mem-
bers, 183, 190-91; curved girder bridges,
368; deck slab, 253; double-T girder, 231,
233, 236; loss of prestress, 149, 166;
single-cell box girder, 233; skew girder
bridges, 350; ime-varying, 158—60

Composite sections, 164--65, 31823

Compression dizgonal: beam shear, 108;
bottom slab, 264. See also Truss models

Compressive strength, concrete, &5, 68; for
calculation of shear resistance, 110;
design value, 103; rate of increase with
{ime, 71

Computer graphics, 58

Conceptual design. See entries for individual
bridge types

Concrete: and construction cost, 55; contri-
bution to shear resistance, 110; design
values of material resistance, 103—4;
fresh, 70—71; functions, 65; hardened,
71-72; material properties, 65~77;
quality and durability, 168—70; simpli-
fied stress-strain diagrams, 103—4; tensile
strength and cracking, 175

Conereting, 68

Confinement of concrete, 72

Consistency test, 71

Constituent materials, conerete, 69—70

Construction sequence; arch bridges, 385;
bridges with precast girder elements, 319;
cantilever-constructed girder bridges,
324; stress history, 98

Continuity tendons: bridges with precast
girder elements, 319, 320; cantilever-
constructed girder bridges, 334

Index

Continugus girders: design sectional Torces,
98; precast girder elements, 315; tendon
layout, 304 -10. See alse Girder bBridges,
conventional; Girder bridges with precast
clements

Contour (influence sucface), 254

Conway Bridge, 7, 2 .

Correction [actor, creep function, 7

Corrosion of reinforcement, 65, 168—170

Cost: and aesthetics, 49, 62, 64; annual
operating, 30; cantilever-constructed
girder bridges, 323; construction, 52— 56;
data from existing bridges, 52; life-cycle,
50—51; piers, 439; superstructure, $6—58;
transverse prestressing, 245, See afso
Economtical range of spans

Cost-effectivencss, 50 -

Coulomb, Charles, 6

Couplers, terndon, 307—10, 315

Covering layer, concrele, 65, 168-70

Crack control, 18082, 27071, 412

Cracked state; deformations, 194-95; no-
tation, 176

Cracking: analytical formulation, 175-80;
compatibility conditions, 183, 190--91;
due to imposed deformation, 184--88;
due to shrinkage, 182—84; due to tem-
perature gradient, 188-92; and flexural

stiffness, 462; fundamentals, 174-75; and ’

minimum reinforcement, 182; and
serviceability, 151—-52; skew girder
bridges, 342

Cracking sectional forces, 175

Crack pattern, stabilized, 176-77

Crack spacing: average, 178—82; minimum,
176

Crack width: reinforcement to limit, 180-82,
‘270-71, 412; theoretical average, 177

Creep: analytical models, 152—35; param-
eters, 74—75; reduction of stress dus to,
161-67; restraint by reinforcement, 194;
in slender colunms, {57, 466—07, super-
structure displacements, 281. Se¢ ziso
Loss of prestress '

Creep coefficient, 74

Creep function, 74,153

Creep-induced sectional forces, 102

Critical load: cantilever column, 447; com-
pression member, 444; fixed-hinged
colurnn, 449, 455-56; Vianello’s method,
450-51

Cross-section: impact on choice of structural
model, 211; impact on construction cost,
55; piers, 439. See also Box cross-section;
Dauble-T section; Open section; T-
section

Crown of arch, 384
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Cube strength, conerete, 68

Culmann, Catl, 6

Curing of concrete, 68

Curvature, 193-95. See also Moment-
curvafure relations

Curved girder bridges: conceptual design,
365-468; intermediate diaphragms, 274;
introduction of torque, 372-76; precast
pirders, 31&; prestressing, 376, 379—82;
simplified analysis, 368-72; super-
structure displacements, 28284

Curved prestressing tendons. See Deviation
forces

Cyclic frequency, 198

Cylinder strength, concrete, 63

Damping: cable-stayed bridges, 433; esti-
mates, 208; logarithmic decrement, 200

Damping coefficient, 196

Darby, Abraham, III, 5

Dead Ioad, 83

Deceleration, vehicular, 88, 282

Deck slab: analysis and design, 245-57;
cantilever-constructed girder bridges,
326, 333; distribution of wheet loads,
251; edge details, 173~74; elastic re-
straint of cantilevers, 251~ 54; influence
surfaces, 254~55; precast girder bridges,
315, 317, 318; moment envelopes, 255—
57; recommended thickness, 243; sec-
tional forces, 249; skew girder bridges,.
353-55; structural functions, 243; waier-
proofing, 289-92

Deck-stiffened arch, 385-86, 390-92

- Decompression moment, 89, 140

Deformation, imposed or restrained, 99;
effect of reinforcement, 194; induced
cracking, 174, 182-92; induced redistri-
bution of stress, 101-67; sectional
forces, 102; slender columns, 45455,
469-72

Deformation, structural, 192—95; arch
bridges, 390; cable-stayed bridges, 435~
38; cantilever-constructed girder bridges,
338; curved girder bridges, 367; and
design of bearings, 280—84; inclined-leg
frame bridges, 490; permaneat load, 157;
and prestressing concept, 152; slender
columns, 456, 464—65, 467; use of effec-
tive flange width, 215; and user comfort, 172

Deformation of concrete, 72-77

Degres of freedom (bearings), 27778

Degree of prestress, 90

Deicing salts, 67

Density: concrele, 83; steel, 78

Depth, effective (influence of reinforcement
in eracked members), 179
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Depth, girder: aesthetic impact, 59, 61;
cantilever-constructed girder bridges,
327-30; convenlional cast-in-place girder
bridges, 295. See alse Span to depth ratio

Dresign aids, 254—56, 47477

Design constraints, 49

Design objectives, 49

Design sectional forees, 94, 98; cantifever-
constructed girder bridges, 334; slab
bridges, 407—-10; transformation equa-
tions for slabs, 115

Design values of material resistance, 94,
103-6

Detailing: to enhance durability, 170-74;
presteessed concrete components, 131—
35; reinforcement, 117-26; skew frame
bridge, 361~62; stay cable anchors, 424—
25; waterproofing membranes, 280-92;
webs, 256

Deterioration of concrete, 168

Development length of reinforcement, $18—

18, See alsa Moment development length

Deviation force: flexural fension and com-
pression, 372—75; tendon curved in
horizontzl plane, 132--35, 377; tendon
draped in vertical plane, 13738, 272,
3045, 378 _

Diagonal compression: beam shear, 108;
bottom slab, 264. See also Truss models

Diaphragm: at abutment, 267-71, 342,
34445, 353, 396; and cholce of struc-
tural madel, 211; intermediate, 266, 274,
346, 399; at internal hinge, 271; at pier,
271—74; skew, 357; twin, 357

Diepoldsau Bridge, 420, 433-34

DINA anchor, 425

Direct design, 95, 477

Dischinger, Franz, 20, 28—29

Dischinger’s method, 155

Displacement, soil, 502
Displacement, supports, 102, 126. See afso
Settlement of foundations
Distribution of wheel loads, 254
Déring, W., 28
Double-T girder: diaphragms at abutments,
269; structural models, 211, See also
T-girder

Double-T section: cable-stayed bridges,
418--19; girders of arch bridges, 386; tor-
sion and eccentric loads, 23138, See
alse Open section; T-section

Drainage: and bearing arrangement, 284;
recommended details, 17072, 288-89;
shaft foundations, 497, 502

Drip nose, £74

Ductility: and plastic analysis, 95; require-
ments for prestressing steel, 82; require-

"Index

ments for reinforcing steel, 79; ultimate
strain in reinforcement, 106, 113

Dufour, Guillaume Henri, 8

Durability, 85, 167—71; concrete, 65-72;
deck slab, 245; details, 170—174; girder
bridges with precast elements, 313—-14;
stay cables, 422; waterproofing and
wearing surfaces, 28992

Dynamic analysis, 88, 195, 43235

.Dynamic increment of live load, 84, 209,

434, 435
Dynamic {tiction coefficient, 277
Dywidag system, 31, 128, 130

Eads Bridge, §

Earth pressure, 89, 499500

Earthquake load, 89

Fecentric load, symmetrical and antisym-
metrical components, 213

Eccentric loads, introduction: single-cell box
girder, 219-31; double-T girder,
231--38 '

Economical range of spans: arch bridges,
382; cable-stayed bridges, 414; cantilever-
constructed girder bridges, 323; frame
bridges, 395; slab bridges, 401

Economy. See Cost

Bifective length, compression member, 449

Bifective resistance, slender ¢olumn, 458

Efficiency, visual, 58

Bigenvalue, 429. See also Natural
frequencies

Elastic curve, differential equation: beams,
23; slabs, 249; slender columns, 441-44

Elastic theory, 96, 211, 242, 246-49

"Elegance. See Aesthetics

Elongation of prestressing tendons, 148

Enveiope of moments: cantilever-constructed
girder bridges, 334; continuous girders,
08, 99; deck siab, 255-57; inclined-leg
frame bridges, 490; incrementally laun-
ched bridges, 3712, 313

Epoxy coating of reinforcement, 170

Equation of motion, 19698, 201, 202, 204

Equations of equilibrium: beams, 93, 36;
curved girders, 366-69; elastic plates,
247-49

Bouitibrium, dynamic, 19697

Equilibrium moments in cable-stayed
bridges, 418

Estimate: reinforcement in cantilever-
constructed girder bridges, 334-35;
reinforcement in continuous girders,
301 ~2; superstructure costs, 56—358;
vibration parameters, 208-10; web
width, 302

Bxcavation, 495-97, 500, 502-4

Index

Expansion joint: arch bridges, 385; cable-
stayed bridges, 419, 421; design and
detailing, 17174, 285-88; frame
bridges, 396; skew girder bridges, 346;
slab bridges, 402

External prestressing. See Unbonded
tendons

Factor of safety, 94; against buckling, 490;
for excepticnal conditicns, 41(5; stay
cables, 423, 427, for temiporary con-
ditions, 307. See also Lead factor; Re-
sistance factor

Falsework: arch bridges, 382, 385—86; cable-

stayed bridges, 435; cantilever-
constructed girder bridges, 323, 33§;
conventional girder bridges, 29395,
300, 307; cost, 54, 58; historical develop-
ment, 18, 20-21, 26, 32, 35, 40, 42; skew
girder bridges, 341

Fan pattern, stay cables, 414

Fatigue: live load, 84, 423; material require-
ments, 79, 82; stay cables, 423—24

Felsenau Bridge 42, 42, 299, 3711

Finger expansion joint, 287

Finsterwalder, Ulrich, 34, 32, 37

First-order theory, 440

Firth of Forth Bridge, 7

Fixed system: arch bridges, 384; piers, 482

Flange width, effective, 214—16

Flexible system: arch bridges, 384; piers,
A82-86; pile foundations, 506

Flexural resistance: beams, 106-7; cross-
sections prestressed with unbonded

" tendons, 106, 146—47; interaction with

shear in webs, 2590—-64; slabs, 112—14

Flexure and axial force, resistance, 1078,
456—62; reduced resistance, 459—60;
slender columns under sustained load,
466

Flow of Torces. See Truss models

Form camber, 339

Porm-true prestress, 330

Formwork: arch bridges, 382, 386; camber,
193; cantilever-constructed girder
bridges, 323, 325, 333, 338-39; conven-
tional girder bridges, 295; cost, 54, 58;
deck slab, 317, 318; and durability,
168-70; hollow-core slab bridges, 404;
incrementally launched bridges, 311;
skew girder bridges, 341

Foundations, 494506

Frame bridges: conceptual design, 294,
394—99; prestressing concepts and ten-
don layouts, 399--400; skew, 36062

Frame corners, detailing, 119-23, 361~62

Free edges of slabs, 116, 405
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Freyssinet, Bupéne, 15, 21, 28

Freyssinet, system, 28, 128, 129

Frictional forces in bearings, 277, 480—81

Friction coefficient: post-tensioning ducis,
148; static and dynamig¢, 277

Full prestressing, 30, 33, 126

Fully bonded waterproofing membrane,
2%0-91 '

Function, structural, 242—44, 279~80; and
visuzl elegance, 61

Function and serviceability, 95, 171-72

Fundamental frequency, beams, 206208,
See also Natural frequencies

Garabil Viaduet, &

Gateway Bridge, 46, 47

Gaussian normal distribution, 69

Gel pores, 66

George Washington Bridpe, 5, 17

Girder bridges; conventional: conceptual
design, 293, 295-96; design of cross-
section, 296—300; preliminary design,
301—2; prestressing concepts, 301; ten-
don layout, 30210

Girder bridges with precast elements: con-
ceptual design, 294, 313-16; design of
cross-seclion, 317; preliminary design, ,
319-23; prestressing concepts, 317, 319

Gmiinderiobel Bridge, 16, 17

Grade separations, 294, 341, 397, 4001,
4034

Grand Poent Suspendu, 9, 10

Grenzbriicke (Boundary Bridge), 298

Grid models, 238--42 !

Grabenmann, Hans Ulrich, 4

Guardrails, 171, 289

Guerpz Bridge, 23, 246, 28

Gumbel distribution, 85

Half-fan pattern, stay cables, 414

Hamburg, Bridge aver the Elbe at, 7

Hammerhead columns, 59

Harnmersmith Flyover, 40

Harmony, visual, 61

Harp pattern, stay cables, 414

Haunched girder: effective tendon profile,
305-6, 400; shear resistance, 110,
336-37

Haunching: bottom slab, 264, 266;
cantilever-constructed girder bridges,
324, 327-330; frame bridges, 395

Hen‘nebique, Francois, 13

HiAm anchot, 424, 425

Highway live loads, 8485

Hinge, concrete, 279, 360, 355

Hinge, prestressed concrete, 324 ) !

Hold-down cables, 419
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Horizontal loads, traffic, 88
Human sensitivity to vibration, 196
Hyatt, Thaddeus, 12

Hydration of cement, 65

Impact. See Dynamic increment of live load

Impermeability, concrete, 65, 68

Inclined prestressing tendons, shear re-
sistance, 110, 336-37

Inclined-leg frame bridges, 39495, 49094

Incrementally launched bridges: design and
construction, 310-13; estimate of pre-
stressipg steel, 57; histoncal develop-
ment, 35

Indirect support of pier diaphragms, 27273

Industrial Revolution, 4

Influence lines, 392

Influence surfaces, 254—55

Initial geometry of slender colummns, 441

Tnitial state of stress, partiaily prestressed
crosstsection, 139

Inn River Bridge at Zuoz, 16, 18

Inspecticn, 170

Interaction diagram, M-N: impact of creep,
466; prestressed concrete members,
461—62; reinforced concrete members,
107-8, 45761

Iuteraction diagram, shear and transverse
bending, 26364

. Interaction of live load types (fatlguc), 424

interaction of sectional force types, 102

Interaction of shear and transverse.bending:
bottom slab, 266; webs, 259-64

Intermediate diaphragms: 266, 274, 346, 399

Internal'hinge: cantilever-consiructed
girder bridges, 324; diaphragms, 271;
expansion joints, 286

Iren Bridge at Coalbrookdale, 5-6, 6

Iron bridges, 5-9, 12, 610

Irtysch Bridge, 37

Tterative metheds of analysis: curved girder
bridges, 370; fundamental frequency of
beams, 206—8; slender columns, 465

Joints of rigid frames, 119-23

Kettiger Hang Highway Bridge, 35
Kishwaukee River Bridge, 314
Koenen, M., 12

Krahnenberg Bridge, 35, 36
Krebsbachial Bridge, 287

Krk. See Tito Bridge

Lahn Bridge, 32

Lake Gruyére Viaduct, 42, 43, 299
Lake Maracaibo Bridge, 42, 43
Lambot, A, 12

[ndex

‘I.audquarl Bridge, 19

Landscaps and structural form, 62

Eandwasser Viaduct, £

Langwieser Viaduet, 16, 17

Lap splice, 11815

Lardy, Pierre, 31

Launching nose, 313

Leipheim, Bridge over the Danube at, 20, 2/

Leoba system, 31

Leonhardt, Fritz, 31, 32, 35

Lichacer Factory Bridge, 37

Limited prestressing, 126

Live [oad, 8385

Load factor, 94; cable-stayed bridges,
427-28: check of overturning, 495; dead
load in compression members, 480; pre-
stressing, 1012, 407

Loads, 83—89, 94, 102

Locked-coil stay cables, 421, 422, 425

Logarithmic decrement of damping, 200,
433

Long Key Bridge, 314

Long-term effects: analytical models for
creep, 152--57; deformations due to
permanent load, 157; redistribution of
sectional forces, 157—61; redistribution
of stress, 161-67; simplified calculations
of deformations, 19495, See also Creep;
Shrinkage

Loss of prestress: creep and shrinkage,
149-50; friction, 147—49; as redistri-
bution of stress, 165—67, relaxation,
15051

Lot, Bridge over the, 22

Luzancy, Bridge over the Marne at, 30, 30

Maas River Bridge, 3t

Magnel, Gustave, 31

Maienfeld Bridge, 33, 34

Maitlart, Roberi, 16

Marne Bridges (Freyssinet), 30

Masonry bridges, 1-2

Materials: design value of resistance, 94;
properties for caleulation of deform-
ations, 193. See glso Cancrete; Reinfore-
ing steel; Prestressing steel

Microcracks, 169, 175

Midspan tendons (cantilever-constructed
girder bridges), 333

Mild reinforcement. See Reinforcing steel

Minimum reinforcement, 175, 182-92

Mixing of concrete, 67

Mobilization, 52

Mode of vibration, 205-6

Medels, structural, 211 —14; for cable-stayed

bridges, 427; for deck slab, 246, 249-54;

plane grid, 238—42, 347-48; single beain,

Index

211; for skew frame bridges, 361; for
skew girder bridges, 34748, 349, 357

Models, visual, 58

Modulus of elasticity: concrete, 73; con-
strained, 502; prestressing steel, 81; rein-
forcing steel, 78; stay cables, 42122

Mement-curvature relations; elastic plate,
248; reinforced conerete sections, 463
slender columns, 442

Moment development length, 131

Moment due to prestressing, 136—39

Monier, Joseph, 12

Morandi, Riccardo, 42

Morsch, Emil, 13, 14

Mosel River Bridge, 20, 20

Multiple-lane highway bridges, 300

Matural frequenciss, beams, 2036, 208. See
alse Fuadamenial frequency

Naturally hard steel, 77

Navier, Louis, 6

Neoprene bearings, 278

MNeutral point, 281, 385, 482

Niagara River Bridge, %, 10

Nibelungen Bridge at Worms, 32, 32

Nondimensional quantities, 461, 47476

MNonlinearity, 428, 440

Notation: cracked state, 176; curved girder
bridges, 369; elastic plate theory, 247;
interaction of shear and transverse bend-
ing, 261

Ojat Bridge, 37

Oléron Bridge, 19, 39

Oosierschelde Bridge, 39, 47

Open section: elastic restraint of deck slab,
250-54; introduction of terque in curved
girders, 374—73; ratio of St. Venant
torsion to warping torsion, 233; for skew
girder bridges, 342, 346—49; torsional
resistance, 213, See afso Double-T sec-
tien; T-section

Order, visual, 62

Ourthe, Bridge over the, 13, 14

Overdamped oscillation, 199

Oxide film, 168 :

Panchaud, A., 31

Panels: design sectional forces, 98; flow of
forces, 123-25; safety, 117; tensile re-
sistance, 112

Parapets, 172

Partialty bonded waterproofing membrane,
28991

Partial prestressing, 127; characteristic states
of stress, 139-45; historical development,
33; loss of prestress, 147, structural
deformations, 193
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Pasco-Kennewick Bridgs, 45, 43, 420

Passive pressure, 560

Pedesirian traffic, {72, 210

Period of vibration, 198

Perronet, Jean, 2

Physiological effects of vibration, 196

Pier diaphragms, 27174

Picrs: analysis and design, 439—94; cost, 53,
56; flexible systems, 281, 482—94; mason-
ry, 1; skew, 346; transfer of force from
superstructure diaphragm, 272; transpar-
ency, 59, 43940

Pile foundations, 504-6

Pipes, drainage, 288 *

Pipes, embedded, 171

Placement of concrete, 68

Plane grid models, 211, 213, 23842, 34749 .

Plane sections assumption, 106

Planks, precast, 317, 404

Plastic deformation and redundant sectional
forces due to prestressiag, 101

Plastic hinge, 427, 486, 491, 453494

Plasticity conditions, 9657

Plastic moment, 144

Plate theory, slastic, 24649

Plougastel Bridge, 21, 72, 26

Poisson’s ratio, concrefe, 73

Polensky and Zozllnér systern, 32, 128, 129

.Polytetrafluorethylene, 277

Pons Fabricius, I, 1

Pont de Neuilly, 2, 3

Pont du Gard, 1, 2

Ponte Sant’Angelo, |

Post-tensioning, 127—31; of precast girders,
317

Pot bearing, 278

Precast girder elements. See Girder bridges
with precast elements

Precast segmental construction: cable-stayed
bridges, 435; girder bridges, 294, 313-14;
historical origins, 37; use of unbonded
tendons, 145

Pregorda Bridge, 297

Pressure line: arch bridges, 385, 387, 389;
frame bridges, 39798

Prestressed compression members, 461

Prestressing, 126-28; as action, 89-90;
analysis, 135-39, 382; detailing, 131-35;
historical origins, 28; sectional forces,
100 ~2; shear resistance, 106, 110; steel
stress, 106, 139-45; supersiructure dis-
placements, 281-82; transverse, 245. See
afso Loss of prestress; Partial prestress-
ing; Post-tensioning; Pre-tensioning; Stay
Cables; Strand, prestressing; Tenden
layout; Tendon profile; Unbonded
tendons
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Prestressing concept, 90, £51-52, 175,
192-93. See alse entries for individual
bridge types

_ Prestressing steel: estimate of quantity, 35,
57; material properties, 8083

Pre-tensioning, 127, 317

Principal stress: flexural resislance of slabs
and panels, 113—16; shear resistance,
108, 265; skew girder bridges, 341; slab
bridges, 411

Prism strength, concrete, 68

Psychological effects of vibration, 195

PTFE. See Polyteirafluorethylene

Putl-out of curved reinforcement, 13435,
366 :

Pull-out test, 79

Pure torsion. See Torsion, §t. Venant

Quadinei Bridge, 297

Quality assurance, reinforcement, 77, 80
Quality of concrete, 6568

Quantities, material, 5258

Railway bridges, expansion joints, 236

Razilway loads, 84

Ratios: reinforcement, geometrical, 262;
reinforcement, mechanical, 113, 461; side
span 1o main span, cable-stayed bridges,
417; slenderness, 43940, 479; span to
depth, conventional girder bridges, 295;
span to depth, girder of arch bridge, 385;
span to depth, two-hinged frame bridges,
396; span to rise, arch bridges, 383; span
to width, cable-stayed bridges, 414;
8t. Venani to warping torsion, 233;
water-cement, 66, [6%

Ritische Bahn railway, bridges of, 2

Rebound hammer test, 71 _

Redistribution of sectional forces, 96—59;
cable-stayed bridges, 427; curved pirder
bridges, 365, 37; due fo change of
structural system, 157-61; girder bridges
with precast elements, 321; slab bridges,
406 -

Redistribution of stress, 161-67

Reduced cross-section resistance, slender
columns, 458-460, 464

Reduced flexural stiffness, slender columns,
464

Redundant sectional forces: arch bridges,
390; due to in-plane displacements of
curved girder bridges, 367—-68; dus to-
prestressing, 1001, 13539, 378, 406

Regularity, visual, 62 .

Rehabilitation, 145

Reichenau Bridge, 33, 35

Reinforced concrete, historical origins, 12

Tndex

Reinforcement, design: anchor zone, 304;
bottom slab, 265; cable-stayed bridges,
418; cantilever-constructed girder
bridges, 328, 331; for crack contral,
18092, 353, 412; curved ‘girder bridges,
366; deck slab, 245-46; diaphragms, 268,
270—T74, 353; non-orthogonal, 113-16;
slab bridges, 4057, 410~13; skew girder
bridges, 363

Reinforcement ratio: geometrical, 262;
mechanical, 1£3, 461

Reinforcing steel: material properties,
77—80; quantity, 55, 57

Relaxation of presiressing steel, 83, 15051

Resistance. See Flexural resistance; Flexure
and axial force, resistance; Shear re-
sistance; Tensile resistance; Torsional
resistance; Ultimate resistance

Resistance factor, 94, 473

Return period, 85

Reverse curvatuie of prestressing tendons,
137-38

Ride comfort, 172, 314

Rio Caroni Bridge, 35, 37

Ric do Peixe Bridge, 24, 24

Rio-Miteroi Bridge, 39, 40

Risorgimento Bridge, 13, 14

Riiter, Max, 31 .

Rocker bearing, 278

Rocker-plate expansion joint, 287

Rods, prestressing, 81

Roebling, John, 9

Ros, M.R,, 31

Rue Lafayetie Bridge, 23; 23

Safety, 49, 93-95, 114—17, 473

Salginatobel Bridge, 18, 19

Sandd Bridge, 26, 27

Santa Fé& Bridge, Argentina, 25

Santa Trinité Bridge, 2, 3

Sarrasin, Alexandre, 235

Sandi Arabiz-Bahrain Causeway, 39, 41

Schaffhausen, Bridge over the Rhine at, 5

Secant stiffness, 463

Second-order analysis: arch bridges, 393;
cable-stayed bridges, 427; shaft foun-
dations, 504; slender columns, 44056,
468—72

Sectional force, 94, 96—102, 213; cable-
stayed bridges, 427; due fo prestressing,
100, 135--139, 377; elastic plate, 247, 249;
slender columus, 441, 461, 480-81

Sectional force, compatibility: cable-stayed
bridges, 418; skew girder bridges, 357

Self-equilibrating sectional force diagrams, 98

Seli-equilibrating stresses: and cracking, 174; -

due to prestressing, 139; girder bridges

Index

with precast elements, 321; single-cell
box girder, 219

Sensitivity facior, 196

Service conditions: bridges with precast
girder elements, 321—23; calculation of
sectional forces, 96—97; effective flange
width, 214-16; prestressing, 100; re-
strained deformations 102 .

Serviceability, 49, 95. See also Appearance
(serviceahility); Cracking; Deformation,
structural; Durability; Function and
serviceability; Vibration

Settlement of foundations, 90, 495

Shaft foundations, design and construction,
496502

'Shaping, ariistic, 62

Shear and transverse bending in webs,
_interaction, 259—64

Shear deformation, 193

Shear flow: curved box girders, 373-4;
diaphragms, 269—70, 342, 345; due to
St. Venant torsion, 111, 216

Shear modulus, coucrete, 73

Shear resistance: beams, 108—11; bottom
slab, 264 66; cantilever-constructed
girder bridges, 329, 333, 337, interaction
with transverse bending, 259—64; slabs,
116

Shear strength, concrete, 104

. Shell theory, elastic, 211, 242

Shortening of bridge superstructures, 163,
281-84

Shrinkage: due to hydration, 66; induced
sectional forces, 102; loss of prestress,
149 50; parameters, 76—77; restraint by
reinforcement, 194; superstructure dis-
placements, 281 —§2

Shrinkage coefficient, 76

Sieglal Bridge, 38

Sign eonventions: curved girder bridges, 36%;
flexible systems, 484; interaction of shear
and-transverse bending, 261; moments
due to prestressing, 137 '

Simpson’s rule, 255, 456

Single degree of freedom oscillator, 196-57

Skew frame bridges, 36042

Skew girder bridges: calculation of sectional
forces, 347-61; conceptual design, 294,
341 --47; prestressing concepls and ten-
don layouts, 36104 -

Skew slab bridges, 402

Skin friction, 497, 505

Slab bridges: conceptual design, 294, 401-4;
cross-section, 404 -5; design, 405-10;
arid models, 241-42; layout of reinforce-
ment, 410-13; prestressing concept,
405
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Slabs: Tor arch bridges, 386; for cable-stayed
bridges, 418; eracking, 182--84; flexural
resistance, 112—14; safety, 11417,
sectional forces, 98, 24649, See also
Bottom slab; Deck slab

Siabs, holiow-core, 404

Slenderness, visual, 61, 314

Slenderness, ratio, 439—40, 479

Slump test, 71

5-N diagram, 423 )

Soffit slah, See Bottom slab

Soil pressure. See Earth pressure

Span-by-span constructien, 145, 307-10

Span length: and construction cost, 55—-36;
effective, 212, 215; and visual slender-
ness, 61 ’

Span range, See Hconomical range of spans

Span te depth ratic: conventional girder
bridges, 295; girder of arch bridges, 385;
two-hinged frame bridges, 396

Span to rise ratic, arch bridges, 383

Span to width ratio, cable-stayed bridges,
414

Specifications, concrete, 6569

Splicing of reinforcement, 11819

Spread footings, 49496

Springing line, 384

Stability. See Buckling; Columns, slender;
Critical load

Stabitity against overturning, 495

Stage of stress, presiressed sections, 8%

States of strain, ultimate, 1078, 144,
459-60, 466

Statical indeterminacy and ultimate load,
280

Static friction coefficient, 277

Stay cables, 418, 421-27, 436

Stiff" arch, 385-86, 39092 : .

Stiffness: arch bridges, 387, 391, 393; and
creep, 467; elastic plate, 248; for grid
models, 242; pier, 281; and restrained
deformations, 90, 102; skew girder
bridges, 342; slender columns, 441,
462— 69, 483; towers of cable-stayed
bridges, 416

Stirrups, 109. See also Shear resistance -

Stone bridges, 1-2

Strain, axial, 193-94

Strain, concrete: composite sections,

" 322--23; cracked members, 177; service
conditions, 187; time-varying, 14950,
466-67; ultimate limit state, 103, 107,
146, See also Long-term effects

Strain, design, 281—82

Strain, prestressing steel: initial, 126, 147;
increase, 14647, 46162, See also Loss
of prestress .
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. Strain, rate of, 72, 104

Strain, reinforcement: cracked members,
17778, 194-95, 466; decompression,
140; ultimate limit state, 1067, 113,
45758, 464

" Strain, shear, 193, 195

Strand, presiressing: anchors, 129; prop-
erties, 80; stay cables, 421, 422, 426

Strength. See Compressive strength; Shear
stren glh; Tensile strength

Strength gain, concrete, 71

Strength due fo prestressing, uncracked
sections, 136

Stress history, 98

Stressing znchor, 12830, 303

Stress in reinforcoment of partially pre-
stressed sections, 139-45

Stress-strain diagrams: concrete, 72, 103-4,
457; impact on flexural stiffness, 462;
prestressing steel, 81, 105; reinfozcing
steel, 78, 104 -5, 457 -

Structural form and visual elegance, 5862

Structural response, peak, 243

Substructure, 53. See also Piers; Founda-
tions

Superelevation, cantilever-constructed girder
bridges, 326

Super-plasticisers, 68, 70

Suspension bridge, 7-9, 9--11, 12

Swiss Federal Railways Bridgs over the
Aare, 2528, 27

Symbals for prestressing anchors, 130

Symmetrical component of eccentric Toad, 213

Symmetry, visual, 62

T-girder: flow of forces, 125-26; grid model,
240, 242, See also Double-T girder

T-joints, 120-21 .

T-section: conventional cast-in-place girder
bridges, 297; skew girder bridges, 342.
See also Double-T section; Open section

Tagus, bridge over the, {

Tangent stiffness, 463

Telford, Thomas, 7

Temperature change, 102, 281 -82

Temperature gradient, 185—192

Tempered sieel, 78

Tendon layoul: cantilever-consiructed girder
bridges, 332—34; continuous girder,
304—10; incrementally launched bridges,
311; simply supperted girder, 302--4;
unbonded tendons, 146

Tenden profile: continuous girders, 383;
haunched girders (idealized for analysis}),
305, 400; slab bridges, 411-12

Tensile resistance, flanges of box and T-

girders, 214

Index

Tensile strength: concrete, 104, 175; pre-
stressing steel, 82; reinforeing steel, 78
Tests: concrete, 68, 70-71; prestressing steel,

80; reinforcing steel, 77, 79

Teufelstal Bridge, 20, 22

Theory of plasticity, 93, 95

Theory of structures, historical development,
4,6

Thermal expansion coefficient, concrete, 73

Thermal shock, 67, 7¢, 170

Thickness, effective (creep caleulations). 75

Tied arch, 383

Timber bridges, 4, 5

Tite Bridge, 45, 46

Top slab. See Deck slab

Torsion, St. Venant: curved girder bridges,
365; skew girder bridges, 360; single-cell
box girders; 216—19

Torsion, warping: double-T girders, 231-38;
curved girder bridges, 365, 373; skew
girder bridges, 358 -

Torsional constant: double-T girders, 232;
single-cell box girders, 218-19; typical
cross-sections, 194

Torsional moments, compatibility, 342, 357

Torsional resistance, 111-12

Torsional stiffness, 342, 371

Torsion at free edges of slabs, 116

Toughness, 82

Towers of cable-stayed bridges, 41517,
425-26

Traffic safety, 171

Transformation equations: sectional forces
in slabs, 115 249; non-orthogonal rein-
forcement 113, 117

Transformed section, 193

Transparency, visval, 59, 439

Transverse bending: in box girder, 227; and

-cheice of structural model, 211; curved
girders, 375, 377, 379; due to tendon
curvature, 134--35; interaction with shear
in webs, 259-64; and number of webs,
300

Transverse reinfercement: at lap splices, 118;
and cracking behaviour, 175, 177, See
also Confinement of concrete

Traveller, 323, 338-39

Tremie concrete, 503

Trost's method, 156-58, 16167, 322

Truss models: ancher zones, {3[—32; box
girders and T-girders, 125—126; dia-.
phragms, 268, 270, 396; interaction of .
shear and transverse bending in webs,
259-64; moment development length,
131, 133; Mérsch’s invention of, i4;
pansls, 98, 117, 123~25; shear resistance,

108; spread foctings, 495; top and

Index

bottom slab of skew girder bridges,
353-56; torsional resistance, 111
Twin bridges, 59, 344, 349
Twist, 193, 195

Ultimate compressive strain, concrete, 103

Ultimate [imit state, 93, 96-97; cable-stayed
bridges, 428; cantilever-constructed
girder bridges, 330; conlinuous girders,
201; cross-sections prestressed with
wunbonded tendons, 145—47; curved
girder bridges, 365; effective flange
width, 214; girder bridges with precast
clements, 319—21; sectional forces due to
presiressing, 100; sectional forces due to
restrained deformations, 102; slender
columms, 472—74. See also States of
strain, ultimate

Ultimate load, 93, 97; flexible systems,

+ 486—90; slender columns, 44441,
458—59, 472; and statical indeterminacy,
230

Ultimate moment, 50, 141

Ulttmate resistance, 93, 103—6. See¢ also
Flexural resistance; Flexure and axial
force, resistance; Shear resistance; Tensile
resisiance, Torsional resistance

Unbonded tendons: aralysis, $06-7, 145-47;
early applications, 29; loss of prestress,
150; precast segmental method, 313; span

by span construction, 307

Undamped oscillator, 19798, 2052

Underdamped oscillation, 199, 2023

TInderpinning, 499

Untermarchtal Bridge, 32, 33

Uplift at bearings, 366

Vault, semicircular, 2

Vianelto’s method, 449-52, 451

Vibration, structural, 195-96; cable-stayed .
bridges, 416; damped, free, 198200, -
estimation of parameters, 208 -10;
forced, 201 ~3; undamped, free, 197.-98;
and user comfort, 172. See also Dynamic
increment of live load

‘Warren truss, 108

535

Viewpoints and evaluation of aesthetic
impact, 58

Villeneuve-5t. Georges Bridge, 23

Virtual work, methed of, 193, 21819, 226,
339, 449, 456

Vorland Bridge, 298

VSL system: presiressing tendons, 32, 128,
129; stay cables, 424, 425

V-siruts, 397

Whaal Bridge, 42, 44

‘Water, mixing, 70

Water-cement ratio, 66 169

Waterloo Bridge, 25, 25

Waterproofing membranes, 67, 170, 28%-92

Wearing sarfaces, 170, 29192

Web; cantilever-constructed girder bridges,
325-26; elastic restraint of deck slab,
250; girder bridges with precast elements,
317; interaction of shear and transverse
bending, 259—64; number, 299-300;
structural Tunction, 243 -44; thickness,
256, 25859, 328

Web bendmg, dlfferemlal See Torsion,
warping

Weinland Bridge, 31, 296

Weldability, 79

Width, girder (aesthetic impact), 61

Wiesener Viaduct, 5

Wildegg Bridge, 15, 15

Wind-induced vibration, 435

Wind load, 85-88

Wind speed, design, 8687

Wire, prestressing: anchors, 128-29; prop-
erties, 80; stay cables, 421, 422, 424-25

Wire rope, 421, 422

Wittfoht, Hans, 33, 37

Working-stress methed, 427

Yield siress; prestressing steel, 82; reinfore-
ing steel, 78 ‘ ;
Yyerdon Viaduct, 318 »

Zizers Grade Separation, 298
Zone of influence of reinforcement, cracked
members, 179






