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Preface

This is the fourth edition of the Structural Steelwork: Design to Limit State Theory, which
proved to be very popular with both students and practising engineers. All the chapters have
been updated and rearranged to comply with the Eurocode 3, Design of Steel Structures.
In addition, it is also compliant with the other Eurocodes such as Eurocode 0, Basis of
Structural Design, and Eurocode 1, Action of Structures. The book contains a detailed
explanation of the principles underlying steel design and is intended for students reading for
civil and/or structural engineering degrees in universities. It will also be useful for final year
students involved in design projects and for practising engineers and architects who require
an introduction to the Eurocodes. The topics are illustrated with fully worked examples,
and problems are also provided for practice.
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Chapter |

Introduction

I.I STEEL STRUCTURES

Steel-frame buildings consist of a skeletal framework that carries all the loads to which the
building is subjected. The sections through three common types of buildings are shown in
Figure 1.1. These are

1. Single-storey lattice roof building
2. Single-storey portal frame building
3. Medium-rise braced multistorey building

These three types cover many of the uses of steel-frame buildings such as factories, ware-
houses, offices, flats and schools. A design for the lattice roof building (Figure 1.1a) is given,
and the design of the elements for the braced multistorey building (Figure 1.1¢) is also
included. The design of portal frame is described separately in Chapter 9.

The building frame is made up of separate elements — the beams, columns, trusses and
bracing — listed beside each section in Figure 1.1. These must be joined together, and the
building attached to the foundations. The elements are discussed more fully in Section 1.2.

Buildings are 3D and only the sectional frame has been shown in Figure 1.1. These frames
must be propped and braced laterally so that they remain in position and carry the loads
without buckling out of the plane of the section. Structural framing plans are shown in
Figures 1.2 and 1.3 for the building types illustrated in Figure 1.1a and c.

Various methods for analysis and design have been developed over the years. In Figure
1.1, the single-storey structure in (a) and the multistorey building in (c) are designed by the
simple design method, whilst the portal frame in (b) is designed by the continuous design
method. All design is based on Eurocode 3 (EN1993). Design theories are discussed briefly
in Section 1.4, and design methods are set out in detail in Chapter 2.

1.2 STRUCTURAL ELEMENTS
As mentioned earlier, steel buildings are composed of distinct elements:

1. Beams and girders: members carrying lateral loads in bending and shear.

2. Ties: members carrying axial loads in tension.

3. Struts, columns or stanchions: members carrying axial loads in compression. These
members are often subjected to bending as well as compression.

4. Trusses and lattice girders: framed members carrying lateral loads. These are com-
posed of struts and ties.
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Figure I.I Three common types of steel buildings: (a) single-storey lattice roof building with crane;
(b) single-storey rigid pinned base portal; (c) multistorey building.

5. Purlins: beam members carrying roof sheeting.

6. Sheeting rails: beam members supporting wall cladding.

7. Bracing: diagonal struts and ties that, with columns and roof trusses, form vertical and
horizontal trusses to resist wind loads and hence provided the stability of the building.

Joints connect members together such as the joints in trusses, joints between floor beams
and columns or other floor beams. Bases transmit the loads from the columns to the
foundations.

The structural elements are listed in Figures 1.1 through 1.3, and the types of members
making up the various elements are discussed in Chapter 3. Some details for a factory and a
multistorey building are shown in Figure 1.4.

1.3 STRUCTURAL DESIGN

Nowadays, building design is usually carried out by a multidiscipline design team. An
architect draws up plans for a building to meet the client’s requirements. The struc-
tural engineer examines various alternative framing arrangements and may carry out
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Figure 1.2 Factory building.

preliminary designs to determine which is the most economical. This is termed the
‘conceptual design stage’. For a given framing arrangement, the problem in structural
design consists of

—_

. Estimation of loading

2. Analysis of main frames, trusses or lattice girders, floor systems, bracing and con-
nections to determine axial loads, shears and moments at critical points in all
members

. Design of the elements and connections using design data from step 2

4. Production of arrangement and detail drawings from the designer’s sketches

(O8]

This book covers the design of elements first. Then, to show various elements in their true
context in a building, the design for the basic single-storey structure with lattice roof shown
in Figure 1.2 is given.
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1.4 DESIGN METHODS
Steel design may be based on three design theories:

1. Elastic design
2. Plastic design
3. Limit-state design

Elastic design is the traditional method and is still commonly used in the United States.
Steel is almost perfectly elastic up to the yield point, and elastic theory is a very good
method on which the method is based. Structures are analysed by elastic theory, and sec-
tions are sized so that the permissible stresses are not exceeded. This method was used
in the United Kingdom in accordance with BS 449-2: 1967: The Use of Structural Steel
in Building.

Plastic theory developed to take account of behaviour past the yield point is based on find-
ing the load that causes the structure to collapse. Then the working load is the collapse load
divided by a load factor. This too was permitted under BS 449.

Finally, limit-state design has been developed to take account of all conditions that can
make the structure become unfit for use. The design is based on the actual behaviour of
materials and structures in use and is in accordance with EC 3 (EN1993).

The code requirements relevant to the worked problems are noted and discussed. The
complete code should be obtained and read in conjunction with this book.

The aim of structural design is to produce a safe and economical structure that fulfils
its required purpose. Theoretical knowledge of structural analysis must be combined with
knowledge of design principles and theory and the constraints given in the standard to give
a safe design. A thorough knowledge of properties of materials, methods of fabrication and
erection is essential for the experienced designer. The learner must start with the basics and
gradually build up experience through doing coursework exercises in conjunction with a
study of design principles and theory.

The ECs are drawn up by panels of experts from the professional institutions and include
engineers from educational and research institutions, consulting engineers, government
authorities and fabrication and construction industries. The standards give the design meth-
ods, factors of safety, design loads, design strengths, deflection limits and safe construction
practices.

As well as the main design standard for structural steelwork, EN1993, reference must be
made to other relevant standards, including

1. BS EN 10020: 2000: This gives definition and classification of grades of steel.

2. BS EN 10029: 1991 (plates); BS EN 10025: 1993 (sections); BS EN 10210-1:
1994 (hot-finished hollow sections); and BS EN 10219-1: 1997 (cold-formed hol-
low sections). This gives the mechanical properties for the various types of steel
sections.

3. EN1991-1-1: Actions on structures (general actions), densities, self-weight, and
imposed loads for buildings.

4. EN1991-1-4: Actions on structures (general actions), wind actions.

5. EN1991-1-3: Actions on structures (general actions), snow loads.

Representative loading may be taken for element design. Wind loading depends on the com-
plete building and must be estimated using the wind code.
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1.5 DESIGN CALCULATIONS AND COMPUTING

Calculations are needed in the design process to determine the loading on the structure,
carry out the analysis and design the elements and joints and must be set out clearly in a
standard form. Design sketches to illustrate and amplify the calculations are an integral part
of the procedure and are used to produce the detail drawings.

Computing now forms an increasingly larger part of design work, and all routine calcula-
tions can be readily carried out on a PC. The use of the computer speeds up calculation and
enables alternative sections to be checked, giving the designer a wider choice than would be
possible with manual working. However, it is most important that students understand the
design principles involved before using computer programs.

It is through doing exercises that the student consolidates the design theory given in lec-
tures. Problems are given at the end of most chapters.

1.6 DETAILING

Chapter 12 deals with the detailing of structural steelwork. In the earlier chapters, sketches
are made in design problems to show building arrangements, loading on frames, trusses,
members, connections and other features pertinent to the design. It is often necessary to
make a sketch showing the arrangement of a joint before the design can be carried out. At
the end of the problem, sketches are made to show basic design information such as section
size, span, plate sizes, drilling and welding. These sketches are used to produce the working
drawings.

The general arrangement drawing and marking plans give the information for erection.
The detailed drawings show all the particulars for fabrication of the elements. The designer
must know the conventions for making steelwork drawings, such as the scales to be used,
the methods for specifying members, plates, bolts and welding. He or she must be able to
draw standard joint details and must also have the knowledge of methods of fabrication
and erection. AutoCAD is becoming generally available, and the student should be given an
appreciation of their use.



Chapter 2

Limit-state design

2.1 LIMIT-STATE DESIGN PRINCIPLES
The central concepts of limit-state design are as follows:

1. All separate conditions that make the structure unfit for use are taken into account.
These are the separate limit states.

2. The design is based on the actual behaviour of materials and performance of struc-
tures and members in service.

3. Ideally, design should be based on statistical methods with a small probability of the
structure reaching a limit state.

The three concepts are examined in more detail as follows.

Requirement (1) means that the structure should not overturn under applied loads and
its members and joints should be strong enough to carry the forces to which they are
subjected. In addition, other conditions such as excessive deflection of beams or unac-
ceptable vibration, though not in fact causing collapse, should not make the structure
unfit for use.

In concept (2), the strengths are calculated using plastic theory, and post-buckling behav-
iour is taken into account. The effect of imperfections on design strength is also included.
It is recognized that calculations cannot be made in all cases to ensure that limit states are
not reached. In cases such as brittle fracture, good practice must be followed to ensure that
damage or failure does not occur.

Concept (3) implies recognition of the fact that loads and material strengths vary, approx-
imations are used in design and imperfections in fabrication and erection affect the strength
in service. All these factors can only be realistically assessed in statistical terms. However, it
is not yet possible to adopt a complete probability basis for design, and the method adopted
is to ensure safety by using suitable factors. Partial factors of safety are introduced to take
account of all the uncertainties in loads, materials strengths, etc. mentioned earlier. These
are discussed more fully later.

2.2 LIMIT STATES FOR STEEL DESIGN

The limit states for which steelwork is to be designed are covered in Section 2 of EN1993-1-1
and Section 2 of EN1990. These are as follows.
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2.2.1 Ultimate limit states

The ultimate limit states include the following:

1. Strength (including general yielding, rupture, buckling and transformation into a
mechanism)

2. Stability against overturning and sway

3. Fracture due to fatigue

4. Brittle fracture

When the ultimate limit states are exceeded, the whole structure or part of it collapses.

2.2.2 Serviceability limit states

The serviceability limit states consist of the following:

5. Deflection

6. Vibration (e.g. wind-induced oscillation)
7. Repairable damage due to fatigue

8. Corrosion and durability

The serviceability limit states, when exceeded, make the structure or part of it unfit for
normal use but do not indicate that collapse has occurred.

All relevant limit states should be considered, but usually it will be appropriate to design
on the basis of strength and stability at ultimate loading and then check that deflection is
not excessive under serviceability loading. Some recommendations regarding the other limit
states will be noted when appropriate, but detailed treatment of these topics is outside the
scope of this book.

2.3 WORKING AND FACTORED LOADS

2.3.1 Working loads

The working loads (also known as the specified, characteristic or nominal loads) are the
actual loads the structure is designed to carry. These are normally thought of as the maxi-
mum loads that will not be exceeded during the life of the structure. In statistical terms,
characteristic loads have a 95% probability of not being exceeded. The main loads on build-
ings may be classified as

1. Dead loads: These are due to the weights of floor slabs, roofs, walls, ceilings, parti-
tions, finishes, services and self-weight of steel. When sizes are known, dead loads
can be calculated from weights of materials or from the manufacturer’s literature.
However, at the start of a design, sizes are not known accurately, and dead loads must
often be estimated from experience. The values used should be checked when the final
design is complete. For examples on element design, representative loading has been
chosen, but for the building design examples, actual loads from EN1991-1-1 are used.

2. Imposed loads: These take account of the loads caused by people, furniture, equip-
ment, stock, etc. on the floors of buildings and snow on roofs. The values of the floor
loads used depend on the use of the building. Imposed loads are given in EN1993-1-1,
and snow load is given in EN1993-1-3.
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3. Wind loads: These loads depend on the location and building size. Wind loads are
given in EN1991-1-4.

4. Dynamic loads: These are caused mainly by cranes. An allowance is made for impact
by increasing the static vertical loads, and the inertia effects are taken into account by
applying a proportion of the vertical loads as horizontal loads. Dynamic loads from
cranes are given in EN1991-3.

Other loads on the structures are caused by waves, ice, seismic effects, etc. and these are
outside the scope of this book.

2.3.2 Factored loads for the ultimate limit states

In accordance with EN1990, factored loads are used in design calculations for strength and
equilibrium.

Factored load = working or nominal load x relevant partial load factor, 7,

The partial load factor takes account of

1. The unfavourable deviation of loads from their nominal values
2. The reduced probability that various loads will all be at their nominal value
simultaneously

It also allows for the uncertainties in the behaviour of materials by using material partial
factors, Yy, and of the structure as opposed to those assumed in design.

The partial load factors, y, are given in Annex Al of EN1990. The factored loads should
be applied in the most unfavourable manner, and members and connections should not fail
under these load conditions. Brief comments are given on some of the load combinations:

1. The main load for design of most members and structures is dead plus imposed load.

2. In light roof structures, uplift and load reversal occurs, and tall structures must be
checked for overturning. The load combination of dead plus wind load is used in these
cases with a load factor of 1.0 for dead and 1.5 for wind load.

3. It is improbable that wind and imposed loads will simultaneously reach their maxi-
mum values and load factors are reduced accordingly.

4. Tt is also unlikely that the impact and surge load from cranes will reach maximum
values together, and so the load factors are reduced. Again, when wind is considered
with crane loads, the factors are further reduced.

2.4 STABILITY LIMIT STATES

To ensure stability, EN1990 states that structures must be checked using factored loads for
the following two conditions:

1. Overturning: The structure must not overturn or lift off its seat.
2. Sway: To ensure adequate resistance, design checks are required:
a. Design to resist the applied horizontal loads in addition with.
b. The design for notional horizontal loads: These are to be taken as 0.5% of the fac-
tored dead plus imposed load and are to be applied at the roof and each floor level.
They are to act with 1.35 times the dead and 1.5 times the imposed load.
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Sway resistance may be provided by bracing rigid-construction shear walls, stair wells or lift
shafts. The designer should clearly indicate the system he or she is using. In examples in this
book, stability against sway will be ensured by bracing and rigid portal action.

2.5 STRUCTURAL INTEGRITY

The provisions of Annex A of EN1991-1-7 ensure that the structure complies with the build-
ing regulations and has the ability to resist progressive collapse following accidental dam-
age. The main parts of the clause are summarized as follows:

1. All structures must be effectively tied at all floors and roofs. Columns must be anchored
in two directions approximately at right angles. The ties may be steel beams or rein-
forcement in slabs. End connections must be able to resist a factored tensile load of
75 kN for floors and for roofs.

2. Additional requirements are set out for certain multistorey buildings where the extent
of accidental damage must be limited. In general, tied buildings will be satisfactory if
the following five conditions are met:

a. Sway resistance is distributed throughout the building.

b. Extra tying is to be provided as specified.

c. Column splices are designed to resist a specified tensile force.
d. Any beam carrying a column is checked as set out in (3) later.
e. Precast floor units are tied and anchored.

3. Where required in (2), the aforementioned damage must be localized by checking to
see if at any storey, any single column or beam carrying a column may be removed
without causing more than a limited amount of damage. If the removal of a member
causes more than the permissible limit, it must be designed as a key element. These
critical members are designed for accidental loads set out in the building regulations.
The recommended value for building structures is 34 kN/m?2.

The complete section in the code and the building regulations should be consulted.

2.6 SERVICEABILITY LIMIT-STATE DEFLECTION

Deflection is the main serviceability limit state that must be considered in design. The limit
state of vibration is outside the scope of this book, and fatigue was briefly discussed in
Section 2.2.1 and, again, is not covered in detail. The protection for steel to prevent the limit
state of corrosion being reached was mentioned in Section 2.2.4.

NA to BS EN1993-1-1 states in NA2.23 that deflection under serviceability loads of a
building or part should not impair the strength or efficiency of the structure or its compo-
nents or cause damage to the finishings. The serviceability loads used are the unfactored
imposed loads except in the following cases: Table 2.1 gives suggested limits for calculated
vertical deflections of certain members under the characteristic load combination due to
variable loads and should not include permanent loads.

The structure is considered to be elastic and the most adverse combination of loads is
assumed. Deflection limitations are given in NA 2.23 and NA 2.24. These are given here
in Table 2.1. These limitations cover beams and structures other than pitched-roof portal
frames.
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Table 2.1 Deflection limits

Deflection of beams due to unfactored imposed loads

Cantilevers Length/180

Beams carrying plaster or other brittle finish Span/360

All other beams (except purlins and sheeting rails) Span/200

Purlins and sheeting rails To suit the characteristics

of particular cladding
Horizontal deflection of columns due to unfactored imposed and wind loads

Tops of columns in single-storey buildings except Height/300
portal frames

In each storey of a building with more than one storey Storey height/300

It should be noted that calculated deflections are seldom realized in the finished structure.
The deflection is based on the beam or frame steel section only, and composite action with
slabs or sheeting is ignored. Again, the full value of the imposed load used in the calcula-
tions is rarely achieved in practice.

2.7 DESIGN STRENGTH OF MATERIALS

The design strengths for steel are given in Section 3.2 of EN1993-1-1. Note that the material
partial factor, v, part of the overall safety factor in limit-state design, is taken as 1.0 in
the code. The design strength may be taken as

* The ratio f,/f, of the specified minimum ultimate tensile strength £, to the specified
minimum yield strength, £,

e The elongation at failure on a gauge length of 5.65,/A, (where A, is the original cross-
sectional area)
¢ The ultimate strain €,, where €, corresponds to the ultimate strength f,

Note: The limiting values of the ratio f,/f,, the elongation at failure and the ultimate strain €,
may be defined in the National Annex (NA). The following values are recommended:

e fJf,>1,10
e Elongation at failure not less than 15%
e ¢,> 15¢, where g, is the yield strain (¢, = f,/E)

The values of £, and f, are given in Table 3.1 of the EN1993-1-1.
The code states that the following values for the elastic properties are to be used:

Modulus of elasticity, E = 210,000 N/mm?

E
Shearm odulus, G = )z 81,000 N fam*
A%

Poisson’s ratio, v = 0.30

Coefficient of linear thermal expansion o = 12 x 10-¢/K  (for T < 100°C)
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2.8 DESIGN METHODS FOR BUILDINGS

The design of buildings must be carried out in accordance with one of the methods given in
Clause 1.5.3 of EN1993-1-1. The design methods are as follows:

1. Simple design: In this method, the connections between members are assumed not to
develop moments adversely affecting either the members or the structure as a whole.
The structure is assumed to be pin jointed for analysis. Bracing or shear walls are nec-
essary to provide resistance to horizontal loading.

2. Continuous design: The connections are assumed to be capable of developing the
strength and/or stiffness required by an analysis assuming full continuity. The analysis
may be made using either elastic or plastic methods.

3. Semi-continuous design: This method may be used where the joints have some degree
of strength and stiffness but insufficient to develop full continuity. Either elastic or
plastic analysis may be used. The moment capacity, rotational stiffness and rotation
capacity of the joints should be based on experimental evidence. This may permit some
limited plasticity, provided that the capacity of the bolts or welds is not the failure
criterion. On this basis, the design should satisfy the strength, stiffness and in-plane
stability requirements of all parts of the structure when partial continuity at the joints
is taken into account in determining the moments and forces in the members.

4. Experimental verification: The code states that where the design of a structure or
element by calculation in accordance with any of the aforementioned methods is not
practicable, the strength and stiffness may be confirmed by loading tests. The test pro-
cedure is set out in Clause 2.5 of the code.

In practice, structures are designed to either the simple or the continuous methods of design.
Semi-continuous design has never found general favour with designers. Examples in this
book are generally of the simple method of design.



Chapter 3

Materials

3.1 STRUCTURAL STEEL PROPERTIES

The nominal values of the yield strength f, and the ultimate strength f, for structural
steel may be taken from Table 3.1 in EN 1993-1-1 or direct from the product standard,
that is EN 10025 for hot-rolled sections. The UK National Annex states that the nomi-
nal values for structural steel should be obtained from the product standard. The prod-
uct standards give more steps in the reduction of strength with an increasing thickness
of the product.

Steel is composed of about 98% of iron with the main alloying elements carbon, silicon
and manganese. Copper and chromium are added to produce the weather-resistant steels
that do not require corrosion protection. The rules in EN 1993-1-1 relate to structural steel
grades $235, 5275, S355 and S450 and thus cover all the structural steels likely to be used in
buildings. In exceptional circumstances, components might use higher-strength grades; EN
1993-1-12 gives guidance on the use of EN 1993-1-1 design rules for higher-strength steels.

The stress—strain curves for the four grades of steel are shown in Figure 3.1a, and these
are the basis for the design methods used for steel. Initially, the steel has a linear stress—
strain curve whose slope is the Young’s modulus, E. The limit of the linear elastic behaviour
is yield stress f, and the corresponding yield strain €, = £ /E. Elastic design is kept within the
elastic region, and because steel is almost perfectly elastic, design based on elastic theory is
a very good method to use.

Beyond the elastic limit, the stress—strain curves show a small plateau without any increase
in stress until the strain-hardening strain € is reached and then an increase in strength due
to strain hardening. The plastic range is usually accounted for the ductility of the steel. The
stress increases above the yield stress f, when the strain-hardening strain g, is exceeded, and
this continues until the ultimate tensile stress f, is reached. Plastic design is based on the
horizontal part of the stress—strain shown in Figure 3.1b.

The mechanical properties for steels are set out in the respective specifications men-
tioned earlier. The yield strengths and ultimate strengths for the most common grades from
Table 3.1 of EN 1993-1-1 and from product standard EN 10025-2 are given in Table 3.1 for
comparison; and other important design properties are given in Section 2.7.

3.2 DESIGN CONSIDERATIONS

Special problems occur with steelwork, and good practice must be followed to ensure satisfac-
tory performance in service. These factors are discussed briefly later in order to bring them to the
attention of students and designers, although they are not generally of great importance in the
design problems covered in this book. However, it is worth noting that the material safety factor

13
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Table 3.1 Nominal values of yield strength f, and ultimate tensile strength f, for hot rolled
structural steel

EN 1993-1-1 EN 10025-2
Steel grade  Thickness (mm)  f, [N/mm?]  f, [NImm?]  Thickness (mm) f, [NImm?]  f, [NImm?]
$235 t<40 235 360 t<l6 235 360
16<t<40 225 360
40<t<80 215 360 40<t<63 215 360
63<t<80 215 360
$275 t<40 275 430 t<16 275 410
16<t<40 265 410
40<t<80 255 410 40<t<63 255 410
63<t<80 245 410
S355 t<40 355 490 t<l16 355 470
16<t<40 345 470
40<t<80 335 470 40<t<63 335 470
63<t<80 325 470
$450 t<40 440 550 t<l6 450 550
16<t<40 430 550
40<t<80 410 550 40<t<63 410 550
63<t<80 390 550
S460

W
a
a O
| 1

=

S235

Stress N/mm?
NN
3]
(92
|

Thickness <16 mm

0 0.1 0.2 0.3 0.4
(@) Strain
Stress

f]’,{ —_. - - - - - - = = = —

S Strain-hardening

ic —e=f Plastic range_

Elastic
| |
| |
(b) 0 gy Est Strain

Figure 3.1 Stress—strain diagrams for structural steels: (a) stress—strain diagrams for typical structural
steels; (b) stress—strain diagram for plastic design.
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Y, is set to unity in EN 1993 that implies a certain level of quality and testing in steel usage.
Weld procedures are qualified by maximum carbon equivalent values. Attention to weldability
should be given when dealing with special, thick and higher grade steel.

3.2.1 Fatigue

Fatigue failure can occur in members or structures subjected to fluctuating loads such
as crane girders, bridges and structures that support machinery, wind and wave loading.
Failure occurs through initiation and propagation of a crack that starts at a fault or struc-
tural discontinuity, and the failure load may be well below its static value.

Welded connections have the greatest effect on the fatigue strength of steel structures.
Tests show that butt welds give the best performance in service, whilst continuous fillet
welds are much superior to intermittent fillet welds. Bolted connections do not reduce the
strength under fatigue loading. To help avoid fatigue failure, detail should be such that stress
concentrations and abrupt changes of section are avoided in regions of tensile stress. Cases
where fatigue could occur are noted in this book, and for further information, the reader
should consult Ref. [1].

3.2.2 Ductility requirements

Ductility is the ability of a material to undergo large deformation without breaking. A measure
of ductility is the percentage elongation of the gage length of the specimen during a tension test.
It is calculated as 100 times the change in gage length divided by the original gage length. Thus,

Le—L
8. = %100

0

where
Lyis the final distance between the gage marks after the specimen breaks
L, is the original gage length

In order to ensure structures are designed with steels that possess adequate ductility, NA to
BS EN 1993-1-1 sets the following requirements:

1. Elastic global analysis
The limiting values for the ratio £,/f,, the elongation at failure and the ultimate strain
g, for elastic global analysis are given as follows:
a. f/f,>1.10
b. Elongation at failure not less than 15% (on a gauge length of 5.65VA,, where A, is
the original cross-sectional area)
c. g,>15¢, where ¢, is the ultimate strain and ¢, is the yield strain
2. Plastic global analysis
Plastic global analysis should not be used for bridges. For building the limiting values
for the ratio f,/f,, the elongation at failure and the ultimate strain €, for plastic global
analysis are given as follows:
a. f/f,>1.15
b. Elongation at failure not less than 15% (on a gauge length of 5.65VA,, where A, is
the original cross-sectional area)
c. g,>20¢, where ¢, is the ultimate strain and ¢, is the yield strain
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3.2.3 Brittle fracture

Structural steel is ductile at temperatures above 10°C, but it becomes more brittle as the
temperature falls, and fracture can occur at low stresses below 0°C. The material should
have sufficient fracture toughness to avoid brittle fracture of tension member at the lowest
service temperature expected to occur within the intended design life of the structure. NA
to BS EN 1993-1-1 sets the following requirements:

e For building and other quasi-statically loaded structures, the lowest service tempera-
ture in the steel should be taken as the lowest air temperature that may be taken as
—5°C for internal steelwork and —15°C for external steelwork.

e For bridges, the lowest service temperature in the steel should be determined according
to the NA to BS EN 1991-1-5 for bridge location. For structures susceptible to fatigue,
it is recommended that the requirements for bridges should be applied.

e In other cases, the lowest service temperature in the steel should be taken as the low-
est air temperature expected to occur within the intended design life of the structure.

Brittle fracture is initiated by the existence or formation of a small crack in a region of
high local stress. Once initiated, the crack may propagate in a ductile fashion for which
the external forces must supply the energy required to tear the steel. The ductility of a
structural steel depends on its composition, heat treatment and thickness and varies with
temperature. Figure 3.2 shows the increase with temperature of the capacity of the steel
to absorb energy during impact. At low temperatures, the energy absorption is low, and
initiation and propagation of brittle fractures are comparatively easy, whilst at high tem-
peratures, the energy absorption is high because of ductile yielding, and the propagation of
the cracks can be arrested.

In design, brittle fracture should be avoided by using steel quality grade with adequate
impact toughness. Quality steels are designated JR, JO, J2, K2 and so forth in order of
increasing resistance to brittle fracture. The Charpy impact fracture toughness is specified
for the various steel quality grades: for example Grade S275 JO steel is to have a minimum
fracture toughness of 27 J at a test temperature of 0°C.

Crack initiation _ | _Crack initiation ~‘4 Crack initiation
and propagation easy more difficult ‘ difficult

Energy absorption

___//

Temperature

Figure 3.2 Effect of temperature on resistance to brittle fracture.
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Steel with large grain size tends to be more brittle, and this is significantly influenced
by heat treatment of the steel and by its thickness. The procedure for determination of
the steel subgrade is given in EN 1993-1-10, which provides values of the maximum
thickness #, for different steel grades and minimum service temperatures. For common
structures, the maximum stress in the structure for accidental combination of loading
0, and the reference temperature T,; in a location of potential crack is usually deter-
mined. The required steel subgrade for a given element thickness can then be determined
from Table 3.2.

Cases where brittle fracture may occur in design of structural elements are noted in this
book. For further information, the reader should consult Ref. [2].

3.2.4 Fire protection

Structural steelwork performs badly in fires, with the strength decreasing with increase
in temperature. At 550°C, the yield stress has fallen to approximately 0.7 of its value at
normal temperatures; that is it has reached its working stress and failure occurs under
working loads.

The statutory requirements for fire protection are usually set out clearly in the approved
documents from the local building regulations [3] or fire safety authority. These lay down
the fire-resistance period that any load-bearing element in a given building must have and
also give the fire-resistance periods for different types of fire protection. Fire protection can
be provided by encasing the member in concrete, fire board or cementitious fibre materials.
The main types of fire protection for columns and beams are shown in Figure 3.3. More
recently, intumescent paint is being used especially for exposed steelwork.

All multistorey steel buildings require fire protection. Single-storey factory buildings
normally do not require fire protection for the steel frame. Further information is given
in Ref. [4].

3.2.5 Corrosion protection

Exposed steelwork can be severely affected by corrosion in the atmosphere, particularly if
pollutants are present, and it is necessary to provide surface protection in all cases. The type
of protection depends on the surface conditions and length of life required.

The main types of protective coatings are

1. Metallic coatings: A sprayed-on in-line coating of either aluminium or zinc is used, or the
member is coated by hot dipping it in a bath of molten zinc in the galvanizing process.

2. Painting, where various systems are used: One common system consists of using a
primer of zinc chromate followed by finishing coats of micaceous iron oxide. Plastic
and bituminous paints are used in special cases.

The single most important factor in achieving a sound corrosion-protection coating is sur-
face preparation. Steel is covered with mill scale when it cools after rolling, and this must
be removed before the protection is applied; otherwise, the scale can subsequently loosen
and break the film. Blast cleaning makes the best preparation prior to painting. Acid pick-
ling is used in the galvanizing process. Other methods of corrosion protection that can also
be considered are sacrificial allowance, sherardizing, concrete encasement and cathodic
protection.

Careful attention to design detail is also required (e.g. upturned channels that form a cavity
where water can collect should be avoided), and access for future maintenance should also be
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/\

Solid casing Hollow casing Profile casing

Figure 3.3 Fire protections for columns and beams.

provided. For further information the reader should consult EN ISO 12944 (corrosion protec-
tion of steel structures by protective paint systems) and EN ISO 14713 (zinc coatings — guide-
lines and recommendations for the protection against corrosion of iron and steel in structures).

3.3 STEEL SECTIONS

3.3.1 Rolled and formed sections

Rolled and formed sections are produced in steel mills from steel blooms, beam blanks or
coils by passing them through a series of rollers. The more commonly used hot-rolled sec-
tions are shown in Figure 3.4, and their principal properties and uses are discussed briefly
as follows:

1. Universal beams: These are very efficient sections for resisting bending moment about
the major axis.

2. Universal columns: These are sections produced primarily to resist axial load with a
high radius of gyration about the minor axis to prevent buckling in that plane.

3. Channels: These are used for beams, bracing members, truss members and compound
members.

4. Equal and unequal angles: These are used for bracing members, truss members and
for purlins, side and sheeting rails.

5. Structural tees: The sections shown are produced by cutting a universal beam or col-
umn into two parts. Tees are used for truss members, ties and light beams.

6. Circular, square and rectangular hollow sections: These are mostly produced from
hot-rolled coils and may be hot finished or cold formed. A welded mother tube is
first formed, and then it is rolled to its final square or rectangular shape. In the hot
process, the final shaping is done at the steel normalizing temperature, whereas
in the cold process, it is done at ambient room temperature. These sections make
very efficient compression members and are used in a wide range of applications as
members in roof trusses, lattice girders, building frames and for purlins, sheeting
rails, etc.

Note that the range in serial sizes is given for the members shown in Figure 3.4. A
number of different members are produced in each serial size by varying the flange,
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Figure 3.4 Rolled and formed sections.

web, leg or wall thicknesses. The material properties, tolerances and dimensions of the

structural sections referred to in this book can be found in the following standards given
in Table 3.3.

3.3.2 Compound sections

Compound sections are formed by the following means (Figure 3.5):

1. Strengthening a rolled section such as a universal beam by welding on cover plates, as
shown in Figure 3.5a.

2. Combining two separate rolled sections, as in the case of the crane girder in Figure
3.5b: The two members carry loads from separate directions.

3. Connecting two members together to form a strong combined member: Examples are
the laced and battened members shown in Figure 3.5¢ and d.
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Table 3.3 Structural steel products

Technical delivery requirements

Product Non-alloy steels Fine-grain steels Dimensions Tolerances
Universal beams, BS EN 10025-2 BS EN 10025-3 BS 4-1 BS EN 10034
universal columns BS EN 10025-4
and universal
bearing piles
Joists BS EN 10025-2 BS EN 10025-3 BS 4-1 BS 4-1
BS EN 10025-4
BS EN 10024
Parallel flange BS EN 10025-2 BS EN 10025-3 BS 4-1 BS EN 10279
channels BS EN 10025-4
Angles BS EN 10025-2 BS EN 10025-3 BS EN 10056-1 BS EN 10056-2
BS EN 10025-4
Structural tees cut BS EN 10025-2 BS EN 10025-3 BS 4-1 —
from universal BS EN 10025-4
beams and
universal columns
ASB (asymmetric Generally BS EN See note? Generally BS EN
beams Slimflor® 10025 but see 10034 but also
beam note® see note®
Hot-finished BS EN 10210-1 BS EN 10210-2 BS EN 10210-2
structural hollow
sections
Cold-formed BS EN 10219-2 BS EN 10219-2 BS EN 10219-2

hollow sections

Note that EN 1993 refers to the product standards by their CEN designation, e.g. EN 10025-2. The CEN standards are

published in the United Kingdom by BSI with their prefix to the designation, e.g. BS EN 10025-2.

2 See Ref. [5].

b For further details, consult Tata Steel.
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(b)

3
i

=

(c

<

™) T
L
.
T
%E — P
T
—L
M

—

d)

Figure 3.5 Compound sections: (a) compound beam; (b) crane girder; (c) battened member; (d) laced member.
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Plate girder Built-up section Box girder Box column

Figure 3.6 Built-up sections.

3.3.3 Built-up sections

Built-up sections are made by welding plates together to form I, H or box members that are
termed plate girders, built-up columns, box girders or columns, respectively. These members
are used where heavy loads have to be carried and in the case of plate and box girders where
long spans may be required. Examples of built-up sections are shown in Figure 3.6.

3.3.4 Cold-rolled open sections

Thin steel plates can be formed into a wide range of sections by cold rolling. The most
important uses for cold-rolled open sections in steel structures are for purlins, side and
sheeting rails. Three common sections — the zed, sigma and lipped channel — are shown in
Figure 3.7. Reference should be made to manufacturer’s specialized literature for the full
range of sizes available and the section properties. Some members and their properties are
given in Section 4.12 in design of purlins and sheeting rails.

3.4 SECTION PROPERTIES

For a given member serial size, the section properties are

1. The exact section dimensions
The dimensions of sections are given in millimetres (mm). Generally, the centimetre
(cm) is used for the calculated properties, but for surface areas and for the warping
constant (I,), the metre (m) and the decimetre (dm), respectively, are used.

2. The location of the centroid if the section is asymmetrical about one or both axes
The axis system used in EN 1993 is
x along the member
y major axis, or axis perpendicular to web
z minor axis, or axis parallel to web

[ 1 L
L I
Zed section Sigma section Lipped section

Figure 3.7 Cold-rolled sections.
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3. Area of cross section (A)

4. Second moments of area about various axes
The second moment of area has been calculated taking into account all tapers, radii
and fillets of the sections. Values are given about both the y—y and the z—z axes, named
I, and I, respectively.

5. Radii of gyration about various axes
The radius of gyration is a parameter used in the calculation of buckling resistance and
is derived as follows:

6. Moduli of section for various axes, both elastic and plastic
The elastic section modulus is used to calculate the elastic design resistance for bend-
ing based on the yield strength of the section and the partial factor v, or to calculate
the stress at the extreme fibre of the section due to a moment. It is derived as follows:

Wel,y=£
z
We'l.,z:£
Y

where z, y are the distance to the extreme fibres of the section from the elastic y—y and
z—z axes, respectively.

The plastic section modulus about both y—y and z—z axes of the plastic cross sections is
tabulated for all sections except angle sections.

For compound and built-up sections, the properties must be calculated from the first
principles. The section properties for the symmetrical I section with dimensions as shown
in Figure 3.8a are as follows:

1. Elastic properties

Area A = 2bt, + dt,,
3 _ 3
Moment of inertia y—y axis l, = bh” _(b-t,)d"
12 12
3 3
Moment of inertia z—z axis I, = 2tb° + at,
12 12
%S
Radius of gyration y—y axis i, = (;{)
| 0.5
Radius of gyration z—z axis i, = (i)
. . 21,
Modulus of section y—y axis W,, = e
. . 21,
Modulus of section z—z axis W,, =
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Figure 3.8 Beam section: (a) symmetrical I-section; (b) asymmetrical I-section.

2. Plastic moduli of section
The plastic modulus of section is equal to the algebraic sum of the first moments of
area about the equal area axis. For the I section shown,

2bteh—t)  t,d’
Wy = 2 +tw4

2tb’  dE

Woe=— "+~

4 4
For asymmetrical sections such as those shown in Figure 3.8b, the neutral axis must be
located first. In elastic analysis, the neutral axis is the centroidal axis, whilst in plastic
analysis, it is the equal area axis. The other properties may then be calculated using
procedures from strength of materials [7]. Calculations of properties for unsymmetri-
cal sections are given in various parts of this book.

Other properties of universal beams, columns and joists, used for determining the
buckling resistance moment, are

Buckling parameter (U)
Torsional index (X)
Warping constant (I )
Torsional constant (I;)

05 05
U= WpLyg X £
A &
< = thZEA];,,
2GL T,

2 1
L :§bt§+§¢1—2tf)l;3, +20,D;) — 042t
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where

I
= [1-—=2
T

E

"7y

hy is the distance between shear centres of flanges (i.e. b, = h - t,)

t, £

oy = —0.042+02204 +0.1355 —0.0865 % — 00725
te t L": &

. (tf+r)2+(r+0.25t,,)1;,
v 2r+te

More properties may be given in Ref. [5].
The most important normative references on design are provided as follows:

EN 10025 (six parts) Hot-rolled steel products

EN 10210 Hot-finished structured hollow sections

EN 10219 Cold-formed structured hollow sections

EN 10024 Hot-rolled taper flange | sections

EN 10034 Structural steel | and H sections

EN 10279 Hot-rolled steel channels

EN 10056 Specification for equal and unequal angles

EN 14399 High-strength bolting assemblies for preloading
EN 15048 Non-preloaded structural bolting assemblies

EN 1090 Execution of steel structures
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Chapter 4

Beams

4.1 TYPES AND USES

Beams span between supports to carry lateral loads that are resisted by bending and shear.
However, deflections and local stresses are also important.

Beams may be cantilevered, simply supported, fixed ended or continuous, as shown in
Figure 4.1a. The main uses of beams are to support floors and columns and carry roof sheet-
ing as purlins and side cladding as sheeting rails.

Any member may serve as a beam, and common beam sections are shown in Figure 4.1b.
Some comments on the different sections are given as follows:

1. The universal beam (UB) where the material is concentrated in the flanges is the most
efficient section to resist uniaxial bending.

2. The universal column (UC) may be used where the depth is limited, but it is less efficient.

3. The compound beam consisting of a UB and flange plates is used where the depth is
limited and the UB itself is not strong enough to carry the load.

4. The crane beam consists of a UB and channel. It must resist bending in two directions.

Beams may be of uniform or non-uniform section. Rolled beams may be strengthened in
regions of maximum moment by adding cover plates or haunches. Some examples are shown
in Figure 4.2.

4.2 BEAM ACTIONS

Loads are referred to as actions in the structural Eurocodes (ECs) and should be taken from
EN 1991, whilst partial factors and the combination of actions are covered in EN 1990.
Types of beam actions are

1. Concentrated loads from secondary beams and columns
2. Distributed loads from self-weight and floor slabs

The actions are further classified by their variation in time as follows:

1. Permanent actions (G): for example, self-weight of the beams, slabs, finishes and fixed
equipment and indirect actions caused by shrinkage and uneven settlements

2. Variable actions (Q): for example, imposed loads on building floors and beams, wind
actions or snow loads

3. Accidental actions (A): for example, explosions or impact from vehicles

27
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; D
Cantilever Simply supported Fixed ended
Continuous
(a)
Universal beam Compound beam Channel
Crane beam Purlins and sheeting rails

(b)

Figure 4.1 (a) Types of beams and (b) beam sections.

Bending moment

\_L_/ diagram

eo—)

Cover plates

 —

Simply supported beam

Bending moment
,\ /l diagram

Haunched ends

Fixed ended beam

Figure 4.2 Non-uniform beam.

Actions on floor beams in a steel frame building are shown in Figure 4.3a. The figure shows
actions from a two-way spanning slab that gives trapezoidal and triangular loads on the
beams. One-way spanning floor slabs give uniform actions.

An actual beam with the floor slab and members it supports is shown in Figure 4.3b.
The load diagram and shear force and bending moment diagrams constructed from it are
also shown.
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Figure 4.3 Beam loads: (a) slab loads on floor beams and (b) actual loads on a beam.

4.3 CLASSIFICATION OF BEAM CROSS SECTIONS

4.3.1 Definition of classes

The projecting flange of an I beam will buckle prematurely if it is too thin. Webs will also
buckle under compressive stress from bending and from shear. This problem is discussed in
more detail in Section 5.2 of Chapter 5.

To prevent local buckling from occurring, the material yield strength, loading arrange-
ment, limiting outstands/thickness ratios for flanges and depth/thickness ratios for webs are
given in EN 1993-1-1 which accounts for the effects of local buckling through cross-sectional
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Figure 4.4 Four behavioural classes of cross section defined by EC 3.

classification, as described in Clause 5.5. Cross-sectional resistances may then be deter-
mined from Clause 6.2. The EN 1993 definitions of the four beam cross sections are classi-
fied as follows in accordance with their behaviour in bending:

Class 1 cross sections are those that can form a plastic hinge with rotation capacity required
from plastic analysis without reduction of the resistance.

Class 2 cross sections are those that can develop their plastic moment resistance but have
limited rotation capacity because of local buckling.

Class 3 cross sections are those in which the elastically calculated stress in the extreme compres-
sion fibre of the steel member assuming an elastic distribution of stresses can reach the yield
strength, but local buckling is liable to prevent development of the plastic moment resistance.

Class 4 cross sections are those in which local buckling will occur before the attainment of
yield stress in one or more parts of the cross section.

The moment-rotation characteristics of the four classes are shown in Figure 4.4.

Flat elements in a cross section are classified as

1. Internal elements supported on both longitudinal edges
2. Outside elements attached on one edge with the other free

4.3.2 Assessment of individual parts

The classification limits provided in Table 5.2 in EN 1993-1-1 are compared with ¢/t ratios
(compressive width-to-thickness ratios), with the appropriate dimensions for ¢ and ¢ taken
from the accompanying diagrams. The compression widths ¢ always adopt the dimensions
of the flat portions of the cross sections, that is root radii and welds are explicitly excluded
from the measurement, as shown in Figure 4.5.

The limiting width-to-thickness ratios are modified by a factor € that is a dependent upon
the material yield strength. € is defined as

[235
g= |22
&

where f, is the nominal yield strength of the steel.
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Figure 4.5 Definition of compression width ¢ for common cases: (a) outstand flanges; (b) internal web.

The definition of the € in EN 1993-1-1 utilizes a base value of 235 N/mm?, simply because
Grade S235 steel is regarded as the normal grade because it is still commonly used through-
out Central Europe.

The normal yield strength depends upon the steel grade, the standard to which the steel is
produced. Two thickness categories are defined in EN 1993-1-1. The first is up to and including
40 mm, and the second greater than 40 mm and less than 80 mm (for hot-rolled structural steel)
or less than 65 mm (for structural hollow sections). However, the UK National Annex (NA) is
likely to specify that material properties are taken as from the relevant product standard.

The cross-sectional classification of a beam member is given in Table 4.1, which is part of
Table 5.1 of EN 1993-1-1.

The ratios of the flange outstand to thickness (c,/z,) and the web depth to thickness (c/t;)
are given for I, H and channel sections.

ForIand H sections,c; = %[b—(‘cW + Zr)]
Forchannels, ¢; = [b (& + r)]

ForI,H and channelsections,c, =d = [h— 2(tf + r)]

For hot-finished and cold-formed square and rectangular hollow sections, the ratios (c,/t,)
and (c//t;) are given where

c=b-3t and ¢, =h-3t

The dimension c is not precisely defined in EN 1993-1-1 and the internal profile of the cor-
ners is not specified in either EN 10210-2 or EN 10219-2. The preceding expressions give
conservative values of the ratio for both hot-finished and cold-formed sections.

4.3.3 Overall cross-sectional classification

Once the classification of the individual parts of the cross section is determined, EN 1993
allows the overall section classification to be defined in one of three ways:

1. The classification of the overall cross section is taken as the least favourable of its com-
ponent parts. For example, a cross section with a Class 2 flange and Class 1 web has
an overall classification of Class 2.

2. Cross section with a Class 3 web and Class 1 or 2 flanges are classified as Class 2 over-
all cross section with an effective web (defined in Clause 6.2.2.4 in EN 1993-1-1).

3. Alternatively the classification of a cross section is defined by quoting both the flange
classification and the web classification.
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Table 4.I Maximum width-to-thickness ratios for compression parts

f
=y 4|

~
J
i %
Cw Cy Axis of
t, t, bending
|

=3 Internal flanges <
A
]
2

< f t
& p Axis of
¢ t || v bending
Outstand
[ — flanges
Internal web Internal flanges
Stress distribution subject to subject to Outstand flanges subject
in parts bending compression to compression
fy
+
c +
_ | c ]
[ [N —
[
i C
f fy * i -~
Class | c,/t, <72 Gt < 33¢ Gt < 9e
Class 2 c,/t, < 83¢ ¢t < 38¢ ¢t < 10g
Class 3 c,/t, < 124¢ Gt < 42¢ ¢t < l4e
e= 23% f, 235 275 355 460
! € 1.00 0.92 0.8l 0.71

4.4 BENDING STRESSES AND MOMENT CAPACITY

Both elastic and plastic theories are discussed here. Short or restrained beams are consid-
ered in this section. Plastic properties are used for plastic and compact sections, and elastic
properties for semi-compact sections to determine moment capacities.

4.4.1 Elastic theory

1. Uniaxial bending
The bending stress distributions for an I-section beam subjected to uniaxial moment

are shown in Figure 4.6a. Define terms for the I section:

M = applied bending moment.

I, = moment of inertia about y—y axis.
W, = 21,/h = modulus of section for y—y axis.
b = overall depth of beam.
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Figure 4.6 Beams in uniaxial bending: (a) T-section with two axes of symmetry; (b) crane beam with one
axis of symmetry.

The maximum stress in the extreme fibres top and bottom is

Wy
The moment capacity
M c= be ely
where o, is the allowable stress.

The design resistance for bending about one principal axis for Class 3 section is
determined in Clause 5.2.5.2 of EN 1993-1-1 as follows:

W o
M elRd = i (4.1)
Yuo
where
W, is the elastic section modulus about one principal axis

e

f, is the nominal values of yield strength
Yo is the partial factor

For the asymmetrical crane beam section shown in Figure 4.6b, the additional terms
require definition as follows:

W,

w1 = 1,/y; = modulus of section for top flange.
W

w12 = 1/y, = modulus of section for bottom flange.
¥, ¥, = distance from centroid to top and bottom fibres.

The bending stresses are
Top fibre in compression
M
fe=

w el,y2

Bottom fibre in tension

M
fe = =

W ely2
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Figure 4.7 Biaxial bending: (a) bending stress; (b) interaction diagram.

The moment capacity controlled by the stress in the bottom flange is

W
M ard = eLyzﬁl
Ymo

2. Biaxial bending

Consider that I section in Figure 4.7a, which is subject to bending about both axes.
Define the following terms:

M, 4 = design bending moment about the y—y axis.
M, , = design bending moment about the z—z axis.
W, = elastic section modulus for the y—y axis.
W, . = elastic section modulus for the z—z axis.

The maximum stress at A or B is

i:g:My,Ed_’_Mz,Ed
Way We,

For Class 3 cross sections, the maximum fibre stress limits by the yield stress divided
by the partial factor vy, as follows:

5
Ymo

h=%K<

The design resistance for bending moment about y—y and z—z axes is given as follows:

w
M aypa = ;lyff (4.2)

MO0

W oaf

M el,zRd = <4.3)
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Figure 4.8 Bending of asymmetrical sections: (a) channel section; (b) unequal angle.

As a conservative approximation for all cross-sectional classes, a linear summation
of the utilization ratios for each stress resultant may be used. For Class 3 cross sec-
tions subjected to the combination of M, ;, and M_ j,, this method may be applied
by using the following criteria:

M M
YRS 2R < (4.4)
Mayra Meazra

This is shown graphically in Figure 4.7b.

3. Asymmetrical sections
Note that with the channel section shown in Figure 4.8a, the vertical load must be
applied through the shear centre for bending in the free member to take place about
the y—y axis; otherwise, twisting and biaxial bending occurs. However, a horizontal
load applied through the centroid causes bending about the z—z axis only.

For an asymmetrical section such as the unequal angle shown in Figure 4.8b, bend-
ing takes place about the principle axes UU and VV in the free member when the load
is applied through the shear centre. When the angle is used as a purlin, the cladding
restrains the member so that it bends about the y—y axis.

4.4.2 Plastic theory

1. Uniaxial bending
The stress—strain curve for steel on which plastic theory is based is shown in
Figure 4.9a. In the plastic region after yield, the strain increases without increase in
stress. Consider the I section shown in Figure 4.9b. Under moment the stress first fol-
lows an elastic distribution. As the moment increases, the stress at the extreme fibre
reaches the yield stress and the plastic region proceeds inwards as shown until the full
plastic moment is reached and a plastic hinge is formed.
For single-axis bending, the following terms are defined:

M, r4 = the design resistance for bending moment.
W, = plastic section modulus.
f, = yield strength.

Yuo = the partial factor for resistance of cross section.
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Figure 4.9 (a) Simplified stress-strain curve and (b) behaviour in bending.

The design resistance for bending moment given in Clause 6.2.5(1) of EN 1993-1-1,
about one principal axis for Class 1 and 2 cross sections is determined as follows:

W
M pira = W oty (4.5)

MO0

For single-axis bending for a section with one axis of symmetry, consider the T-section
shown in Figure 4.10. In the elastic range, bending takes place about the centroidal
axis and there are two values for the elastic modulus of section.

In the plastic range, bending takes place about the equal area axis and there is one
value for the plastic modulus of section:

W, = fuolpea  AD (4.6)

£ 2

where
A is the area of cross section
b is the lever arm between the tension and compression forces

2. Biaxial bending
When a beam section is bent about both axes, the neutral axis will lie at an angle to the
rectangular axes that depends on the section properties and values of the moments.
Solutions have been obtained for various cases and a relationship established between
the ratios of the applied moments and the moment capacities about each axis.
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Figure 4.10 Section with one-axis symmetry.

EN 1993-1-1 treats biaxial bending as a subset of the rules for combined bending and
axial force. Checks for Class 1 and 2 cross sections subjected to biaxial bending are
given in Clause 6.2.9.1(6). The following equation (equation (6.41) in EN 1993-1-1)
represents a more sophisticated convex interaction expression:

o
{Mmd ) +{de ]ﬁg (4.7)
M N yRd M N ,zRd
where

M, 4 is the design bending moment about the y—y axis

M, g, is the design bending moment about the z—z axis

My ,.ra is the reduced design values of the resistance to bending moment about the
y—y axis

My . ra is the reduced design values of the resistance to bending moment about the
2—z axis

o and P are constants, as defined in the following:

For I and H sections,
o=2andB=5nbutp>1

For circular hollow sections,
o=2andp=2

For rectangular hollow sections,

1.66
1-1.13n?

oa=p=

buta=p<6
o and B can be taken as unity, thus reverting to a conservative linear interaction

N gq

N pira

Figure 4.11 shows the biaxial bending interaction curves (for Class 1 and 2 cross sec-
tions) for some common cases.
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Figure 4.11 Interaction diagram for biaxial bending with axial force.

3. Unsymmetrical sections
For sections with no axis of symmetry, plastic analysis for bending is complicated, but
solutions have been obtained. In many cases where such sections are used, the member
is constrained to bend about the rectangular axis [see Section 4.4.1(3)]. Such cases can
also be treated by elastic theory using factored loads with the maximum stress limited
to the design strength.

4.5 LATERAL-TORSIONAL BUCKLING

4.5.1 General considerations

The compression flange of an I beam acts like a column and will buckle sideways if
the beam is not sufficiently stiff or the flange is not restrained laterally. The load at
which the beam buckles can be much less than that causing the full moment capacity to
develop. Only a general description of the phenomenon and factors affecting it are set
out here.

Lateral-torsional buckling (LTB) is a neutral equilibrium behaviour that the beam will
initially bend in the plane of the web under the action of the applied moment. As the
moment is increased, a limit state will be reached at which the in-plane bending of the
beam becomes unstable and a slightly deflected and twisted form of the beam becomes
possible. So the LTB involves both lateral deflection and twist rotation, as shown in
Figure 4.12.

To summarize, factors influencing LTB are

1. The unrestrained length of compression flange. The longer this is, the weaker the
beam. Lateral buckling is prevented by providing props at intermediate points.

2. The end conditions. Rotational restraint in plan helps to prevent buckling.

3. Section shape. Sections with greater lateral bending and torsional stiffnesses have
greater resistance to buckling.

4. Note that lateral restraint to the tension flange also helps to resist buckling.

5. The application of the loads and shape of the bending moment diagram between
restraints.
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Figure 4.12 LTB of a beam with intermediate constraint.

Laterally unrestrained beams subjected to bending about their major axis have to be checked
for LTB resistance. EN 1993-1-1 contains three methods for checking the lateral-torsional

stability of a structural member:

1. The primary method adopts the lateral buckling curves given in Clause 6.3.2.2 (gen-
eral case) and Clause 6.3.2.3 (just for rolled sections and equivalent welded sections).
This method is discussed particularly in the following sections.

2. The second is a simplified assessment method for beams with restraints in buildings
and is set out in Clause 6.3.2.4 of EN 1993-1-1. This method is discussed particularly
in the following sections.

3. The third is a general method for lateral and LTB of structural components, such as sin-
gle members with monosymmetric cross sections, built-up, non-uniform or plane frames
and subframes, given in Clause 6.3.4. This method is just mentioned in this book.

4.5.2 Lateral restraints

The code states in Clause 6.3.2.1(2) that ‘beams with sufficient lateral restraint to the com-
pression flange are not susceptible to LTB’, though there is little guidance on what is to be
regarded as ‘sufficient’. Lateral restraints need to possess adequate stiffness and strength to
inhibit lateral deflection of the compression flange. In structures, full lateral restraint is pro-
vided by a floor slab if the friction or shear connection is capable of resisting a lateral force.

The following two types of restraints are defined in Sections 4.3.2 and 4.3.3 of the code:

1. Lateral restraint, which prevents sideways movement of the compression flange
2. Torsional restraint, which prevents movement of one flange relative to the other

Restraints are provided by floor slabs, end joints, secondary beams, stays, sheeting, etc., and
some restraints are shown in Figure 4.13.
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Figure 4.13 Lateral and torsional restraints.

Beams with sufficient restraint to the compression flange are not susceptible to LTB. In
the following cases, the LTB can be ignored in the design:

e The fully laterally restrained beams

e Beams with certain types of cross sections, such as square or circular hollow sections,
fabricated circular tubes or square box sections

e Beams with minor axis (z—z axis) bending

e The non-dimensional slenderness Arr < 04 for rolled sections and hot-finished and
cold-formed hollow sections or Arr < 0 2 for welded sections

4.5.3 Elastic critical moment

Elastic theory is used to set up equilibrium equations to equate the disturbing effect to the lat-
eral bending and torsional resistances of the beam. The solution of this equation gives the elastic
critical moment M_,. However, EN 1993-1-1 offers no formulations and gives no guidance on
how M_, should be calculated, except to say that M, should be based on gross cross-sectional
properties and should take into account the loading condition, the real moment distribution
and the lateral restraints, which refer to Clause 6.3.2.2(2). The formulation of elastic critical
moment given in this book is provided in informative Annex F in ENV 1993-1-1 (1992).

The elastic critical moment for LTB of a beam of uniform symmetrical cross section with
equal flanges, under standard conditions of restraint at each end, is loaded through the shear
centre and subjected to uniform moment. Initially the beam deflects in the vertical plane due
to bending, but as the moment increases, it reaches a critical value M_,, less than the moment
capacity, where it buckles sideways, twists and collapses.

The standard conditions of restraint at each end of the beam are as follows (as shown in
Figure 4.14):

cr

e Restrained against lateral movement
e Restrained against rotation about the longitudinal axis
e Free to rotate on plan
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Figure 4.14 Laterally and torsionally simply supported | beam under uniform moment.

The elastic critical moment M, , is given by equation

2
~TEL &, DeCGL (4.8)

L2 I, Tn°EL

where
E

I, is the torsional constant

I, is the warping constant

I, is the second moment of area about the minor axis

L., is the length of the beam between points that have lateral restraint

Numerical solutions have also been calculated for a number of other loading conditions. For
uniform doubly symmetric cross sections, loaded through the shear centre at the level of the
centroidal axis and with the standard conditions of the restrained above, M, is given as follows:

2 2
M =c, ok & LaSL (4.9)
12 \n wEL

where C, is the factor depending on the loading and end restraint conditions.

Value of C, is given in Table 4.2 for end-moment loading and Table 4.3 for transverse
loading. The factor C, is used to modify M, , to take account of the shape of the bending
moment diagram over the length L_, between lateral restraint.

The value of C, for any ratio of end-moment loading as indicated in Table 4.2 is given
approximately by

C,=188-140y+052y*> but C;<2.70

where  is the ratio of the end moment.

The theoretical solution applies to a beam subjected to a uniform moment. In other cases
where the moment varies, the tendency to buckling is reduced. If the load is applied to the
top flange and can move sideways, it is destabilizing, and buckling occurs at lower loads
than if the load were applied at the centroid or to the bottom flange.

In the theoretical analysis, the beam was assumed to be straight. Practical beams have
initial curvature and twisting, residual stresses, and the loads are applied eccentrically.



42 Structural Steelwork: Design to Limit State Theory

Table 4.2 C, Values for end-moment loading

Loading and support conditions Bending moment diagram Value of C,
M yM
W mﬂﬂw Wy=14075 1141
W WWW y=+05 1.323
W Wﬂm y=+025 1.563
W ﬂﬂﬂmm y=0 1.879
(T e _ y=-025 2281
=] y=-075 2.927
W y=-10 2.752

Table 4.3 C, Values

for transverse loading

Loading and support conditions ~ Bending moment diagram  Value of C,
w
JAVAYAVAVAVAN
} } U 1132
w
% E 1.285
*F
f f e 1365
iF [, ]
A g 1565
Pl F
rot
|
oo
e e | 046
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Figure 4.15 Effect of slenderness.

The theory set out previously requires modification to cover actual behaviour. Theoretical
studies and tests show that slender beams fail at the elastic critical moment M, and short or
restrained beams fail at the plastic moment capacity M, z4. A lower-bound curve running
between the two extremes can be drawn to contain the behaviour of intermediate beams.
Beam behaviour as a function of slenderness is shown in Figure 4.15.

4.5.4 Code design procedure
4.5.4.1 Lateral-torsional buckling resistance

A lateral unrestrained beam (segments of the beam that are between the points where lateral
restraint exists) subjected to major axis bending should be verified against LTB as follows:

h<]ﬂ0
M pra

where
M,, is the design value of the moment
M, 4 is the design buckling resistance moment

The design buckling resistance of a laterally untrained beam (or segment of the beam) should
be taken as

M pra = YW yi (4.10)
Ym1

where W, is the section modulus appropriate for the classification of the cross section as
follows:

W, = W, for Class 1 or 2 cross sections.

W, = W, for Class 3 cross sections.

W, = W, for Class 4 cross sections.

¥, 7 is the reduction factor for LTB

Va1 is the partial factor assigned to resistance of member to buckling, v,;, = 1.0 recom-
mend by NA to BS EN 1993-1-1

Note: In determining W,, holes for fasteners at the beam end need not be taken into account.
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4.5.4.2 Lateral-torsional buckling curves

EN 1993-1-1 provides the designer with four LTB curves from which a ‘buckling resistance
moment’ can be derived. The buckling curves plot strength reduction against slenderness,
and an important difference from BS 5950 is that the slenderness in EC buckling curves
is ‘non-dimensional’, as shown in Figure 4.16. The advantage of the non-dimensional pre-
sentation is that separate curves are not needed for S235 and S355 nor for the stepwise
reduction in yield strength at element thickness (i.e. 16 mm and 40 mm in EN 10025). The
buckling curve in EN 1993-1-1 is selected on the basis of the overall height-to-width ratio of
the cross section, the type of cross section and whether the cross section is rolled or welded.
EN 1993-1-1 defines LTB curves for two cases:

1. The general case
2. Rolled sections or equivalent welded sections

1. General case
The general case may be applied to all common section types, including rolled sec-
tions, and also be applied to outside the standard range of the rolled sections. For
example, it may be applied to plate girders (of larger dimensions than standard rolled
sections) and to castellated and cellular beams.
LTB curves for the general case can be described through the following equation:

1
¢L’I‘ + \/¢L2T - XiT

Avr buty.r <10 4.11)

where

Opr = 05[1+ (o (XLT —02)+Xi1':|

XLT — Wy@

o, 7 is an imperfection factor from Table 4.4
M,, is the elastic critical moment for LTB
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Figure 4.16 Four curves for LTB.
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Table 4.4 Imperfection factors for LTB curves

Buckling curve a b c d

Imperfection factor o,; 021 034 049 076

Table 4.5 LTB curves for general cases

Cross section Limits Buckling curve
Rolled | sections hib <2 a
h/b>2 b
Welded | sections hib <2 c
h/b > 2 d
Other cross sections — d

Selection of the appropriate LTB curves for a given cross-sectional type and dimen-
sions may be made with reference to Table 4.5

2. Rolled sections or equivalent welded sections
For rolled sections or equivalent welded sections in bending, the LTB curves are

described through the following equation:

1

1
but Ypr £1l0and yir < —; (4.12)

Aor = =
¢LT +\/¢L2T _B}"ET }LLT

where

Opr = 0.5[1+0LLT (XLT —XLT ,o)+BXf.T:|

XLT = Wyf;

cr

o, 1 is an imperfection factor from Table 4.4
M., is the elastic critical moment for LTB
B and Avr o are limit parameters, which values are given in the NA

The following values are recommended from NA to BS EN 1993-1-1:

e For rolled sections and hot-finished and cold-formed hollow sections,

XLT,():OA

B=0.5
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Table 4.6 LTB curve for rolled and
equivalent welded cases (EC 3)

Cross section Limits Buckling curve
Rolled | sections hib <2 b
hib>2 c
Welded | sections  h/b <2 c
hib > 2 d

Table 4.7 LTB curve for rolled and equivalent welded cases
(NA to BS EN 1993-1-1)

Cross section Limits Buckling curve
Rolled doubly symmetric | and H sections  h/b < 2.0
and hot-finished hollow sections 2.0<h/b<3.l
hib > 3.1
Angles

All other hot-rolled sections

Welded doubly symmetric sections and h/b < 2.0
cold-formed hollow sections 2.0 <hib < 3.1

a o a a a n

¢ For welded sections,

XLT,0=0.2

B=10

Selection of the appropriate LTB curves for a given cross-sectional type and dimensions
may be made with reference to Table 4.6. It should be noted that NA to BS EN 1993-1-1
prescribes a maximum limit on the height-to-width ratio h/b for welded I sections, as
shown in Table 4.7, beyond which the LTB rules may not be applied.

The aforementioned equation is just for the uniform moment case, taking into account the
moment distribution between the lateral restraints of the beam the reduction factor y; ;- that
may be modified by the factor f:

LT

1
XLT mod = XT but XLT mod < 1'0 and XLT mod < —2 (413)

LT

The factor f was derived on the basis of a numerical study as
— 2
f:1—05(l—kc)[1—2.0(7»m,o—0.8)] (4.14)

And fis dependent upon the shape of the bending moment diagram between lateral restraints.
k. is a correction factor according to Table 4.8.

Take an I section (h/b > 2), for instance, the LTB curves of the general case in comparison
with the buckling curves of the rolled sections or equivalent welded sections are given in
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Table 4.8 Correction factor k.

Moment distribution k.

Y=+l 1.0

I
—1<y< s —
WWWTWWM Isysl 133-0.33y

Q> 094
MWWAEH] 0.90

s 0.91

WMW 0.86
[ gl 0.77

il 0.82

1.2

1.0

0.8

0.6

0.4

Reduction factor x;,
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Figure 4.17 LTB curves for general case and for rolled or equivalent welded sections.

Figure 4.17. The imperfection factor o, for buckling curve b has been used for the com-
parison. It can be seen that the curve for the rolled and equivalent welded case is more
favourable than that for the general case. The greatest difference of the two curves is the
plateau length of the rolled and equivalent welded case; no LTB checks are required within

this plateau length.

4.5.4.3 Simplified assessment methods for beams with restraints in buildings

EC 3 provides a quick and conservative method of determining whether the beam with dis-
crete lateral restraint to the compression flange is susceptible to LTB or not. The LTB checks
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will be ignored if the lengths of a beam between points of effective lateral restraints L, or
the resulting slenderness At of the equivalent compression flange satisfies

- - M
hor = Yele < o Mena (4.15)
Jf,zkl y.Ed
where
M, ;4 is the maximum design value of the bending moment within the restraint spacing
M cRd =W y @
M1

W, is the appropriate section modulus corresponding to the compression flange

k_is a slenderness correction factor for moment distribution between restraints (see Table 4.8)

ir, is the radius of gyration of the compression flange plus one-third of the compressed
part of the web, about the minor axis of the section

Aco is a slenderness limit of the equivalent compression flange. The value of Aco may be
given in the National Annex. A limit value Aco = Arr o + 0.1 is recommended

For I, H, channel and box sections used in building, the limit value of Aeo should be taken
as 0.4 (NA to BS EN 1993-1-1):

klzn\/E=93.9£
5
e= /% (£ M N mm?)

The method treats the compression flange of the beam and part of the web as a strut, as
shown in Figure 4.18.
For Class 1, 2 and 3 cross sections, i, can be taken as

Azpomp.f+(1/3)comp.w

i = J Leomp+0eonpu (4.16)

where

_ b’ @Bk 2)8
Izpsmp.f+(1/3)cnmpw - 12 + 12

(5 )

1
Az,comp.f+(1/3)comp.w = tfb +-

b

1z ‘ tf‘ l‘gz ‘ t ‘
5 !
Compression 1

z

Compression flange +1/3 of the
w_ Tension compressed area of web

Strut

Figure 4.18 Simplified method.
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For Class 4 cross sections, i;, can be taken as

(4.17)

where
I s is the effective second moment of area of the compression flange about the minor
axis of the section
A s 1s the effective area of the compression flange
A fru.c 18 the effective area of the compressed part of the web

For the simplest case when the steel strength f, = 235 N/mm?, and such € = 1.0, M, , is equal
to M, 4, and uniform moment loading is assumed (k. = 1.0), Equation 4.15 can be simplified
as the following:

L. < 37 6k,

When the steel strength f, = 275 N/mm?, and other cases are the same as the aforemen-
tioned, the equation can be simplified as the following;:

L.< 3474,

If the slenderness of the compression flange ) , exceeds the limit given in Equation 4.15,
the design buckling resistance moment may be taken as

Mpra = KefM cga  DUES M gq (4.18)

where 7 is the reduction factor of the equivalent compression flange determined with As
(Figure 4.16 or Equation 4.11).

kg is the modification factor accounting for the conservation of the equivalent compres-
sion method. A value k; = 1.0 is reccommended. However, modification factor may be given
in the National Annex. From NA to BS EN 1993-1-1, the following values of k4should be
taken as:

* kg = 1.0 for hot-rolled I sections
* kg=1.0 for welded I sections with h/b < 2
* kg=0.9 for other sections

The buckling curves to be used to calculate the reduction factor y should be taken as follows:

* For welded sections provided that h/t; < 44e, use curve d.
e For all other sections, use curve c.

where b is the overall depth of the cross section and ¢ is the thickness of the compression
flange.
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4.6 SHEAR IN BEAMS

4.6.1 Shear resistance check

When shear force is applied to a beam, the design value of the shear force V, at each cross
section shall satisfy

h< 1.0
Vc,Rd

where V,_ , is the design shear resistance.
For plastic design, V, p, is the design plastic shear resistance V,, z,. For elastic design, V, z,is
the design elastic shear resistance that is calculated based on the elastic shear stress distribution.

4.6.2 Elastic design resistance

A simple beam is shown in Figure 4.19. At a distance x from the left end and at the neutral
axis of the cross section, the state of the shear stress is shown in Figure 4.19d. Because this
element is located at the neutral axis, it is not subjected to flexural stress. From elementary
mechanics of materials, the shear stress is taken as

VEaS
T =
Ed Tt

(4.19)

where
V4 is the design value of the shear force
S is the first moment of area of the cross section about the centroidal axis between the
point at which the shear is required and the boundary of the cross section
I is the second moment of area of the whole cross section
t is the width of the cross section at the examined point

S

= TEd

Figure 4.19 Shear stress of a simple beam.



Beams 51

hfi-—————4 — — — —_— - Tax= SVed/th

(b)

Figure 4.20 Distribution of shear stresses in beams subjected to a shear force: (a) rectangular cross-section;
(b) I- or H-section.

The shear stress distribution as well as their maximum stress in a rectangular section and
in an I section, based on purely elastic behaviour, is shown in Figure 4.20. The shear stress
varies parabolically with depth, with the maximum value occurring at the neutral axis.
However, for the I section, the difference between maximum and minimum values for the
web is relatively small. Superimposed on the actual distribution is the average stress in the
web, V. ,/A,, which does not differ much from the maximum web stress. Clearly, the web
will completely yield long before the flanges begin to yield. Because of this, yielding of the
web represents one of the shear limit states. Since the shear yield stress is approximately
1 A/3 of the tensile yield stress, the following equation can be written for the stress in the
web at failure as

_Vea _ &

SN

As shown is Figure 4.21, the web behaves elastically in shear until first yield occurs at
T, =1, A3 and then undergoes increasing plastification until the web is fully yielded in
shear. Because the shear stress distribution at first yield in nearly uniform, the nominal first
yield and fully plastic loads are nearly equal, and the shear shape factor is usually very close
to 1.0. Stocky unstiffened webs in steel beams reach first yield before they buckle elastically,
so that their resistances are determined by the shear stress 1.

For verifying the design elastic shear resistance V, z,, the following criterion for a critical
point of the cross section may be used:

_ T <1 (4.20)

£/(V31uo)
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b

Elastic First yield Fully yield

Figure 4.21 Plastification of an | section web in shear.

where

VEaS
It

Tea =

For I or H sections, the shear stress in the web may be taken as uniformly distributed:

Vea s B 504

W w

Tea =

where
Ayis the area of one flange
A, is the area of the web, A,, = bt

w

4.6.3 Plastic design resistance
The ratio web depth to width b, /t,, is an important conception to determine if the web is a
stocky web or a slenderness web:

¢ For unstiffened webs, cross sections for which b, /t,, < 72(e/m) are stocky.

¢ For webs with intermediate stiffeners, cross sections for which h, &, <31 Mk
are stocky.

where
b, is the depth of the web (measured between the flanges)
t, is the web thickness (taken as the minimum value if the web is not of constant
thickness)

[235
e= 232
&

k. is a shear buckling coefficient (discussed in Chapter 3)

1 is the shear area factor. It is recommended in Clause 5.1 of EN 1993-1-5 that ) be taken as
1.20 (for steel grades higher than S460, 1 = 1.0 is recommended). However, the National
Annex will define the value of 1. From NA to BS EN 1993-1-5, 1 = 1.0 for all cases

The webs of all UBs and UCs in Grade 275 steel satisfy b,,/t,, < 72(e/m).
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AN o :F
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(a) J> ()
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&) e)
h h

(f) e 2
Figure 4.22 Effective shear area of the cross section: (a) rolled I- and H-section; (b) rolled channel section;

(c) rolled T-section; (d) welded sections, load parallel to web; (e) welded sections, load parallel
to flange; (f) rolled rectangular hollow section.

The plastic design is applied to stocky beams. The design plastic shear resistance V,; x4
follows the assumption of uniform shear stress distribution along shear area A,:

Vpira = M (4.21)

m0

where
Yuo=10

A, is the effective shear area of the cross section that can be mobilized to resist the
applied shear force (Figure 4.22). The shear area may be taken as follows:

1. Rolled I and H sections, load parallel to web
A,=A-2bt + (t +20)t but>nh,t,

2. Rolled channel sections, load parallel to web
A,=A-2bt +(, + 1)t

3. Rolled T-section, load parallel to web
A, =0,9A —Dbt)
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4. Welded I, H and box sections, load parallel to web
A, =nXht)

5. Welded I, H, channel and box sections, load parallel to flanges

A, =A-Xh.t)

6. Rolled RHS of uniform thickness
Load parallelto depth:A, = Ah/b+ h)
Load parallelto w dth:A, = Ab/pb+h)

7. CHS and tubes of uniform thickness
A,=2A kK

where
A is the cross-sectional area
b is the overall section breadth
b is the overall section depth
b, is the overall web depth
r is the root radius
t¢is the flange thickness
t, is the web thickness

The shear resistance of slender webs for which b,/t, > 72(e/m) or h, A, > 31(8/1’])\/E will be
discussed in Chapter 5 (Plate Girder).

4.7 BENDING AND SHEAR

For sections subject to coexistent bending moment and shear force, allowance is made for
the effect of shear force on moment resistance. If the shear force is less than half the plastic
shear resistance, its effect on the moment resistance may be ignored, unless shear buckling
reduces the section resistance.

For cases where the applied shear force is greater than half the plastic shear resistance of
the cross section, the moment resistance should be calculated using reduced yield strength
for the shear area, given by

£.=(1-p)% (4.22)

where
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For I sections with equal flanges and bending about the major axis, the reduced design plas-
tic resistance moment allowing for the shear force effect is given by

A,
(W ply — pllt,,) @

Ymo

M yVv Rd = but M yV Rd S M yecRd (4.23)

where
A,=h,t,
M, g4 is determined according to the class of the cross section

For a UB section, the plastic section modulus about the y—y axis is defined by

2

Ay
W o1y = btch, + i (4.24)

Clearly, the reduced plastic resistance moment M,y ;= W, f,,/Yyo calculated using Equation
4.22 is more conservative than Equation 4.23.

4.8 RESISTANCE OF THE BEAM TO TRANSVERSE LOADING

Transverse loading denotes a load that is applied perpendicular to the flange in the plane
of the web. The loading is usually free and transient. However, the rules of EN 1993-1-5
are assumed that the compression flange has an adequate lateral and torsional restraint. EN
1993-1-5 covers three types of transverse load applied through a flange to the web:

1. Load application through one flange and resisted by shear forces in the web (see
Figure 4.23a)

2. Load application through one flange and transferred through the web directly to the
other flange (see Figure 4.23b)

3. Load application through one flange adjacent to an unstiffened end (see Figure 4.23¢)

4.8.1 Length of stiff bearing

The length of stiff bearing s, corresponds to the loaded length on top of the flange. In
Figure 4.24a and b, the determination of s, is shown for different cases that assume a load
distribution with a slope of 45°(1:1) in the load-introducing element. However, s, should
not be taken as larger than b,,. For a load introduced via rollers, each roller should be veri-
fied with s, = 0 and with s, according to the layout in Figure 4.24d. If the load-introducing

F LFS LFS
| | L | bzl
| s | | s B |
T } s }Thw T} S }T C S }‘
| | | | |
| | | | |
| | | | |

(a) (b)

Figure 4.23 Types of transverse load application: (a) load application type a; (b) load application type b;
(c) load application type c.
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Figure 4.24 Length of stiff bearing: (a) rolled section; (b) welded section; (c) plate directly; (d) crane wheel;
(e) no deformation of girder.

element is not able to follow the deformation of the beam, s, should be set to zero (see
Figure 4.24e). Additional load spreading through the flange is considered in the formula for
the effective loaded length.

4.8.2 Design resistance

For unstiffened or stiffened webs, the design resistance to local buckling under transverse
loading should be taken as

J= let _y Sud (4.25)
Ym1 Ym1

Er

where
t,, s the thickness of the web
f,. is the yield strength of the web
¥ is the reduction factor due to local buckling
[, is the effective loaded length appropriate to the length of the stiff bearing s,

For type (a), the relationship of [, and s, is shown in Figure 4.25.

4.8.3 Reduction factor i, for effective length for resistance
The reduction factor ), should be obtained from
05
Xr ZTSLO (4.26)

F

Yielding of flange

Figure 4.25 The effective loaded length.
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where

Ar = /]’2’;—%’ (4.27)

F_, is the elastic critical load of the web. F_, is determined as follows:

3
F = OSkFE% (4.28)

where k. is the buckling value for transverse loading.
For beams or girders without longitudinal stiffeners, the buckling value k;, is determined
depending on the type of transverse load application as follows:

For type (a),

ke = 6+2(h‘”)

a

For type (b),

2
ke = 35+2(hw)

a

For type (c),

kF=2+6(SS+c)ss
h,

The parameters a and ¢ can be in accord with Figure 4.23.
For girders with longitudinal stiffeners and load application through one flange [type (a) and
(¢) in Figure 4.23], the buckling value k. is determined according to the following equation:

2
kF:6+2(hw) +(5.44b1—o.21)\/ﬁ (4.29)
a a
where
3
Yo=10952 513(a] +210(0.3—b1) (4.30)
h, h, a

Equation 4.29 is valid for

O.OSSESOS and %SOB

a

where
b, is the depth of the loaded subpanel taken as the clear distance between the loaded
flange and the stiffener
11 1s the second moment of the area of the stiffener closest to the loaded flange includ-
ing contributing parts of the web according to Figure 4.26

I

N
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15 ¢t 15 ¢t 15 et 15 ¢t

Stiffener Stiffener

N N

Figure 4.26 Effective cross section of stiffener.

According to Clause 9.1(2) of EN 1003-1-5, when checking the buckling resistance, the
section of a stiffener may be taken as the gross area comprising the stiffener plus a width
of plate equal to 15¢ but not more than the actual dimension available, on each side of the
stiffener avoiding any overlap of contributing parts to adjacent stiffeners.

4.8.4 Effective loaded length

The effective loaded length [, corresponds to the effective loaded length of the web taking
into account the influence of the flange. For load application through one flange or both
flanges, the four-hinge mechanical model is used (see Figure 4.25). The model assumes two
inner and two outer plastic flange M; and M,, the resistance of which depends on several
flange and web parameters covered by the dimensional parameters 71, and m1,. The contrib-
uting width of the flange should be limited to 15¢&# on each side of the web.

The effective loaded length [, is determined depending on the type of transverse load
application as follows:

e For type (a) and (b),
]y:ss+2tf(l+‘/m1+m2)ﬁa (4.31)

where a is the distance between adjacent transverse stiffeners
e For type (c),

L=min(l,,1,)
Li=k+% mzl"'(i) tm, (4.32)

Ly=k+tym;+m, (4.33)

where

_ keEt

AT

Ss+tc (4.34)
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The dimensionless parameters 72, and 71, are determined according to the following equations:

m, = P (4.35)
£t
m,=0 Hri:<05 (4.36)
2
m, = 002(2) orie <05 (4.37)

4.8.5 Verification

The verification of a beam subject to transverse loading is

_ Fra _ Fra
) = =

—— <10
Fra  fulesty Aua

where Fg, is the design transverse loading.

4.9 SERVICEABILITY DESIGN OF BEAMS

The design of a beam is often governed by the serviceability limit state, for which the behav-
iour of the beam should be so limited as to give a high probability that the beam will pro-
vide the serviceability necessary for it to carry out its intended function. The most common
serviceability criteria are associated with the stiffness of the beam, which governs its deflec-
tions under loads. The deflection limits for beams are specified in Section 3.4 of EN 1990.

Serviceability design against unsightly appearance should be based on the total sustained
load and so should include the effects of permanent actions and long-term imposed loads.
Three categories of combinations of loads (actions) are specified in EN 1990 for service-
ability checks: characteristic, frequent and quasi-permanent. Each combination contains a
permanent action component, a leading variable component and other variable components.
The characteristic combination of actions would generally be used when considering the
function of the structure and damage to structural and nonstructural elements. The vertical
deflection limits given in EN 1993-1-1 are based on the characteristic combination of actions.

However, Clause NA.2.23 of NA to BS EN 1993-1-1 proposes that permanent actions
should be taken as zero in serviceability checks. The serviceability loads are just the unfac-
tored variable actions (combination).

In general, beam deflection is a function of the span length, end restraints, modulus of
elasticity of the material, moment of inertia of the cross section and loading. For the com-
mon case of a simply supported, uniformly loaded beam such as that in Figure 4.27, the
maximum vertical deflection is

_ 5 wl!
384 EI

Deflection formulae for a variety of beams and loading conditions are given in design
manuals. Deflections for some common load cases for simply supported beams, both end-
fixed beam and cantilever beam together with the maximum moments, are given in Table
4.9. For general-load cases, deflections can be calculated by the moment-area method.
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Figure 4.27 Deflection of a simply supported beam.

4.10 EXAMPLES OF BEAM DESIGN

4.10.1 Floor beams for an office building

The steel beams for part of the floor of a library with book storage are shown in Figure 4.28a.
The floor is a reinforced concrete slab supported on UBs. The design loading has been esti-
mated as

Permanent action — slab, self-weight of steel, finishes ceiling, partitions services and fire
protection = 6 kN/m?
Imposed load from Table 6.2 of EN 1991-1-1 (the category of building is C4) = 5 kN/m?

Determine the section required for beams BE and DE with Grade S275 steel.
The distribution of the floor loads to the two beams assuming two-way spanning slabs is
shown in Figure 4.28:

1. Beam BE
Service permanent action = 6 x 3 = 18 kN/m
Service imposed load = § x 3 = 15 kN/m
Factored load = 1.35 x 18 + 1.5 x 15 = 46.8 kN/m
The diagram of actions is shown in Figure 4.28b.
The design shear force

vEd=(932'6J+35.1=81.9 kN

The design bending moment
Mpg=819%xXx25-351%Xx15-468%x05=128.7 kN m
Design strength, S275 steel, thickness <16 mm
£, =275N fom?
Plastic modulus

W Mea _ 128.7 x10°

ol =468x10°mm°?
£ 275
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Table 4.9 Deflection of beams under some conditions

Beam and load Maximum deflection and position
F 3
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D G
AT I— 5
=)
on
] AN
E H
=)
\ 0
cl P T~
| 5m | 5m |
(a)
w=46.8 kN/m
135.1 kN 193.6 kN, 135.1 kKN
| | |
| | l
L lm | |-im |
15m | 2m | 15m
} oo }
Working loads
81.9 kN
81.9 kN

Shear force

128.7 kN-
(b) Bending moment am

70.2 kN
w702 KN 1638IN T 2 o N/m

1m 1m
15m | 2m | 15m
! m I
Working loads

28] T sk

\l 152 kN

Shear force

.7 k
(c)  Bending moment 350.7 kNm

Figure 4.28 Library: (a) part floor plan and load distribution; (b) loading arrangement and internal force;
(c) the loading and internal stress distribution of beam DF.
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Try356 x 127UB33
The properties of the section are as follows:

h=3490mm b=1254mm
t, =60mm t=85mm
h, =h—-2t=332mm

S“_5820 S _519
t t

Way,=473am® W,,=543am’
I, =8250am* A=4210mm?

£, =275N fom?

8=1,§ =0.924
275

Classification checks
For flanges subjected to compressive stresses,

& _582<9e =832
t

For web subjected to bending moment,

S _519<726=665
t,

The section is Class 1.

Shear resistance check
For rolled I and H sections, load parallel to web,

A, =A-2bt +(t +20)t 2nh,t,
=4210-2%125-4X8-5+(6+2%x102)x8521.0X332x6
=23026mm?>1992mm?

The shear resistance of the section is given by

A,
Vpira = \/}Y@ ('YM 0o=1 '0)
MO

23026 %275
=TX10_3 = 3656 kN

VPl’Rd >VEd = 81 -9 kN

Shear resistance is satisfied.
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Shear buckling check
Check web-plate buckling from shear at the ultimate limit state.
Shear buckling need not be considered if

by c9p8

t n

by 332 _ 54

t 6

728 272x992% _¢655553
n

No shear buckling check is required.

Bending resistance check
The applied shear force is zero in the section with maximum bending moment (mid-
span); therefore, the reduced moment resistance should not be calculated.

The design bending resistance of the cross section

W
Mc,y,RdZLyg’ (YMOZJ-'O)
MO
543% 275
=T><10*3 =149 kN s

M cyRd > M Ed :128.7 kN'Hl

Deflection check
The deflection due to the unfactored imposed load using formulae for Table 4.9 is

1 wb(8L’—4Lb’+b’) 1 wa’(16a’+20ab+5b’)

&= +
384 EI 120 EI
where
w =15 kN f

L=5m a=15m b=2m

1 15><2><(8><53+4><5>< 22+23)><1012
384 210,000% 8,250 10*

5=

1 15x15%x(16X15°—20x15x2+5%2%)x10"

120 210,000x%8,250x10*

=4.18+188=6.06mm
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Assuming beam is carrying plaster or other brittle finishes,

L 5000
Lin itngdeflection 8yt =—— =——=139mm
360 360

Ot >0=6.06mm

Deflection check is satisfied.

. Beam DF

Service permanent action = 6 x 3 = 18 kN/m

Service imposed load = § x 3 = 15 kN/m

Factored load w = 1.35 x 18 + 1.5 x 15 = 46.8 kN/m
Applied shear force transferred from beam BE and EH

F=2X819=1638kN

In which the imposed load =2 x 1.5 x (15 x 1 + (1/2) x 15 x 1.5) = 78.8 kN
The diagram of actions is shown in Figure 4.28c.
The design shear force

Viq :(16;'8)+(;x3x46.8):152 kN

The design bending moment

Mgy =152X3-702%X15=350.7 kN -m

Design strength, S275steel, thickness <16 mm

£, =275N fam*

Mg  350.7x10°

Plasticm odulusW ,, = 275 =1275X10°mm°>
Try 457 x 152 UB 60
The properties of the section are as follows:

h=4546mm b=1529mm

t, =8.0mm t=133mm

h, =h—-2t=428mm

%: 468 %: 503

Way,=1120am’ W, =1290am’

I, =25,500am* A=7,620mm”’

£, =275N fam?

8=1,§ =0.924
275
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Classification checks
For flanges subjected to compressive stresses,

& o 468<9e =832
te

For web subjected to bending moment,

%=503< 72¢ = 66 5

The section is Class 1.

Shear resistance check
For rolled T and H sections, load parallel to web,

A, =A-2bt+(t +20)t 2nh,t,
=7620-2x1529%X133+(8.1+2x102)x133>1.0%x428x8.1

=3933mm’>34668mm°
The shear resistance of the section is given by

A,
Voird = \/E'Yf; ('YM o=1 '0)
MO

3933x275

V3

x107% =624 5 kN

med >VEd = 152 kN

Shear resistance is satisfied.
Shear buckling check

Check web-plate buckling from shear at the ultimate limit state.
Shear buckling need not be considered if

728 272x 9924 _ 655523
n 1.0

No shear buckling check is required.
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Bending resistance check

1
S Vo = 3123KN >V, y = 82 KN

The reduced moment resistance should not be calculated.
The design bending resistance of the cross section

W
Mc,yxd:%yfy (Yuo=10)

MO

1290x% 27
=Mx10‘3=355k1q-m

o\

M c,yRd >M Ed — 350.7 kKN -m

Deflection check
The deflection due to the unfactored imposed load using formulae for Table 4.9 is

1F’ 1 wi

48 EI 1463 EI

where

w=15kNfm F=788kN L=6m

1 788x10°x6°Xx10° L1 15x 6 x 10"
48 210,000% 25,500x10* 1463 210,000 x 25,500 x 10*

=66+25=90mm

Assuming beam is carrying plaster or other brittle finishes

L
Lmil:hgdeﬂectbnSMt=—=M= 167 mm
360 360

Oume>0=91mm

Deflection check is satisfied.

4.10.2 Web bearing check

A simply supported beam carrying a uniformly distributed load and a point load is shown
in Figure 4.29. Assume beam is fully laterally restrained and that it sits a 130 mm bearing at
each end. Select a suitable section using S275 steel to support the actions.

The applied shear force

1
Via :Ex(100+10x6)=80 kN
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100 kN
w=10 kN/m
L l=lBearing
? 3m [ 3m t s;=130 mm

| i |
80 kN ’\ 50 kN
\‘ 80 kN
Shear force

195 kN-m
Bending moment

Figure 4.29 Beam subject to transverse force.
The design (maximum) bending moment
Mgy =80x3-10x3%x15=195kN

Assume suitable section belongs to Class 1. Using Grade S275 steel, f, = 275 MPa, the mini-
mum required plastic moment of resistance about the major(y-y) axis, W,, , is given by

M 195x%10°
Wy > — 0 = =709’
£/Yuo 275/1

Try356 x 171 UB45
The properties of the section are as follows:

h=3514mm b=1711mm
t,=70mm tt=97mm

h, =h—-2t=332mm

3:7,41 &:445

te &
Wa,=687an’ Woy,=775am"
I,=12,100m* A=5,730mm?

£ =275N fam?

8=1,§ =0.924
275
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=741<9% =832

=445<72e=665

f10 0 s[e

The section is Class 1:
A, =A-2bt + (t + 20t = Nh,t,
=5730-2%x1711X97+({70+2x102)x9.7=210%x332%x7.0

=26764mm”>2324mm?>
The shear resistance of the section is given by

A
vpl,Rd=\/—i (YMO:l'O)
3Yuo

2676 4% 275
="

V3

Vpl,Rd >VEd = 80 kN

1073 =736 kN

Shear resistance is satisfied:

1
S Voira = 368 KN >V, = 80 kN

The reduced moment resistance should not be calculated.
Check web-plate buckling from shear at the ultimate limit state.

by 2332 _4q4

7

728 272x 9924 _ 6655474
n

No shear buckling check is required.
The design bending resistance of the cross section

W
Mc,y,Rd=Lyg' (YM0=1-O)
M0

X
:Mx10"3 =213 kN -m

Mc,y,Rd >MEd=195kN'fn

The moment resistance is satisfied.
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Transverse force resistance check
From Figure 4.29, s, = 130 mm, ¢ = 0 and the type of load application is type (c).
The buckling coefficient for the load application is given by

kF=2+6(SS+CJS6
h,

:2+6(130+0 —43<6
332

Effective load length

L=—"—"<s+c

_43x210,000x 7?
2x275% 332

<130mm

=242mm

Hence, use /, = 130 mm
The critical force F,, is given by

_09k:Et, 09%x43%x210,000x7°
h, 332

F. x107° = 840 kN

The dimensionless parameters

fubs 275x171.1
ml_ = =

- 24 4
£.5 275X 7.0

Assuming Ae> 05,

2 2
m,=0.02 & =0.02(332) =234
t 9.7

2
tf) +m2

2
2130972484120 <254 = 272.3mm

For load type (c),

Lo=k+tym,+m,
=130+9.74244+234 =197 mm



Beams 71

Hence, [, = min {l,;:[,} = 197 mm

- 197 x7x 275
sz\/]”t’ff’“ =\/ XTX213 _ ) 67 > 0 51satisfactory

840x10°
05 05
Reduction factoryy = = =—-=0.75<1
Ar 067

The effective length L, is given by
Leg =%rL, =0.75%X197 =148 mm

The resistance to transverse force

£,Lest, 275x148X7
Y1 10

x 107 = 285 kN

Fra =

FRd >VEd = 195 kN

The resistance to transverse force is satisfied.

4.10.3 Beam with unrestrained compression flange

Design the simply supported primary beam for the loading shown in Figure 4.30. The
beam is required to span 12 m and to support two secondary beams. The beam ends and
two second beam joints are restrained against torsion with the compression flange free
to rotate in plan. The compression flange is unrestrained between supports. Use Grade

S275 steel.
Factored actions

AtB:135%x100+15X70 =240 kN

AtC:135X60+15%x50=156 kN

The design shear force

1
Viq = E(24o>< 9+156x 5) = 245 kN

The design bending moment

M pq = 151X 5= 755 kN -m

The diagram of actions is shown in Figure 4.30.

LTB checks will be carried out on the critical segments BC and CD.

The check for shear resistance and deflection is dropped.



72 Structural Steelwork: Design to Limit State Theory

100 kN Permanent 60 kN Permanent
70 kN Variable 50 kN Variable

L L

A B C D
3m 4m 5m
I |
245 kN
Shear force 151 kN

.
735 kN-m 755 kN-m

Bending moment

Figure 4.30 Beam with unrestrained compression flange.

Try 610 x 229 UB 140
The properties of the section are as follows:

h=6172mm b=2302mm
t, =131mm t=220mm
St _ 434 S _418

t& t

Weay=3620am> W, =4140an’
L, =112,000am* IL,=4,510m*

I, =399dm? I, =216’

t=221mm >16mm

[235
Hence, f, = 265N am”® €= 265 =094

& o 434<9e=846
t

%:41.8<728=67.68
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The section is Class 1.
The design bending resistance of the cross section

W
Mc,y,Rd:Lyg, (YMOZl'O)
MO
4140 % 2
=%x10*3=1097 KN -m

Mc,y,Rd >MEd:755kN-!n

Lateral-torsional buckling check for segment BC: General case
V is the ratio of end moments: y = 735/755 = 0.97

C,=188-14y+052y*=101
L,=4000mm

The critical moment for segment BC

2 2

T°E L
Me=C, 2:[z L] + C;GIT

12 \1, =nEL

2% 210,000x 451x10° [3.99x10" N 4,000%%x81,000%216x10*
4,000 451x10° 2% 210,000% 451x10°

=101 x107¢
= 2029 kN -m

Non-dimensional lateral-torsional slenderness for segment BC

- W 4140%x265x107°
Arr = vy :\/ 0x265x10 =0.74
Mo 2029

e =074> Apoo=04

So LTB must be checked.
Using Table 4.5,

h 6172

b 2302

=268>2

For a rolled I section, use buckling curve b.
For buckling curve b, o 7 = 0.34 from Table 4.4:

Opy = 0.5[1+ Oz (Ao —0.2)+X§T]

=05[1+034%(0.74-02)+0.74’| = 087
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Reduction factor for LTB y; 1
1

o + 07 — hir

B 1

 087++/087%—0.742

Aot = Xer <10

=0.75

Wy _ oo, 4140X 265

M1

My ra = Xt x107% =823 kN -m

M pyra > M gq = 755 kN -n

The LTB resistance for segment BC is satisfied.

Lateral-torsional buckling check for segment BC: Rolled or equivalent welded sections case
For segment BC,

XLT,O:OA m axin um valie)
B=0.75 (naxinum vale)

XLT =0.74

Using Table 4.7,

h 6172
31>—=

= =268>2
b 2302

For a rolled T section, use buckling curve c.
For buckling curve ¢, o, 7 = 0.49 from Table 4.4:

Op = 05[1+ Oy (XLT —XLTp)JrBXiT]
=05[1+049%(0.75-04)+0.75%0.75*|=0.8

Reduction factor for LTB y; r

1

— but Y <9 1
Our + \/q)ffr - BKLT XZ
LT

1.0
1 =0.79S{

Arr =

08++/0.82—0.75x0.742
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Woisfy _ o 5gy 4140265

M pyra = Yot %107 =867 kN -m

M1

Mb,y,Rd>MEd:755kN-ln

The LTB resistance for segment BC is satisfied.
Rolled and equivalent welded sections method produces a less conservative result.

Lateral-torsional buckling check for segment BC: Simplified method
For Class 1 cross sections, ¢, can be taken as

. _ Izmmp.f+(l/3)compw
Jf z

Azpam pf+@/3)ompw

h, =h—-2t=573mm

tb’  18(h 2)
12 12

Iz,comp.f+(l/3)compw =

_221x(2302)° [aB)x 67322)|(13.)°
- 12 12

(5):

=22484 am’

Az,comp.f+(l/3)compw = tfb+ 5

=221x 230.2+;(5Z3)13.1= 6338mm?

The radius of gyration of the equivalent compression parts

jf,z= Izmmp.f+(l/3)compw — ’2248.4)(104 —596mm
Azpamp.f+(1/3)compw 6338

The appropriate section modulus of compression flange

W, =2A:y=(tb)(h—t)=(221x2302)x(6172-22.1)= 3027 5am’

W,  30275x265

M cpg = x107% =802 kN -m

Y1

M yzq = 1097 kN -m

A =939e=939%x094=883
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Correction factor k_ is taken from Table 4.8:

1 1
© 133-033y  133-033(735/755)

ke

Slenderness limit of the equivalent compression flange
Aeo=Aurp+01=05
The resulting slenderness

_ — M c
7\.f — .kc]c S }\'co Rd
Jf,le M yRd

X
099 4000<05 802

T 596x883 1097
=0.75<037

Hence, LTB must be checked.
For rolled sections, buckling curve ¢ is used to calculate the reduction factor y (from
Figure 4.16 or Figure 6.4 in EN 1993-1-1):

Ae=0.75

0 =05(1+049(0.75-02)+0.75?) = 0.92

_ 1
ol

~ 1
092 ++/0.922 —0.75

=069

Kg=1.0From UK N ational Annex

The design buckling resistance moment

M pra = KeXM opa = 10X 0.69%802 =553 kN
M prq =553KN <M g4 = 755 kN

LTB check for segment BC is not satisfied.
The simplified method gives a very conservative result.
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Lateral-torsional buckling check for segment CD: General case
From Table 4.2,

C,=1.88
L, =5000 mm
The critical moment for segment CD

TEL L LSk
12, \1, w°EL,

10°°

_1.88152><210,000><451><105\/3.99><1o12 5,000° x81,000% 216 x 10*

5,0002 451x10° 72 % 210,000 451x10°
= 2585 kN -m

Non-dimensional lateral-torsional slenderness for segment CD

— W 4140%x265x1073
At = yﬁ[ Z\/ =065
Mo 2585

XLT =0.65>XLT,0=0.4

So LTB must be checked.
Using Table 4.5,

E=2.68>2
b

For a rolled I section, use buckling curve b.
For buckling curve b, o; 7= 0.34 from Table 4.4:

Opr = 0.5[1+0cLT (Aee —0.2)+XET]
=05[1+034x(0.65-02)+0.65"|=0.79

Reduction factor for LTB y; r

Air = Avr <10

1
-2
(DLT + \/(DLZT - 7\,1,1-
~ 1
0.79++/0.792 — 0652

=081

Woisfy _ o gq s 4140% 265

M pyra = Yot X107 =889 kN -m

M1

M pyra > M gq = 755 kN -n

The LTB resistance for segment BC is satisfied.
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Lateral-torsional buckling check for segment CD: Rolled or equivalent welded sections case
For segment CD,

XLT,OZOA m axin um value)

B=0.75 maxinum vale)

XLT =065

Using Table 4.7,

3.1>E=2.68>2
b

For a rolled I section, use buckling curve c.

For buckling curve ¢, o, = 0.49 from Table 4.4:

Opr = o.5[1+ Oy (Mer — Arr o)+ BXET]

=05[1+049x(0.65-04)+0.75x0.65" | =0.72

Reduction factor for LTB y; r

1.0
1
Avr = — but Ao < 1
Orr +\/¢LZT _BKLT XZ
LT
1 1.0
- - 086<
0.72++0.722 —0.75x 0 65 237

Woishy _ o ggy 2140% 265

My ra = Xor x107% = 943 kN -m

M1

Mb,y,Rd>MEd:755kN-H1

The LTB resistance for segment CD is satisfied.
Again rolled and equivalent welded sections method produces a less conservative result.

4.10.4 Beam subjected to bending about two axes

A beam of span 6 m with simply supported ends restrained against torsion has its major prin-
cipal axis inclined at 30° to the horizontal, as shown in Figure 4.31. The beam is supported
at its ends on sloping roof girders. If the beam is 457 x 152 UB 52 with Grade S355 steel, find
the maximum factored load that can be carried at the centre. The load is applied by slings to
the top flange.
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Figure 4.31 Beam in biaxial bending.

Let the centre factored load = FkN. The beam self-weight is ignored:
6
M oments:M y g = (F ><4)cos30 =13F kN -m

6) .
M,zq =| FX—|sin30=0.75F kN -m
. 4

Properties for 457 x 152 UB 52

h=4498mm b=1524mm
t, =7.6mm t=109mm
& 571 S _536

t

Wy =1100am°® W,,=133am’

I, =21,400m*® I =645cm"

The section is Class 1. The design strength f, = 355 MPa.
For cross section where there are no fastener holes,

M M _1-n
N ,yRd plyRd 1-05a

N
n=—"4=0

N pira

A A —2bty 6660-2X1524%X109 _
A 6660

05

l-n 1

= =133 but <10
1-05a 1-05%x05
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Hence,
\

My yra =M piyra = Ly-fy

MO0
1100x 355 _

=""—""""x107° =391 kN
1.0

W p1z
My zra =M p1zra = ﬁ

Ymo

_ 133x355
10

X107 = 47 kN

For biaxial bending, the criterion is used:

o B
M y.Ed + M z,Ed < 1
M N ,yRd M N ,zRd

For I section,

a=2

B=5n=0 but p=1

Hence, =1
o ﬁ 2 1
Myga | [ Mapa 2(1.31-“) +(0.75F) <1
M N yRd M N zRd 391 47
F<60KkN

Therefore, the maximum factored load that the beam can be carried at the centre is 60 kN.

4.11 CRANE BEAMS

4.11.1 Types and uses

Crane beams carry hand-operated or electric overhead cranes in industrial buildings such as
factories, workshops and steelworks. Types of beams used are shown in Figure 4.32a and b.
These beams are subjected to vertical and horizontal loads due to the weight of the crane, the
hook load and the dynamic loads. Because the beams are subjected to horizontal loading, a
larger flange or a horizontal beam is provided at the top on all but beams for very light cranes.

Light crane beams consist of a UB only or of a UB and channel, as shown in Figure 4.32a.
Heavy cranes require a plate girder with surge girder, as shown in Figure 4.32b. Only light
crane beams are considered in this book.

Some typical crane rails and the fixing of a rail to the top flange are shown in Figure 4.32c.
If a crane rail is rigidly fixed to the top flange of the runway beam, it may be included as part
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TH—H—H—H
It \i\ LT

@ L

Figure 4.32 Type of crane beams and rails and connection to column: (a) light crane beam; (b) heavy crane
girder; (c) crane rails; (d) fixing of crane beam.

of the cross section that is taken into account to calculate the resistance. To allow for wear,
the normal height of the rail should be reduced when calculating the cross-sectional proper-
ties. This reduction should generally be taken as 25% of the minimum nominal thickness ¢,
below the wearing surface (see Figure 4.32c). The connection of a crane girder to the bracket
and column is shown in Figure 4.32d. The size of crane rails depends on the capacity and use
of the crane.

4.11.2 Crane data

Crane data can be obtained from the manufacturer’s literature. The data required for crane
beam design are

Span between crane rails: /.
Weight of crane: Q,

Hoist load: O,

End carriage wheel centres:
Minimum hook approach: e,,;,
Maximum static wheel load: Q
Minimum static wheel load: O
Span of crane runway beam: [

rmax

rymin
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Crane bridge

g .
o1 |
|

Runway beam

‘ ZQr.max Qr'm‘l’i & Q

Figure 4.33 Crane data and load arrangement.

The crane data and load arrangement are shown in Figure 4.33.

1. Actions induced by cranes on runway beams
A crane runway beam is subjected to general actions for which the relevant parts of EN
1991-1 are presumed. In addition, crane actions act on the crane beam according to
EN 1991-3. The actions associated with cranes on runway beams include variable and
accidental actions.

Variable actions

Variable actions result from variation in time and location. These actions are usually
separated in vertical crane actions caused by gravity loads and hoist loads and in
horizontal crane actions caused by acceleration or deceleration and by skewing and
other dynamic effects. The different actions induced by cranes are taken into account
by combining them in groups of loads according to Table 4.10. Each of these groups
of loads defines one crane action for the combination of non-crane loads.

Accidental actions
Cranes can generate accidental actions due to collision with buffers or collision of lift-
ing attachments with obstacles. These actions should be considered for the structural
design where appropriate protection is not provided.

For the plate buckling verifications of the beam, the vertical forces induced by the
self-weight and hoist load are relevant. Usually load group 1 governs the design under
wheel load.

Table 4.10 Recommended values of y-factors

Situation

Action Symbol  PIT A
Permanent crane actions  Unfavourable Youp 1.35 1.00
Favourable Yoinf 1.00 1.00
Variable crane actions Unfavourable Yosup 1.35 1.00
Favourable Crane present Yoif 1.00 1.00
Crane not present 0.00 0.00
Other variable actions Unfavourable Yo 1.00 1.00
Favourable 0.00 0.00
Accidental actions Ya — 1.00

P, persistent situation; T, transient situation; A, accidental situation.
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/2 *1
- l l

(2) (b) x1=1l/2—-al4

Figure 4.34 Rolling loads: (a) maximum shear; (b) maximum moment.

At ultimate limit sates, the partial factors on actions in the persistent, transient and
accidental design situations should be defined. For the design runway beams, the val-
ues of y-factors are given in Table 4.10.

2. Maximum shear and moment
The wheel loads are rolling loads and must be placed in position to give maximum
shear and moment. For two equal wheel loads
a. The maximum shear occurs when one load is nearly over a support.
b. The maximum moment occurs when the centre of gravity of the loads and one load
are placed equidistant about the centreline of the girder. The maximum moment
occurs under the wheel load nearest the centre of the girder.

The load cases are shown in Figure 4.34.

Note that if the spacing between the loads is greater than 0.586 of the span of the
beam, the maximum moment will be given by placing one wheel load at the centre of
the beam.

4.11.3 Crane beam design

1. Local vertical compressive stresses
The local vertical compressive stresses G,, 4 at the underside of the top flange should
be determined from

FZ,Ed

Lty

(4.38)

Goz,Ed =

where

F, ;41s the design value of the wheel load

Fz,Ed =Y Q rmax

Yo is the partial factor for variable actions

l,¢¢is the effective loaded length (see Figure 4.35)

t,, is the thickness of the web plate
The effective loaded length [, over which the local vertical stress 6, ;4 due to a single
wheel load may be assumed to be uniformly distributed and should be calculated
according to Table 4.11.
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l F, z,Ed lF z,Ed

by
i I Ioz, Ed
|
EANVAR :

Figure 4.35 Effective loaded length /..

Table 4.11 Effective loaded length I

Case Description of crane rail Effective loaded length
(@) Rigidly fixed to the flange leg =3.253 'I:i

(b) Not rigidly fixed to the flange leg = 3.253/%

/I +1
(c) Mounted on a suitable resilient elastomeric lg = 4.253 o Lt
bearing pad at least 6 mm thick ty

where
l¢. is the second moment of area of a flange with an effective width b
3
_ begtf
T2

I, is the second moment of area of the rail

I¢is the second moment of the combined cross section comprising
the rail and a flange with an effective width b,

t, is the web thickness

b= b+ he+ t,<b

where
b is the overall width of the top flange
by is the width of the foot of the rail
h, is the height of the rail
tcis the flange thickness

2. Local bending stresses in the bottom flange
The bending stresses due to wheel loads applied at locations more than b from the end
of the beam can be determined at three locations indicated in Figure 4.36
e Location 0: the web-to-flange transition
e Location 1: centreline of the wheel load
e Location 2: outside edge of the flange
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—— — —
2000, S OI0)O,

Parallel flange beam Taper flange beam

Figure 4.36 Locations for determining stresses due to wheel loads.

If the distance y,, is not less than 1.5b, the local longitudinal bending stress o,, ;, and
transverse bending stress G, ;; in the bottom flange due to the application of a wheel

load should be obtained from

F,
Oox,ea = Cx t'led
(4.39)
F,
Ooyra = t’fEd

where
F, ;41s the vertical crane wheel load
t, is the thickness of the flange at the centreline of the wheel load
¢, and ¢, are the coefficients for determining the longitudinal and transverse bend-

ing stresses at locations 0, 1 and 2

The coefficients may be determined from Table 4.12.

3. Resistance of cross section
The verifications about moment capacity, shear capacity and web bearing capacity are
similar to the common beam as described in the previous subsection.

4. Buckling resistance of member
The LTB resistance of a simply supported runway beam may be verified by check-
ing the compression flange plus one-fifth of the web against flexural buckling as a
compression member. It should be checked for an axial compressive force equal to
the bending moment due to the vertical actions, divided by the depth between the
centroid of the flanges.



piwstk|402064(1435432300

86 Structural Steelwork: Design to Limit State Theory

Table 4.12 Coefficients c,; and c,, for calculating stresses at points i = 0, | and 2

Stress Parallel flange beams Taper flange beam
Longitudinal bending ¢, = 0.05 — 0.58 + 0.148¢39!5+ Co = —0.981 — 1.479u + [.12¢'3220
stress G, g4 G =223 — 1,491 + 1.39¢7'833 ¢, = 1.81 — L.I5u + 1.06e777"
¢, =073 - 1.58u +29]e5™ ¢ = 1.99 — 2.8l + 0.84e746%
Transverse bending Co = =2.11 + 1.977u + 0.0076¢533 o = —1.096 + 1.0951 + 0.192¢7¢0n
stress G, g4 ¢, =10.108 = 7.408u — 10.108e'3% ¢, =3.965 — 4.835u — 3.965e 7267
¢, =0 ¢, =0

Note: The coefficients for taper flange beams are for a slope of 14% or 8°
2n

b-t,

where
n is the distance from the centreline of the wheel load to the flange edge
t, is the thickness of the web

The NA of Singapore gives an alternative assessment method.
Members that are subjected to combined bending and torsion should satisfy

M y.Ed + szM zEd kwkzwk(xBEd < 1

4.40
XM y,Rk/YM 1 M z,Rk/YM 1 BRk/YM 1 < )

where

C,.. is the equivalent uniform moment factor for bending about the z—z axis,
according to EN 1993-1-1 Table B.3

k, = O.7—ﬂ
Bri/Vu1

:k'zw =1_ Mz,Ed
Mz,Rk/'YMl

1
1- (M yEd/M Y/:r)

k(X:

M, rr and M_ g, are the characteristic values of the resistance moment of the cross
section about its y—y and z—z axis, respectively, from EN 1993-1-1 Table 6.7

M, , is the elastic critical LTB moment about y—y axis

By, is the design value of the warping torsional moment

By, is the characteristic value of the warping torsional resistance moment

% is the reduction factor for LTB, which is determined for rolled or equivalent

welded sections with equal flanges

4.11.4 Limits for deformation and displacements

The vertical deflection limitations for crane beams are given in Table 4.13.
The formula for deflection at the centre of the beam is given in Figure 4.37 for crane
wheel loads placed in the position to give the maximum moment. The deflection should
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Table 4.13 Limiting values of vertical deflections

Description Deflection
(@)  Vertical deflection due to vertical loads 8, < 1/600 and §, < 25 mm
(b)  The difference between the vertical deformations Ah, < s/600
of two beams forming a crane runway s is the span between two beams.
(c)  Vertical deflection for a monorail hoist block, 3y, < L/500

relative to its supports, due to the payload only

lF lF ”

Figure 4.37 Crane beam deflection.

also be checked with the loads placed equidistant about the centre of the beam, when
a = c in the formula given:

3 ala®+ 3 4
_ FL 3(a+c)_ (a :'C) N 5wL (4.41)
48ET L L 384ET

max

4.11.5 Design of a crane beam

Design a simply supported beam to carry an electric overhead crane, as shown in Figure 4.38.
The design data are as follows:

Span between crane rails = 20 m
Weight of crane = 180 kN

Hoist load = 250 kN

Minimum hook approach = 1.0 m
Wheel base = 3.0 m

Q. 3m Q, Crane rail A45 D%n A45

10 m

610%229UB125

Figure 4.38 Crane runway beam and crane rail.
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Use 610 x 229UB125 with Grade S275 steel and crane rail with foot flange, type A45
according to DIN 536-1. The section of the runway beam is shown in Figure 4.38. The self-
weight of the crane runway beam with rail is 1.47 kN/m.

Section properties

Cranerail

h,=55mm by =125mm
610X 229UB125

h=6122mm b=229mm
t, =119mm t=196mm

h, =h-2t=573mm

W o1y = 3,680 an’ I, =98,600am*

Maximum wheel loads, moments and shear
The crane loads are shown in Figure 4.39. The maximum characteristic wheel loads for one
wheel at A

1.1
Qrmax = Ex%(250x19+180x 10) = 163.75 kN

The maximum internal force induced by the wheel loads occurs at different locations
since it is a moving load. The location of the maximum bending moment x, = /2 - a/4 =
10/2 - 3/4 = 4.25 m (see Figure 4.40).

The maximum shear force is determined for the wheel-load position at x, = 4,,/2 = 0.573/2 =
0.3 m next to the support, as shown in Figure 4.41.

The characteristic bending moment and shear force distribution due to self-weight of the
crane runway beam are shown in Figure 4.42.

Classification of the cross section
The thickness of the flanges is larger than 16 mm; hence, the yield strength of S275 steel is
f, =265 MPa

=222 =004
265

=

y |
Qr,mux 1m ’ 250 kN + 180 kN th

| 20 m

Figure 4.39 Crane beam loads.
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¢ 163.75 kN &163.75 kN

Loads
| 425m | sm | 27m |}
| 1 } |
Moment
591.6 kN-m
139.2 kN
Shear

]

188.3 kN

Figure 4.40 Unfactored internal forces due to wheel loads at x; = 4.25 m.

¢ 163.75 kN &163.75 kN

0.3 m* |_ 3m 6.7 m * Loads
" |

\‘\‘ Moment

395.3 kN-m

268.5 kN

‘\ﬁ

Shear
59 kN
Figure 4.4] Unfactored internal forces due to wheel loads at x;, = 0.3 m.
w=1.47 kN/m
I |
+ 10 m * Loads
[ |
| Moment
18.4 kN-m
7.35 kN
,\ Shear

|

7.35 kN

Figure 4.42 Unfactored internal forces due to self-weight.
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The classification of cross sections is according to Section 5.5 of EN 1993-1-1.

=489<9% =85

=46.0<72e=67.7

s g0

The whole cross section is Class 1.

Transverse forces and stresses
The transverse force F,_ ., exerted on the crane runway beam is the design value of the maxi-
mum wheel load O

rmax:
F,ra = V00 rmax = 135X 163.75 = 221 kN
Taking wear into account, b, ,,,, = 50 mm, the effective flange width is
Der = b + Ny + £ <b
=125+50+196=1946mm <229mm

The second moment of inertia of the flange is

_ bt 1946x196°
12 12

It eer x10*=1465am"*

The crane rail does not rigidly fix to flanges, and the effective loaded length becomes

1

L+ Teew |3

e = 325()
t,

x10* x10*
=325[90 10 +146 5x10

3
=189.7 mm
119

The local vertical compressive stress at the underside of the top flange is determined by

Foea _ 221x10°

= =979N fam?
lgt, 189.7x119

Gz,Ed =

Resistance to shear forces
For I sections,

A, =A-2bt+(t +20)t 2nh,t,
=15,900-2x229x196+(119+2x12.7)x196>1.0x573x11.9

=7,654mm?>6,819mm?
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The shear resistance of the section is given by

A,
Voira = \/gyfy ('YM 0= 1’0)
M0

_ 7654% 265

NE

X103 =1171kN

The maximum shear force under wheel load at x, = 0.3 m

Vo x2 = YoQrxs = 135X2685=23625kN

The shear forces under self-weight at x, = 0.3 m

5-03

VG,x2:YGVx2:135><(7-35X )Z9.3kN

Thus, the design value of shear forces is
VEd :VQ X2 +VG X2 = 371.8 kN

Vpira = 1171 kN >Vgy = 371 8 kN

Shear resistance is satisfied.
Check web-plate buckling from shear at the ultimate limit state:

h 573 _ o
t, 119

728 272x %24 _ 6775482
n 1.0

No shear buckling check is required.

Transverse force resistance check
The length of stiff bearing s, on the surface of the top flange is given by

S§=1ls—2t=189.7-2%X196=1505mm

Type of load application is type (a). The beam there is not stiffener, thus the ratio of b, to

the spacing a is zero.
The buckling coefficient for the load application is given by

kF:6+2(hw) =6

a



92 Structural Steelwork: Design to Limit State Theory

The critical force F,, is given by

_09kEt, 09x6x210,000x119°

X107 = 3,335 kN
h, 573

For

The dimensionless parameters

£ 265x229
£,t,  275x119

m; 185

Assuming Ae >0 5,
’ 573\
m, =002 B =o.oz() =174
t 196

The effective loaded length

L= ss+2tf(1+‘/m1+m2)

=1505+2%x196+4/185+17.1=3844mm

= 44%x119%2
M=\/]7t;‘§w=\/38 4 9 75=0.61>05$atisfactory

3335x10°
Reduction factoryx _05_05 g8
Ar 061

The effective length L, is given by

L =)Yrl, =082x3844=3152mm

The resistance to transverse force

fwlexty, 275X3152Xx119

Fog = X107 =10315kN
Yu1 1.0
F, 221
M =—224=_222 —0214
Foq 10315

The resistance to transverse force is satisfied.
Interaction checks
At location x; = 4.25 m, the resistance to transverse forces requires an interaction check

with bending moment by the following interaction expression:

N, +08M, <14
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Myrqa=135%X5916+135Xx168=8213kN

_ Mg _ 8213x10°
WayL)/Yuo (220x265)/1.0

k!

N +08N;,=021+08%x096=098<14

The resistance to interaction is satisfied.

LTB verification
Bending moment about z—z axis and torsion is ignored in this case; thus, the check expres-
sion is simplified as

Myka

—— <1
XurM y,Rk/YM 1

The design-factored bending moment diagram is shown in Figure 4.43. The lateral restraint
is given by crane girder in each wheel-load location. The curve of moment diagram is nearly
linear. Hence, Table 4.2 is used to determine the factor C,.
LTB check for segment AC
From Table 4.2,
C,=1.88
L, =4250 mm

The critical moment for segment AC

2 2

n’EL |, ILAGIL
Mg=Ci——p = [T+ 5

12 \1, n°EL

3 138“2 %x210,000%x393x10°> [345x10" 4,250%x81,000x154x10* 10-6
4,250? 393x10° 2% 210,000% 393%x10°
=2,881kN -m
A C D B

821.3 kN-m 771 kN-m

Figure 4.43 Design-factored bending moment.
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Non-dimensional lateral-torsional slenderness for segment AC

— W 3680%x265x1073
At = yﬁ[ Z\/ =058
M. 2881

XLT 2058>XLT,0=0.4

So LTB must be checked.
Using Table 4.7,

3.1>E=2.67>2
b

For a rolled I section, use buckling curve c.

Oy =049

Ao 0=04 maxinum valie)
B=0.75 maxinum vale)
~ ~ 2
¢LT = 05[1+ Olyp (}\«LT —7\.1_,'1‘ ,O)+B}\«LT:|
=05[1+049x(058-04)+0.75x058" | =067

Reduction factor for LTB y, +

10
1

Aor = — but Xur < 1
Orr +\/¢I?T _BXLT XZ

LT

10
1
- -09<
067 ++0672—-0.75%0 58 297

W o E — 09% 3680X% 265
Yu1

My yra = Xor X107 =878 kN -m

Mb'y’Rd>MEd:821.3kN-In

The LTB resistance for segment AC is satisfied.
LTB check for segment CD
From Table 4.2,

771
=———=094
v 8213

C,=188-14y+052y*=1.02

Lo=3000mm
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The critical moment for segment AC

_ . VEL |,  LGL
Ma=Ci—— =, | +—5
1, 1, Tw°EL

102 n? x 210,000 x 393X 10° \/3.45><1012 N 3,000* x 81,000 x 154 x 10*

3,000 393x10° 2% 210,000x393x10°
=2,942 kN -m

Non-dimensional lateral-torsional slenderness for segment CD

- W 2 10°°
o yﬁ,:\/3680>< 65x10° _
M. 2942

XLT 2058>XLT,0=0.4

So LTB must be checked.

x107¢

The beam section of segment CD is same as segment AC, then the reduction factor for

LTB y,, = 0.9

W oy _ o g, 3680% 265

My ra = Yot X107 =878 kN -m

Ym1

M ypyra>M g = 8213 kN -m

The LTB resistance for segment CD is satisfied.

Deflection check

The maximum deflection due to the unfactored wheel load is at the location x; = 4.25 m:

_ FL’ 3(a+c)_4(a3+c3) N 5wL!
T 48EI| L L 384ET

163.75%10°x 102 | 3(425+2.75) 4(425°+2.75°)

© 48%210,000% 986 x10° 10 10°

N 5x1.74x10%
384x210,000% 986 x 10°

=293mm
where

F=Q max =163.75X 10°kN a=425lmm c=2750mm

:25) =m J.n(lO,OOO :25) =167 mm

L
Lin iting deflection 81, + = m In
J me (600 600

Om:e=167mm <d=293mm

Deflection check is not satisfied.
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4.12 PURLINS AND SHEETING RAIL

4.12.1 General

Purlin is a beam and it supports roof decking on flat roofs or cladding on sloping roofs on
industrial buildings.

Members used for purlins and sheeting rails are shown in Figure 4.44. These are cold-
formed sections, angles, channels joists and structural hollow sections. Cold-formed sec-
tions are now used on most industrial buildings. Only cold-formed members are considered

in this book.
In general, the conventions for member axes are as used in EN1993-1-1 (see Figure 4.45).
For profiled sheets and liner trays, the following axis convention is used:

e y-—y axis parallel to the plane of sheeting
e z—z axis perpendicular to the plane of sheeting

4.12.2 Purlins restrained by sheeting

The purlins were restrained by sheeting, which may be steel or aluminium corrugated or
profile sheets or decking. On sloping roofs, sheeting is placed over insulation board or

170N
i

(b) Angle Channel Joist Hollow section

Figure 4.44 Section used for purlins and sheeting rails: (a) cold-formed sections; (b) hot-rolled sections.

14 z z z
\
\
N o | |
R A i - T
(1 S (TR
A \
u’ 1N, \
z z v z z

Figure 4.45 Axis convention.
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Insulation

“~ board \@mnu?

Sheeting

/

/ ( .
Decking Purlin
/
Ceiling

< Roof turss

(b) (©)

Figure 4.46 Roof material and constructions: (a) profiled sheeting; (b) slope roof construction; (c) flat roof
construction.

glass wool. On flat roofs, insulation board, felt and bitumen are laid over the steel deck-
ing. Typical roof cladding and roof construction for flat and sloping roofs are shown in
Figure 4.46.

The purlins discussed in this book of Z, C, X and Hat cross sections are all with the limits
hlt < 233, clt < 20 for single fold and d/t < 20 for double-edge fold. The purlins at the con-
nection to trapezoidal sheeting or other profiled steel sheeting may be regarded as laterally
restrained, if the following equation is fulfilled:

2

2
SZ(EI,,ZZ+GL+EIZTLC20.25h2J;? (4.42)

where

S= 1000\/§(50 + 10\3,bmof)sA]w is the portion of the shear stiffness

t is the design thickness of sheeting

b,,.f 1s the width of the roof

s is the distance between the purlins

b, is the profile depth of sheeting

I, is the warping constant of the purlin

I, is the torsion constant of the purlin

I, is the second moment of area of the cross section about the minor axis
L is the span of the purlin

b is the height of the purlin

4.12.3 Spring stiffness

The behaviour of a free flange under uplift loading is shown in Figure 4.47. The deformation
can be spitted into in-plane bending and torsional and lateral bending due to cross-sectional
distortion. The connection of the purlin to the sheeting may be assumed to partially restrain
the twisting of the purlin, in which partial torsional restraint is represented by a rotational
spring with a spring stiffness C,. The lateral move can be treated as beam subject to a lateral
load g, 5. For using this method, the rotational spring should be replaced by an equivalent
lateral linear spring of stiffness K (see Figure 4.47).
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/jS% qid?‘ TF*%
—

Knokd K
L ke

(b)

Figure 4.47 (a) Behaviour of purlins and (b) rotational and lateral spring.

4.12.3.1 Lateral spring stiffness

The lateral spring support given to the free flange of the purlin by the sheeting should be
modelled as lateral spring acting at the free flange. The total lateral spring stiffness K per
unit length should be determined from

1_4a-V P’ (h+bues)  b*
K EY Cy

(4.43)

where
K is the lateral spring stiffness
v is Poisson’s ratio of the steel
Cp, is the total rotational spring stiffness

The dimension b,,,, is depending on uplift or downwards actions

¢ For downwards actions, b,,,, = 4.
e For uplift actions, b,,,, = 2a + b.

a, b, b and b, are shown in Figure 4.48.

4.12.3.2 Rotational spring stiffness

The rotational restraint given to the purlin by the sheeting that is connected to its top flange
should be modelled as rotational spring acting at the top flange of the purlin. The total rota-
tional spring stiffness C, should be determined from

1

Co T (1o a+1L0 )

(4.44)

Cp A = C 100kbaktkbRkAka (445)
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b-ﬂ | a

r, =
/ Sheet ( / \Sheet

Fastener
Fastener

(a) (b)

Figure 4.48 Purlin and attached sheeting: (a) Z-section sheeting with stiffeners; (b) typical Z-section sheeting.

kE
Cpp = Bl (4.46)
s
where
Cp.a is the rotational stiffness of the connection between the sheeting and the
purlin

Cp ¢ is the rotational stiffness corresponding to the flexural stiffness of the sheeting
C,o0 is a rotation coefficient for trapezoidal sheeting (Table 10.3 of EN 1993-1-3)

k,, is the width factor of purlin flange (Table 4.14)

k, is the thickness factor (constant values, linear between given limits)

k,x is the corrugation width factor of sheeting (Table 4.14)

k , is the supporting force factor (Table 4.14)

k,r is the connection factor (Table 4.14)

k is a numerical coefficient (see Figure 4.49)

I, is the effective second moment of area per unit width of the sheeting

s is the spacing of the purlins

4.12.4 Design of cold-formed beams to EN 1993-1-3

The design criteria about purlins are stated in Chapter 10 and Annex E of EN 1993-1-3. For
single-span purlins, the cross-sectional resistance should be satisfied under gravity loading.
If subject to axial compression, the purlin should satisfy the criteria for stability of the free
flange. These criteria are given in Clause 10.1.3 and 10.1.4 in EN 1993-1-3. For double- or
multiple-span continuous purlins, more details of internal force should be considered such
as bending moment + support reaction in mid-support.

These design criteria may also be applied to cold-formed members used as side rails,
floor beams and other similar types of beam that are similarly restrained by sheeting.
Sheeting rail is designed on the basis that wind pressure has a similar effect on them to
gravity loading on purlins and that wind suction acts on them in a similar way to uplift
loading on purlins.
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Table 4.14 Factors for Cp ,

Factors Expressions Conditions
Kpq k,, = (b,/100)? b, < 125 mm
k,, = 1.25(b,/100) 125 mm < b, <200 mm
k, kt = (t,o/0.75)"! t.om > 0.75 mm; positive position
= (t,m/0.75)" t.om = 0.75 mm; negative position
k = (t,om/0.75)" toom < 0.75 mm
[ kyz,=1.0 bg < 185 mm
k,r = 185/bg bg > 185 mm
ky Gravity load  Not valid toom < 0.75 mm
k,=1.0+ (A-1.0)0.08 t.om = 0.75 mm; positive position
k,=1.0+ (A-1.0)0.16 t,om = 0.75 mm; negative position
Linear interpolation 0.75 mm <t < 1.00 mm
k,=1.0+ (A - 1.0)0.095 toom > 1.00 mm
Uplift load ky,=1.0 All cases
Kor Kyt = \/br.max /b br > b
k= 1.0 by < by
where by
b, is the width of the purlin flange —
by is the corrugation width M
b is the width of the sheeting flange bg by
through which it is fastened to - »‘—‘F
the purlin a
b1 max is given in Table 10.3 in EC3-1-3

Figure 4.49 Model for calculating Cp, .
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Table 4.15 Limitations of width-to-thickness ratios
Sections t (mm) b/t hit h/b clt b/c L/h
b

y h

i

b
]
l_, i >125 <55 <160 <343 <20 <40 =I5
y
z l

A simplified design method of purlins made of C-, Z- and Z-cross sections is given in
Annex E in EN 1993-1-3. The purlins with or without additional stiffeners in web or flange
may be designed by the simplified method if the following conditions are fulfilled:

C ‘
f|— >125 <55 <160 <343 <20 <40 >I5

e The purlins are horizontally restrained by trapezoidal sheeting where the horizontal
restraints fulfil the conditions of Equation 4.42.

¢ The cross-sectional dimensions are within the range of Table 4.15.

e The purlins are restrained rotationally by the trapezoidal sheeting.

e The purlins have equal spans and uniform loading.

However, there are some conditions where the method should not be used:

e For systems using antisag bars
¢ For sleeve or overlapping systems
e For application of axial force

The design value of the bending moment My, should satisfy

M ippe = (yfleW s XdeT (4.47)

W,

¥.7 is reduction factor for LTB in dependency of Ar due to Table 4.16, where o, is
substituted by oy 1.,

/7, 1s section modulus of the effective cross section

e U
hap = [Pty (4.48)
Mo
\
Olpp o = Olpp [ (4.49)

eff y

k, = (a, - a,(L/b)) but >1.0 is coefficient for consideration of the non-restraint part of
the purlin
a,, a, are coefficients from Table 4.17
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Table 4.16 Appropriate buckling curve for various types of cross section

Buckling Buckling
Type of cross section about axis curve
If {5 is used Any b
If f,q is used Any C
Yy a
z-z b
Any b
Any 4
The average yield strength f,, should not be used unless A,z = A,.
Table 4.17 Coefficients a,, a,
Z-Purlins C-Purlins -Purlins
System a, a, a a, a a,
Single-span beam gravity load 10 0 I.I 0002 1I.I 0.002
Single-span beam uplift load 13 0 35 005 1.9 0.02
Continuous beam gravity load 1.0 0 1.6 0.02 1.6 0.02
Continuous beam uplift load 14 001 27 004 1.0 0
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Table 4.18 Factors kg

Statical system Gravity load  Uplift load
T _ 021
L L i L ﬁ 0.07 0.029
PR 0.15 0.066
? L ? L ? L ? L ? 0.1 0.053

The reduction factor y;+ may be chosen by y;+ = 1.0, if a single-span beam under gravity
load is present or if the following expression is met:

2

M
Cp 2 —=Ek, (4.50)
EL
where
M,;,, = W,z is the elastic moment of the gross cross section with regard to the major
u—u axis

I, is the moment of inertia of the gross cross section with regard to the minor v—v axis
k is a factor for considering the static system of the purlin due to Table 4.18

It is noted that, for equal-flanged C- and Z-purlins, I

v

=I,W,=W,and M, , = M,,.
If Equation 4.50 is not met, the reduction factor y;; should be calculated using Avz

el,u

and oy 7,z The elastic critical moment for LTB M,, may be calculated by the following
equation:

M = %\/G TR, (4.51)

where
I* is the fictitious St. Venant torsion constant considering the effective rotational
restraint
k is the LTB coefficient due to Table 4.19

2

* L
R (4.52)
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Table 4.19 LTB coefficient k

Statical system Gravity load  Uplift load

JEEEE x 10.3

=L —

o e o

=L —— L — 17.7 27.7

I

—L - L 4L 12.2 18.3

A\\\\\A\\H\\A\\\H\A\lllj_lzl

=L+ L 4+ L+ L 14.6 20.5
>=4 spans

where I, is the torsional constant of the purlin

1 1 1 1
— = + +
Co Coa Cops Copg

where Cp, 5 is rotational stiffness due to distortion of the cross section of the purlin

Cpp =Kph®

where
b is the depth of the purlin

K is the lateral stiffness due to distortion of the cross section of the purlin

(4.53)

(4.54)



Chapter 5

Plate girders

5.1 DESIGN CONSIDERATIONS

5.1.1 Uses and construction

Plate girders are used when the bending moments are larger than the standard rolled univer-
sal or compound beams can resist, usually because of a large span. These girders are invari-
ably very deep, resulting in non-compact or slender webs. They are used in buildings and
industrial structures for long-span floor girders, heavy crane girders and in bridges.

Plate girders are constructed by welding steel plates together to form I sections. Such
welding is generally performed as a double pass one on either side of the girder as shown in
Figure 5.1. It should be noted that this process may cause very high residual stresses to exist
in the flanges and web. A closed section is termed a ‘box girder’. Typical sections, including
a heavy fabricated crane girder, are shown in Figure 5.2a.

The web of a plate girder is relatively thin, and stiffeners are required either to prevent
buckling due to compression from bending and shear or to take advantage of tension field
action, depending on the design method used. Stiffeners are also required at load points and
supports. Thus, the side elevation of a plate girder has an array of stiffeners, as shown in
Figure 5.2b.

5.1.2 Depth and breadth of girder

The depth of a plate girder may be fixed by headroom requirements, but it can often be
selected by the designer. The depth is usually made from one-tenth to one-twelfth of the
span. The breadth of flange plate is made about one-third of the depth.

The deeper the girder is made, the smaller the flange plates required. However, the web
plate must then be made thicker, or additional stiffeners must be provided to meet particular
design requirements. A method to obtain the optimum depth is given in Section 5.3.2. A
shallow girder can be very much heavier than a deeper girder in carrying the same loads.

5.1.3 Variation in girder sections

Flange cover plates can be curtailed or single-flange plates can be reduced in thickness when
reduction in bending moment permits. This is shown in Figure 5.3a. In the second case
mentioned, the girder depth is kept constant throughout.

For simply supported girders, where the bending moment is maximum at the centre, the
depth may be varied, as shown in Figure 5.3b. In the past, hog-back or fish-belly girders
were commonly used. In modem practice with automatic methods of fabrication, it is more
economical to make girders of uniform depth and section throughout.

105
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Flange plate

r%‘::;:ﬁr—|

Web plate
Fillet welds Welds from [| Welds on
1st pass 2nd pass

e =

1st pass 2nd pass

Figure 5.1 Plate girder fabrication.

————1 a R [ 14 I
Stiffener
—  —71 | I —  —
Plate girder Box girder Heavy crane girder
with stiffener
(@)
End post Flange Stiffener
Web

(b)

Figure 5.2 Plate girder constructions: (a) sections for fabricated girders; (b) plate girder.

In rigid frame construction and in continuous girders, the maximum moment occurs at
the supports. The girders may be haunched to resist these moments, as shown in Figure 5.3c.

The design procedures for plate buckling that are based on the effective width method
were developed for web or flange panels of uniform width. Usually these panels are stiffened
or unstiffened plates between rigid transverse stiffeners. The panels may be considered as
uniform when

e The shape of the panel is rectangular or almost rectangular. In the latter case, the
angle ay;,,;; should not exceed 10°.

e The diameter of any unstiffened hole or cut-out does not exceed 0.05b, where b is the
width of the panel (see Figure 5.4).

If ay,,,; > 10°, the panel may be conservatively treated as rectangular with the width equal to
the larger of widths on both ends of the panel as shown in Figure 5.5.
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Flange plate
Flange plate Cover plate ta;red at splice
< / [ ]
— O 1 X | [ |
Web splice constant
(a) depth girder
Fish belly Hog-back

(o)

Figure 5.3 Variation in plate girder sections: (a) local reinforced girders; (b) variable depth girders;
(c) haunched ends continuous girder.

b, by<b,

Figure 5.4 Nominally uniform panels.

by

Figure 5.5 Non-uniform panel transformed to equivalent uniform panel.
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Hanger

—
“j|]=uﬂi

Full strength welds

/

() T

Figure 5.6 Plate girder connection and splices: (a) beam to girder connections; (b) loads from columns,
beams and hangers; (c) welded and bolted solices; (d) plate girder end connections.

5.1.4 Plate girder connections and splices

Typical connections of beams and columns to plate girders are shown in Figure 5.6a and b.
Splices are necessary in long girders. Bolted and welded splices are shown in Figure 5.6¢ and
end supports in Figure 5.6d.

5.2 BEHAVIOUR OF A PLATE GIRDER

5.2.1 Basis

Slender plates under compression possess significant post-critical resistance that can be uti-

lized in design procedures for plated structures. After reaching the elastic critical stress o,,,

the resistance is not exhausted, but it increases further until plastic collapse occurs. In the
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Reduced cross-section
fy method e fy

Glim“r

Reduced stress
method

Figure 5.7 Actual stresses distribution and simplified methods.

post-critical state, the redistribution of compressive stresses takes place with the reduc-
tion of stresses in the middle buckled part, where axial stiffness is decreased, and with the
increase of stresses near straight plate edges, as shown in Figure 5.7. The ultimate resistance
is reached after the maximum edge stress has reached the plate yield strength, as in general
slender plates do not have any ductility to redistribute stresses by developing zones of plastic
strains. To deal with non-linear distribution of actual stresses, G,.,, which is not very practi-
cal, two simplified methods are given in EN 1993-1-5:

1. Effective width method (main method)
2. Reduced stress method

The effective width method (reduced cross-sectional method) is based on the appropriate
reduction of cross section in the central buckled part of the plate, assuming effective width
b, adjacent to edges as fully effective with stresses equal to f, all over the effective width.

The reduced stress method is based on the average stress G, of the actual stress distribu-
tion o, in the ultimate state.

act

5.2.2 Effective cross section

The effective width method is used to determine the resistance of Class 4 cross sections
subject to direct stresses. Based on the effective width, effective cross-sectional area A,z
effective second moment of inertia I, and effective section modulus W, are calculated. The
effective cross section is then treated as an equivalent Class 3 cross section, and the linear
elastic strain and stress distribution over the reduced section is assumed.

If axial loading and bending moment act simultaneously, the effective area A, should be
determined assuming that the cross section is subject only to stresses due to uniform axial
compression (see Figure 5.8), and the effective section modulus W, should be determined
assuming the section is subject to stresses just due to pure bending (see Figure 5.9). The
symmetric cross section has the same centroid in pure compression. For nonsymmetric cross
sections, the possible shift ey of the centroid of the effective area A is relative to the centre
of gravity of the gross cross section (see Figure 5.8). This shift results in an additional bend-
ing moment that should be taken into account in the cross-sectional verification.

For I girders, the maximum stress in a flange should be calculated using the elastic section
modulus with reference to the mid-plane of the flange (Figure 5.9).
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(a)

SR E
o

Figure 5.8 Class 4 cross-sectional axial force: (a) symmetric cross-section; (b) unsymmetric cross-sections.

(b)
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Figure 5.9 Class 4 cross-sectional bending moment.

5.2.3 Flange-induced buckling

Optimizing a girder for bending action is achieved by making the web of the plate
girder more slender. When lateral supports are used to prevent lateral-torsional buck-
ling (LTB), then flange-induced buckling will become the critical failure mechanism.
With no web stiffeners, the web should be sized to avoid the flange undergoing local
buckling due to the web being unable to support the flange. This is known as flange-
induced buckling.
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To prevent the compression flange buckling in the plane of the web, the following criterion
should be met:

by <k B (5.1)
& Le\ Ag

where
b, is the depth of the web

t, is the thickness of the web

f,r1s the yield strength of the compression flange

A, is the cross-sectional area of the web

Ay, is the effective cross-sectional area of the compression flange

The value of the factor k should be taken as follows:

k = 0.3, where plastic hinge rotation is utilized
k = 0.4, where the plastic moment resistance is utilized
k = 0.55, where the elastic moment resistance is utilized

Thus, for rigid or continuous design, k = 0.3, unless the analysis is elastic with no redistribu-
tion. For simply supported beams, £ may be taken as 0.4.

5.2.4 Transverse loading and web buckling

The collapse behaviour of girders subjected to transverse loading is characterized by three
failure modes: yielding, buckling and crippling of the web, as shown in Figure 5.10. There are
many parameters that influence the ultimate load capacity, such as geometry dimensioning
and steel strength of the composed plates. The rules cover of section 6 in EN 1993-1-5 cover

\\\\\

,,,,,,,,

Yielding Crippling

(i (1

f=m=—w=sC =4=

m‘Support 1 i ’

Buckling

Crushing

Figure 5.10 Failure modes of girders subjected to transverse loading.
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both rolled and welded girders, with and without longitudinal stiffeners, up to steel grades
of $690. And also assumed, the compression flange has fully lateral-torsional restraint,
which needs to be taken into account in design.

5.2.5 Shear buckling and tension field action

The behaviour of plates under shear comprises two phenomena: the state of pure shear stress
and the tension field. Prior to buckling, pure shear stresses occur in the plate. If these shear
stresses T are transformed into principal stresses, they correspond to principal tensile tresses
0, and principal compressive stresses 6, with equal magnitude and inclined by 45° with
regard to the longitudinal axis of the girder. In this state, only constant shear stresses occur
at the edges (see Figure 5.11a).

As for plates subjected to direct compressive stresses, slender plates under shear possess a
post-critical reserve. After buckling, the plate reaches the post-critical stress state, whilst a shear
buckling forms in the direction of the principal tensile stresses ;. Due to buckling, no signifi-
cant increase of the stresses in the direction of the principal compressive stresses G, is possible,
whereas the principal tensile stresses can still increase. The compressive stresses can cause the
web to buckle. As a result, the tensile stresses are larger than the compressive stresses, which
lead to a rotation of the shear field and which are denoted tension field action (see Figure 5.11b).

At the point of impending buckling, the web loses its ability to support the diagonal com-
pressive stresses, and this stress is shifted to the transverse stiffeners and the flanges. The
stiffeners resist the vertical component of the diagonal compressive force, and the flanges
resist the horizontal component. The web will need to resist only the diagonal tensile force.
This behaviour can be likened to that of a Pratt truss, in which the vertical web members
carry compression and the diagonals carry tension. When reaching ultimate load, a plastic
hinge mechanism forms in the flange (see Figure 5.11c).

| -
|
O
(=54 I '
| =
|4
(a)
| |
<450%/62 | 14 | Vv
Op__ / \01 | ‘ | ‘
—10; | |
T
14 14

(b) (©

Figure 5.11 Stress states and collapse behaviour of a plate girder subjected to shear: (a) pure shear stress;
(b) tension field section; (c) plastic hinge flange mechanism.
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5.3 DESIGN TO EN 1993-1-5

5.3.1 Bending resistance and flange design

The section classification is determined in the same manner as rolled sections.

For compression flange restrained plate girder, the method is used for girder design: the
flanges carrying the bending moment and the web carrying the shear force. This is prob-
ably best used where the maximum bending moment and the maximum shear force are not
coincident, as the ability of the flange to contribute towards shear capacity may be utilized.
If both the maximum loads are coincident in either a simply supported beam under point
loading or a continuous beam at the internal support, then the flange capacity will not be
able to be utilized to resist shear. With this method, the moment capacity is only dependent
on the section classification of the flanges as the web does not carry compression.

An initial flange area may be established on the assumption that bending moment is
carried by the flanges only, this can be shown to be conservative in most practical applica-
tions [22]; then

M ga = Ag :@hWZMEd (5.2)
Yumo
or
A¢ = 2bst; 2 M e Tmo (5.3)

A\

Generally proportion flanges to remain non-slender. Maximum ratio flange outstand to flange
thickness for Class 2 section is 10€ and for Class 3 section is 14€. For Class 3 welded section,

C_b-t —29)2
t t

[235
ez |32
&

Then the dimension of flange can be determined.

< 1l4e

5.3.2 Optimum depth

The optimum depth based on minimum area of cross section may be derived as follows.
This treatment applies to a girder with restrained compression flange for a given web depth-
to-thickness ratio. Define the following terms:

A = ratio of web depth/thickness = b, /t,,
Af = area of one flange

W, = plastic modulus based on the flanges only
M

W= Ach, = Rd

Ar= W g
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A, =areaofweb=h,t, =

>[5

Wpl
A =totalarea=A:+A, =2

+
> |2

. . da
For an optimum solution, —— = 0 so
dh,

daa 2W;’1+2ﬁ=0
dh, h; A

hw =3 pl7\'

The area of the web A, is then given by

1/ B (5.4)

The area of the flange A, is given by

Wo_ W5 pz
= (5.5)

Curves drawn for depth do against plastic modulus W, for values of A of 150, 200 and 250
are shown in Figure 5.12b. For the required value of

>’\£‘L

M M
W o1 — Rd — Ed
£ 5
2000 —
R ?/
A4
~ OY S
£ 1500 o _
£ // N —
=
-~
=
21000 /|
"; A=hlt,
=
£ .
2 500 |l
o /
. 1

10 20 30 40 50 60
Modulus of section W, (x 10° cm®)

Figure 5.12 Optimal depth design chart.
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The optimum depth do can be read from the chart for a given value of A, where M, is the
applied moment. And

M
h, = N (5.6)
£

5.3.3 Shear capacity and web design

1. Minimum thickness of web
With no web stiffeners, the web should be sized to avoid the flange undergoing local
buckling due to the web being unable to support the flange. This is known as flange-
induced buckling given in Section 8 of EN 1993-1-5.
The optimum depth 5, can be determined by the aforementioned method. To avoid
the flange buckling into web, the minimum web thickness should be satisfied for the
following condition:

&<kE AL

t, £\ As

2. Shear buckling resistance of slender web
When the web depth-to-width b, /¢, ratio of plate girder is satisfied, the following condi-
tions can be determined as a stocky web. The design method is discussed in Chapter 4.

Forunstiffened w dos,% < 72E
n

Forw ebsw ith interm ediate stjfﬁaners,% < 315\/2
n

where
N = 1.0 for all steels (NA to BS EN 1993-1-1)
k. is the shear buckling coefficient

The depth-to-width ratio beyond the aforementioned limits is slender web. The slender
web should be checked for the resistance to shear buckling and should be provided
with transverse stiffeners at the supports. In EN 1993-1-5, the shear resistance V), z,
comprises contributions from the web V,,, z,and from the flanges V,,, .. However, the
full shear resistance V), p, can never be larger than the plastic shear resistance of the
web alone (see Equation 5.7):

Vird = Vouw ra +Voera S 'ty \/ng@w (5.7)
M1

where
Viu.ra 1s the resistance contribution from the web
V,;ra is the resistance contribution from the flanges
f,. is the web yield strength
Y1 = 1.0
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For unstiffened webs, the flange contribution is negligible, and webs carrying shear
stress only. This states that webs with intermediate stiffeners may be designed with
tension field action. After web buckling occurred, there was still a reserve of strength
in the web. The additional reserve of strength is due to a diagonal tension field forming
in the web including the flanges contribution.

. Contribution from the web

The contribution of the web is determined as the following:

vbw,Rd :thwfw \/3@'; (5.8)
M1

where ¥, is the reduction factor for shear buckling.

The reduction factor y,, considers components of pure shear and anchorage of mem-
brane forces by transverse stiffeners due to tension field action. Since the axial and
flexural stiffness of the transverse end stiffeners influence the post-critical reserve, the
distinction between non-rigid and rigid end posts in the determination of the reduction
factor y,, is shown in Table 5.1 and Figure 5.13.

As shown in Figure 5.13, ), = is defined for a small slenderness. The recommended
n values according to EN 1993-1-5 are

Forf, <460N fim?, m=12

Forf, > 460N fuam?, N=10

Table 5.1 Contribution from the web ,, to shear
buckling resistance

Rigid end post ~ Non-rigid end post

A < 0.83/1 n n
0.83M<A.,<1.08 083/, 0.83/A.,
Aw 21.08 1.37/(0.7 + Aw) 0.83/
14—
L2 froeeseseseeens .
—~ O R For EN 1993 n=1.2
é 1.0 — — Rigid end post
:g —— Non-rigid end post
< 08
o
<
g 06
=
E
2 04
o
0.2
0 | | | | | |

0.5 1.0 1.5 2.0 2.5 3.0

Modulus of section W, (x 103 cm?)

Figure 5.13 Reduction curves for shear buckling.
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The reduction curves according to Table 5.1 apply for the verification of both uns-

tiffened and stiffened webs. They are based on the plate slenderness Aw. The non-
dimensionalized web slenderness A, is defined as

A =1/f1"r/ﬁ = 0.76\/? (5.9)

Equation 5.9 can be simplified as follows:

a.

For webs with transverse stiffeners at the supports and either intermediate trans-
verse or longitudinal stiffeners or both,

h,
Ay =——— 5.10
37 detk, .10

For webs with transverse stiffeners at supports only, a/h,, < oo, hence with little loss
in accuracy k. = 5.34 (see the following),

Ny = b, (5.11)

 374et/534 864ct

where k_ is the shear buckling coefficient dependent upon the aspect ratio of a web panel.
Annex A.3 of EN 1993-1-5 gives the calculation of the shear buckling coefficient
for plates as follows:

For panels with rigid transverse stiffeners only,

2
k, =5.34+4.oo(a) for > >1.0
h, h,
(5.12)

2
kT=4.00+5.34(a) or > <1.0
h, h,

For stiffened panels with one or two longitudinal stiffeners and o = a/bh,, < 3.0,

3
1%:4.1+63+°J82(Iﬂ’tm)+22.3/% (5.13)

o

For stiffened panels with one or two longitudinal stiffeners and o = a/h,, > 3.0 or
for stiffened panels with more than two longitudinal stiffeners,

2
a a
=534+400 — | + for— =10
k; (hw) kia rhw
(5.14)

2
a a
=400+534| — | +kyg POr—<1.0
. (hw) K PE
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|
| | z . z o,
1 3 /o L 15¢,
| =B | w
! 8 || ™2 [ 15¢,
I 4 % 43 \ ! ‘
\ \ = \
ay, B-B
L —
1. Rigid transverse stiffener
2. Longitudinal stiffener
3. Non-rigid transverse stiffener
Figure 5.14 Web with transverse and longitudinal stiffeners.
with
2 L 3 21 (L
a .
km=9{) ( ) > 2% (5.15)
h, th, t \hy
where

a is the distance between transverse stiffeners (see Figure 5.14)

I is the second moment of area of the longitudinal stiffener about z—z axis (see
Figure 5.14). For stiffened panels with two or more longitudinal stiffeners, I is
the sum of all individual stiffeners

4. Contribution from the flanges
When the flange resistance is not completely utilized in resisting the bending moment
(Mg < Mgg,), the contribution from the flanges should be accounted for according to
Equation 5.18, which assumes the formation of four plastic hinges in the flanges at a
distance ¢ (see Figure 5.11):

2 2
Veera = bety & 1—( M za ) (5.16)

M1 M tra

where c is the width of the portion of the web between the plastic hinges

c= a(O 25+1“6bf2tf2f1f] (5.17)
&0,

M rgis the design moment of resistance of the cross section determined using the effec-
tive flanges only

M g = Mex _ Roflt (5.18)

MO Yuo

where b is the distance between mid-planes of flanges.
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For areas with a high utilization level due to normal force and bending moment, the
determination of V., can be neglected, because the main resistance to shear comes
from the web contribution V,,, z,.

5.3.4 Stiffener design
Two main types of stiffeners used in plate girders are

1. Intermediate stiffeners: These carry concentrated transverse forces and divide the
web into panels and prevent it from buckling. They resist direct forces from ten-
sion field action if utilized and possible external loads. They are usually designed
as rigid stiffeners, and consequently, the panels between two rigid transverse
stiffeners may be designed independently without an interaction with adjacent
panels.

2. Load-bearing stiffeners: These are required at all points where substantial loads are
applied and at supports to prevent local buckling and crushing of the web. They are
usually designed to be the most effective. This is achieved when a further increase of
the stiffener cross section does not significantly increase the resistance of the stiff-
ened plate.

The stiffeners at the supports are termed ‘end posts’. They are always double sided to avoid
eccentricity at the introduction of large reaction forces.

Cross sections of stiffeners may be open or closed and single or double sided, as shown
in Figure 5.15.

5.3.4.1 Transverse stiffener

Transverse stiffeners should preferably provide a rigid support up to the ultimate limit state
for a plate with or without longitudinal stiffeners. Hence, they should be designed for both
strength and stiffness. Due to inevitable geometrical imperfections, transverse stiffeners
carry deviation forces from the adjacent compressed panels including out-of-plane bending
(see Figure 5.16).

ImWAN

Figure 5.15 Typical cross section of stiffeners: (a) single sided open stiffeners; (b) single sided closed stiffeners;
(c) double sided stiffeners.

(c)
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| Wo

A-A B-B

Figure 5.16 Mechanical model for transverse stiffener.

In principle, based on the second-order elastic analysis, both the following criteria should
be satisfied at the ultimate limit state:

e The maximum stress in the stiffener under design load should not exceed the yield
strength:

Opax < 5 (5.19)
Ym1

e The additional deflection should not exceed 6/300:

b
< -
w 300 (5.20)

where b is the plate width.

In the absence of transverse loads or axial forces in the stiffeners, the strength and deflec-
tion criteria earlier are satisfied if they have a second moment of area of the transverse
stiffener not less than

Ist=0‘“(b) (1+wo 320 u) (5.21)

" Oxp b \& &
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2
u= % >
£300b Ay

w, is the initial imperfection and w, < (1/300)min(a,, a,, b)

a, and a, are the panel lengths either side if the stiffener is under consideration

b is the height of the stiffener. They are defined in Figure 5.16

e,,.. 1s the distance from the edge of the stiffener to the centroid of the stiffener

N, is the maximum compressive force in the adjacent panels

G,,.» O, are the elastic critical stresses for column-like buckling and plate-like buckling

cryed Ve

For unstiffened plates, the critical column buckling stress is given by

2
- TEE (5.22)
120-v* )R
The critical plate buckling stress is given by
e (t)’ t)’
Oup=Ke——|—| =190,000ks;| — 5.23
? k"lza—vz)(b) k"(b) 23

where k is the buckling factor corresponding to the stress ratio y and boundary. For long
plates (o0 = a/b > 1.0), k, is given in Table 5.2 or Table 5.3 as appropriate; for plates with
o = alb < 1.0, and subject to uniform compression, k is given as

2
ferd)
o
For other details about 6, and o,, ,, see Section 4 and Annex A in EN 1993-1-5.

Table 5.2 Internal compression elements

Stress distribution

(compression positive) Effective width b,
O RSP Y= |

| bel | | be2 | be = pb

:L Ty :L b, =0.5b; b, =0.5b.;
T -~ >z

p P S

’L 7 b 1 ::L el — ﬂ eff e2 — Ueff = Pel

y<0

beg = pb, = pb(I — )
by = 0.4b,; b, = 0.6b,

VY = G,/C, I [>y>0 0 0>y>-| =1 -1 >y>-3
Buckling coefficient k 40 82/(1.05+vy) 78 781 -629y+ 23.9  5.98(1 - y)?
9.78y?
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Table 5.3 Internal compression elements

Stress distribution

(compression positive) Effective width b
beft
I >y >0

o, O beff =pb

[

! b L

1 1

b, b,
ja L 2
1 1 a
y<0
°! be = pb, = pb(1 = W)
02
beﬁ'
Y = G,/G, | 0 =1 -l >y>-3
Buckling coefficient k 043 0.57 0.85 0.57 - 0.21y + 0.07y?
b I>y>0
i b= pb

| Oy

|

" b b

1 a

’IL ’Ib ’Ib

b, b, y<0

o b= pb. = pb(l = y)

Iy o,

T
v = 6,/0, | I>y>0 0 0>wy>-I =1
Buckling coefficient k, 043 0578/(034+vy) 1.7 1.7 = 5y + 17.1y? 238

When u is less than 1.0, a displacement check is decisive and # is taken as 1.0. Otherwise,
a strength check governs.

To avoid LTB of the stiffeners with open cross sections, the following criterion should be
satisfied:

Lsg3h (5.24)
L E

where
I, is the polar second moment of area of the stiffener alone around the edge fixed to the
plate (see Figure 5.17)
I+ is the St. Venant torsional constant for the stiffener alone

5.3.4.2 Rigid end posts

Besides acting as a bearing stiffener resisting the reaction force at the support, a rigid end
post should be able to provide adequate anchorage for the longitudinal component of the
membrane tension stresses in the web. Anchorage may be provided in different ways, as
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Figure 5.17 Preventing torsional buckling of flat stiffeners.
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Figure 5.18 Rigid end-post details.

shown in Figure 5.18. A short I beam can be formed at the end of the plate girder by provid-
ing two double-sided stiffeners or by inserting a hot-rolled section. This short beam resists
longitudinal membrane stresses by its bending strength. The other possibility is to limit the
length g of the last panel, so that the panel resists shear loading for the non-rigid end-post
conditions.

To assure adequate stiffness and strength of the end post, the centre to centre distance
between the stiffeners e should be fulfilled:

e>0.1h,

4t (5.25)

The other flange of an end post with cross section Au should be checked also as a bearing
stiffener to carry reaction force R.

When a rolled section other than flats is used for end post, the section modulus should be
not less than 4h, ¥ for bending around the horizontal axis perpendicular to the web.
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5.3.4.3 Non-rigid end posts

When design criteria for rigid end posts are not fulfilled, the end post should be considered
as non-rigid. The reduced shear resistance of the end panels shall be calculated accordingly.
Examples of non-rigid end posts are shown in Figure 5.19.
Generally, single- and double-sided stiffeners may be used as non-rigid end posts. If the
end post acts as a bearing stiffener resisting the reaction at the girder support, they should
be double sided (see Figure 5.19).

5.3.4.4 Intermediate transverse stiffeners

Intermediate transverse stiffeners that act as a rigid support at the boundary of interior web
panels shall be checked for strength and stiffness. If the relevant requirements are not met,
transverse stiffeners are considered flexible. Their actual stiffness may be considered in the
calculation of the shear buckling coefficient k..

The minimum second moment of area of the effective section of intermediate stiffeners
acting as rigid supports for web panels should fulfilled that

3.3
Ist21.5hw:' or2 <2
a h,

(5.26)
L. > 0750 ¢ ﬁ;rhwi > 2

The strength is checked for the axial force N, ,, coming from the tension field action in
the two adjacent panels. EN 1993-1-5 gives a simplified procedure for the determination of
N The axial force N, ,,, is taken as the difference between the shear force Vi, in the

st,ten* st,ten

panels and the elastic critical shear force carried by the tension field action:

1. £
N =Vpg— — (5.27)
st,ten Ed 7w2, thw ,_3'YM )

where
V.4 1s the design shear force in the adjacent panels
Aw is the slenderness of the panel adjacent to the stiffener assuming the stiffener under
consideration is removed:

W
37 detfk,

B Sl e E

T’

—— o —

Figure 5.19 Non-rigid end posts.
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N i\\
\\\$ Neen \\

Figure 5.20 Axial force in intermediate transverse stiffener.

The axial force N,,,,, is larger than the actual force induced in the transverse stiffeners. A
reduced shear force V;; may be taken at the distance 0.55,, from the edge of the panel with
the largest shear force, as shown in Figure 5.20.
If N,, ., is negative, it is taken as 0.

To determine the buckling resistance of the stiffener, a portion of the web may be taken
into account. A section of the web in length equal to 15¢t on either side of the stiffener may
be considered (Figure 5.21).

For a symmetric stiffener, the effective area A, is given by

Aure= 2A5t+ @Oet, + )t (5.28)

15 €t,, s 15 €t,,

st

Figure 5.21 Effective cross section of stiffener.
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And the effective second moment of the area I, is given by
1 3
T =t Y e 6 (5.29)

where A, is the effective area of the stiffener
A= lierr Xt
lees =m in(1e,14et)

I, is the second moment of area of the stiffener
1
RETRLS

The out-of-plane buckling resistance of the transverse stiffener under transverse loads
and shear force should be determined from Clause 6.3.3 or 6.3.4 of EN 1993-1-1, using
buckling curve c. The effective length of the stiffener may be taken as 0.75h,, when both
ends are fixed.

5.3.4.5 Longitudinal stiffeners

Longitudinal stiffeners may be continuous or discontinuous. They are continuous when they
pass through the opening made in the transverse stiffeners or when they pass connected to
either side of the transverse stiffener. In all other cases, stiffeners have to be considered as
discontinuous.

Longitudinal stiffeners are usually installed on the same side of the web as single-sided
intermediate transverse stiffeners (see Figure 5.22a and b). Easier fabrication and better
fatigue details may be achieved by putting single-sided transverse stiffeners on one side of
the web and longitudinal stiffeners on the other side, as shown in Figure 5.22c.

I I |
(a) (b) (©

Figure 5.22 Position of longitudinal stiffeners: (a) stiffener with plates; (b) stiffener with channels; (c) stiffener
with angles.
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Figure 5.23 Discontinuity of longitudinal stiffeners: (a) appropriate detail; (b) unappropriate detail.

EN 1993-1-5 imposes the following limitations to discontinuous stiffeners:

To be used only for webs (i.e. not allowed in flanges)

To be neglected in global analysis

To be neglected in the calculation of stresses

To be considered in the calculation of the effective widths of web subpanels

To be considered in the calculation of the elastic critical stresses ¢,,, and o,, ,

In other words, discontinuous stiffeners should be taken into account only to increase bend-
ing stiffness of the stiffened plates and in the calculation of effective widths of subpanels but
should be excluded from transferring forces from one stiffened panel to another. To avoid
undesirable local failure modes in the plating, it is important that discontinuous stiffeners
terminate close to the transverse stiffeners, as shown in Figure 5.23.

5.3.4.6 Structural details

1. Welded plates
When the plate thickness is changed, the transverse weld in the plate should be suf-
ficiently close to the transverse stiffener so that the effect of eccentricity may be
disregarded. The distance of the weld from the transverse stiffener should fulfil the
requirement given in Figure 5.24. Otherwise the effect of eccentricity should be
accounted for in the design of the plate.

2. Cut-outs in stiffeners
Cut-outs in longitudinal stiffeners should be limited in length and depth to prevent
plate buckling and to control the net section resistance, as shown in Figure 5.25.

\

—/———

Transverse
stiffener

Transverse — }
/ splice of a plate b,

[ \ 4 ]

||

a .
a=min (minb;/2,200 mm) —#|——f=— > Transverse splice of a plate

Figure 5.24 Transverse weld in the plate.
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N

-
NI 2 Y—/fl\—_l #
Linin

Figure 5.25 Cut-outs in longitudinal stiffeners.

The length [ and depth b of the cut-out should not exceed

I<et,
IS 8tmin
<15t

min

for flat stiffeners in compression
for other stiffeners in compression
for stiffeners without compression

min

hSmJ’n(ljf,40mm)

When 6, ;,; < 6, zsand [ < 15¢,;,, the limiting value of the hole length [ for stiffeners in com-
pression may be increased by the factor /G, g /Oy g up to 15¢,,,,.
The dimensions of cut-outs in transverse stiffeners should be shown in Figure 5.26.
Additionally, the gross cross section of the web a—a adjacent to the cut-outs should resist
a shear force Vi

Let @k T
BQ = (5.30)
e Yuo kg
where
I,., is the second moment of area for the net section of the transverse stiffener b—b (see

Figure 5.26)

e is the maximum distance from the neutral axis of the net section to the outmost edge
of the stiffener

b is the length of the transverse stiffener between the flanges for web stiffeners

Figure 5.26 Cut-outs in transverse stiffeners.



Plate girders 129

5.4 DESIGN OF A PLATE GIRDER

A simply supported plate girder has a span of 18 m and carries two concentrated loads on the
top flange at the third points, consisting of 400 kN permanent action and 300 kN variable
load. In addition, it carries a uniformly distributed permanent load of 20 kN/m, which includes
an allowance for self-weight and an imposed load of 10 kN/m. The compression flange is fully
restrained laterally. The girder is supported on a heavy stiffened bracket at each end. The materi-
als of both web and flanges are Grade S275 steel. The web will be designed with rigid end post.

5.4.1 Loads, shears and moments

The factored loads are
Concentrated actions = (1.35 x 400) + (1.5 x 300) = 990 kN
Distributed action = (1.35 x 20) + (1.5 x 10) = 42 kN/m

The actions and reactions are shown in Figure 5.27a and the shear force diagram in
Figure 5.27b. The moments are

M, = (1368 x 6) — (42 x 6 x 3) = 7452 kN-m
M, = (1368 x 6) = (990 x 3) - (42 x 9 x 4.5) = 7641 kN-m

The bending moment diagram is shown in Figure 5.27c.

5.4.2 Girder section

The critical slenderness ratio for the web can be controlled by flange-induced buckling with
k = 0.4 as plastic rotation is not utilized. If the flanges resist the bending moment, from
Equations 5.4 and 5.5 A,, = A, the critical b, /t ratio is given by Equation 5.1.

990 kN 990 kN 42 KN/
C E D m
VA VA VAVAVAVAVAVAN
Al | [ B
A
| 6m | 6 m | 6 m |
I T T 1
(a) Loading
1368 kN
1318 kN
1116 kN
126 kN
12 m
(b) Shear force diagram
1611 kN-m
7452,N-m 7641 kKN-m
(c) Bending moment diagram

Figure 5.27 (a) Load, (b) shear and (c) moment diagrams.
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Assuming the thickness of the flange is larger than 16 mm, then the yield strength £, =
265 N/mm?.

h, B [Ay _

t £:\ Az 265

The optimum depth b, is given by Equation 5.6.

6
N :3\/317><7642><10 2090 mm
£ 265

Then the thickness ¢ is given as

e v 2090
A 317

Use t = § mm.
Assuming the flange is Class 2, the maximum ratio flange outstand to flange thickness is
10e where

8="§=O.924
275

So for the maximum flange outstand, c; = 10et; =10x0.924 Xtz = 924 t,
Use s = t,, so the flange width by = 2¢;+ 2s + t,, = 18.48¢,+ 24 mm, and the flange area

Ay = (18.481,+ 24)t,

From Equation 5.5,

W M 41x10°
Ap=m_  Mea _ THAIXIOL g e o4y =13,796mm?
h, h, (GAue) @,090X265)4.0
So
tt=266mm
b, =5156mm

Use a 28 x 500 mm plate.
Overall depth

h=h, +2t=2090+2%x28=2146mm
Use b =2000 mm:

h, =h- 2t =2000-2x28=1944mm
Actual web slenderness

h, 1944
&

The web is Class 4.

=243
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Maximum b, /t ratio
h, _ B [A, _ 210,000 [1984x8 _ . .
t fe\ A 265 500x 28

The actual value is below the allowable and is therefore satisfactory.
Plastic moment of resistance of the flanges

2
M pia = Ag— (h—t) = 28><500><1ijx1972= 7316 kM -

MO

5.4.3 Design of web

An arrangement for the stiffeners is set out in Figure 5.28. The design strength of web £, is

275 kN/m; the design strength of flange £,/ is 265 kN/m.

1. Panel I
Web contribution
Intermediate stiffener is 1.2 m from the support, so a = 1.2 m:

h, 1944 _
a 1200
2 _062<10
h,
For alh,, < 1.0,
h, 2
kT:4+5.34() =18.01
a

h, 1944 31
o 2PE% o435 g ——0.924\/18.01—121.6
t, 8 10V =10

Verification of shear buckling is necessary.

1200 1600 x 3 2000 x 3

Intermediate stiffener

Figure 5.28 Stiffener arrangement.
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Determine the normalized web slenderness ratio Ay:

- 1944
dow = 9 =1657
374etfk, 374x0924x8x+/18.01

As)hy >1.08

137
=_—-=° -058

Ko 0.7+ A

The shear resistance contribution from the web

£ 275x 19448
Viw 2d = Ao 058X =T T2 — 1432 kN
e za = Xoles 0 Sx10

Flange contribution

1 .6bst? 1.6%x500x%28% %265
c=a o.25++tff1f =1200{ 025+ - =325mm
t,hif, 8x1944% %275

2

12
Mpq=1368x12—42x =1611kN -m

Mf,Rd:Mpl,Rd:7316 kN'In

The shear resistance contribution from the flanges

2 2

bt M 500 % 28% X 265 1611

Vperd = ete e 1- Ed = l—( ) = 304 kN
CYu1 M ¢rq 325x1 7316

Verification for shear resistance

niuht
Vpra =V +V S LA
bRd bw Rd bf Rd \/E’YMI

1x275x1944x8

\/EYM 1

=1432+304< x1073

=1736 < 2469 kN

Vpa = 1368 KN <Vyzq = 1736 kN
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2. Panel I1

Vea =1368-12x42=1318kN (attheedgeofpanelll,x=12m)

a=1.6m
h, 1944 _ .
a 1600

2 _082<10
h,

For alh, < 1.0,
h, 2
k1=4+534() 1188
a

h, 1944 31
b, 1944 54503 ek =3 00241188 =987
t, 8 10VE =1

Verification of shear buckling is necessary. B
Determine the normalized web slenderness ratio Ay:

_ 1944 04
374et k. 374x0924x8x+/11.88

w =

AsAy, >1.08
XW =i=05
0.7+ Ay

The shear resistance contribution from the web

275% 1944 X
Vi na = Yo bty 7 = 0 5x 212X1944%8 _ 150y x
NEV J3x10

Flange contribution

¢ =325 mm

2

MEd=1368><1.8—42><1'8 = 3666 kN -m

The shear resistance contribution from the flanges

2
bt 2 2
Vpepy = De | [ Mea | | _ 50028 x 265 l_(3666) 240 kN
Vi1 M ¢pa 325x1 7316




134 Structural Steelwork: Design to Limit State Theory

Verification for shear resistance

h, t,
Vyra = Viy ra + Vpera < njw—:;y
M1

=1474 < 2469 kN

Veq = 1318 kN <V,zq =1474 kN

3. Panel 11T
Vgq =126 kKN  (@attheedgeofpanelIll,x=6m )
Mpg=7452kN - >M ¢4 = 7316 kN -m

So the contribution of flanges should not be accounted.
Vb,Rd :wa,Rd = 1110 kN >VEd = 126 kN

The girder is satisfactory for the stiffener arrangement assumed.

5.4.4 Stiffener design

1. Rigid end post

The design will be made using twin stiffener end post as shown in Figure 5.29. The end
post is designed to be rigid. Therefore, it must fulfil the following criteria:

e>20.dh, =0.1%xX1944m =0.1944m

Usee=02m
200 1200
e a
| [ ]
Fend lena=12 I\n
L B B Q) w
A 1 | |
146 |, 146
i E \ t,=8 300
-/ bend
1 (

Figure 5.29 Rigid end post.
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Pana _ % double sided)

End-plate din ensions:
d

Aa‘d24h‘”7
e
2
=300x122= 4%
200

=3600mm?>2488mm?

Deng —
ngji@l:£§:422<1%=129
g 12

The end-post plate is Class 3 and, therefore, fully effective.
. Intermediate stiffeners
The axial force from the tension field action can usually occur in the first intermediate
stiffener near support, where the shear force is the maximum.
The axial force N, ,,, is given by

st,ten

1
N stten =Vgq _ﬁtwhw \/;;]M )

V4 is determined at 0.5h,, from the stiffener with the higher shear force:

Vgg =1368-42(12-05%X1.944)=1358kN

The parameter of plate slenderness A is calculated assuming the stiffener is removed;
thus, a = 1200 + 1600 = 2800:

2 144510
h,

For alh,, > 1.0,

2
k¢=5.34+4(h”’) =727
a
T 1944 g1
374etfk,  374Xx0924x8x+727
1 1944x8x27
N s = 1358— 944x8X275 _ 495 1y

2612 J3
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The minimum stiffness requirement for all but two panels either side of the central stiffener

is given by the case a< /2h,.
So design on the least value of a

Is—1.5h$t3 1 1944° x 8°
- 2

= 12007 =393x10°mm*
a

Use a 12 mm thick plate; then the total breath of the stiffener [, is given by

6
X X
b=3/%=157.7mm

Use [, = 160 mm.

Strength check
Effective area

£=@=l33>14£=12.9

t 12

Lees = 146t=14Xx0924x12=155mm
Begro = 2Bg+ BOEL, + &) = 2X 155X 12+ 30X 0.924X8+12)x8=5590 mm 2

The axial force that can be carried by the stiffener Ny, is given as

275
Nirg = Acer o = SSQOXEX 1072 =1537 kN

Yuo
N g > N gen = 995 KN

And resistance Ny, exceeds the values of N, of all stiffeners.

Buckling check
Effective length [, = 0.75h,, = 0.75 x 1944 = 1458 mm

Effective second moment of area

1 312
Lﬁﬁt=51—s(213t,ﬁ+tw) = [, X @x155+8) = 32,157 432 mm*

32,157,432
jefE,st= Ieff,st — 4 ’ =758mm
Peg o 5,590

L 1458

. = =022>02
igah  758%X939%x0.924
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Use the buckling curve ¢ and the imperfect factor o = 0.49:

o= 0.5(1+oc(X—o.2)+Xz)= 05(1+049022-02)+022)=053

1 1
X: =
04107 —1° 053+053 -022?

=099

Nb,Rd ZXNRd =099%x1537 =1521kN
Nb,Rd>Nst,t31:995kN

The stiffener is satisfactory.
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Chapter 6

Tension members

6.1 USES, TYPES AND DESIGN CONSIDERATIONS

6.1.1 Uses and types

A tension member transmits a direct axial tensile force between two points in a structural
frame. An axially loaded tension member is subjected to uniform, normal tensile stresses at
all cross sections along its length. Ropes supporting a load or cables in a suspension bridge
are obvious examples. In building frames, tension members occur as

1. Tension chords and internal ties in trusses
2. Tension bracing members
3. Hangers supporting floor beams

Examples of these members are shown in Figure 6.1.
The main sections used for tension members are

1. Open sections such as angles, channels, tees, joists, universal beams and columns.

2. Closed sections: circular, square and rectangular hollow sections.

3. Compound and built-up sections: Double angles and double channels are common
compound sections used in trusses. Built-up sections are used in bridge trusses.

Round bars, flats and cables can also be used for tension members where there is no reversal
of load. These elements as well as single angles are used in cross bracing, where the tension
diagonal only is effective in carrying a load, as shown in Figure 6.1d. Common tension
member sections are shown in Figure 6.2.

6.1.2 Design considerations

Theoretically, the tension member is the most efficient structural element, but its efficiency
may be seriously affected by the following factors:

1. The end connections: For example, bolt holes reduce the member section.

2. The member may be subject to reversal of load, in which case it is liable to buckle
because a tension member is more slender than a compression member.

3. Many tension members must also resist moment as well as axial load. The moment is
due to eccentricity in the end connections or to lateral load on the member.

139
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Ties —
\ s/
Ties Member ineffective
() (d)
/> Hangers

Floor beam

(e)

Figure 6.1 Tension members in building: (a) roof truss; (b) lattice girder; (c) multi-storey building; (d) indus-
trial building; (e) hangers supporting floor beam.

L 1T 10
I _

Figure 6.2 Tension member sections: (a) rolled and formed sections; (b) compound and built-up sections.

—— 1 [ 1]
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6.2 END CONNECTIONS

Some common end connections for tension members are shown in Figure 6.3a and b.
Comments on the various types are

1. Bolt or threaded bar: The strength is determined by the tensile area at the threads.
2. Single angle connected through one leg: The outstanding leg is not fully effective, and
if bolts are used, the connected leg is also weakened by the bolt hole.

Full-strength joints can be made by welding. Examples occur in lattice girders made from
hollow sections. However, for ease of erection, most site joints are bolted and welding is
normally confined to shop joints.

Site splices are needed to connect together large trusses that have been fabricated in sec-
tions for convenience in transport. Shop splices are needed in long members or where the
member section changes. Examples of bolted and welded splices in tension members are
shown in Figure 6.2¢ and d.

6.3 STRUCTURAL BEHAVIOUR OF TENSION MEMBERS

6.3.1 Stress redistribution and connection

A tension member is often connected to the main or other members by bolts or welds. It
is usual to assume that the distribution of tensile stresses in the tension member is uni-
form. When connected using bolts, stress concentrations would occur at holes as shown
in Figure 6.4a. Connection details may affect the validity of this assumption in two ways.

\\/—j
-
Aes
5
&
\/
T M |
o — |
|| H |

——T ————

|
_

(d) Backing strip

Figure 6.3 End connections and splices: (a) threaded bar; (b) angle connections; (c) bolted splice; (d) welded
splice.
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|

Y

Y

Y

Y

Y

Y

fuvg
f ax= 3f avg
|
(a) Uniform stress Stress concentration
—_—
I.i.l
(b) Elastic stresses Nominal strength condition

Figure 6.4 Distribution of stress of tension member with hole: (a) stress concentration due to hole;
(b) equivalent stress distribution.

Firstly, if bolting is used, the cross-sectional area is reduced at bolt holes and the stresses
around the holes are increased locally. From the theory of elasticity, the tensile stress adja-
cent to a hole will be about two or three times the average stress on the net area. The high
local stress concentrations will cause favourable stress redistribution under static loading
situations. Secondly, some eccentricity in connections is often inevitable, and secondary
moments are therefore induced. These problems may be accounted for by the use of an effec-
tive net area rather than the gross area in the calculation of the design plastic resistance.
When a tension member with a hole is loaded statically, the point adjacent to the hole reaches
the yield stress £, first. The further loading, the stress at that point, remains constant at yield
stress, and each fibre away from the hole progressively reaches the yield stress, as shown in
Figure 6.4b. Deformations continue with an increase load; finally, rupture of the member occurs.

6.3.2 Concentrically tensile force

A tension member can fail by reaching one of two limit states: excessive deformation or
fracture. To prevent excessive deformation, initiated by yielding, the load on the gross sec-
tion must be small enough that the stress on the gross section is than the yield stress f,. To
prevent fracture, the stress on the net section must be less than the ultimate stress f,.

6.3.2.1 Member without holes

A steel member of constant cross-sectional area A and length L subjected to a concentrically
tensile load N is shown in Figure 6.5. When loaded, the member elongates by an amount e.
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Nll
N, s
zr \
- | Fracture
g
s ‘ | Plastic
L e
i i = | | Elastic
—— | —=— \ \
N N €y st Axial extension e
Tension member N-e relationship

Figure 6.5 Load—extension behaviour of a perfect tension member.

The load-extension relationship for the member is similar to the material stress—strain relation-
ship, as shown in Figure 6.5. The initial portion of the curve shows a linear elastic response
typical of a ductile material. That is, unloading of the member anywhere in that region causes
the member to return to its original undeformed state.

The tensile force N, the strain € and the extension e are related in the elastic region by the
expressions

_NL

e=¢L =
EA

(6.1)

where E is the Young’s modulus of elasticity. Linear behaviour continues until the stress
reaches the yield stress £, of the material.
The yield load of the member in tension is given by

N,=Af (6.2)

When the applied load reaches the yield load, the extension increases suddenly with little or
no increase in load until fibres begin to strain harden. After strain hardening commences,
the load increases slowly until it reaches the ultimate strength of the tension member:

N,=Af (6.3)

Here, f, is the ultimate tensile stress of the material.
Beyond the ultimate strength, a local cross section of the member necks down, and the
applied load N decreases until fracture occurs.

6.3.2.2 Member with holes

For members connected by bolting, the section resistance is weakened by the reduction of
the cross-sectional area due to the presence of the holes, and an additional check is required.
The tension member may fail before the gross yield load N, is reached by fracturing at s
hole. The fracture load is given by

N, =Apaf (6.4)

where A, . is the net area of the cross section.

net
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N
'

n=2

A |
\
\
A Plate thickness = ¢

Figure 6.6 Non-staggered arrangement of fasteners.

The net area of the cross section is the gross area less the deductions for bolt holes and other
openings. For each fastener hole, the deduction is the gross cross-sectional area of the hole.

When fasteners are not staggered, the total area to be deducted from any cross section
perpendicular to the member axis is the maximum sum of the sectional areas of the holes as
shown in Figure 6.6. The net area of the cross section is given by

Ane = A —nd,t (6.5)

where 7 is the number of holes in line A-A.
When fasteners are staggered, the total area to be deducted should be taken as the greater of

1. The sum of the sectional area of the holes on any line perpendicular to the member
axis
2. t(nd0 -3¢ /4p), which measured on any diagonal or zigzag line across the member

where
s is the staggered pitch parallel to the member axis
p is the spacing of the centres of the same holes measured perpendicular to the
member axis
n is the number of holes extending in any diagonal or zigzag line progressively
across the section ¢
d, are shown in Figure 6.7

t% Vo2 770 77 W) 0 7772

Figure 6.7 Staggered arrangement of fasteners.
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An example is taken in Figure 6.7.
On section A-A,

Net area = A - dyt — the minimum area is taken as A,,,,.

On section A-B,

gt . :
Net area = A - 2d,t + e the minimum area is taken as A,,,,.
p

6.3.3 Eccentrically tensile force

Where members are connected unsymmetrically or the member itself is unsymmetrical
(angles, tees, channels), the eccentricity of the connection should be accounted for. The
effect of eccentric connections is to induce bending moments in the member, whilst the
effect of connecting to some but not all elements in the cross section is to cause those regions
most remote from the connection points to carry fewer loads. In the particular case of an
angle connected by a single row of bolts in one leg, the member may be treated as concentri-
cally loaded, as shown in Figure 6.8.

The effect of induced bending moment can be approximated by reducing the cross-sec-
tional area of the member to an effective net area, and design it as concentric load. The
effective net area A, ,+is dependent on the number of bolts and the pitch p,. The expression
of A, .1s given by

* For one bolt, A,,, ;= 2(e; - 0.5d,)t (6.6)
* For two bolts, A,,, ;s = BrA,. (6.7)
* For three or more bolts, A,,, .= B;A,,, (6.8)

where A,,, is the net area of the angle.

Values of reduction factors B, and B; can be found in Table 6.1.

For an unequal angle connected by its smaller leg, A,,, is taken as the net section area of
an equivalent equal angle of leg length equal to the smaller leg of the unequal leg, as shown
in Figure 6.9a.

€1

v P S S ¢

(b) (©

Figure 6.8 Angles connected with bolts by one leg: (a) one bolt; (b) two bolts; (c) three or more bolts.
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Table 6.1 Reduction factors 3, and f,

Pitch p, <25 d, >5.0 d,
B 0.4 07
B, 0.5 07

Note: For intermediate values of pitch p,,
values of f may be determined by linear
interpolation.

(b)

Figure 6.9 Net area of angle with holes: (a) equivalent equalangle; (b) measure of spacing p.

For angles and other members with holes in more than one plane, the spacing p should
be measured along the centre of thickness of the material as shown in Figure 6.9b. From
Figure 6.9b, the spacing p comprises two straight portions and one curved portion of radius
equal to the root radius plus half the material thickness.

For an equal angle or an unequal angle connected by the larger leg by welding rather than
bolting, the eccentricity may be neglected, and the effective area A,,, may be taken as equal
to the gross area A. For an unequal angle connected by the small leg by welding, the effec-
tive cross-sectional area taken as the relative equal angle uses the small leg. Examples of the
effective cross-sectional area to be adopted are shown in Figure 6.10.

6.3.4 Block tearing

Block tearing is a failure mode in which one or more blocks of plate material tear out from
the end of a tension member or a gusset plate. For example, the connection of the single
angle tension member shown in Figure 6.11 is susceptible to this failure. For the figure illus-
trated, the shaded block would tend to fail by shear along the longitudinal section ab and by
tension on the transverse section bc.

For certain arrangements of bolts, block shear would also occur in gusset plates as shown
in Figure 6.12. The blocks are generally rectangular in shape when bolts are arranged
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(a) (b)

Effective area = gross area

ly>1

(c)

Figure 6.10 Effective area of welding connected angle: (a) equal angle; (b) unequal angle; (c) effective area

taken as gross area of a smaller angle.

\

Shear

Failure block Tensmn

Figure 6.11 Block tearing subject to concentric load.

L

(b)Block tearing in gusset plate

Block tearing in tension member

Figure 6.12 Block tearing subject to eccentric load: (a) end connection; (b) block tearing.
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without stagger and are bounded by the centrelines of bolt holes. The tensile failure occurs
along the horizontal limit of the block, and shear plastic yielding occurs along the vertical
limit of the block. Thus, block tearing resistance may be defined as the sum of the shear
resistance provided by the shear area parallel to the tensile force and the tensile resistance
provided by the tension area perpendicular to the load.

Design criteria for block tearing resistance are given in Clause 3.10.2 of EN 1993-1-8.

¢ For symmetric bolt groups subject to concentric loading (see Figure 6.12), the design
resistance for block tearing V., z, is determined from the following equation:

_ fRn, AAB)ER,,

vefE,l,Rd -

(6.9)

M2 Yuo

¢ For member end with a shear force acting eccentric relative to the bolt group, the
design resistance for block tearing V, ., , is determined from the following equation:

£l | LA3)EA,,

Veff,Z,Rd:O-s
M2 Ymo

(6.10)

where
A, is the net area subjected to tension
A, is the net area subjected to shear
Yaa is the 1.1 from Singapore Annex (partial factor for resistance to fracture of
Cross sections in tension)
Yuo is the 1.00 (partial factor for resistance of cross sections)

Equations earlier consider block shear to be a combination of shear fracture and tensile
yield, as evidenced from the first and second term, respectively.

Block tearing failure occurs when high tensile forces are transmitted through relatively
thin material and a short connection length. Thus, connections detailed using relatively few
large diameter bolts and minimum values specified for bolt pitch p,, end distance e, and
spacing p should be checked for adequate block shear strength.

Block tearing failure can also occur in welded connections, especially in gusset plates, and
is bounded by the centrelines of fillet welds.

6.3.5 Bending moment in tension member

1. Elastic analysis
Tension members often have bending actions caused by eccentric connections, eccentric
loads or transverse loads, including self-weight. These bending actions, which interact
with the tensile loads, reduce the ultimate strengths of tension members and must there-
fore be accounted for in design. Figure 6.13 illustrates that the transverse deflections w of
a tension member caused by the axial tension N induce restoring moment My, that oppose
the bending action. It is a common and conservative practice to ignore these restoring
moments that are small when either the deflection w or the tensile force N is small.
When the tension member is subjected to axial tension N and moments M, and M,
about the y—y and z—z axes, respectively, the individual stresses can be given as

D:irecttensi]esu:%ﬂzNX (6.11)
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| A

w%‘% Tﬁj\}://qw N

:
Al A

Figure 6.13 Bending moment diagrams of a tension member: (a) transverse load only; (b) transverse load
with axial tension.

Tensile bending stress caused by the y—y axis bending moment

fy=—= (6.12)

W ey

Tensile bending stress caused by the z—z axis bending moment

M,
£, = W as (6.13)
where W, and W, are elastic modulus for the y—y and z—z axes, respectively.

In this case, the maximum stress in the member can be safely approximated by
frox = £+ £y + 5, (6.14)

The nominal first yield of the member therefore occurs when £, = f,.
The interaction expression to give permissible combinations of stress is given by

E+E,+ 5, =5 (6.15)

2. Plastic analysis
For a section with two axes of symmetry (as shown in Figure 6.14a), the moment is
resisted by two equal areas extending inwards from the extreme fibres. The central
core resists the axial tension. The stress distribution is shown in Figure 6.14a for the
case where the tension area lies in the web. At higher loads, the area needed to support
tension spreads to the flanges, as shown in Figure 6.14b.
For design strength f,, the tension and bending capacity of the section can be given as

Ngq = £A (6.16)

Mypira = £ by (6.17)

M pira = £ p1e (6.18)
where

W, 1 is the plastic modulus of the section about y—y axis

Y
W, ,11s the plastic modulus of the section about z—z axis

Z
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5 5 5

1. Compression from moment
2. Direct tension

3. Tension from moment

Figure 6.14 Plastic analysis: tension and moment about one axis: (a) Tension area in web; (b) tension area
spread to flanges.

For the section subjected to an axial tension N that is less than Ny, and bending moment
about the major y—y axis, if the tension area is in the web (as shown in Figure 6.14a), the
length [, of web supporting N is

1 = N (6.19)

%

The reduced moment capacity in the presence of axial load is

M y = (W ply _tf] @ (620)

A more complicated formula is needed where the tension area enters the flanges, as shown
in Figure 6.14c.

In this case, the applied moment must be less than the reduced moment capacity.

Solutions can be found for sections subject to axial tension and moments about both axes
at full plasticity. I sections with two axes of symmetry have been found to give a convex
failure surface, which are constructed in terms of N/Ng,, M, /M, , zs and M, /M, z4, as
shown in Figure 6.15, where M,, is the reduced moment capacity for the z—z axis in the pres-
ence of axial tension.
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A

Tension

Moment y—y axis

Moment z—z axis

Figure 6.15 Plastic analysis: tension and moment about two axes.

Any point P on the failure surface gives the permissible combination of axial load and
moments the section can support. A plane may be drawn through the terminal points on
the failure surface. This can be used to give a simplified and conservative linear interaction
expression:

N +My,Ed +MZ,Ed

N Rd M y/pLRd M z,plLRd

=1 (6.21)

where
M, g4 i's the appli'ed moment about the y—y ax'is
M, 4 is the applied moment about the z-z axis

6.4 DESIGN OF TENSION MEMBERS

Basic design of a tension member is essentially simple; it can be summarized as a provision
of sufficient cross-sectional area to resist the applied force. EN 1993 states that tension resis-
tance should be verified as follows:

Nea 210
N tRd
or
N gq <N tRd
where

N, is the design value of tension force
N, g4 s the resistance of the tension member
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6.4.1 Axially loaded tension members

The design tension resistance N, p, is limited either by the lesser of yielding resistance of the
gross cross section N, z4 that can prevent excessive deformation of the member or ultimate
(or fracture) resistance of the net cross section.

The yielding resistance of the section is given as

N e = 0 (6.22)

MO
The ultimate resistance of the net cross section is given as

09A5

u,Rd =
Yu 2

(6.23)

where
A is the area of the cross section
A,.. is the net area of the section
f. is the ultimate stress of steel

Ywo = 1.0
Yu2 = 1.1 from Singapore Annex

For capacity design, the design plastic resistance of the gross cross section should be less
than the design ultimate resistance of the net cross section. The factor 0.9 was deduced from
a statistical evaluation of a large number of test results.

Inclusion of the 0.9 factor enabled the partial y,, factor to be harmonized with that applied
to the resistance of other connection parts.

6.4.2 Simple tension members

If a member is connected in such a way as to eliminate any moments due to connection ecce-
ntricity, the member may be designed as a simple tension member. The method of strength
design of simple tension member is similar to the method of concentrically loaded members. The
‘0.9A,,,;” used in Equation 6.23 can be replaced by the effective net area A,,, ¢ For two or more
bolts connected member, the factor 0.9 can be replaced by the reduction factors B, or p;. The
design ultimate resistance of simple tension member should be determined as follows:

206 -05d,)f,

W ih 1 bok,N gg=—"""— (6.24)
Yu 2
W ith 2 bolts, N g = P2Pnef (6.25)
M2
W ith 3 orm orebols, N ,zq4 :M (6.26)
Y2

If there are two or more bolts across the angle leg, the net area of the connected leg is deter-
mined using the method in Section 6.3.2, and the reduction factor-f is determined by the num-
ber of bolts along the length of the leg. This arrangement is often used to minimize the size of
the connection components, such as the gusset plate. For more details, see Section 6.6.2.

For welded-angle tension member, the effective area discussed in Section 6.3.3 should be
used in Equation 6.23 to determine the design resistance.
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6.4.3 Tension members with moments

Clause 6.2.1 (7) of EN 1993 gives a conservative approximation for all cross sections of a
tension member subjected to combined bending and axial force. The bending may be about
one or both principal axes, and the axial force may be tension or compression. The linear
interaction expression is given by

Nea  Myza  Mopa oy (6.27)

N Rd M yRd M z,Rd

where
M, psand M, ;, are the design bending moments
M, rgand M, p, are the design values of the resistance depending on the cross-sectional
classification and including any necessary reduction due to shear effects

Equation 6.27 is rather conservative, and its purpose is to determine the initial member siz-
ing. EN1993 also prescribes refined methods for designing Class 1 and 2 and Class 3 and 4
cross sections.

Class 1 or 2 sections with mono-axial bending and axial tension
For Class 1 and 2 cross sections, the applied bending moment M, is less than the reduced
plastic moment resistance My g, as follows:

Mgqg <My ra (6.28)

where My, is the design plastic moment resistance reduced due to the axial force Np,.

1. For a rectangular solid section without fastener holes, the reduced plastic moment
resistance is given by

My ga =M pira @ —17) (6.29)
where
_ N eq
N plRd

2. For small axial loads, the reduction in plastic moment capacity is essentially offset
by material strain hardening and may be neglected. For doubly symmetrical I and H
sections or other flanges sections subjected to axial force and major (y—y) axis bend-
ing moment, no reduction in the major axis plastic moment resistance is necessary
provided that both of the following criteria are satisfied:

N gg < 025N ,1z4q (6.30)

05h,t,

Yuo

Npgg < (6.31)
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And similarly, for doubly symmetrical I and H sections subjected to axial force and major (z—z)
axis bending moment, no reduction in the minor axis plastic moment resistance is necessary when

N, < ot (6.32)

Yuo

If the aforementioned criteria are not met, a reduced plastic moment resistance must be cal-
culated, which is provided in Clause 6.2.9.1(5) of EN 1993.

¢ For rolled or welded I and H sections with equal flanges,

l1-n
M N ,yRd =M pLyRd T~ _ butM N yRd S M plyRd (6.33)
1-05a
M LizRra forn<a
My zra = n—a 2 (6.34)
M pizra|1— 1-a forn>a

where a is the ratio of the area of web to the total area and

A — 2bte
a=———— buta<o05

e For rectangular hollow sections of uniform thickness and welded box sections with
equal flanges and equal webs,
l1-n

My yra =M piyra -0 576.0, but My yzra £M piyra (6.35)

l1-n
M N zRd — M pl.zxdm but M N yRd <M plyRd (6.36)

where

. A —2bt
For hollow sections, a, = e but a, <05

. A -2b
For welded box sections, a, = th but a, <05

For hollow sections, a; = A_szt but a; <05

. A —-2b
For welded box sections, a; = Tt” but a; <05

Class 1 or 2 sections with mono-axial bending and axial tension

EN 1993 also provides an alternative to Equation 6.27 for the section resistance to axial
tension and bending about both principal axes of Class lor 2 cross sections. Equation 6.37
represents a more sophisticated convex interaction expression as follows:

o B
M
yea | | Maza | oy (6.37)
My yRd My zZRd

The interaction expression was discussed in Section 4.4.2(2).
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Class 3 or 4 sections

As an overview, for Class 3 sections, the maximum longitudinal stress due to bending
moment and axial tension must be less than the yield stress of the steel. For Class 4 sections,
the maximum longitudinal stress calculated using the effective cross sections due to com-
bined actions must be less than the yield stress of the steel.

6.5 DESIGN EXAMPLES

6.5.1 Angle connected through one leg

Design a single angle to carry an axial permanent action of 70 kN and an imposed load of
35 kN.

1. Bolted connection
Design load = 1.35 x 70 + 1.5 x 35 = 147 kN
Try an 80 x 60 x 7 angle of S275 steel connected through the long leg by a single low
of two 20 mm bolts in 22 mm holes at 80 mm centres, as shown in Figure 6.16a.
Design strength
t=7mm, f,=275N/mm?, f, =430 N/mm?

Net area

A=(G65+765)x7=931mm?

Ape= 665+765-22)x7=777mm°

<
o|
B | g 22 |
7 | |
1 \? T T
\ 76.5 \ \
! 50 80
@ 50 BN |
(=] [
n A
o)
\ 67
I
70
(b)

Figure 6.16 Single angle connected through one leg: (a) bolted connection; (b) welded connection.
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The spacing

pp=80mm
B_80_54
d, 22

Using Table 6.1, for intermediate values of pitch p,,values of p may be determined by
linear interpolation

07-04
=04+ @B64—-25)——|=054
B e )( : 25)

The ultimate resistance of the net cross section

 BAnef.  054x777x430

N yrg = X107 = 164kN
. Yu 2 1.1

The yielding resistance of the section

Af, _931x275
Yuo 10

1073 = 256kN > 164kN

N plLRd —

Nt,Rd :Nu,Rd = 164kN > 147kN

Design resistance in block tearing considering rows as staggered:

45

| 130 |

A= (45-11)x7 = 238mm?

A, = (@130-33)Xx7=679mm >

£l , €/V3)5AN

Yu 2 Yuo

vefflz’Rd = 05

_ 05x430x238 275679

11 J3

=465+107.8=154 3kN > 147kN

The angle is satisfactory.



Tension members 157

2. Welded connection
Try 70 x 50 x 6 L connected through the long leg (see Figure 6.16b):
The net area equal to the cross-sectional area

A=A =(67+47)x6=684mm?

The yielding resistance of the section

Af  684x275
Yao 1.0

x 1073 = 188kN

N pira =

The ultimate resistance of the net cross section

09A .f, 09%X684x430
Yu 2 11

X107 = 241kN

uRd =

N tRd — N plLRd — 188kN > 147 kN

The angle is satisfactory.

6.5.2 Unequal angle connected to a gusset plate

A 125 x 75 x 10 unequal angle loaded in tension is to be connected to a gusset plate of 10 mm

thickness. S275 steel is used for the angle and the gusset plate. Six 20 mm diameter bolts in

22 mm holes are used in a staggered line to connect one leg of the angle to the gusset plate, as

shown in Figure 6.17. Check the member for a design tension force of N, z;, = 300 kN.
Design strength

t=10 mm, f, =275 N/mm?, f,=430N/mm?

Gross cross-sectional area of the angle

A=1910mm?

The yielding resistance of the section

Af  1910x275
Nppa=—— ="
Tmo 10

x 1073 = 525kN

For staggered holes, the net area should be taken as the lesser of

¢ Gross area minus the deduction for non-staggered holes

&
. a- {ndo _ z@)
Deductions for non-staggered holes

A-1d;=1910-10x22=1690mm?
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75
— TV mmmmzz
Q
4
_/4,%
« a
- n
h %
P 7
N7
(b) #

7/0/00 .

L 220 |

Figure 6.17 Angle connected to a gusset plate: (a) gusset plate connection; (b) connection detail; (c) block
tearing.

Net area through two staggered holes

n=2
s=35mm
p=45mm

2
A- ndo—zi ~1910-10| 2x 22>
4p 4x45

=1538mm?<1690mm?
Therefore, A,,, = 1538 mm?
The spacing
pr=2s=70mm

2 _7%_ 318mm

d, 22
By interpolation of three bolts in one row, using Table 6.1, for intermediate values of pitch
P4, values of B; may be determined by linear interpolation

07-04
=04+ @3.18-25)——[=048
p. =04+ pas-25{ 7 °%)
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The ultimate resistance of the net cross section

_ BsAnef, 048x1538%x430

N yra = X107 = 288 6kN < 525kN
Yu 2 1.1

N iza = N uga = 288 6kN > 275KkN

Design resistance in block tearing considering rows as staggered, as shown in Figure 6.16¢

flAnt + (]'/\/3 )@Anv

VdE,Z,RdZO'S
Ym 2 Tmo

_ 05x430x 80-22)x10  275x 220-3x22)x10

11 J3

=1134+2445=3579kN > 270kN

The angle is satisfactory.

6.5.3 Hanger supporting floor beams

A high-strength Grade S450 steel hanger consisting of a 203 x 203 UC 52 carries the fac-
tored loads from beams framing into it and from the floor below, as shown in Figure 6.18a.
Check the hanger at the main floor beam connection.

The properties of the section

h=2062mm
b=2043mm
t =79mm

tt=125mm

2 at 150 kN
m 150 kN
Xy 12.5
T | ———
I ¥.. q}fl_l___ T 7
[ [T] 400 kN
| 4|41
|

iy
|

dy=22 mm

x 400 kN

204.3

dy=22 mm

L
Figure 6.18 High-strength hanger.



160 Structural Steelwork: Design to Limit State Theory

S _ 704

te

S 204

t
Way,=510am’

f, = 550N /mm?
The net section is shown in Figure 6.18b.
Bpe =6630— 2X22)Xx95=6212mm°
Check the limiting proportions of the section

=704<10e=72

=2002<726e=51.84

AR afe

The section is Class 2.
The applied axial load

Ngg =2x%x150+650+400=1350kN

The design plastic resistance of reduction cross section

Anf, 6212x450
Yy o 1.0

= 2794 5kN

Nled:

0 25N plRd =698 .5kN <N Ed

Therefore, allowance for the effect of axial force on the plastic moment resistance of the
cross section must be made.

M pq = 400X 022 = 88 kN -m
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n= _NE _04g

plRd

as A—-2bty 6630-2x2043x125
A 6630

=023

Wiy _ 567 X450

M = X107 = 255kN -m
plyRd Yuo 1.0
1-n 1-048
M =M 2T _os5x -~ "%  _1505KkN-m < 255kN -m
MR T PWYRA ) ) 5a 1-05x023

M gy = 88KN 1 <My ,zq = 150 5kN -m

The hanger is satisfactory.
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Chapter 7

Compression members

7.1 TYPES AND USES

7.1.1 Types of compression members

Compression members are one of the basic structural elements and are described by the
terms ‘columns’, ‘stanchions’ or ‘struts’; all of which primarily resist axial load.

Columns are vertical members supporting floors, roofs and cranes in buildings. Though
internal columns in buildings are essentially axially loaded and are designed as such, most
columns are subjected to axial load and moment. The term ‘strut’ is often used to describe
other compression members such as those in trusses, lattice girders or bracing. Some types
of compression members are shown in Figure 7.1. Building columns will be discussed in this
chapter and trusses and lattice girders are dealt with in Chapter 8.

7.1.2 Compression member sections

Compression members must resist buckling, so they tend to be stocky with square sections.
The tube is the ideal shape, as will be shown in the following. These are in contrast to the
slender and more compact tension members and deep beam sections.

Rolled, compound and built-up sections are used for columns. Universal columns are
used in buildings where axial load predominates, and universal beams are often used to
resist heavy moments that occur in columns in industrial buildings. Single angles, double
angles, tees, channels and structural hollow sections are the common sections used for
struts in trusses, lattice girders and bracing. Compression member sections are shown in
Figure 7.2.

7.1.3 Construction details
Construction details for columns in buildings are

1. Beam-to-column connections
2. Column cap connections

3. Column splices

4. Column bases

1. Beam-to-Column Cap Connections

Typical beam-to-column connections and column cap connections are shown in
Figure 7.3a and b, respectively.

163
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Bracing strut Struts in

/ truss

7 §

<—— Crane column

Wind

Building columns

(@ (b)

Figure 7.1 Types of compression members: (a) multi-storey building; (b) industrial building.

Fillet welds
Universal Built-up Box column
column H-section
Battened column Crane and building column

1 I T O

Strut sections for trusses, lattices, girders and bracing

Figure 7.2 Compression member sections.

2. Column splices

Splices in compression members are discussed in Section 6.2.7 of BS EN1993-1-8.
Where the members are not prepared for full contact in bearing, the splice should be
designed to transmit all the moments and forces to which the member is subjected at
that point. Where the members are prepared for full contact, the splice should provide
continuity of stiffness about both axes and resist any tension caused by bending.

In multistorey buildings, splices are usually located just above floor level. If butted
directly together, the ends are usually machined for bearing. Fully bolted splices
and combined bolted and welded splices are used. If the axial load is high and the
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-

1
IT—ir—r

I

Tt
T il 11N

Il
- —

-

(c)

Figure 7.3 Column construction details: (a) flexible beam to column connections; (b) column cap connec-
tions; (c) column splices.

moment does not cause tension, the splice holds the columns’ lengths in position.
Where high moments have to be resisted, high strength or friction-grip bolts or a

full-strength welded splice may be required. Some typical column splices are shown
in Figure 7.3c.

3. Column bases
Column bases are discussed in Section 7.10.

7.2 LOADS ON COMPRESSION MEMBERS

Axial loading on columns in buildings is due to loads from roofs, floors and walls transmit-
ted to the column through beams and to self-weight (see Figure 7.4a). Floor beam reactions
are eccentric to the column axis, as shown, and if the beam arrangement or loading is asym-
metrical, moments are transmitted to the column. Wind loads on multistorey buildings
designed to the simple design method are usually taken to be applied at floor levels and to
be resisted by the bracing and so do not cause moments.

In industrial buildings, loads from cranes and wind cause moments in columns, as shown

in Figure 7.4b. In this case, the wind is applied as a distributed load to the column through
the sheeting rails.
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=3 E3
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Axial load Unsymmetrical
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_ Eccentricity
l Roof ™ Wheels
«>
Surge
N
Roof load Crane loads

Roof

7 tg/\)(/all \

Wind

Multi-storey frame

(c)

Figure 7.4 Loads and moments on compression members: (a) column in multi-storey buildings; (b) column

in an industrial building; (c) rigid frame buildings.

In rigid frame construction, moments are transmitted through the joints from beams to
column, as shown in Figure 7.4c. Rigid frame design is outside the scope of this book.

7.3 CLASSIFICATION OF CROSS SECTIONS

The same classification that was set out for beams in Section 5.3 is used for compression
members. That is, to prevent local buckling, limiting proportions for flanges and webs in
axial compression are given in Table 5.2, BS EN 1993-1-1. The proportions for rolled and

welded column sections are shown in Figure 7.5.

Portal
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t J t-—-;l [ -

 c—rr—
Universal Welded Welded box column
column column

Limiting proportions

Element Section type Class 1 Class 2 Class 3
p 9e 10e 14e

flange Welded c/t <

Web subject to Rolled ¢/t <

compression 33e 38¢ 42¢

throughout Welded ¢/t <

All elements in compression due to axial load: e=_[235/ y

Figure 7.5 Limiting proportions for rolled and welded column sections.

7.4 AXIALLY LOADED COMPRESSION MEMBERS

7.4.1 General behaviour

Compression members may be classified by length. A short column, post or pedestal fails
by crushing or squashing, as shown in Figure 7.6a. The squash load N_, in terms of the
design strength is
A
N cra = L
Yuo
where A is the area of cross section.
A long or slender column fails by buckling, as shown in Figure 7.6b.

l Direction of
buckling

Buckling £ |_| <
l
Crushing '\D:
®
T i O
(a) (b) (© (d

Figure 7.6 Behaviour of members in axial compression: (a) short column; (b) slender column; (c) universal
column; (d) bar and tube of same area.



168 Structural Steelwork: Design to Limit State Theory

The failure load is less than the squash load and depends on the degree of slenderness.
Most practical columns fail by buckling. For example, a universal column under axial load
fails in flexural buckling about the weaker z—z axis (see Figure 7.6¢).

Limiting proportions

Element Section type ~ Class | Class 2 Class 3

Outstand element of Rolled ¢/t < 9¢ 10e I4¢e
compression flange Welded ¢/t <

Web subject to Rolled c/t < 33e 38¢ 42¢

compression throughout ~ Welded ¢/t <

All elements in compression due to axial load: € = \/235 4,

The strength of a column depends on its resistance to buckling. Thus, the column of
tubular section shown in Figure 7.6d will carry a much higher load than the bar of the same
cross-sectional area.

This is easily demonstrated with a sheet of A4 paper. Open or flat, the paper cannot be
stand on edge to carry its own weight, but rolled into a tube, it will carry a considerable
load. The tubular section is the optimum column section having equal resistance to buckling
in all directions.

7.4.2 Basic strut theory

1. Euler load
Consider a pin-ended straight column. The critical value of axial load P is found by
equating disturbing and restoring moments when the strut has been given a small
deflection z, as shown in Figure 7.7a. The equilibrium equation is

This is solved to give the Euler or lowest critical load:
N,, = mEL/L?

In terms of stress, the equation is

where
I, is the moment of inertia about the minor axis z—z
L is the length of the strut
N is the axial load
i, is the radius of gyration for the minor axis z—z = (I /A)%°
6., = N,,/A is the Euler critical stress
A is the slenderness ratio = L/i,
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Initial Final :Z:|
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Y— || —Y
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N, N N
(a) (b) (c) (d)

Figure 7.7 Load cases for struts: (a) initially straight strut Euler load; (b) strut with initial curvature; (c) strut
with end eccentricity; (d) column section.

The slenderness A is the only variable affecting the critical stress. At the critical load,
the strut is in neutral equilibrium. The central deflection is not defined and may be of
unlimited extent. The curve of Euler stress against slenderness for a universal column
section is shown in Figure 7.9.
2. Strut with initial curvature

In practice, columns are generally not straight, and the effect of out of straightness on
strength is studied in this section. Consider a strut with an initial curvature bent in a
half sine wave, as shown in Figure 7.7b. If the initial deflection at x from A is z, and
the strut deflects z further under load N, the equilibrium equation is

2

L2 o N 2+ 2)
dx? %

where deflection z = sin(mx/L). If 3, is the initial deflection at the centre and & the addi-
tional deflection caused by N, then it can be shown by solving the equilibrium equa-

tion that
E: N AN
80 1_N /Ncr

The maximum stress at the centre of the strut is given by

_N7+N ©o+dh
A L

Omax

where b is shown in Figure 7.7d.



170 Structural Steelwork: Design to Limit State Theory

In the earlier equation,

G,.ax = 1, 1s the yield strength

N_, is the Euler load

I, = Ai? is the second moment of area about the z—z axis
A is the area of cross section

i, is the radius of gyration for the z—z axis

b is half the flange breath

If the limited strength is taken as the yield strength, f,, then the limiting axial buckling
load, N,, for which the earlier elastic analysis is valid, can be rewritten as

N,=ag— Ne@FTdhA
I,
where Af, is the squash load

Sh W,

N,=Af -2 2
? @ Ji a-_Nb/Ncr)

which can be solved for the dimensionless limiting factor, x = N,/Af,

Af, 2 Af(1-N,AN.) | Af

Nb_l:1+(1+n)Ncr/A§,]_ 1+ Q+MN AL ’ N o ”
- nt

where 1 = 8,/h/i% is the imperfection parameter.
Alternatively, the earlier equation can be rearranged to give the dimensionless reduc-
tion factor, y = N,/Af,:

1

=t
O+ D2 -2

in which

2
:1+n+7L and X Af,

2 N o

o

and n can be rewritten as N =0 (A — 02 in which o is an imperfection factor corre-
sponding to the appropriate buckling curve in Figure 6.4 and should be obtained using
Tables 6.1 and 6.2 from BS EN1993-1-1. For the slenderness, A <02, the buckling
effects may be ignored and only cross-sectional checks apply.

The imperfection factor, o, can be obtained from Table 6.1 from BS EN1993-1-1;
o =0.13, 0.21, 0.34, 0.49 and 0.76 represent the compressive curves a,, 4, b, ¢ and d,
respectively. The reduction factor, 7, can also be obtained from Figure 6.4 using the
non-dimensional slenderness, A.
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7.4.3 Practical strut behaviour and design strength

1. Residual stresses
As noted earlier, in general, practical struts are not straight and the load is not applied
concentrically. In addition, rolled and welded strut sections have residual stresses,
which are locked in when the section cools.

A typical pattern of residual stress for a hot-rolled H section is shown in Figure

7.8. If the section is subjected to a uniform load, the presence of these stresses causes
yielding to occur first at the ends of the flanges. This reduces the flexural rigidity
of the section, which is now based on the elastic core, as shown in Figure 7.8b. The
effect on buckling about the z—z axis is more severe than for the y—y axis. Theoretical
studies and tests show that the effect of residual stresses can be taken into account
by adjusting the Perry factor n.

2. Column tests and design strengths
An extensive column-testing programme has been carried out, and this has shown that
different design curves are required for
a. Different column sections
b. The same section buckling about different axes

3. Sections with different thicknesses of metal
For example, H sections have high residual compressive stresses at the ends of
the flanges, and these affect the column strength if buckling takes place about the

minor axis.
Tension
Compression
= Compression Residual stress
Elastlc
core Applied stress
Plastic

ends  TH_— W P
SN " Combined stress
(b)

Figure 7.8 Residual stresses: (a) residual stress pattern; (b) spread of yield.
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Figure 7.9 Buckling curves.

The total effect of the imperfections discussed earlier (initial curvature, end eccen-
tricity and residual stresses on strength) is combined into the imperfection factor, o.
The non-dimensional slenderness A is given by

— [a L. 1 .
A= AL _ === for Class 1, 2 and 3 cross sections
N cr 1 1
- _|A Lo Az A .
i L 2w NTEET for Class 4 cross sections
N o i M

where
L., is the buckling length in the buckling plane considered
i is the radius of gyration about the relevant axis

klzn\/E:93.9£
&
e= /zzj’f (f NN fam?)

For flexural buckling, the appropriate buckling curve given in Figure 7.9 should be
determined from Table 6.2 of BS EN1993-1-1.

7.4.4 Slenderness, A
The slenderness A is defined as

Buckling Jkength Le

A= =—
Radiusof gyration aboutrekvantaxis i
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The non-dimensional slenderness A is given by

A= A for Class 1, 2 and 3 cross sections
1
A= A |Ber for Class 4 cross sections
}\.1 A

7.4.5 Buckling lengths

1. Theoretical considerations
The actual length of a compression member on any plane is the distance between effec-
tive positional or directional restraints in that plane. A positional restraint should be
connected to a bracing system, which should be capable of resisting 1% of the axial
force in the restrained member.
The actual column is replaced by an equivalent pin-ended column of the same
strength that has a critical length for buckling;:

L,=KL

where
L is the actual length
K is the buckling length ratio and K is to be determined from the end conditions

An alternative method is to determine the distance between points of contraflexure in

the deflected strut. These points may lie within the strut length or they may be imaginary

points on the extended elastic curve. The distance so defined is the buckling length, L,,.
The theoretical buckling lengths for standard cases are shown in Figure 7.10. Note

that for the cantilever and sway case, the point of contraflexure is outside the strut

length.

2. Code definitions and rules
Unlike the BS 5950: Part 1, no comprehensive guidance on buckling lengths for com-
pression members with different end conditions is provided in the Eurocode 3.

Effective lengths (buckling length) for compression members are set out in Section 4.7.2 of
the BS 5950: Part 1. This states that for members other than angles, channels and T sections,

Pinned end Fixed end Pin fixed Free fixed Fixed ends sway

Figure 7.10 Buckling lengths.
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the effective length should be determined from the actual length and conditions of restraint
in the relevant plane. The code specifies

1. That restraining members, which carry more than 90% of their moment capacity after
reduction for axial load, shall be taken as incapable of providing directional restraint.

2. Table 22 is used for standard conditions of restraint.

3. Appendix D1 is used for stanchions in single-storey buildings of simple construction.

4. Appendix E is used for members forming part of a frame with rigid joints.

The normal buckling lengths L,, are given in Table 22 of the BS5950: Part 1. Some values
from this table for various end conditions where L is the actual length are

1. Effectively held in position at both ends
a. Restrained in direction at both ends, L_, = 0.7L
b. Partially restrained in direction at both ends, L_, = 0.85L
c. Not restrained in direction at either end, L_, = L
2. One end effectively held in position and restrained in direction. Other end not held in
position
a. Partially restrained in direction, L, = 1.5L
b. Not restrained in direction, L_, = 2.0L

In the absence of Eurocode 3 guidance, readers could consult Table 22 in the BS5950: Part 1
for other cases.

Note the case for the fixed end strut, where the buckling length is given as 0.7L, is to
allow for practical ends where true fixity is rarely achieved. The theoretical value shown in
Figure 7.10 1s 0.5L.

7.4.6 Buckling resistance

The buckling resistance of a strut is defined in Section 6.3.1 of BS EN1993-1-1 as

A .
1. Nppa = XA for Class 1, 2 and 3 cross sections
Yu1
A )
2. Npga = HPexty for Class 4 cross sections
M1

7.4.7 Column design

Column design is indirect, and the process is as follows (the tables referred to are in the BS
EN1993-1-1):

. The steel grade and section are selected.

. The design strength f,, is taken from Table 3.1.

. The buckling length L, is estimated for the appropriate end conditions.
. The non-dimensional slenderness A is calculated for the relevant axis.

. The imperfection factor is selected from Tables 6.1 and 6.2.

. The reduction factor, ¥, is calculated using Section 6.3.1.2.

. The buckling resistance is calculated (see Section 7.4.6).

NN LW -

For a safe design, the buckling resistance should just exceed the applied load, and succes-
sive trials are needed to obtain an economical design. Load tables can be formed to give the
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Table 7.1 Compression resistance of $S275 steel UC sections

Serial size Mass/m

Compression resistances (kN) for buckling lengths (m)

(mm) (kg) 2 3 4 5 6 7 8 9 10
254 x 254 167 5260 4760 4210 3630 3060 2550 2130 1790 1510
Universal 132 4140 3740 3290 2820 2370 1970 1640 1370 1160
column 107 3340 3010 2640 2260 1880 1560 1300 1080 915
89 2770 2490 2190 1860 1560 1290 1070 891 752

73 2360 2110 1840 1550 1290 1060 873 728 613
203 x 203 86 2580 2230 1840 1480 1170 934 755 621 518
Universal 71 2120 1820 1510 1200 952 758 613 504 420
column 60 1840 1570 1280 1010 791 627 506 414 345
52 1590 1360 II10 871 683 541 436 357 297
46 1410 1200 970 762 596 472 380 311 259

152 x |52 37 1020 782 568 412 308 237 187 151 125
Universal 30 826 630 455 330 246 189 149 121 99.7
column 23 620 465 331 238 177 136 107 865 713

compression resistance for various sections for different values of buckling length. Table
7.1 gives compression resistances for some universal column sections. Column sizes may be
selected from tables in the P363 Steel Building Design: Design Data, In accordance with
Eurocodes and the UK National Annexes, Steel Construction Institute.

7.4.8 Example: Universal column

A part plan of an office floor and the elevation of internal column stack A are shown in

Figure 7.11a and b. The roof and floor loads are as follows:

Roof

Dead load (total) = 5 kN/m?
Imposed load = 1.5 kN/m?.

7.6 m 7.6 m
— I =T o
£ B1 Bl & t
© &: J’a’
r Bl Bl 5| ] |
= + S
wv
g
e

22.8w
| —

o 76m 114,

(c) Beam Bl

Lem Tuaw

Beam B2

Roof

2nd floor

1st floor

Base

Figure 7.11 Column design example: (a) part floor plan; (b) column stack ‘A’ (c) beam loads.
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Floors

Dead load (total) = 7 kN/m?
Imposed load = 3 kN/m?

Design column A for axial load only. The self-weight of the column, including fire protec-
tion, may be taken as 1 kN/m. The roof and floor steels have the same layout. Use Grade
S275 steel.

The roof is regarded as a floor for reckoning purposes.

The slabs for the floor and roof are precast one-way spanning slabs. The dead and imposed
loads are calculated separately.

1. Loading
Four floor beams are supported at column A. These are designated as B1 and B2 in
Figure 7.11a. The reactions from these beams in terms of a uniformly distributed load
are shown in Figure 7.11¢:

Load on beam B1 = 7.6 x 3 x 10 =22.8 w (kN)

where w is the uniformly distributed load. The dead and imposed loads must be calcu-
lated separately in order to introduce the different load factors.
The self-weight of beam B2 is included in the reaction from beam B1.
The design loading on the column can be set out as shown in Figure 7.12. The design
loads are required just above the first floor, the second floor and the base.
2. Column design
a. Top length = Roof to second floor
Design load = 415.8 kN
Try 152 x 152 universal column (UC) 30
A =38.3cm%i, =3.83cm
Yield strength £, = 275 N/mm? (Table 3.1) where section thickness is less than 40 mm.
If the beam connections are the simple joints, where end rotation is permitted, the
buckling length for the column is taken as 0.85L:

L., = 0.85 x 4000 = 3400 mm

Slenderness, A = 3400/38.3 = 88.8
From Table 6.2 of EN1993-1-1, for an $275 rolled H section, ;less than 100 mm,
h/b < 1.2, buckling about the minor z—z axis, imperfection factor, o = 0.49,

Ay =93.38=93.3x0.92 =858

X=l=&=1.035
A, 858

® = 0.5 [1+0.49(1.035 - 0.2) + 1.0352] = 1.24

1

X = =052
124++124% —1.0352

Buckling resistance, N, s = 0.52 x 38.3 x 275/10 = 547.7 kN
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Roof B1
{ § Dead Imposed load (kN) Total
load design
B2 (kN) Joad
w =5 kN/m? w = 1.5 kN/m?
Self-
weight 2 No B1 114 34.2
4 KN 2NoB2 114 34.2
Self-weight 4
Total 232 68.4
2nd floor Bl
] | ! Design load = (1.35 x 232) + (1.5 x 68.4) 415.8
32/ w =7 kN/m? w =3.0 kN/m?
2 No Bl 159.6 68.4
Self- 2 No B2 159.6 68.4
. Self-weight 4.0
weight
4 kN Total 555.2 205.2
Design load = (1.35 x 555.2) + (1.5 x 205.2) 1057.3
1st floor Bl
f | ! w =7 kN/m? w =3.0 kN/m?
2] 2NoBl 1596 68.4
2 No B2 159.6 68.4
Self-weight 5.0
Self- Total 879.6 342
weight
5kN Design load = (1.35 x 879.6) + (1.5 x 342) 1700.5
Base | |
—

Figure 7.12  Column design loads.

The column splice and floor beam connections at the second-floor level are shown in
Figure 7.13a. The net section at the splice is shown in Figure 7.13b with 4 No. 22 mm
diameter holes. The section is satisfactory.

b. Intermediate length — first floor to second floor
Design load = 1057.2 kN
Try 203 x 203 UC 46
A =58.7 cm?; i,=5.13 cm
f, =275 N/mm?
A =3400/51.3 = 66.3
From Table 6.2 of EN1993-1-1, for an S275 rolled H section, #; less than 100 mm,

hlb < 1.2, buckling about the minor z—z axis, imperfection factor, o = 0.49,
A =93.38=93.3x0.92 =858

X=i=@=o.77
A, 858
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152 x 152 x 30 UC 9.4

I

4 no. 22 ¢ holes

152 x 152 x 30 UC

(b)

2nd floor

Beam B1 not shown

() (c)

Figure 7.13 Column connection details: (a) spice and floor beam connections; (b) net section at splice;
(c) section at floor beam connections.

®=0.5[1+0.49(0.77 - 0.2) + 0.77] = 0.93

1
X:
093++/093% —0.772

=069

Buckling resistance, Nj, g, = 0.69 x 58.7 x 275/10 = 1113.8 kN
The section is satisfactory.
c. Bottom length — base to first floor
Design load = 1700.5 kN
Try 254 x 254 UC 73
A=931cm%i, =648 cm
f, =275 N/mm?
The beam connections do restrain the column in direction at the first-floor level. The
base is considered pinned. The buckling length is taken as 0.85L:

L., =0.85 x 5000 = 4250 mm
A = 4250/64.8 = 65.6

From Table 6.2 of EN1993-1-1, for an 5275 rolled H section, ¢; less than 100 mm,
h/b < 1.2, buckling about the minor z—z axis, imperfection factor, o = 0.49,

A =93.38=93.3%x0.92=85.8

zﬁZOJG

"
r=2
A, 858



Compression members 179

®=0.5[1+0.49(0.76 - 0.2) + 0.762] = 0.93

1

7= =068
0.93++/093% —0.762

Buckling resistance, Nj, ;= 0.68 x 93.1 x 275/10 = 1741 kN
The section is satisfactory. The same sections could have been selected from Table 7.1.

7.4.9 Built-up column: Design

The two main types of columns built up from steel plates are the H and box sections shown
in Figure 7.2. The classification for cross sections is given in Figure 7.5.
For Class 1, 2 and 3 cross sections, the local compression capacity is based on the gross section.
Class 4 cross sections are dealt with in BS EN1993-1-5. The capacity of these sections is
limited by local buckling and the design should be based on the effectively cross-sectional
area. The buckling resistance of the compression member should be evaluated from Clause
6.3.1.1.

7.4.10 Example: Built-up column

Determine the compression resistance of the column section shown in Figure 7.14. The weld
size is 8 mm. The buckling length of the column is 8 m and the steel is S275.

1. Flanges
The design strength from Table 3.1 £, = 275 N/mm?
t;=30 mm, ¢, = 15 mm, € = 0.92
clty=1(900/2 - 15/2) - 8]/30 = 14.48 > 14¢ Class 4

900
I: ;I
!
%l : z
A [ I |
A i
i
1
i
i
- i
- !
| 3 y : y
i
i
—>:<—15
\ :
Y :

30
—>
n

Figure 7.14 Built-up H column.
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From BS EN1993-1-5, Table 4.2,

k. = 0.43
p= ck  _ 1448 0845
284ek, 284x0.92/043
A, —0.188
=2 T - 092
7\12

P

Aurr=0.92 x4 x(900/2 - 15/2 - 8) x 30 + (15 + 2 x 8) x 30 x 2 = 49829 mm?

2. Web
This is an internal element in axial compression:
t,=15 mm,e=0.92
clt,, = (840 — 2 x 8)/15 = 54.93 > 42¢ Class 4
From BS EN1993-1-5, Table 4.1,

k, = 4.0
- bk _ 840/15 1071
284ek, 284x092J40
A, —0.188
= =0.77
7\12

Ay =077 x 840 x 15 = 9702 mm?

3. Properties of the gross section and effective section
Gross area = (2 x 30 x 900) + (840 x 15) = 66 600 mm?
I,=2x (30 x 9003/12) + (840 x 153/12) = 3.645 x 109 mm*
i, = [3.645 x 10°/6.66 x 10%]°5 = 233.9 mm
A, =L,/i,=8000/233.9 = 34.2

Effective sectional area = 49829 + 9702 = 59531 mm?.
4. Compressive resistance of the column

From Table 6.2 of EN1993-1-1, for an §275 welded I section, ¢,less than 40 mm, buck-
ling about the minor z—z axis, imperfection factor, o = 0.49,

Ay =93.38=93.3x0.92 =858

42
h_382_ 440

X: =
A 858

®=0.5[1+0.49(0.40 - 0.2) + 0.40%] = 0.63

1
X:
0.63++/0.63% —0.40°

=089

Buckling resistance, N, s = 0.89 x 59531 x 275/10-3 = 14570 kN
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7.5 BEAM COLUMNS

7.5.1 General behaviour

1. Behaviour classification
As already stated at the beginning of this chapter, most columns are subjected to bend-
ing moment in addition to axial load. These members, termed ‘beam columns’, repre-
sent the general load case of an element in a structural frame. The beam and axially
loaded columns are limiting cases.

Consider a plastic or compact H section column as shown in Figure 7.15a. The
behaviour depends on the column length, how the moments are applied and the
lateral support, if any, provided. The behaviour can be classified into the following
five cases:

Case 1: A short column subjected to axial load and uniaxial bending about either axis
or biaxial bending. Failure generally occurs when the plastic capacity of the section is
reached. Note limitations set in (2).

Z
Bending—tension
Y Y Axial load—compression
Bending—compression
Z

1.0

F/P

1.0

My, My, M, M,

M, M, M, M,

cy cz cy

(© (d)

Figure 7.15 Short-column behaviour: (a) universal column; (b) plastic stress distribution bending about
YY axis; (c) interaction curves for universal bending YY and ZZ axes; (d) interaction surface
biaxial bending full plasticity.
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Case 2: A slender column subjected to axial load and uniaxial bending about the
major axis y—y. If the column is supported laterally against buckling about the minor
axis z—z out of the plane of bending, the column fails by buckling about the
y—y axis. This is not a common case (see Figure 7.16a). At low axial loads or if the
column is not very slender, a plastic hinge forms at the end or point of maximum
moment.

Case 3: A slender column subjected to axial load and uniaxial bending about
the minor axis z—z. The column does not require lateral support and there is no
buckling out of the plane of bending. The column fails by buckling about the z-z
axis. At very low axial loads, it will reach the bending capacity for z—z axis (see
Figure 7.16b).

l*
z{— /j‘Lz

Plastic hinge
may form &
—_— &eé
Q
Lateral
restraints M,>M,
— | al
7 Il
N Y Z%/ %Z
T ¢
() (b)
P
|/ | A
4 [
= (Y r— WLYOQ
S
&&é‘ b Q—Qe &
Q)
Deflection Deflection
P
v 7-{ Cr Y_(}_( ——v
! y
(0 (d)

Figure 7.16 Slender columns subjected to axial load and moment: (a) moments about YY axis buckling
restrained about ZZ axis; (b) moments about ZZ axis no restraint; (c) moments about YY axis
no restraint; (d) moments about YY axis and ZZ axis no restraint.
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Case 4: A slender column subjected to axial load and uniaxial bending about the major
axis y—y. This time the column has no lateral support. The column fails due to a combi-
nation of column buckling about the y—y axis and lateral torsional buckling where the
column section twists as well as deflecting in the y—y and z—z planes (see Figure 7.16¢).

Case 5: A slender column subject to axial load and biaxial bending. The column has
no lateral support. The failure is the same as in Case 4 earlier, but minor axis buckling
will usually have the greatest effect. This is the general loading case (see Figure 7.16d).

Some of these cases are discussed in more detail in the following.
. Short-column failure
The behaviour of short columns subjected to axial load and moment is the
same as for tension members subjected to identical loads. This was discussed in
Section 7.3.3.

The plastic stress distribution for uniaxial bending is shown in Figure 7.15b. The
moment capacity for Class 1 or 2 section in the absence of axial load is given by

Wk

MO

M cRd =M plLRd —

where W, is the plastic modulus for the relevant axis.

The interaction curves for axial load and bending about the two principal axes sepa-
rately are shown in Figure 7.17a. Note the effect of the limitation of bending capacity
for the y—y axis.

These curves are in terms of Ny,/N_p, against My, /M., and My/M,, where
Ny, is the applied axial load, N, is the f,A/yy, the squash load, My, is the
reduced moment capacity about the y—y axis in the presence of axial load, M,, is
the moment capacity about the y—y axis in the absence of axial load, My, is the
reduced moment capacity about the z—z axis in the presence of axial load and M, is
the moment capacity about the z—z axis in the absence of axial load.

Values for My, and My, are calculated using equations for reduced plastic modulus
given in BS EN1993-1-1.

For Class 1 and 2 sections subjected to axial and bending,

@-n)

My yra =M PR 1) g but My yra <M piyra

brnS a:s MN,Z,Rd:Mpl,Z,Rd

2
n—a
forn>a: MN,Z,Rd=Mpl,2,Rd{1_( )]

l1-a

where 72.= NigyNy g
a=(A-2bt)/Abuta<0.5

A plane drawn through the terminal points of the surface gives a linear interaction
expression:

h + h + &

Ncra Mgy Mg

=10

This results in a conservative design.
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Axial load, Ng,/N,

10

YY axis
YY axis 1.0 s YYaxis 1.0
| QW !
Q?J(o
Y
w) Q
=
[+
N
N
Nea/Nera Neal/Nera
1.0
A=0 A=50 A=100

Figure 7.17 Failure surface for slender beam column: (a) failure surfaces; (b) failure contours.

3. Failure of slender columns
With slender columns, buckling effects must be taken into account. These are minor
axis buckling from axial load and lateral torsional buckling from moments applied
about the major axis. The effect of moment gradient must also be considered.

All the imperfections, initial curvature, eccentricity of application of load and resid-
ual stresses affect the behaviour. The end conditions have to be taken into account in
estimating the effective length.

Theoretical solutions have been derived and compared with test results. Failure sur-
faces for H section columns plotted from the more exact approach given in the code
are shown in Figure 7.17a for various values of slenderness. Failure contours are shown
in Figure 7.17b. These represent lower bounds to exact behaviour.

The failure surfaces are presented in the following terms:

Slenderness A = 0 Nga/Nyras My/M_; M /M,

cyd

A =50,100 Npy/Ny s M, /M_; M, /M,

cy’

Some of the terms were defined in Section 7.5.1(2). New terms used are

M,, is the maximum buckling moment about the x—x axis in the presence of axial load.

ay

M., is the maximum buckling moment about the y—y axis in the presence of axial load.
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The following points are to be noted:

a. M,,, the moment capacity about the y—y axis.

b. At zero axial load, slenderness does not affect the bending strength of an H section
about the y—y axis.

c. At high values of slenderness, the buckling resistance moment M,, z, about the y—y axis
controls the moment capacity for bending about that axis.

d. As the slenderness increases, the failure curves in the N,/N, 5, y—y axis plane change
from convex to concave, showing the increasing dominance of minor axis buckling.

For design purposes, the results are presented in the form of an interaction expression, and
this is discussed in Section 7.5.2.

7.5.2 Code design procedure

The code design procedure for compression members with moments is set out in Section
6.3.3 of BS EN1993-1-1. This requires the following to be satisfied:

N M M,
B4 Y2 Ky £ <1
AyN rk Am1 ArrM y,Rk/le M ,ax Aua
N M M,
B4 vE Lk, £ <
%N ri Aw 1 XrrM y,Rk/YMl M,z Aui

where
Ngg M, gy and M, g, are the design values of the compression force and the maximum
moments about the y—y and z—z axis along the member
X, and y, are the reduction factors due to flexural buckling from Cl. 6.3.1 from BS
EN1993-1-1
Y7 is the reduction factor due to lateral torsional buckling from CI. 6.3.2 from BS
EN1993-1-1
v Ryes ko k. are the interaction factors in accordance to Annex A or B in the BS
EN1993-1-1

k

7.5.3 Example of beam column design

A braced column 4.5 m long is subjected to the factored end loads and moments about the x—x

axis, as shown in Figure 7.18a. The column is held in position but only partially restrained in
direction at the ends. Check that a 203 x 203 UC 52 in Grade S275 steel is adequate.

1. Column-section classification
Yield strength from Table 3.1 f, = 275 N/mm?.
Factor € = (235/£,)0.5 = 0.92 (see Figure 7.18b).
Flange c/t; = 88/12.5 =7 < 9.0¢.
Web c/t,, = 160.8/8.0 = 20.1 < 33e.
Referring to Table 5.2, the Section is Class 1.
Section properties for 203 x 203 UC 52 are

A = 66.4 cm?
iy = 8.91 cm
i,=5.16 cm
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880 kN
A~
35 kN-m
Moments d=160.8 t=12.5
g applied —=| |f
n about yy axis y
2 _ —
S
e} [eo
1 ©
= i
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| o
o
- \ 8
12 kN-m a
>~ —
I -4 — 1
880 kN 4

(@) (b)

Figure 7.18 Beam column design example: (a) column length and loads; (b) trial section.

W, = 567 cm?
W, =510 cm?

ely

Yield strength f) = 275 N/mm?
Buckling lengths L, , = 0.85 x 4500 = 3825 mm
Buckling lengths L, , = 0.85 x 4500 = 3825 mm

Maximum slenderness ratio

A =L, yli,=3825/89.1=43
A,=L., =zli,=3825/51.6="74.1
From Table 6.2 of EN1993-1-1, for an S275 rolled H section, ¢, less than 100 mm,

hlb < 1.2, buckling about the major y—y axis, curve b, imperfection factor, o = 0.34, buck-
ling about the minor z—z axis, curve ¢, imperfection factor, o, = 0.49,

A =93.9¢=93.9%x0.92=86.4

A=tro 43 s
Y M 864

® = 0.5 [1 +0.34(0.50 = 0.2) + 0.502] = 0.68

~ 1
0.68++/0.68% — 0.5

Ay =088

fz=£=747'1=0.86
7\,1 864
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®=0.5[1+0.49(0.86 - 0.2) + 0.86%] = 1.03

1

Az = =063
1.03++/1.03%-0.862

Buckling lengths L_, = 0.85 x 4500 = 3825 mm

2 2 05
w_—c, T EIz(n +LchIT)

2 |\ r’EL

For ratio of end moment, y = 12/35 = 0.34; C, = 1.443

M o=1443%

05
n®x210,000%x17,800,000( 167 x10° + 3825” x 81,000 318,000
3825° 14,500,000 w*x210,000x17,800,000

M,, = 536.4 kN-m
W 3

en = yﬁ,z I567><10 X2575=054
M o 5364x10

1
q)LT + \/(I)szr - XL2T

Xt =

®pp = 05 |1+ 0 (Aur = 02)+ A2x |
For h/b <2, curve a, o+ = 0.21
O, :=0.5x[1+0.21(0.54 - 0.2) + 0.54*] = 0.68

~ 1
0.68+1/0.68? — 0 542

Ao = 0915

Determination of interaction factors k; (Annex B in BS EN1993-1-1)
Table B.3. Equivalent uniform moment factors, C,,

Fory=04,C,,, C, =0.6+0.4(0.34) = 0.74 > 0.4

my>

~ N N
=C,|1+(A,—-02)——F |<Cc,,|]1+08 —F¢
K y( ( Y )XyNRk/YMl) y( XyNRk/Ynal

880
=074|1+05-02) =086
Ky ( ° 088X 664%x107° %275/ .o)

k., = 0.6, k,, = 0.52

yy
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X, =cmz(1+(xz—o.2)NE"] scmz(1+ O.BNEdJ
XN Rk/YM1 XzNRk/Ynu

k., =074/ 1+ (086-02) 880_3 =111
063X664x107°%x2751.0

k=111, k,=0.6, k_ =0.67

NEd + My,Ed +kyz M z,Ed <1
AyN re A1 XM y,Rk/YMl M,z Aua
888 35
—+0.86 =0.76
0.88x1826/1.0 0915%x1562A4 0
Nea Mysa 4y, Mapa oy
XN v Aw 1 XM y,Rk/le M,z Aua
888 35 — 0833

—+025
063x18264.0 0915x1562A4.0

The section is satisfactory.

7.6 ECCENTRICALLY LOADED COLUMNS IN BUILDINGS

7.6.1 Eccentricities from connections

The eccentricities to be used in column design in simple construction for beam, and truss
reactions are given as follows:

1. For a beam supported on a cap plate, the load should be taken as acting at the face of
the column or edge of the packing.

2. For a roof truss on a cap plate, the eccentricity may be neglected provided that simple
connections are used.

3. In all other cases, the load should be taken as acting at a distance from the face of
the column equal to 100 mm or at the centre of the stiff bearing, whichever gives the
greater eccentricity.

The eccentricities for the various connections are shown in Figure 7.19.

7.6.2 Moments in columns of simple construction

For columns in simple construction, the moments are calculated using eccentricities given
in Section 7.6.1. For multistorey columns effectively continuous at splices, the following
interaction equation could be used for the overall buckling check:

N M M,
Bd 4 T yEd L) gzEd o

N b,zRd M bRd M zRd

where M), , is the buckling resistance moment for a simple column calculated using non-

dimensional slenderness for lateral torsional buckling, Arr =0 9N,
Other terms are defined in Section 7.5.2.
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Figure 7.19 Eccentricities for end reactions: (a) beam to column connection; (b) truss to column connection;
(c) beam supported on bracket; (d) eccentricities for beam-column connections.

7.6.3 Example: Corner column in a building

The part plan of the floor and roof steel for an office building is shown in Figure 7.20a and
an elevation of the corner column is shown in Figure 7.20b. The roof and floor loading is
as follows:

Roof

Total dead load = 5 kN/m?
Imposed load = 1.5 kN/m?

Floors

Total dead load = 7 kN/m?
Imposed load = 3 kN/m?

The self-weight of the column, including fire protection, is 1.5 kN/m. The external beams
carry the following loads due to brick walls and concrete casing (they include self-weight):

Roof beams — parapet and casing = 2 kN/m
Floor beams — walls and casing = 6 kN/m

The reinforced concrete slabs for the roof and floors are one-way slabs spanning in the direc-
tion shown in the figure.
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(a) (b)

Figure 7.20 Corner-column design example: (a) roof and floor plan; (b) column stack.

Design the corner column of the building using S275 steel.

The roof is counted as a floor. Note that the reduction is only taken into account in the
axial load on the column. The full imposed load at that section is taken in calculating the
moments due to eccentric beam reactions.

1. Loading and reaction floor beams
Mark numbers for the floor beams are shown in Figure 7.21a. The end reactions are
calculated in the following;:

Roof

B1 dead load = (5 x 3.8 x 1.5) + (2 x 3.8) = 36.1 kN
Imposed load = 1.5 x 3.8 x 1.5 = 8.55 kN

B2 dead load = 5 x 3.8 x 3 = 57.0 kN

Imposed load = 1.5 x 3.8 x 3 = 17.1 kN

B3 dead load = (0.5 x 57.0) + (2 x 3) = 34.5 kN
Imposed load = 0.5 x 17.1 = 8.55 kN

Floors

B1 dead load = (7 x 3.8 x 1.5) + (6 x 3.8) = 62.7 kN
Imposed load = 3 x 3.8 x 1.5 = 17.1 kN

B2 dead load =7 x 3.8 x 3 = 79.8 kN

Imposed load = 3 x 3.8 x 3 =34.2 kN

B3 dead load = (0.5 x 79.8) + (6 x 3) = 57.9 kN
Imposed load = 0.5 x 34.2 = 17.1 kN

The roof and floor beam reactions are shown in Figure 7.21b.

2. Loads and moments at roof and floor levels
The loading at the roof, second floor, first floor and base is calculated from values
shown in Figure 7.21b. The values for imposed load are calculated separately, so
that reductions permitted can be made and the appropriate load factors for dead and
imposed load introduced to give the design loads and moments.
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B1

B2

Reactions in kN

B3

[ 1)

()

36.1 36.1 Dead 62.7 62.7
8.55 8.55 Imposed 17.1 17.1
Bl Bl
57.0 57.0 Dead 79.8[ [79.8
17.1 17.1 Imposed 349

B 34.2 B2 .
57.0 Dead 79.8
l 17.1 Imposed 34‘21
34,5 34.5 Dead 57.9 57.9
8.35 8.35 Imposed 17.1 17.1
Roof beam Floor beams

(b)
Figure 7.21 Floor—beam reactions: (a) beam mark numbers; (b) roof and floor beam reactions.
The moments due to the eccentricities of the roof and floor beam reactions are based

on the following assumed sizes for the column lengths:
Roof to second floor

152 x 152 UC 30
Second floor to first floor

203 x 203 UC 52
First floor to base

203 x 203 UC S52.

The eccentricities of the beam reactions and the column loads and moments from dead
and imposed loads are shown in Figure 7.22.
3. Column design
Roof to second floor
Referring to Figure 7.22, the design load and moments at roof level are

Axial load N, = (1.35 x 70.6) + (1.5 x 17.1) = 121.0 kN
Moment M, = (1.35 x 6.07) + (1.5 x 1.51) = 10.46 kN-m
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M, = (1.35 x 6.35) + (1.5 x 1.51) = 10.84 kN-m
Try 152 x 152 UC 30, the properties of which are

A=38.3cm%i =3.82cm; W, =221.2 cm?
W, =73.06 cm? W, =247.1cm?* W, =111.2 cm?

The roof beam connections and column-section dimensions are shown in Figure 7.23a.
The yield strength from Table 3.1

f, =275 N/mm?

Flange, ¢//t;= 6.98 < 9.0e — Class 1
Web, ¢, /t, = 19.0 < 338 — Class 1

The limiting proportions are from Table 5.2 of the code.

152.9
|
152 x 152 x30 UC b=76.45
8 mm plate f+—
N | / N <
2y
J, E— 1 :1
y e } Y 2% Y Y
______ " S
H 1 6.6
4 4 J | ER
— B o T
T I T \
! N
i 20 mm ¢ bolts 90
|
Column section
Roof beam connections
(a)
| 204.3 |
203 x 203 x 52 UC o ‘ N
=

T

.

 —

|

i

T

q_,\_\
=11
~
h<
160.8

206.2

TT
I
I
i 20 mm ¢ bolts 90

N ¥ R
Floor beam connections

(b)

Figure 7.23 Column connections and section dimensions: (a) column—roof to second floor; (b) column—

second floor to base.
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Overall buckling check
The column is effectively held in position and partially restrained in direction at both ends.

The axial load is applied at the centre of the column. The buckling lengths are:

Buckling lengths L, = 0.85 x 4000 = 3400 mm
Buckling lengths L, . = 0.85 x 4000 = 3400 mm

Maximum slenderness ratio

A, =L, /i,=3400/38.2 = 89

ez’ 'z

From Table 6.2 of EN1993-1-1, for an 5275 rolled H section, ¢;less than 100 mm, h/b < 1.2,
buckling about the major y—y axis, curve b, imperfection factor, o = 0.34, buckling about
the minor z-z axis, curve ¢, imperfection factor, o = 0.49,

A =93.98=93.9%0.92 = 86.4
ke _ 89

.= f= 7 =103
A, 864

®=0.5[1+0.49(1.03 -0.2) + 1.03*] = 1.23

1

Az = =053
123++/123%-103°

Buckling resistance, N, p; = 0.53 x 38.3 x 275/10 = 558.2 kN

g =094, =09x1.03=093

1
q)LT + \/q)fT - XLZT

Xur =

¢M=05[}+am(ﬂm—02)+imz]

For h/b <2, curve a, o, 1= 0.21

@, =0.5x[1+0.21(0.93 - 0.2) + 0.93%] = 1.00

1

= =073
1.0+4/10%-093?

XLT

M, g = 0.73 x 247.1 x 275 x 10-3 = 49.6 kN-m
For simple construction, the interaction equation could be used for the buckling check:

N M M,
Bd 4 TR g gEEd 2

N b,zRd M bRd M zRd

121 +10'46+1.5>< 10.84 =096<10

5582 496 1112x275%x107°

The section is satisfactory.



Compression members 195

Second floor to base
The same column section will be used from the second floor to the base. The lower column
length between the first floor and the base will be designed.

Referring to Figure 7.22, the design load and moments just below the first-floor level are

Np, = (1.35 x 323.8) + (1.5 x 68.4) = 539.73 kN
M, = (1.35 x 5.84) + (1.5 x 1.73) = 10.48 kN-m

M, =(1.35 x 6.33) + (1.5 x 1.73) = 11.14 kN-m
Try 203 x 203 UC 52, the properties of which are

A=663cm?i, =518 cm
\\%

el,z

=174 cm’; W, = 567 cm?

Overall buckling check
Axial load at centre of column

=539.73 + (1.35 x 3.75) = 544.79 kN
A, =0.85x 5000/51.8 = 82.0
A =93.9¢=93.9%x0.92=86.4

oo he 820 _ o
A 864

From Table 6.2 of EN1993-1-1, for an S275 rolled H section, ¢,less than 100 mm, h/b < 1.2,
buckling about the major y—y axis, curve b, imperfection factor, o. = 0.34, buckling about
the minor z-z axis, curve ¢, imperfection factor, o = 0.49,

D =0.5[1+0.49(0.95 -0.2) + 0.95%] = 1.14

1
Xz= =057
1.14++/1.142-00952

Buckling resistance, N, zs = 0.57 x 66.3 x 275/10 = 1039 kN

Ar =09L,=09x095=086

For h/b <2, curve a, o, 1= 0.21

®,=0.5x[1+0.21(0.86 - 0.2) + 0.86%] = 0.94

1

- - 0.76
0.94++/0.942 — 0 86

XLT

M, g = 0.76 x 567 x 275 x 103 = 118.5 kN-m
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For simple construction, the interaction equation could be used for the buckling check:

N M M,
Bd 4 TR g gEEd 2

Nb,z,Rd M bRd M zRd

44.] 104 11.14
> 9+M+1.5><—73=O.9631.0
1039 1185 174x275x%10

The section is satisfactory.

7.7 SIDE COLUMN FOR A SINGLE-STOREY INDUSTRIAL BUILDING

7.7.1 Arrangement and loading

The cross section and side elevation of a single-storey industrial building are shown in Figure

7.24a and b. The columns are assumed to be fixed at the base and pinned at the top and act

as partially propped cantilevers in resisting lateral loads. The top of the column is held in

the longitudinal direction by the eaves member and bracing, as shown on the side elevation.
The loading on the column is due to

1. Dead and imposed load from the roof and dead load from the walls and column
2. Wind loading on roof and walls
The load on the roof consists of

a. Dead load due to sheeting, insulation board, purlins and weight of truss and brac-

ing. This is approximately 0.3-0.5 KN/m? on the slope length of the roof.
b. Imposed load due to snow, erection and maintenance loads. This is taken as 0.75

KN/m? on plan area.

Tor I| Eavestie
<a)" - Y
r 2] I ] 2
= Y
] r
< 1'
\
- ‘I
(
N (
e r
74 SO .- (C)

(b)

Figure 7.24 Side column in a single-storey industrial building: (a) section through building; (b) side elevation;
(c) side column.
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Roof cladding, purlins
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Figure 7.25 Loads on side column of an industrial building: (a) dead and imposed load; (b) wind load on roof
and wall; (c) reaction from wind on roof; (d) frame deflection; (e) force in the bottom chord of

the truss; (f) column loads.

The loading on the walls is due to sheeting, insulation board, sheeting rails and the weight
of the column and bracing. The weight is approximately the same as for the roof.

The wind load depends on the location and dimensions of the building. The method
of calculating the wind load is taken from BS EN1991-1-4. This is shown in the follow-
ing example.

The breakdown and diagrams for the calculation of the loading and moments on the
column are shown in Figure 7.25, and the following comments are made on these figures:

e The dead and imposed loads give an axial reaction R at the base of the column (see
Figure 7.25a).

e The wind on the roof and walls is shown in Figure 7.25b. There may be a pressure
or suction on the windward slope, depending on the angle of the slope. The reactions
from wind on the roof only are shown in Figure 7.25¢. The uplift results in vertical
reactions R, and R,. The net horizontal reaction is assumed to be divided equally
between the two columns. This is 0.5(H, - H,), where H, and H, are the horizontal
components of the wind loads on the roof slopes.
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¢ The wind on the walls causes the frame to deflect, as shown in Figure 7.25d. The top
of each column moves by the same amount, 8. The wind P, and P, on each wall, taken
as uniformly distributed, will have different values, and these result in a force P in the
bottom chord of the truss, as shown in Figure 7.25e. The value of P may be found by
equating deflections at the top of each column. For the case where P, is greater than
P,, there is a compression P in the bottom chord:

pL* pL’ pL* PL’
8EI 3EI 8EI 3EI

This gives
P =3L (P, - P,)/16
where
I denotes the moment of inertia of the column about the y—y axis (same for each
column)
E is the Young’s modulus

L is the column height
P, and P, are the distributed loads

The resultant loading on the column is shown in Figure 7.25f, where the horizontal
point load at the top is

u :P+(szﬁl)

The column moments are due entirely to wind load.

7.7.2 Column design procedure

1. Section classification
Universal beams are often used for these columns where the axial load is small, but the
moment due to wind is large. Referring to Figure 7.26a, the classification is checked as
follows:

1. Flanges are checked using Table 5.2 of the code where limits for ¢4z, are given,
where ¢;is the flange outstand as shown in the figure and #;is the flange thickness.
2. Webs are in combined axial and flexural compression. The classification can be
checked using Table 5.2 of the code. For example, from Table 5.2 for webs, gener-
ally Class 1 section has the limit:
c_ 36

t o

where
c is the clear depth of web
t is the thickness of web
0. is the stress ratio as defined in Table 5.2 of the code

2. Buckling length for axial compression
Buckling lengths for cantilever columns connected by roof trusses are given in the fol-
lowing. The tops must be held in position longitudinally by eaves members connected
to a braced bay.
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Figure 7.26 Side column design features: (a) column sector; (b) column conditions; (c) lateral support for
column.

Two cases are shown in Figure 7.26b:
1. Column with no restraints
y-yaxis L, =1.5L
z-z axis L., = 0.85L
If the base is not effectively fixed about the y—y axis, L

2. Column with restraints
The restraint provides lateral support against buckling about the weak axis:

L= 1.0L.

cr,

y-yaxis L, =1.5L

z—z axis L, = 0.85L, or L,, whichever is the greater

The restraint is often provided by a laced member or stays from a sheeting rail, as
shown in Figure 7.26¢.
3. Buckling length for calculating the buckling resistance moment
The buckling lengths for the two cases shown in Figure 7.26b are
1. Column with no restraints
The column is fixed at the base and restrained laterally and torsionally at the top.
For normal loading, L_, = 0.85L.
2. Column with restraints
This is to be treated as a beam and the buckling length taken as
L., =0.85L, or 1.0L, in the case shown
4. Column design
The column moment is due to wind and controls the design. The load combination is
then dead plus imposed plus wind load. The load factor is taken from BS EN1990.
The design procedure is shown in the example that follows.
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5. Deflection at the column cap
The deflection at the column cap must not exceed the limit given in Table 8 of the code
for a single-storey building. The limit is height/300.

7.7.3 Example: Design of a side column

A section through a single-storey building is shown in Figure 7.27. The frames are at 5 m
centres and the length of the building is 30 m. The columns are pinned at the top and fixed
at the base. The loading is as follows:

Roof

Dead load — measured on slope
Sheeting, insulation board, purlins and truss = 0.45 kN/m?
Imposed load — measured on plan = 0.75 kN/m?

Walls

Sheeting, insulation board, sheeting rails = 0.35 kN/m?
Column

Estimate = 3.0 kN
Wind load

The code of practice for wind loading is BS EN1994-1-1.
Determine the loads and moments on the side column and design the member using S275
steel. Note that the column is taken as not being supported laterally between the top and base.

1. Column loads and moments
Dead and imposed load
Roof

Dead load = 10 x § x 0.45 x 10.77/10 = 24.23 kN
Imposed load = 10 x 5 x 0.75 = 37.5 kN

Walls =6 x 5 x 0.35 =10.5 kN

Column = 3.0 kN

Total load at base = 75.23 kN

6 m

20 m

Figure 7.27 Section through building.
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Wind load
Location: north-east England. The peak velocity wind pressure, g, = 0.554 kN/m?. The

wind pressure coefficients and wind loads for the building are shown in Figure 7.29b. The
wind load normal to the walls and roof slope is given by

W= dpz) S L (Cpe - Cpi)

where
s is the frame centres
L is the height of wall or length of roof slope
4, is the peak velocity wind pressure walls or roof slopes

The resultant normal loads on the roof and the horizontal and vertical resolved parts
are shown in Figure 7.28c. The horizontal reaction is divided equally between each

H I
21°8
<| E
a=0 H 1 °

|l w=20m |

hiw=6/20<1/2
1<l/w=20/30<1/2

b S
o]
[=30m

Plan

Roof EF Cpe=-0.32 GH Cpe=-04
walls A Cpe=+0.7 B Cpe=—-02

(@)

—032\ /—0‘4 —0‘32\ /—0.4
I\ 4

0.7 -0.2 0.7 N/ -0.7
—_— - — | — — — - —
-0.2 -0.3
Pressure coefﬁcients
19.04 kN 21.97 kN 0.732 kN 3.66 kN
8.31 kN +0.2 6.64 kKN 16.62 kN| -0.3 1.66 kN
Wind loads
(b)
68/\19.04 21.97
7 68& Z\ZM 0.68)\0.732 3‘66A3'4
07 16 0.27 1.36
0.55 _ <— 055
- ‘ * 0.55 0.55 * *
18.36 19.72 1.36 2.72
(c)
P=342
o Ne)
© ©
2 -0.3 -

(d

Figure 7.28 Wind-pressure coefficients and loads: (a) external pressure coefficients C,,—wind angle o = 0;
(b) pressure coefficients and wind loads; (c) roof loads and reactions; (d) wind on walls.
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Wind case Internal pressure Internal suction
Column Windward Leeward Windward Leeward
Column }24.23 {2423 }24.23 §24.23
Imposed 1395 1375 1375 1375
Wind {1836 Y1972 4136 e
0.237 0.863 2.87 3.97
Wind 831| |} 135 | 664 ({135 | 166|135 |135 || | L6
wa
column
Dead {37.73 §37.73 43773 A37.73
Imposed §37.54 1375 4375 d375
Wind {1836 L1972 {136 {272
Wind 2635 25.1 32.64 18.84
moment \j J J J

Loads are in kN, moments are in kN m

Figure 7.29 Summary of loads and moments.

support and the vertical reactions are found by taking moments about supports. The
reactions at the top of the columns for the two wind-load cases are shown in the figure.

The wind loading on the walls requires the analysis set out in Section 7.7.1, where
the column tops deflect by an equal amount and a force P is transmitted through the
bottom chord of the truss. For the internal pressure case, see Figure 7.28d:

P =3(8.31 - 6.64)/16 = 0.313 kN

The loads and moments on the columns are summarized in Figure 7.29.
2. Notional horizontal loads

To ensure stability, the structure is checked for notional horizontal load. The notional
force from the roof loads is taken as the greater of

1% of the factored dead loads = 0.01 x 1.35 x 24.23 = 0.33 kN or

0.5% of the factored dead load plus vertical imposed load = 0.005 x (1.35 x 24.23) +
(1.5 x 37.5)1 = 0.41 kN

This load is applied at the top of each column and is taken to act simultaneously
with 1.35 times the dead and 1.5 times the imposed vertical loads.

The design load at the base is

P=(1.35x37.73) + (1.5 x 37.5) = 107.19 kN

The moment is
M=041x6=2.5kN-m

The design conditions for this case are less severe than those for the combination dead +
imposed + wind loads.

3. Column design
The maximum design condition is for the wind-load case of internal pressure. For the
windward column, the load combination is dead plus imposed plus wind loads:

Design load = 1.35 x 37.73 + 1.5 x 37.5 - 0.75 x 1.36 = 106.2 kN
Design moment = 1.5 x 32.64 = 48.96 kN-m
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Figure 7.30 Column section.

Try 406 x 140 UB 39, the properties of which are

A=494cm% W, =721 cm’; W, =627 cm?
i,=159 cm; i, =2.87 cm; [, = 12,500 cm*; I, = 410 cm*

Check the section classification using Table 5.2. The section dimensions are shown in
Figure 7.30:
Yield strength £, = 275 N/mm?

Overall buckling check
Buckling lengths L, = 1.5 x 6000 = 9000 mm
Buckling lengths L., , = 0.85 x 6000 = 5100 mm

Maximum slenderness ratio

A, = Le,yi, = 9000/159 = 56.6
ho= Ly, = 5100/28.7 = 178

From Table 6.2 of EN1993-1-1, for an S275 rolled H section, t;less than 40 mm, h/b > 1.2,
buckling about the major y—y axis, curve a, imperfection factor, o = 0.21, buckling about

the minor z—z axis, curve b, imperfection factor, o = 0.34,
A =93.96=93.9x0.92 = 86.4

Ay 566 _ 4 66

YT, 864
®=0.5[1+0.21(0.66 - 0.2) + 0.662] = 0.77

1
Y, = - 086
Y 077+4077% =066

Side column for a single-storey industrial building 191

— 17
A== 178 5 06

N 864

®=0.5[1+0.34(2.06 - 0.2) + 2.06%] =2.94
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1

Xz = —02
294++/294% — 2 062

Buckling lengths L_, = 0.85 x 6000 = 5100 mm

2 2 05
w_—c, T EIZ(Iw +L@GITJ

L2 |\, w°EIL

For ratio of end moment, y = 1.0; C, = 1.0

05
n?x210,000x 4,100,000( 155x10° 5,100°%81,000x107,000
Mo=10X

5,1002 4,100,000 w?x210,000x4,100,000

M., = 82.86 kN-m

— W 721x10%%x 275
hor = |2 o s =155
M. 82.86x10

1
q)LT + \/(I)ET - XET

XLT

®=05 [1+0cLT (Aex —02)+XfT]

For h/b > 2, curve a, o, 1= 0.34

D, =0.5x[1+0.34(1.55 - 0.2) + 1.55%] = 1.93

1
Xvr = =033

193++1.93% —155?

Determination of interaction factors k; (Annex B in BS EN1993-1-1)
Table B.3. Equivalent uniform moment factors, C,,
Fory=1.0,C,,, C,.=0.6 +0.4(1.0)=1.0 > 0.4

my>

= N N
=Cpy|1+(A,-02)— 2 —|<Cp,|1+08— 0 —
Ko y( ( ! )XyNRk/leJ y( XN rx A1

1
ky=10[1+(066-02) 06‘2_3 =1.04
086x4940x10°x2751 .0

k., = 0.6, k,, = 0.63

Nea Mysa K, Mapa g
XyNRk/YMl ArrM y,Rk/YM1 Mz,Rk/YMl
1062 +1.0 48 .96 87

0.86x1358/4.0 033x1983A40
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Nea M yea +k, Mapa o9
XZNRk/YMl XM y,Rk/YMl Mz,Rk/le

1062 4106 48 96 — 086
02x13581 .0 033x1983A4 .0

The section is satisfactory.
Deflection at column cap
For the internal suction case

_ 1662x10°x6000*  287x10°x6000°
8x210x10°x12,500x10° 3x210x10°x12,500x10*

=17.09 - 7.87 = 9.22 mm

&/height = 9.22/6000 = 1/651 < 1/300 NA to BS EN1993-1-1
The column is satisfactory with respect to deflection.

7.8 CRANE COLUMNS

7.8.1 Types

Three common types of crane columns used in single-storey industrial buildings are shown
in Figure 7.31. These are

1. A column of uniform section carrying the crane beam on a bracket
2. A laced crane column
3. A compound column fabricated from two universal beams or built up from plate

=

* Crane loads
%
X

|
Y_ll_l_Y

X

Ly

NN
)
S

(a) (b) (c)

Figure 7.31 Types of crane columns: (a) uniform; (b) laced; (c) compound.
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Only the design of a uniform column used for light cranes will be discussed here. Types
(2) and (3) are used for heavy cranes.

7.8.2 Loading

A building frame carrying a crane is shown in Figure 7.32a. The hook load is placed as far as
possible to the left to give the maximum load on the column. The building, crane and wind
loads are shown in the figure in (b), (c) and (d), respectively.

7.8.3 Frame action and analysis

In order to determine the values of moments in the columns, the frame as a whole must be
considered. Consider the frame shown in Figure 7.32a, where the columns are of uniform
section pinned at the top and fixed at the base. The separate load cases are discussed.

1. Dead and imposed load
The dead and imposed loads from the roof and walls are taken as acting axially on the
column. The dead load from the crane girder causes moments as well as axial load in
the column. (See the crane-wheel load case in the following.)

2. Vertical crane-wheel loads
The vertical crane-wheel loads cause moments as well as axial load in each column.
The moments applied to each column are unequal, so the frame sways (as shown in
Figure 7.33a) and a force P is transmitted through the bottom chord.

j:/ —
Hook load
Minimum hook
approach | 4
(@)
Roof Wind on roof
dead + T
imposed
* Crane * Crane wheel load *
girder <
5 5 Surge 5
Cladding
N Column Wind
sheeting on
rails walls

(b) (© (d)

Figure 7.32 Loads on crane columns: (a) section; (b) dead and imposed load; (c) crane loads; (d) wind
loads.
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8 8
“ A = - TP
B% ET!
M h |
! MNT My M, ! M,
u U
Y - M,>M,
My A F M,
(a)
8 8y
C C, <i
B! ~ :
' | '
[ M = ".
A M,y A PL
(b)
) [
S—> ,," s—|!
S ;
i fcd
M, =SL, A F Mg=SL,

()

Figure 7.33 Vertical and horizontal crane-wheel loads and moments: (a) frame are column moments;
(b) moments and load causing deflection in column ABC; (c) column moments due to

crane surge.

Consider the column ABC in Figure 7.33a. The deflection at the top is calculated for
the moment from the crane-wheel loads M, and force P separately using the moment

area method. The separate moment diagrams are shown in Figure 7.33b.
The deflection due to M, is
§=M,L, (L - L,/2)/EI

where
L is the column height

L, is the height to the crane rail

EI is the column rigidity
The deflection due to the load P at the column top is

8, = P L3/3EI
The frame deflection is

§=8,-5,
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Equating deflections at the top of each column gives

M ,L L PI} M.L L PL’}
a1 el P
EI 2 3EI EI 2 3EI

where

L, \(M,+M
P=3L,|L-—|—1 52
2 2L

The moments in the column can now be calculated.
If the self-weight of the crane girder applies a moment M to each column, then the
force in the bottom chord is

LM L,
p=—""|p-=%

3. Crane surge
In Figure 7.33c, the crane surge load S is the same each side and each column acts as a
free cantilever. The loads and moments for this case are shown in the figure.

4. Wind loads
Wind loads on this type of frame were treated in Section 7.7.1.

5. Load combinations

The separate load combinations and load factors y; to be used in design are given in BS
EN1990. The load cases and load factors are

(1) 1.35 dead + 1.5 imposed + 1.5 vertical crane load

(2) 1.35 dead + 1.5 imposed + 1.5 horizontal crane load

(3) 1.35 dead + 1.5 imposed + 1.5 (vertical and horizontal crane loads)

(4) 1.35 dead + 1.5 imposed + 1.5 (vertical and horizontal crane loads) + 0.75 wind

It may not be necessary to examine all cases. Note that in case (2) there is no impact
allowance on the vertical crane-wheel loads.

7.8.4 Design procedure

1. Buckling lengths for axial compression
The buckling lengths for axial compression for a uniform column carrying the crane
girder on a bracket are given in the following:
In Figure 7.31a, the buckling lengths are

y-yaxis: L, = 1.5L
z-zaxis: L, . = 0.85L

The crane girder must be held in position longitudinally by bracing in the braced bays.
If the base is not fixed in the z—z direction, L, , = 1.0L,.

2. Buckling length for calculating the buckling resistance moment
The crane girder forms an intermediate restraint to the cantilever column. In this case,
the member is to be treated as a beam between restraints and the buckling length L_,.
A value of L_, = 0.85L, may be used for this case.

3. Column design
The column is checked for overall buckling.
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4. Deflection
The deflection limitation for columns in single-storey buildings applies. In the NA to
BS EN1993-1-1, the limit for the column top is height/300. However, the code also
states that in the case of crane surge and wind, only the greater effect of either needs
to be considered in any load combination.

7.8.5 Example: Design of a crane column

1. Building Frame and Loading
The single-storey building frame shown in Figure 7.34a carries a 50 kN electric
overhead crane. The frames are at 5 m centres and the length of the building is
30 m. The static crane-wheel loads are shown in Figure 7.34b. The crane beams
are simply supported, spanning 5 m between columns, and the weight of a beam is
approximately 4 kN. The arrangement of the column and crane beam with the end
clearance and eccentricity is shown in Figure 7.34c.

Dead and imposed loads
The roof and wall loads are the same as for the building in Section 7.7.3. The loads are

Dead loads
Roof =24.23 kN
Walls =10.5 kN
Crane column + bracket =4.0 kN
Crane beam =4.0 kN
Dead load at column base =42.73 kN
Dead load at crane girder level =27.86 kN
Imposed load - Roof =37.5 kN
=
<
E \1_450 kN crane Su'rge
< applied to ; Clearance 200
o column *
e ° _\ o
. 20 m . = 1
I 1 Y %
(@ >I Eccentricity
450 approx.
Crab 75 kN g
= 3
2 Wheels t T ?
each 45 kN 50 kN 2 Wheels
each 18 kN
End carriage wheel centres =2.5 m '

(b) (©

Figure 7.34 Building frame with crane: (a) section through building; (b) crane; (c) crane column.
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Roof

le:

117+ —-0.63B ) Crane beam ‘f E -0.634-1.17
KNm\ kNm kN m |/kN m
l Wall + column l
~0.72 A -0.72
KNm 45735 Dead w73t KNm
} a5k Imposed 375N
(@)
0.55 kN 0.55 kN
1.91 kN m 0.313 kN —2.49 kN m
8.31 kN 6.64 kN
26.33 kN m ‘ 20.04 kN 19.61 kNi -25.1 kN m
Wind internal pressure
0.55 kN 0.55 kN
~_1.19kN m 3.42 kN
—5.64 kN m
16.62 kN 1.66 kKN
32.64 kN * 1.47 kKN 2.61 I(N‘ 18.84 kN

Wind internal suction

(b)

Figure 7.35 Crane column loads and moments: (a) dead and imposed loads; (b) wind loads.

The eccentric dead load of the crane beams causes small moments in the columns.
In Figure 7.35a, the applied moment to each column

M=4x0.45=1.8 kN-m

The load P, in the bottom chord of the truss (see preceding text)

x4 5x
P, =346531'8(6—425)= 042kN

Column moments
SMBC =0.42x 1.5 =-0.63 kN-m

MBA =1.8 - 0.63 = 1.17 kN-m

MAB = 1.8 - (0.42 x 6) = -0.72 kN-m
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Wind loads
The wind loads are the same as for the building in Section 7.7.3 and wind load and

column moments are shown in Figure 7.35b.

Vertical crane-wheel loads
The crane-wheel loads, including impact, are

Maximum wheel loads = 45 + 25% = 56.25 kN

Light side-wheel loads = 18 + 25% = 22.5 kN

To determine the maximum column reaction, the wheel loads are placed equidistant
about the column, as shown in Figure 7.36a. The column reaction and moment for the

maximum wheel loads are
R, =2x56.25 x 3.75/5 = 84.375 kN
M, = 84.3 x 0.45 = 37.87 kN-m

2.5m
56.25 kNl l56.25 kN
1.25m 3.75m
5m 5m
R,=84.37 kN
Maximum loads

22.5 kN 22.5 kN

R,=33.75 kN
Light-side loads

c 6.22 kKN r
28.54 kN-m 5.86 kKN-m
B ) ( E
-9.33 kN-m -9.33 kN-m
37.87 kKN-m 15.19 kN-m
0.55 kN-m A
—22.13 kN-m
784.38 KN 33.75 1<Nf
(b)
C F
2.44 l(N» 2.44 kN
g A +E 0.98 kN-m
kN-m =)
)
<
] D
12 kN-m —12 kN-m

(©

Figure 7.36 Crane column loads and moments: (a) column reactions from crane wheel loads; (b) vertical
crane wheel loads; (c) horizontal crane wheel loads.
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For the light side-wheel loads,
R, =2x%x22.5x%x3.75/5 =33.75 kN
M, =33.75 x 0.45 = 15.19 kN

The load in the bottom chord is (see above):
The moments for column ABC are

) = 3X4‘35 6-2°)16787+15.19)= 6 22KkN
2%6 2

My = -6.22 x 1.5 = -9.33 kN-m
My, = 37.87 - 9.33 = 28.54 kN-m
M, =37.87 - (6.22 x 6) = 0.55 kN-m

These moments and the moments for column DEF are shown in Figure 7.36b.
Crane surge loads
The horizontal surge load per wheel = 0.1(50 + 15)/4 = 1.63 kN.
The column reaction from surge loads

Ry =2x1.63 x 3.75/5 = 2.45 kN
The moments at the column base are
M, =2.45x4.9=12.0 kN-m

The loads and moments are shown in Figure 7.36¢.
2. Design load combinations
Consider column ABC with wind internal suction case, maximum crane-wheel loads
and crane surge. The design loads and moments for three load combinations are
a. Dead + imposed + vertical crane loads
Base

P =(1.35x42.73) + (1.5 x 37.5) + (1.5 x 84.38) = 240.51 kN
M =(1.35 x 0.72) + (1.5 x 0.55) = 1.80 kN-m

Crane girder
P=(1.35x27.86) + (1.5 x 37.5) + (1.5 x 84.38) = 220.43 kN

M= (1.35 x 1.17) + (1.5 x 28.54) = 44.39 kN-m

b. Dead + imposed + vertical and horizontal crane loads
Base

P = (1.35 x 42.73) + (1.5 x 37.5) + (1.5 x 84.38) = 240.51 kN

M=—(1.5x 0.72) + 1.5(0.55 - 12) = -18.26 kN-m
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Crane girder
P =(1.35x27.86) + (1.5 x 37.5) + (1.5 x 84.38) = 220.43 kN
M = (1.5 x 1.17) x (28.54 + 0.98) = 51.81 kN-m

c. Dead + imposed + vertical and horizontal crane loads+ wind
Base

P =(1.35 x42.73) + (1.5 x 37.5) + (1.5 x 84.38) - 0.75 x 1.47 = 239.40 kN

M = (1.35 x -0.72) + (1.5 x 32.64) + (1.5 x 12.0) + (0.75 x 0.55) = 66.4 kN-m
Crane girder

M= (1.35 x 1.17) + (1.5 x - 1.19) + (1.5 x 28.54) + (0.75 x 0.55) = 43.0 kN-m

Note that design conditions arising from notional horizontal loads are not as severe as
those in condition (3) earlier.

3. Column design
Try 406 x 140 UB 46, the properties of which are

A=59.0cm* W, =888.4cm’ W, =777.8 cm’

Ly
iy =16.29 cm; i, = 3.02 cm; I), =15 647 cm*; I, = 538 cm*
Case (3) is the most severe load combination. Compressive strength

A, =1.5x6000/162.9 = 55.25, A, =0.85x4500/30.2 =112.6

From Table 6.2 of EN1993-1-1, for an 5275 rolled H section, #;less than 40 mm, h/b >
1.2, buckling about the major y—y axis, curve a, imperfection factor, o = 0.21, buck-
ling about the minor z—z axis, curve b, imperfection factor, o = 0.34,

Al =93.9¢ =939 x0.92 = 86.4

A
YZJZ@=0.64
M 86 4

®=0.5[1+0.21(0.64 - 0.2) + 0.64*] = 0.75

1

Y 0.75+40.75% — 0642
ke 1126 o
A, 864

®=0.5[1+0.34(1.3-0.2) + 1.32] = 1.53

1

Xz = =043
153++/153% —1.30?
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Buckling moment resistance
Buckling lengths L_, = 0.85 x 4500 = 3825 mm

g L26n )
Mcr:cln ZIZ(IW+ ‘Iz IT)
L L T'EL

For ratio of end moment, y = 0; C, = 1.879

Mo =1879

05
, Tx210,000x5,380,000( 207x10° 3,825° x81,000%190,000
3,825 5,380,000 7?x210,000%5,380,000

M., = 346.87 kN-m
W 3
o [ =\/888.4><10 X275 _ o,
\ Mo 34687 x 10

1
(DLT + \/(I)ET - XET

XLT

®ye=05 [1+ar (Mo ~02)+ 2% |
For h/b > 2, curve a, o, 1 = 0.34

@, =0.5x [1+0.34(0.84 - 0.2) + 0.842] = 0.96
~ 1
0.96++/0.96% — 0842

At =0.70

Determination of interaction factors k; (Annex B in BS EN1993-1-1)
Table B.3 of BS EN1993-1-1. Equivalent uniform moment factors, C,,
Fory=0,C,,C,. =0.6 +0.4(0)=0.6 > 0.4

N N
ky =Cn 1+(A,—02)— 4 <Cp 1+08  — 4
y( ( Y )XyN Rk/YMlJ y( xyN rk A1

2394
=061+ 064-02) =065
Koy ( ° ’0.87><5900><103><275/1.0)

k. =0.6, k,=0.39

N Ed M y.Ed + kyz M z,Ed <1
AyN re Au 1 XrrM y,Rk/YMl M gk Aua
2394 4
39 + 66 43

087x1622 /1.0 07%x2443/10
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Nea M yea +k, Mapa o9
XzNRk/YMl XLTMY,Rk”Ml MZ,Rk”Ml
2394
—39 +0 —66A =049
043x16221 .0 07X24431 0

The section is satisfactory.

Deflection at column cap
The reader should refer to Figures 7.35 and 7.36.
Deflection due to crane surge J;

EIJ, =12 x 106 x 4900 x 4367/2 = 1.284 x 10'4.

Deflection due to wind, J,,

EI3, =16620 x 60003/8 - 2.87 x 10° x 60003/3 = 2.421 x 10+

Add deflection from crane-wheel loads to that caused by wind load:
EI3=2.421 x 10" + 37.87 x 10° x 4500 x 3750 - 6220 x 6000 x 103/3
=4.334 x 10"

3 4334x10°
210%x10°x15,647 x10*

=13.19mm

&/height = 13.19/6000 = 1/455 < 1/300.

The deflection controls the column size.

7.9 COLUMN BASES

7.9.1 Types and loads

Column bases transmit axial load, horizontal load and moment from the steel column to
the concrete foundation. The main function of the base is to distribute the loads safely to
the weaker material.

The main types of bases used are shown in Figure 7.37. These are

1. Slab base
2. Gusseted base
3. Pocket base

With respect to slab and gusseted bases, depending on the values of axial load and moment,
there may be compression over the whole base or compression over part of the base and
tension in the holding-down bolts. Bases subjected to moments about the major axis only
are considered here. Horizontal loads are resisted by shear in the weld between column and
base plates, shear in the holding-down bolts and friction and bond between the base and the
concrete. The horizontal loads are generally small.
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Grout

_+_

T 3
+

(@) (b) (©

Figure 7.37 Column bases: (a) slab base; (b) gusseted base; (c) pocket base.

7.9.2 Design strengths

1.

2.

Base plates
The yield strength of the plate £, is given in Table 3.1 of BS EN1993-1-1.
Holding-down bolts

The strengths of bolts are given in Table 3.1 of BS EN1993-1-8 (see Sections 10.2.2 and
10.2.3). The tensile stress area should be used in the design check for bolts in tension.

. Concrete

The column base is set on steel packing plates and grouted in. Concrete cube
strengths vary from 25 to 40 N/mm?. The bearing strength is given in BS EN1992-
1-1 as f,,/v,,, where f,, is the characteristic cylinder strength at 28 days. For design
of pocket bases, the compressive strength of the structural concrete is taken from
BS EN1992-1-1.

7.9.3 Axially loaded slab base

1.

Code requirements and theory
This type of base is used extensively with thick steel slabs being required for heavily
loaded columns. The slab base is free from pockets where corrosion may start and
maintenance is simpler than with gusseted bases.

The design of slab bases with concentric loads is given in Section 6.2.5 of BS
EN1993-1-8. This states that the bearing width, ¢, should not exceed

Y]
383Yuo

where
t is the thickness of the base plate
f, is the yield strength of the base plate
f.a1s the design bearing strength of concrete = 2/3(f,/v.)
v. is the material safety factor for concrete = 1.5

but not less than the flange thickness of the column supported, where ¢ is the largest
perpendicular distance from the edge of the effective portion of the base plate to the
face of the column cross section and ¢ is the flange thickness of the column.
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2. Weld: column to slab
The code states in Section 4.13.3 that where the slab and column end are in tight contact,
the load is transmitted in direct bearing. The surfaces in contact would be machined in
this case. The weld only holds the base slab in position. Where the surfaces are not suit-
able to transmit the load in direct bearing, the weld must be designed to transmit the load.

7.9.4 Example: Axially loaded slab base

A column consisting of a 305 x 305 UC 198 carries an axial dead load of 1440 kN and an
imposed load of 800 kN. Adopting a square slab, determine the size and thickness required.
The cylinder strength of the concrete is 30 N/mm?. Use Grade S275 steel:

Design load = (1.35 x 1440) + (1.5 x 800) = 3144 kN

The bearing strength of concrete = 2/3 x 30/1.5 = 13.4 N/mm?
Required area of base plate, A,,, = Ny /fj4

= 3144 x 103/13.4 = 234,667 mm?
Provide 600 x 600 mm? square base plate:

The area provided, A,,,,,;. = 360,000 mm? > A_,..
The arrangement of the column on the base plate is shown in Figure 7.38; from this, the
effective area is

Ayr=(D +20)(B +20) - (D - 2¢-2T)(B - 1)
= (DB + 2Bc + 2Dc + 4¢2) — (DB - 2Bc - 2BT - DT - Dt + 2tc + 2T%)
=4¢2 4+ (2D + 4B - 2t)c + (2BT + Dt - 2T%)

where D and B are the depth and width of the universal steel column used, T and ¢ are the
flange and web thicknesses of the UC and ¢ is the perpendicular spread distance as defined
in Clause 6.2.5 of BS EN1993-1-8.

A A
31 =
—>| |<— a
<+
—
s o
.-
L] L] _ Y
A
wn
o)
o
<
—
Y / /
130.05 339.9 130.05
L 600

Figure 7.38 Axial loaded base: example.
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The effective area is approximately equal to

A= 4c* + c(sectional perimeter) + sectional area = A,

eg*®

Now, sectional perimeter = 1.87 x 103> mm sectional area = 25,200 mm?
Equating yields 4¢? + (1.87 x 10%)c + (25.2 x 10%) = 234,667
Solving the equation, ¢ = 93.38.

Check to ensure no overlapping occurs:

D +2¢=3399 +2x93.38=526 mm < D, =600 mm (ok)

B +2c¢=314.1+2x93.38 = 501 mm < B, = 600 mm (ok)

The thickness of the base plate is given by

¢ = 9338 =357mm

. [£ 8870 [2755x134]7

Assume that the thickness of plate is less than 40 mm. Design strength for S275 plate,
f, =275 N/mm?:

Provide 40 mm thick base plate is adequate.
The column flange thickness is 31.4 mm. Make the base plate 40 mm thick.
Use 6 mm fillet weld all round to hold the base plate in place. The surfaces are to be

machined for direct bearing. The holding-down bolts are nominal, but four No. 24
mm diameter bolts would be provided.

Base slab: 600 x 600 x 40 mm? thick.

PROBLEMS

7.1

7.2

7.3

A Grade S275 steel column having 6.0 m effective length for both axes is to carry
pure axial loads from the floor above. If a 254 x 254 UB 89 is available, check the
ultimate load that can be imposed on the column. The self-weight of the column may
be neglected.

A column has an effective length of 5.0 m and is required to carry an ultimate axial
load of 250 kN, including allowance for self-weight. Design the column using the fol-
lowing sections:

1. Universal column section

2. Circular hollow section

3. Rectangular hollow section

A column carrying a floor load is shown in Figure 7.39. The column can be considered
as pinned at the top and the base. Near the mid-height, it is propped by a strut about
the minor axis. The column section provided is a 457 x 152 UB 60 of Grade S275 steel.
Neglecting its self-weight, what is the maximum ultimate load the column can carry
from the floor above?
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Floor
g \ Pin M Props
S e
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. 5 Sl
£ Props
n WJ
«© Pinned
\ 1 / box Section A-A

|

P,=950 kN

Figure 7.39 Column carrying floor load.

7.4 A Grade S275 steel 457 x 152 UB 60 used as a column is subjected to uniaxial bending
about its major axis. The design data are as follows:

Ultimate axial compression = 1000 kN
Ultimate moment at top of column = +200 kN-m
Ultimate moment at bottom of column = =100 kN-m

Effective length of column = 7.0 m

Determine the adequacy of the steel section.
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Figure 7.40 Support columns for water tower.
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7.5

7.6

A column between floors of a multistorey building frame is subjected to biaxial bend-
ing at the top and bottom. The column member consists of a Grade S275 steel 305 x
305 UC158 section. Investigate its adequacy if the design load data are as follows:

Ultimate axial compression = 2300 kN

Ultimate moments

Top-about major axis = 300 kN-m, about minor axis = 50 kN-m
Bottom-about major axis = 150 kN-m, about minor axis = -80 kN-m
Buckling length of column = 6.0 m

A steel tower supports a water tank of size 3 x 3 x 3 m?. The self-weight of the tank is
50 kN when empty. The arrangement of the structure is shown in Figure 7.40. Other
design data are given in the following:

Unit weight of water = 9.81 kN/m?
Design wind pressure = 1.0 kN/m?2.

Use Grade S275 steel angles for all members. Design the steel tower structure and pre-
pare the steel drawings.



Chapter 8

Trusses and bracing

8.1 TRUSSES: TYPES, USES AND TRUSS MEMBERS

8.1.1 Types and uses of trusses

Trusses and lattice girders are framed elements resisting in-plane loading by axial forces in
either tension or compression in the individual members. They are beam elements, but their
use gives a large weight saving when compared with a universal beam designed for the same
conditions.

The main uses for trusses and lattice girders in buildings are to support roofs and floors
and carry wind loads. Pitched trusses are used for roofs, while parallel chord lattice girders
carry flat roofs or floors.

Some typical trusses and lattice girders are shown in Figure 8.1a. Trusses in buildings are
used for spans of about 10-50 m. The spacing is usually about 5-8 m. The panel length may
be made to suit the sheeting or decking used and the purlin spacing adopted. Purlins need
not be located at the nodes, but this introduces bending into the chord. The panel spacing
is usually 1.5-4 m.

8.1.2 Truss members

Truss and lattice girder members are shown in Figure 8.1b. The most common members
used are single and double angles, tees, channels and structural hollow sections. I and H and
compound and built-up members are used in heavy trusses.

8.2 LOADS ON TRUSSES

The main types of loads on trusses are dead, imposed and wind loads. These are shown in
Figure 8.1a.

8.2.1 Dead loads

The dead load is due to sheeting or decking, insulation, felt, ceiling if provided, weight of
purlins and self-weight. This load may range from 0.3 to 1.0 kN/m?. Typical values are used
in the worked examples here.
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Figure 8.1 Roof trusses and lattice girders: (a) typical trusses and lattice girders; (b) truss members.

8.2.2 Imposed loads

The imposed load on roofs is taken from BS EN1991-1-3. This loading may be summarised
as follows:

1. Where there is only access to the roof for maintenance and repair — 0.75 kN/m?
2. Where there is access in addition to that in (1) - 1.5 kN/m?

8.2.3 Wind loads

Readers should refer wind loading to the new BS EN1993-1-4. The wind load depends on
the building dimensions and roof slope, among other factors. The wind blowing over the
roof causes suction or pressure on the windward slope and suction on the leeward one (see
Figure 8.1a). The loads act normal to the roof surface.

Wind loads are important in the design of light roofs where the suction can cause reversal
of load in truss members. For example, a light angle member is satisfactory when used as a
tie but buckles readily when required to act as a strut. In the case of flat roofs with heavy
decking, the wind uplift will not be greater than the dead load, and it need not be considered
in the design.

8.2.4 Application of loads

The loading is applied to the truss through the purlins. The value depends on the roof area
supported by the purlin. The purlin load may be at a node point, as shown in Figure 8.1a, or
between nodes, as discussed in Section 8.3.3 as follows. The weight of the truss is included
in the purlin point loads.
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8.3 ANALYSIS OF TRUSSES

8.3.1 Statically determinate trusses

Trusses may be simply supported or continuous, statically determinate or redundant and pin
jointed or rigid jointed. However, the most commonly used truss or lattice girder is single
span, simply supported and statically determinate. The joints are assumed to be pinned,
though, as will be seen in actual construction, continuous members are used for the chords.
A pin-jointed truss is statically determinate when

m=2j-3

where
m denotes the number of members
j denotes the number of joints

8.3.2 Load applied at the nodes of the truss

When the purlins are located at the node points, the following manual methods of analysis
are used:

1. Force diagram — this is the quickest method for pitched-roof trusses.

2. Joint resolution — this is the best method for a parallel chord lattice girder.

3. Method of sections — this method is useful where it is necessary to find the force in
only a few members.

The force diagram method is used for the analysis of the truss in Section 8.6. An example
of use of the method of sections would be for a light lattice girder where only the force in
the maximum loaded member would be found. The member is designed for this force and
made uniform throughout.

A matrix analysis program can be used for truss analysis. In Chapter 11, the roof truss for
an industrial building is analysed using a computer program.

8.3.3 Loads not applied at the nodes of the truss

The case where the purlins are not located at the nodes of the truss is shown in Figure 8.2a.
In this case, the analysis is made in two parts:

1. The total load is distributed to the nodes as shown in Figure 8.2b. The truss is analysed
to give the axial loads in the members.

2. The top chord is now analysed as a continuous beam loaded with the normal compo-
nent of the purlin loads as shown in Figure 8.2c. The continuous beam is taken as fixed
at the ridge and simply supported at the eaves. The beam supports are the internal
truss members. The beam is analysed by moment distribution. The top chord is then
designed for axial load and moment.

8.3.4 Eccentricity at connections

Member meeting at a joint should be arranged so that their centroidal axes meet at a point.
For bolted connections, the bolt gauge lines can be used in place of the centroidal axes.
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Figure 8.2 Loads applies between nodes of truss: (a) loads applied between nodes; (b) primary analysis — loads
at nodes; (c) secondary analysis of top chord as a continuous beam.

(c)

If the joint is constructed with eccentricity, then the members and fasteners must be designed
to resist the moment that arises. The moment at the joint is divided between the members in
proportion to their stiffness.

8.3.5 Rigid-jointed trusses

Moments arising from rigid joints are important in trusses with short, thick members.
Secondary stresses from these moments will not be significant if the slenderness of chord
members in the plane of the truss is greater than 50 and that of most web members is
greater than 100. Rigid-jointed trusses may be analysed using a matrix stiffness analysis
program.

8.3.6 Deflection of trusses

The deflection of a pin-jointed truss can be calculated using the strain energy method. The
deflection at a given node is

SN
AE

where
N is the force in a truss member due to the applied loads
u is the force in a truss member due to unit load applied at the node and in the direction
of the required deflection
L is the length of a truss member
A is the area of a truss member
E is the Young’s modulus

A computer analysis gives the deflection as part of the output.
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(b)

Figure 8.3 Cross-braced lattice girder: (a) cross-braced redundant truss; (b) analysis with tension diagonals.

8.3.7 Redundant and cross-braced trusses

A cross-braced wind girder is shown in Figure 8.3. To analyse this as a redundant truss, it
would be necessary to use the computer analysis program.

However, it is usual to neglect the compression diagonals and assume that the panel shear
is taken by the tension diagonals, as shown in Figure 8.3b. This idealisation is used in design
of cross bracing (see Section 8.7).

8.4 DESIGN OF TRUSS MEMBERS

8.4.1 Design conditions

The member loads from the separate load cases — dead, imposed and wind — must be com-
bined and factored to give the critical conditions for design. Critical conditions often arise
through reversal of load due to wind, as discussed in the succeeding text. Moments must be
taken into account if loads are applied between the truss nodes.

8.4.2 Struts

1. Maximum slenderness ratios
For lightly loaded members, these limits often control the size of members. The maxi-
mum ratios are
a. Members resisting other than wind load - 180
b. Members resisting self-weight and wind load - 250
c. Members normally acting as ties but subject to reversal of stress due to wind — 350
Deflection due to self-weight should be checked for members whose slenderness exceeds
180. If the deflection exceeds the ratio length/1000, the effect of bending should be
taken into account in design.
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Figure 8.4 Limiting proportions for single- and double-angle struts.

2. Limiting proportions of angle struts
To prevent local buckling, limiting width/thickness ratios for single angles and double
angles with components separated are given in Table 5.2 of BS EN1993-1-1. These are
shown in Figure 8.4.

3. Effective lengths for compression chords
The compression chord of a truss or lattice girder is usually a continuous member
over a number of panels or, in many cases, its entire length. The chord is supported in
its plane by the internal truss members and by purlins at right angles to the plane as
shown in Figure 8.5.

The length of chord members is as follows:

a. In the plane of the truss-panel length — L,
b. Out of the plane of the truss—purlin spacing — L,
The rules can be used to determine the buckling lengths. The slenderness ratios for
single- and double-angle chords are shown in Figure 8.5. Note that truss joints reduce
the in-plane value of the buckling length.

4. Effective lengths of discontinuous internal truss members
Discontinuous internal truss members, a single angle or double angle connected to a
gusset at each end, are shown in Figure 8.5. The buckling lengths for the cases where
the connections contain at least two fasteners or the equivalent in welding. The non-
dimensional slenderness is shown in Figure 8.5. The length L, is the distance between
truss nodes.

5. Design procedure
The end eccentricity for discontinuous struts may be ignored and the design made for
an axially loaded member.

For single angles or double angles with members separated, the buckling resistance

for Class 1, 2 and 3 sections is given by

XAL

M1

Nb,Rd=

where A denotes gross area.
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Figure 8.5 Slenderness ratios for truss members.

From Table 6.2 in the code, the strut curve b is selected to obtain the buckling resis-
tance, Ny, .

If the section is Class 4, the effective area method is used to determine the member
compressive strength (refer to Section 7.4.9 for the method and example).

8.4.3 Ties

The effective area is used in the design of discontinuous angle ties. This was set out in
Section 6.4 earlier. Tension chords are continuous throughout all or the greater part of their
length. Checks will be required at end connections and splices.

8.4.4 Members subject to reversal of load

In light roofs, the uplift from wind can be greater than the dead load. This causes a reversal
of load in all members. The bottom chord is the most seriously attached member and must
be supported laterally by a lower chord bracing system, as shown in Figure 1.2. It must be
checked for tension due to dead and imposed loads and compression due to wind load.
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8.4.5 Chords subjected to axial load and moment

Angle top chords of trusses may be subjected to axial load and moment, as discussed in
Section 8.3.3 earlier. The buckling capacity for axial load is calculated in accordance with
Section 8.4.2 (3) earlier.

The reader should refer to Clause 6.3.3 in BS EN1993-1-1 for the design of combined
bending and axial compression.

The interaction expressions for combined axial and bending are

N M M
Ed n yEd +k,, zBd o q
AyN rk A1 XrrM y,Rk/YM1 M i At
N M M,
B4 yEd 1k, £ <1
XN ri Awa XrrM y,Rk/le M ,zx Aui

8.5 TRUSS CONNECTIONS

8.5.1 Types

The following types of connections are used in trusses:

1. Column cap and end connections
2. Internal joints in welded construction
3. Bolted site joints — internal and external

The internal joints may be made using a gusset plate or the members may be welded directly
together. Some typical connections using gussets are shown in Figure 8.6. In these joints, all
welding is carried out in the fabrication shop. The site joints are bolted.

8.5.2 Joint design

Joint design consists of designing the bolts, welds and gusset plate.

1. Bolted joints: The load in the member is assumed to be divided equally between the
bolts. The bolts are designed for direct shear and the eccentricity between the bolt
gauge line and the centroidal axis is neglected (see Figure 8.7a). The bolts and gusset
plate are checked for bearing.

2. Welded joints: In Figure 8.7a, the weld groups can be balanced as shown. That is, the
centroid of the weld group is arranged to coincide with the centroidal axis of the angle
in the plane of the gusset. The weld is designed for direct shear.

If the angle is welded all round, the weld is loaded eccentrically, as shown in Figure
8.7b. However, the eccentricity is generally not considered in practical design because
much more weld is provided than is needed to carry the load.

3. Gusset plate: The gusset plate transfers loads between members. The thickness is usu-
ally selected from experience, but it should be at least equal to that of the members to
be connected.



Trusses and bracing 229
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Figure 8.6 Truss and lattice girder connections: (a) end connections — A; (b) internal connection — B; (c) site
splice — C; (d) ridge joint — D.

The actual stress conditions in the gusset are complex. The direct stress in the plate
can be checked at the end of the member assuming that the load is dispersed at 30° as
shown in Figure 8.7c. The direct load on the width of dispersal b should not exceed the
design strength of the gusset plate. In joints where members are close together, it may
not be possible to disperse the load. In this case, a width of gusset equal to the member
width is taken for the check.

8.6 DESIGN OF A ROOF TRUSS FOR AN INDUSTRIAL BUILDING

8.6.1 Specification

A section through an industrial building is shown in Figure 8.8a. The frames are at 5 m
centres and the length of the building is 45 m. The purlin spacing on the roof is shown in
Figure 8.8b. The loading on the roof is as follows:

1. Dead load — measured on the slope length

Sheeting and insulation board = 0.25 kN/m?
Purlins = 0.1 kN/m?
Truss =0.1 kN/m?

Total dead load = 0.45 kN/m?
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Figure 8.7 Truss connections and gusset plate design: (a) shop welded — site bolted joint; (b) eccentrically
loaded weld group; (c) effective width of gusset plate.
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Figure 8.8 Pitched-roof truss: (a) section through building; (b) arrangement of purlins.

2. Imposed load measured on plan = 0.75 kN/m?
Imposed load measured on slope = 0.75 x 10/10.77 = 0.7 kN/m?
Design the roof truss using angle members and gusseted joints. The truss is to be
fabricated in two parts for transport to site. Bolted site joints are to be provided at A,
B and C as shown in Figure 8.8b.
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8.6.2 Truss loads

1. Dead and imposed loads
Because of symmetry, only one-half of the truss is considered.

Dead loads:
End panel points = 1/8 x 0.45 x 10.77 x 5 = 3.03 kN
Internal panel points = 2 x 3.03 = 6.06 kN

Imposed loads:
End panel point = 3.03 x 0.7/0.45 = 4.71 kN
Internal panel points = 2 x 4.71 = 9.42 kN

The dead loads are shown in Figure 8.10.
2. Wind loads

Basic velocity pressure, g, = 0.5 x p x v7 = 0.5 x 1.226 x 222 = 296 N/m?
Peak velocity pressure g,(z) = c,(z) x g, = 2.3 x 296 = 0.68 kN/m?

The external pressure coefficients C,,

from the internal pressure coefficients C,,

are shown in Figure 8.9. The values used are where there is only a negligible prob-
ability of a dominant opening occurring during a severe storm. C,, is taken as the

more onerous of the values +0.2 or -0.3.

For the design of the roof truss, the condition of maximum uplift is the only one
that need be investigated. A truss is selected from Section HI of the roof shown in
Figure 8.9a, where C,, is a maximum and C,, is taken as +0.2, the case of internal

pressure. The wind load normal to the roof is
0.68 (C,, - C,)

Roof angl
1 330 angle Wind angle Wind angle

0 90°
%HI IEHHIIHIHI

w=20m | -0.32/-0.4 | -0.7 |-0.6

h 1l
w2
Plan Section
(@)
-0.32 -0.4 -0.7 -0.7
N 102 f 402 f
=0° 1 —90° 1
(b)
0.612 kN/m 0.612 kN/m

I

(c)

Figure 8.9 Wind loads on the roof truss: (a) external pressure coefficients; (b) roof pressure coefficients;

(c) roof wind loads.
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The wind loads on the roof are shown in Figure 8.9¢ for the two cases of wind trans-
verse and longitudinal to the building.

The wind loads at the panel points normal to the top chord for the case of wind
longitudinal to the building are

End panel points = 1/8 x 0.612 x 10.77 x 5§ =4.12 kN
Internal panel points = 8.24 kN

The wind loads are shown in Figure 8.11.

8.6.3 Truss analysis

1. Primary forces its truss members
Because of symmetry of loading in each case, only one half of the truss is considered.
The truss is analysed by the force diagram method and the analyses are shown in
Figures 8.10 and 8.11. Note that members 4-5 and 5-6 must be replaced by the ficti-
tious member 6—X to locate point 6 on the force diagram. Then point 6 is used to find
points 4 and 5.

The dead-load case is analysed and the forces due to the imposed loads are
found by proportion. The case for maximum wind uplift is analysed. The forces
in the members of the truss are tabulated for dead, imposed and wind load in
Table 8.1.

A
T 24.24
b
Tension < tve c
Compression ——=— —ve
d
e
f

Figure 8.10 Dead-load analysis.
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Figure 8.11 Wind-load analysis.

Table 8.1 Forces in members of roof truss (kN)
Member Dead load  Imposed load ~ Wind load
Top chord
C-1 -57.1 -88.8 72.1
D-2 -54.9 -854 72.1
E-5 -52.6 -81.8 749
F-6 -50.3 =782 74.9
Bottom chord
A-l 53.9 824 -66.9
A-3 45.5 -70.8 -55.9
A-7 30.3 47.1 -32.1
Struts
-2 -5.6 -87 8.2
34 -11.3 -17.6 17.6
5-6 -5.6 -8.7 8.2
Ties
2-3 7.6 1.8 -1
4-5 7.6 1.8 -14.1
4-7 152 23.6 -23.7
67 22.7 353 -34.8

7-8 0.0 0.0 0.0
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2. Moments in the top chord
The top chord is analysed as a continuous beam for moments caused by the normal

component of the purlin load from dead load:

Purlin load = 1.78 x 5 x 0.35 = 3.12 kN
Normal component = 3.12 x 10/10.77 = 2.89 kN
End purlin L = 2.89 x 0.98/1.78 = 1.59 kN

The top-chord loading is shown in Figure 8.12a. The fixed end moments are

Span AB

M, =0
My, = 2.89 x 1.78(2.692 — 1.782)/2 x 2.692 = 1.44 kN-m

Span BC

My =2.89[(0.87 x 1.823) + (2.65 x 0.04%)]/2.69% = 1.15 kN-m
Mcp = 2.89[(1.82 x 0.872) + (0.04 x 2.65%)]/2.69? = 0.66 kN-m

Span CD

Mcp =2.89 x 1.74 x 0.95%2/2.69? = 0.63 kN-m
Mpe=2.89 x0.95 x 1.742/2.69? = 1.15 kN-m

Span DE

Mpp=2.89 x 0.82 x 1.872/2.69% + 1.59 x 2.6 x 0.09%/2.69% = 1.15 kN-m
Myp=2.89 x 1.87 x 0.82%/2.69% + 1.59 x 2.6 x 0.09%/2.69% = 0.51 kN-m

The distribution factors are

Joint B BA:BC = 0.75:1 = 0.43:0.57
Joints C and D = 0.5:0.5

6at1.78=10.68 m |

145kN 289kN  289kN  2.89kN 2.89 kN 289kN 159N
! ! ! ! ! y
178 (0914087 178 b 174 o095 bos2| 178 |
T T 1 } } 0.09 i
| 2.69 | 2.69 | 2.69 2.69 |
I ] 1
(a)
043 | 057 ‘ ’ 05 | 05 ‘ ’ 05 | 05 ‘
0.0 144 | -1.15 066 |-0.63 115 |-115 0.63
~012 | -0.17 ~0.02 |-0.02 00 | 00
00 | -0.01 ~0.09 | 00 00 | 00 0.0
0.0 0.0 005 | 005 00 | 00
0.0 132 | -1.32 06 | 06 115 |-115 0.63

(b)

Figure 8.12 Top-chord analysis: (a) top chord dead loads; (b) moment distribution, top chord analysis.
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Figure 8.13 Top-chord moments and forces: (a) separate spans, reactions and internal moments; (b) bending
moment diagram; (c) axial forces.

The moment distribution is shown in Figure 8.12b and the reactions and internal moments
for the separate spans are shown in Figure 8.13a. The bending moment diagram for the
complete top chord is shown in Figure 8.13b and the axial loads from the force diagram

in Figure 8.13c.

8.6.4 Design of truss members

Part of the member design depends on the joint arrangement. The joint detail and design are
included with the member design. Full calculations for joint design are not given in all cases.

1. Top chord

The top chord is to be a continuous member with a site joint at the ridge.

Member C-1 at eaves

The maximum design conditions are at B (Figure 8.13).

Dead + imposed load:

Compression F = —(1.35 x 57.1) - (1.5 x 88.8) = -210.3 kN

Moment M = -(1.35 x 1.32)

- (1.5 x 1.32 x 0.7/0.35) = -5.74 kN-m
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Dead + wind load:
Tension F = =57.1 + (1.5 x 72.1) = 51 kN

Try two no. 100 x 100 x 10 RSA angles with 10 mm thick gusset plate. The gross sec-
tion is shown in Figure 8.14a. The properties are

A=192x2=384cm%* i, =3.05cm,i =4.51cm
W, =24.8 x2 =49.6 cm?

el,y

Design strength f, = 275 N/mm?.
Check the section classification using Figure 8.4:

h_100_ .5 15
t 10
M><ﬂ= 10<115¢e
2t 0
b:esY

1

d=100
s
|
9
|
33.6
30.1
N
>~
.l
I —
N

|
_’l:l‘lo 2/22 mm¢ holes

Y
2No.100x65x10 T
(a) (b)

2/100 x 65 x 10T

I L

—

i 2/80x 60 x 7 1L
' All welds 6 mm E.W.

(d)

Figure 8.14 Top-chord design details: (a) top chord; (b) net section at site joint; (c) ridge joint; (d) eaves joint.
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The section is Class 3.
The slenderness is the maximum of

L
—Z+ 0.7 % 2690
305

i,

=618

L
=t 1780 +=395
i 45.1

From Table 6.2 of EN1993-1-1, for a S275 rolled RSA section, curve b, oo = 0.34

A =939 =939%x092=864

X=1=E=o.72
A, 864

®=05[1+034(0.72-02)+0.72*1=085

1

X: =0.77
085+ +/0.85% — 0.722

Buckling resistance, N, p; = 0.77 x 38.4 x 275/10 = 813 kN

Arr = 09%, =041
From Table 6.3 and 6.4, curve d, o, = 0.76
®pp =05%[L+0.76(041-02)+ 0412]= 066

_ 1
0.66++0.66%—0.412

péxs =085

Interaction expression

222 574
813 0.85%x49.6x%x275x107°

=077<10

Provide two no. 100 x 100 x 10 angles.
The member will be satisfactory for the case of dead plus wind load.

Member F-6 at ridge

The ridge joint is shown in Figure 8.14c. A bolted site joint is provided in the chord on
one side. The design conditions are

Compression F = (1.35 x 50.3) + (1.5 x 78.2) = 185.2 kN
Moment My = —(1.35 x 0.57) = (1.5 x 0.57 x 0.7/0.35) = 2.48 kN-m
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The net section is shown in Figure 8.14b:

Net area = 34.0 cm?; W, = 40.69 cm’ (minimum)
M, rg=0.85 x 275 x 40.69 x 1073 = 9.51 kN-m

Interaction expression for local capacity is

1852 N 248
275%x34%x107" 951

=046<10

The section is satisfactory.

Eaves joint (see Figure 8.14d)
The member is connected to both sides of the gusset, so the gross section is effective in
resisting load (see Section 4.6.3.3 of the code).

Compression F = 210.3 kN
Length of 6 mm fillet, strength 0.981 kN/mm, required
=210.3/0.981 = 214 mm

This may be balanced around the member as shown in Figure 8.14d. More weld has
been provided than needed.

The bearing capacity of the gusset is checked at the end of the member on a width of
100 mm. No dispersal of the load is considered because of the compact arrangement
of the joint:

Bearing capacity = 275 x 100 x 10/10° = 275 kN
The gusset is satisfactory.
Ridge joint (see Figure 8.14¢)

Try three no. 20 mm diameter Class 4.6 bolts at the centres shown in Figure 8.14c.
From the blue book, the double shear value is 94.1 kN. The bolts resist

Direct shear = 185.2 kN, moment = 2.48 kN
Direct shear per bolt = 185.2/3 = 61.7 kN
Shear due to moment = 2.48/0.15 = 16.5 kN
Resultant shear = (61.72 + 16.5%)%5 = 63.8 kN

The bolts are satisfactory.
The shop-welded joint must be designed for moment and shear. The weld is shown
in Figure 8.14c. The gusset will be satisfactory.
2. Bottom chord
The bottom chord is to have two site joints at P and R, as shown in Figure 8.15.

Member A-1
The design conditions are

Dead + imposed load:

Tension F = (1.35 x 53) + (1.5 x 82.4) = 195.15 kN
Dead + wind load:

Compression F = 53 - (1.5 x 66.9) = -47.35 kN

Try two no. 80 x 60 x 7 RSA angles. The section is shown in Figure 8.15b. The prop-
erties are

A=18.76 cm? i =2.50cm; i,=2.66cm
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7% 2/80x60x 7L

DY

Figure 8.15 Bottom-chord design details: (a) lower chard bracing; (b) bottom chord; (c) net section; (d) site

joint at P.

The section is Class 3.

When the bottom chord is in compression due to uplift from wind, lateral supports
will be provided at P, O and R by the lower chord bracing shown in Figure 8.15a. The

effective length for buckling about the z—z axis is 5800 mm:

Lpli,= 5800/26.6 = 218, A, = 86.4
Buckling resistance, N, ;= 0.21 x 18.76 x 275/10 = 108.3 kN

At end A, the angles are connected to both sides of the gusset:
N, rg = 275 x 18.76/10 = 515.9 kN

Provide two no. 80 x 60 x 7 angles. The wind load controls the design.

The connection to the gusset is shown in Figure 8.15d. The length of 6 mm weld

required = 206.04/0.9 = 228.9 mm.
The weld is placed as shown in Figure 8.15d. The gusset is satisfactory.
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Member A-7
Dead + imposed load:

Tension F = (1.35 x 30.3) + (1.5 x 47.1) = 111.6 kN
Dead + wind load:

Compression = 30.3 - (1.4 x 32.1) = -17.85 kN

Member A-7 is connected to the gusset by two no. 20 mm diameter bolts in double
shear as shown in Figure 8.15d.

Netarea= 18.76—-2x22x7/10% =1568 an?

A
N ¢ra = 09%Rnet _ ) 93 430%1568% 107" /125 = 4854 kN

Yu 2

The member will also be satisfactory when acting in compression due to wind. The
shear capacity of the joint = 2 x 94.1 = 188.2 kN > 111.6 kN.
3. Internal members
Members 4-7 and 6-7
Design for the maximum load in members 6-7

Dead + imposed load:

Tension F = (1.35 x 22.7) + (1.5 x 35.3) = 83.6 kN
Dead + wind load:

Compression load = 22.7 - (1.5 x 34.8) = -29.5 kN

Try 70 x 70 x 10 angle. The member lengths and section are shown in Figure 8.16.
The properties are

A=131cm? i,=2.09cm; i,=1.36cm

The slenderness values are calculated as follows (see Figure 8.5).

V
x—l X -
| T~ 22 mm dia¢ hole
vV oy
70x70x 10 L

(b) (O]

Figure 8.16 Design for members 4—7, 6—7 and 3—4: (a) internal member lengths; (b) section; (c) net section
at site joint.
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Members 6-7 buckling about the v—v axis:

7\:= 2900/13 6 — 247
864

Members 6-7 and 4-7 buckling laterally:

7\-72: 5800/20.9 —321
86 4
Buckling resistance, Nj, s = 0.12 x 13.1 x 275/10 = 43.2 kN
This is satisfactory.
The end of member 6-7 is connected at the ridge by bolts, as shown in Figure 8.14c.
The net section is shown in Figure 8.16¢:

Net area of connected leg = 10(65 - 22) = 430 mm?
Area of unconnected leg = 10 x 65 = 650 mm?
Net area A,,, =430 + 650 = 1080 mm?

-3
N = 06x1080x430X10™° _ o o0 ancpr
a 125

This is satisfactory.
Joints for members 4-7 and 6-7

Use 20 mm bolts in clearance holes.
Single shear value = 47 kN (Table 4.2).
Number of bolts required = 83.6/47 = 1.8. Use three bolts.

The bolts are shown in Figure 8.14¢ and the welded connection is also shown on the
figure. The connection to the site joint at P is shown in Figure 8.15d.

Members 3—4
The design loads are dead + imposed load:

Compression F = —(1.35 x 11.3) - (1.5 x 17.6) = -41.65 kN.
Dead + wind load:

Tension F = -11.3 + (1.5 x 17.6) = 15.1 kN.
Use 70 x 70 x 8 angle.

Other internal members
All other members are to be 50 x 50 x 6 angles. The design for these members is not given.
4. Truss arrangement
A drawing of the truss is shown in Figure 8.17 and details for the main joints are
shown in Figures 8.14 and 8.15.

8.7 BRACING

8.7.1 General considerations

Bracing is required to resist horizontal loading in buildings designed to the simple design method.
The bracing also generally stabilises the building and ensures that the framing is square. It con-
sists of the diagonal members between columns and trusses and is usually placed in the end
bays. The bracing carries the load by forming lattice girders with the building members.
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Figure 8.17 Arrangement drawing of truss.

8.7.2 Bracing for single-storey industrial buildings

The bracing for a single-storey building is shown in Figure 8.18a. The internal frames resist
the transverse wind load by bending in the cantilever columns. However, the gable frame
can be braced to resist this load, as shown. The wind blowing longitudinally causes pres-
sure and suction forces on the windward and leeward gables and wind drag on the roof and
walls. These forces are resisted by the roof and wall bracing shown.

Longitudinal
Transverse wind Wind drag
wind - -~ 2
7T 77T 7T 7 7T 7T
Internal frame Side elevation
Transverse
wind
77 7 7 7
Roof plan Gable frame
(a)
Wind
3 g Crane Crane S
Surge girder 3

(b)

Figure 8.18 Bracing for single-storey building: (a) single-storey building; (b) building with a crane.



Trusses and bracing 243

Vertical wind bracing
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Figure 8.19 Bracing for multistorey building: (a) floor elevation; (b) floor plan; (c) floor bracing.

If the building contains a crane, an additional load due to the longitudinal crane surge
has to be taken on the wall bracing. A bracing system for this case is shown in Figure 8.18b.

8.7.3 Bracing for a multistorey building

The bracing for a multistorey building is shown in Figure 8.19. Vertical bracing is required
on all elevations to stabilise the building. The wind loads arc is applied at floor level. The
floor slabs transmit loads on the internal columns to the vertical lattice girders in the end
bays. If the building frame and cladding are erected before the floors are constructed, floor
bracing must be provided as shown in Figure 8.19c. Floor bracing is also required if precast
slabs not effectively tied together are used.

8.7.4 Design of bracing members

The bracing can be single diagonal members or cross members. The loading is generally
due to wind or crane surge and is reversible. Single-bracing members must be designed to
carry loads in tension and compression. With cross bracing, only the members in tension are
assumed to be effective and those in compression are ignored.

The bracing members are the diagonal web members of the lattice girder formed with the
main building members, column, building truss chords, purlins, eaves and ridge members,
floor beams and roof joists. The forces in the bracing members are found by analysing the
lattice girder. The members are designed as ties or struts, as set out in Section 8.4 earlier.
Bracing members are often very lightly loaded and minimum-size sections are chosen for
practical reasons.

8.7.5 Example: Bracing for a single-storey building

The gable frame and bracing in the end bay of a single-storey industrial building are shown
in Figure 8.20. The end bay at the other end of the building is also braced. The length of the
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Figure 8.20 Gable frame and bracing in end bay.

building is 50 m and the truss and column frames are at 5 m centres. Other building dimen-
sions are shown in Figure 8.20. Design the roof and wall bracing to resist the longitudinal
wind loading using Grade S275 steel.

1. Wind load

Basic wind speed, v, = 22 m/s
Basic velocity pressure, g, = 05XpX Vi =05x1226x22° =296 N fn°

Peak velocity pressure g,(z) = ¢,(z) x g, = 2.3 x 296 = 0.68 kN/m?
The pressure coefficients on the end walls from are set out in Figure 8.21a.
C,, = 0.85. This is not affected by the internal pressure: wind pressure = 0.85 x 0.68 =

»
0.578 kN/m?2.
The method for calculating the frictional drag is given in BSEN1991-1-4.

C
\\ E Wind Cpe for surface
né o
n angle
A B 1] oc C D
0° -0.6 -0.6
90° +0.7 -0.1
D
w=20m
(@)
, d=50m !
g
©
Wind E [
- Q =
L i e

Figure 8.21 Data for calculating wind loads: (a) external pressure coefficients — end walls; (b) dimensions
for calculating frictional drag.
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Cladding — corrugated plastic-coated steel sheet.

Factor C; = 0.02 for surfaces with corrugations across the wind direction (refer to
Figure 8.21b).

dibh = 50/6 = 8.33 > 4

dib =50/20=2.5<4

The ratio d/h is greater than 4, so the drag must be evaluated.
For b < b, the frictional drag is given by

Froof = Cqbd(d - 4h)

=0.02 x 0.68 x 20(50 - 24) = 7.1 kN

Fwalls = Cq2h(d - 4h)

=0.02 x 0.68 x 12(50 - 24) = 4.24 kN

The total load is the sum of the wind load on the gable ends and the frictional drag.
The load is divided equally between the bracings at each end of the building.

. Loads on bracing (see Figure 9.20)

Point E

Load from the wind on the end gable column EF

=9.5x5x%x0.5%x0.578 =13.73 kN

Reaction at E, top of the column = 6.86 kN
Load at E from wind drag on the roof

=0.5x71%x0.25=09 kN
Total load at E = 7.76 kN

Point C
Load from the wind on the end gable column CD

=8x5x0.5%0.578 =11.56 kN

Reaction at C, top of the column = 5.78 kN
Load C from wind drag on the roof = 0.9 kN
Total load at C = 6.68 kN

Point A
Load from the wind on building column AB

=2.5%x6.5x0.5%x0.578 =4.69 kN

Reaction at A, top of the column = 2.35 kN
Load at A from wind drag on roof and wall

= (0.125 x 7.1 x 0.5) + (0.5 x 4.24 x 0.25) = 0.97 kN

Total load at A = 3.32 kN

. Roof bracing

The loading on the lattice girder formed by the bracing and roof members and the
forces in the bracing members are shown in Figure 8.22a. Note that the members of
the cross bracing in compression have not been shown. Forces are transmitted through
the purlins in this case. The maximum loaded member is AH:

Design load = 1.5 x 15.5 = 23.3 kN.
Try 50 x 50 x 6 angle with two no. 16 mm diameter Class 4.6 bolts in the end connections.
Bolt capacity = 2 x 30.1 = 60.2 kN.
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Figure 8.22 Bracing and member forces: (a) roof bracing; (b) wall bracing; (c) single bracing system.

Referring to Figure 8.22a

Net area A, = (47 - 18)6 + 282 = 456 mm?

06X 456x430x1073
N ipa = 125 =94.1kN

Make all the members the same section.

4. Wall bracing
The load on the wall bracing and the force in the bracing member are shown in
Figure 8.22b.

Design load = 1.5 x 21.7 = 32.5 kN. Provide 50 x 50 x 6 angle.

5. Further considerations
Design for load on one gable:
In a long building, the bracing should be designed for the maximum load at one end.
This is the external pressure and internal suction on the gable plus one half of the fric-
tional drag on the roof and walls. In this case, if the design is made on this basis,

roof bracing (design load in AH = 25.1 kN) and wall bracing (design load = 39.2 kN),
the 50 x 50 x 6 angles will be satisfactory
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Single-bracing system:

In the aforementioned analysis, cross bracing is provided and the purlins form part
of the bracing lattice girder. This arrangement is satisfactory when angle purlins are
used. However, if cold rolled purlins are used, the bracing system should be indepen-
dent of the purlins. A suitable system is shown in Figure 8.22¢, where the roof-bracing
members support the gable columns. Circular hollow sections are often used for the
bracing members.

8.7.6 Example: Bracing for a multistorey building

The framing plans for an office building are shown in Figure 8.23. The floors and roof are
cast in in situ reinforced concrete slabs that transmit the wind load from the internal col-
umns to the end bracing. Design the wind bracing using Grade S275 steel.

1. Wind loads
The data for the wind loading are
The site in the country with the closest distance to the sea upwind 2 km, at the first
floor with the height of 5 m above ground, takes

Basic wind velocity, v, = 26 m/s

In Table 4 of BS EN1991-1-4, the value of ¢,(z) for height difference is as follows:

First floor H= 5 m ¢,(z) = 1.62
Second floor H = 10 m ¢,(z) = 1.78
Roof H=15m¢,(z) =1.85

5@4m=20m ) 3@4m=12m

| Roof

Second
floor

First
floor

Ground

Front elevation End elevation

Vertical wind

/ bracing

I=—I—I—I—TI——=T I—I—T—TIT—TI—7T

I—I—TI—I—TI——T I—I—T—TI—TI—T
Plan
First, second floor and roof Ground floor plan

Figure 8.23 Framing plans for a multi-storey building.
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Figure 8.24 Wind loads: force coefficients.

The wind speed design and dynamic pressures are

First floor v, = 26.0 m/s

gy = 0.5 x 1.226 x 26.0/10° = 0.42 kN/m?
Second floor v, = 26.0 x (1.78/1.62) = 28.5 m/s
g, = 0.49 kN/m>

Roof level v, = 26.0 x (1.85/1.62) = 29.6 m/s
g, = 0.54 kKN/m?

The force coefficients C; for wind on the building as a whole are shown in Figure 8.24
for transverse and longitudinal wind:

Force = CqA,

where A, denotes the effective frontal area under consideration.
Wind drag on the roof and walls need not be taken into account because neither the
ratio d/bh nor d/h is greater than 4.
2. Transverse bracing
The loads at the floor levels are

P=0.981x0.54 x2x 10 =10.6 kN
0=0.981%0.49 x4 x 10 = 19.2 kN
R =0.981x0.42 x 4.5 x 10 = 18.5 kN

The loads are shown in Figure 8.25a and the forces in the bracing members in tension
are also shown in the figure. The member sizes are selected (see Figure 8.25c¢).

Member QT, RU
Design load = 1.5 x 42.1 = 63.15 kN.

Provide 50 x 50 x 6 angle. The tension capacity allowing for one no. 18 mm diameter
hole was calculated as 94.1 kN in Section 8.7.5 (2) earlier.
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Figure 8.25 Bracing member design: (a) transverse bracing; (b) longitudinal bracing; (c) member sizes selected.

Using 16 mm diameter Grade 4.6 bolts, capacity 30 kN in single shear,

Member QT - provide two bolts at each end.
Member RU - provide three bolts at each end.

Member S V

Design load = 1.5 x 77.3 = 116 kN.

Try 70 x 70 x 6 angle with 20 mm diameter bolts with capacity in single shear of
47 kN per bolt.

No. of bolts required at each end = 3. For the angle,

Net area = 538.7 mm?

Tension capacity = 111.2 kN

Note that a 60 x 60 x 6 angle with 16 mm bolts could be used, but five bolts would
be required in the end connection.
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3. Longitudinal bracing

The loads at the floor levels are
A=0.816 x0.54 x2 x 6 =5.29 kN
B=0.816x0.49 x4 x 6 =9.6 kN
C=0.816 x0.42 x4.5x 6 =9.25 kN
The loads are shown in Figure 8.25b and are divided between the bracings at each end

of the building. Those in the bracing members in tension are shown in Figure 8.25b.
The maximum design load for member DG is

=1.5x19.32 =29 kN

Provide 50 x 50 x 6 angles for all members. Tension capacity 94.1 kN with one 18 mm dia-
meter hole. Two no. 16 mm diameter bolts are required at the ends of all bracing member.

PROBLEMS

8.1

8.2

A flat roof building of 18 m span has 1.5 m deep trusses at 4 m centres.
The trusses carry purlins at 1.5 m centres. The total dead load is 0.7 kN/m? and the
imposed load is 0.75 kIN/m?:

1. Analyse the truss by joint resolution.
2. Design the truss using angle sections with welded internal joints and bolted field
splices.

A roof truss is shown in Figure 8.26. The trusses are at 6 m centres, the length of the
building is 36 m and the height to the eaves is § m. The roof loading is

Dead load = 0.4 kN/m? (on slope); imposed load = 0.75 kN/m? (on plan)

2000

3 @ 2000 = 6000

Figure 8.26 Roof truss arrangement.



Trusses and bracing 251

g
] .
g
wn
A B
o o g
12m 6 m | _2r
I I |
Figure 8.27 Building frame with cantilever truss.
. /\ %
on
=
n
4@4m=16m | | 4 m | 4 m |

Figure 8.28 Bracing for a factory building.

8.3

8.4

The wind load is to be estimated using BS EN1991-1-4. The building is located on the

outskirts of a city and the basic wind velocity is 26 m/s.

1. Analyse the truss for the roof loads.

2. Analyse the top chord for the loading due to the purlin spacing shown. The dead
load from the roof and purlins is 0.32 kN/m?.

3. Design the truss.

A section through a building is shown in Figure 8.27. The roof trusses are supported
on columns at A and B and cantilever out to the front of the building. The front has
roller doors running on tracks on the floor. The frames are at 6 m centres and the
length of the building is 48 m. The roof load is

Dead load = 0.45 kN/m? (on slope); imposed load = 0.75 kN/m? (on plan)

The wind loads are to be in accordance with BS EN1991-1-4. The basic wind velocity
is 26 m/s and the location is in the suburbs of a city. The structure should be analysed
for wind load for the two conditions of doors opened and closed. Analyse and design
the truss.

The end framing and bracing for a single-storey building are shown in Figure 8.28.
The location of the building is on an industrial estate on the outskirts of a city in the
north-east of England. The length of the building is 32 m. The wind loads are to be in
accordance with BS EN1991-1-4. Design the bracing.
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Figure 8.29 Framing for a square-tower building.

8.5 The framing for a square-tower building is shown in Figure 8.29. The bracing is simi-
lar on all four faces. The building is located in a city centre in an area where the basic
wind velocity is 30 m/s. Design the bracing.



Chapter 9

Portal frames

9.1 DESIGN AND CONSTRUCTION

9.1.1 Portal type and structural action

The single-storey clear-span building is in constant demand for warehouses, factories and
many other purposes. The clear internal appearance makes it much more appealing than
a trussed roof building and it also requires less maintenance and heating. The portal may
be of three-pinned, pinned-base or fixed-base construction as shown in Figure 9.1a. The
pinned-base portal is the most common type adopted because of the greater economy in
foundation design over the fixed-base type.

In plane, the portal resists the following loads by rigid frame action (see Figure 9.1b):

1. Dead and imposed loads acting vertically
2. Wind causing horizontal loads on the walls and generally uplift loads on the roof slopes

In the longitudinal direction, the building is of simple design and diagonal bracing is pro-
vided in the end bays to provide stability and resist wind load on the gable ends and wind
friction on sides and roof (see Figure 9.1d).

9.1.2 Construction

The main features in modern portal construction shown in Figure 9.1c are

1. Columns: uniform universal beam section.

2. Rafters: universal beams with haunches usually of sections 30%-40% lighter than the
columns.

3. Eaves and ridge connections: site-bolted joints using Grade 8.8 bolts where the
haunched ends of the rafters provide the necessary lever arm for design. Local joint
stiffening is required.

4. Base: nominally pinned with two or four holding down bolts.

5. Purlins and sheeting rails: cold-formed sections spaced at not greater than 1.75-2 m
centres.

6. Stays from purlins and rails: these provide lateral support to the inside flange of portal
frame members.

7. Gable frame: a braced frame at the gable ends of the buildings.

. Bracing: provided in the end bay in roof and walls.

9. Eaves and ridge ties: may be provided in larger-span portals, though now replaced by
stays from purlins or sheeting rails.

o/e]
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Figure 9.1 Portal frames: (a) portal types; (b) loading; (c) portal construction; (d) gable frame and bracing.

9.1.3 Foundations

The pinned-base portal is generally adopted because it is difficult to ensure fixity without pil-
ing and it is more economical to construct. It is also advantageous to provide a tie through the
ground slab to resist horizontal thrust due to dead and imposed load as shown in Figure 9.1c.

9.1.4 Design outline

Either elastic or plastic design may be used. Plastic design gives the more economical solu-
tion and is almost universally adopted. The design process for the portal consists of

1. Analysis — elastic or plastic

2. Design of members taking into account of flexural and lateral torsional buckling with

provision of restraints to limit out-of-plane buckling
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3. Sway stability check in the plane of the portal

4. Joint design with provision of stiffeners to ensure all parts are capable of transmitting
design actions

5. Serviceability check for deflection at eaves and apex

Procedures for elastic and plastic design are discussed in the succeeding text.

9.2 ELASTIC DESIGN

9.2.1 Design procedures

The procedures are summarised as follows:

1. Analysis is made using factored loads.

2. The stability of the frame should be checked using Section 5 of the code.

3. The capacity and the buckling resistance of members are checked using Section 6 of
the code.

9.2.2 Portal analysis

The most convenient manual method of analysis is to use formulae from the Steel Designers
Manual (see further reading at the end of this chapter). A general load case can be broken
down into separate cases for which solutions are given, and then these results are recom-
bined. Computer analysis is the most convenient method to use, particularly for wind loads
and load combinations. The output gives design actions and deflections.

The critical load combination for design is 1.35x dead load +1.5x imposed load. The wind
loads mainly cause uplift and the moments are generally in the opposite direction to those
caused by the dead and imposed loads. The bending moment diagram for the dead and
imposed load case is given in Figure 9.2. This shows the inside flange of the column and rafter
near the eaves to be in compression and hence the need for lateral restraints in those areas.

As noted in Section 9.1.2, portals are constructed with haunched joints at the eaves. The
primary purpose of the haunch is to provide the lever arm to enable the bolted site joints to be
made. It is customary to neglect the haunch in elastic analysis. If the haunch is large in com-
parison with the rafter length, more moment is attracted to the eaves and a more accurate solu-
tion is obtained if it is taken into consideration. This can be done by dividing the haunch into
a number of parts and using the properties of the centre of each part in a computer analysis.

Dead + imposed load

]
/— Purlins support top flange

/— Maximum moment

Effective

length %\L'\

Effective
length
[

Lateral / Maximum
supports sagging
moment

Bending moment diagram

Figure 9.2 Bending moment diagram.
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9.2.3 Buckling lengths

Member design depends on the buckling lengths of members in the plane and normal to the
plane of the portal. Effective lengths control the design strengths for axial load and bending.

9.2.3.1 In-plane buckling lengths

The method for estimating the in-plane effective lengths for portal members was developed
by Fraser and is reproduced with his kind permission. Computer programs for matrix sta-
bility analysis are also available for determining buckling loads and effective lengths. Only
the pinned-base portal with symmetrical uniform loads (i.e. the critical load case dead +
imposed load on the roof) is considered. Reference should be made to Fraser for unsym-
metrical load cases (see further reading at the end of this chapter).

If the roof pitch is less than 10°, the frame may be treated as a rectangular portal and the
buckling length of the column can be found using the buckling length equations. For pinned-
base portals with a roof slope greater than 10°, Fraser gives the following equation for obtain-
ing the column buckling length that is a close fit to results from matrix stability analyses:

L
k.="F=2+045G,
L.
where
L
g, Lk
LI

L., is the buckling length of column
L.and L, are the actual length of column and rafter, respectively
I. and I, are the second moment of area of column and rafter

Similar results can be obtained using the limited frame sway chart if, as Fraser suggests,
the pitched-roof portal is converted to an equivalent rectangular frame. The beam length is
made equal to the total rafter length as shown in Figure 9.3.

Column top

_ L
@A)+ (@A)

1

Roof load

Figure 9.3 (a) Portal and (b) equivalent rectangular portal.
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Column base

k, = 1.0 for pinned base
k, = 0.5 for fixed base

The effective length of the rafter can be obtained from the effective length of the column
because the entire frame collapses as a unit at the critical load.

Column
TEL
PCC = Kngc
Rafter
_ mEL
RC — __ o2 . o
K7 @:/2Y
Hence,
2L B
K,= Kcic CiIr
Ly \/ BRI
where

E is the Young’s modulus, K, = L,
L., is the buckling length of rafter
Ly is the actual length of rafter

P, Prc is the critical loads for column and rafter = load factor x design loads

P, Py is the average design axial load

/L,

9.2.3.2 Out-of-plane effective length

The purlins and sheeting rails restrain the outside flange of the portal members. It is essen-
tial to provide lateral support to the side flange, i.e. a torsional restraint to both flanges at
critical points to prevent out-of-plane buckling. For the pinned-base portal with the bend-
ing moment diagram for dead and imposed load shown in Figure 9.2, supports to the inside
flange are required at

1. Eaves (may be stays from sheeting rails or a tie)
2. Within the top half of the column (more than one support may be necessary)
3. Near the point of contraflexure in the rafter (more than one support may be necessary)

The lateral supports and effective lengths about the minor axis for flexural buckling and
lateral torsional buckling are shown in Figure 9.2.

9.2.4 Column design

The column is a uniform member subjected to axial load and moment with moment pre-
dominant. The design procedure for the critical load case of dead + imposed load is as
follows:
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9.2.4.1 Buckling resistance
Estimate non-dimensional slenderness A, and A,

where
L., and L, are the buckling lengths for y—y and z—z axis

cr,y cnz

i, and i, are radii of gyration for y—y and z—z axis, respectively

Calculate the reduction factor, y.

Determine the buckling resistance, Nj, x4 = (XAf,)/Yu1-
9.2.4.2 Moment capacity

For Class 1 and 2 section,

w pl@

Yuo

M cRd

where
f, is the design strength

W, is the plastic modulus

9.2.4.3 Buckling resistance moment

The bending moment diagram and buckling length are shown in Figure 9.2.
Calculate the non-dimensional slenderness, A, and reduction factor, y; 1.

Wy

Yu1

M brd = XLT

9.2.4.4 Interaction expressions

N M M
Ed + y.Ed _+_ky2 z,Ed <1
XyNRk/le XrrM y,Rk/YM1 M i A
N M M
B4 YE 4k, zEd <]
XN rx w1 XM y,Rk/Yral |

where
Ngg M, s and M, ., are the design values of the compression force and the maximum
moments about the y—y and z—z axis along the member
X, and y, are the reduction factors due to flexural buckling from Cl. 6.3.1 from BS EN1993-1-1
x,.71s the reduction factor due to lateral torsional buckling from Cl. 6.3.2 from BSEN1993-1-1

k., k. k., k.. are the interaction factors in accordance to Annex A or Bin BSEN1993-1-1

yy> Ry Rzys

9.2.5 Rafter design

The rafter is a member haunched at both ends with the moment distribution shown in Figure
9.2. The portion near the eaves has compression on the inside. Beyond the point of contraflex-
ure, the inside flange is in tension and is stable. The top flange is fully restrained by the purlins.
If the haunch length is small, it may conservatively be neglected and the design made for the
maximum moment at the eaves. A torsional restraint is provided at the first or second purlin
point away from the eaves, and the design is made in the same way as for the column. Rafter
design taking the haunch into account is considered under plastic design in Section 9.3.
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9.2.6 Example: Elastic design of a portal frame
9.2.6.1 Specification

The pinned-base portal for an industrial building is shown in Figure 9.4a. The portals are at
5 m centres and the length of the building is 40 m. The building load are

Roof dead load measured on slope:

Sheeting = 0.10 kN/m?
Insulation = 0.15 kN/m?
Purlins (P145/170, 3.97 kg/m at 1.5 m c/c) = 0.03 kN/m?
Rafter 457 x 191 UB 67 = 0.13 kN/m?
Total dead load = 0.41 kN/m?
Imposed snow load on plan = 0.60 kN/m?
Imposed services load = 0.15 kN/m?
Total imposed load = 0.75 kN/m?

Wind load — BS EN1991-1-4 — location: North of England, outskirts of the city, 50 m above
sea level, 100 m to sea

Carry out the following work: estimate the building loads.
Analyse the portal using elastic theory with a uniform section throughout.
Design the section for the portal using Grade S275 steel.

9.2.6.2 Loading

Roof — Dead = 0.41 x 5 x 10.77/10 = 2.21 kN/m
Imposed = 0.75 x 5§ = 3.75 kN/m

Design = (1.35 x 2.21) + (1.5 x 3.75) = 8.61 kN/m

Notional horizontal load at each column top:
=0.5x0.005 x 20 x 8.61 = 0.43 kN
Wind - basic wind speed
Vio=23m/s

Basic velocity pressure, g, = 0.5 x p x v = 0.5 x 1.226 x 232 = 324 N/m?

Wind
4m 21.8°
a 40 m

20 m
(a) (b)

w=20m

Figure 9.4 Pinned-base portal: (a) portal; (b) plan.
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Table 9.1 Wind loads

External pressure
ient, a0 = 0° C 90°
Basic velocity ~ Peak velocity coefficient, b 7
Element  Eff height (m) Factor C(z)  pressure,q,  pressure,q,(z) ~Windward Leeward Side
Roof 10 2.40 0.324 0.78 -0.25 -0.45 -0.6
Walls 6 2.05 0.324 0.67 +0.65 -0.15 -0.8

The ¢, factor, the basic velocity pressure g, peak velocity pressure g,(z) and external
pressure coefﬁc1ents C,, for the portal are shown in Table 9.1. The internal pressure coef-
ficients C,, from the wind code are +0.2 or 0.3 for the case where there is a negligible prob-
ability of a dominant opening occurring during a severe storm.

Wind load, w = q,,(C,, - C,)C,

The diagrams for the characteristic loads are shown in Figure 9.5 as follows.

9.2.6.3 Analysis

The manual analysis for the design dead + imposed load case is set out here. Bending moment
diagrams are given for the separate load cases in Figure 9.6.

2.21 kN/m 3.75 kN/m
Dead Imposed

%h

Notional horizontal load

0.22 0.67

35
— (,;=-03 <— -— (=402 — —|

a=0° Internal suction a=90° Internal pressure

Figure 9.5 Load diagrams.
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w=28.61 kN/m=172.2 kN
[ ]

£
<H 8.61 kN/m
\L [ ]

- 203.2 kN-m €
& 33.86 kN FB /Pr{

I —

K - &

x S
| L=20m |
| 86.1 kN

(@ (b)

47.5 (Average)

97.1 (Average)

3m N\
Restraints

(kN-m)

Figure 9.6 Forces and moment diagrams: (a) frame and loads; (b) rafter loads; (c) bending moment diagram;
(d) member axial loads.

Frame constants (refer to Figure 9.6a)
K = h =0557
]

£
0=—=0667

m=1+¢=1.667
B=2(K+1)+m=4.781
C=1+2m=4.334
N=B+mC=12.006

Moments and reactions

My = wL?(3 + 5m)/16N = -203.2 kN-m

LZ
M, :(Ws )+mMB:91.76kN-m

H :¥=33.86kN
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Referring to Figure 9.6b, the moment at any point P in the rafter is

2
M, = 86.1x - 203.2 - 33.86 x 0.4x - 301X

Put M, = 0 and solve to give x = 3.55 m.
Put dM,/dx = 0 and solve to give x = §.43 m
and maximum sagging moment = 102.5 kN-m.

Thrust at B:

=86.1X =634 kN

+ 3386 X

The bending moment diagram and member axial loads are shown in Figure 9.6¢ and d,
respectively. Other values required for design are given in the appropriate figures. The maxi-
mum design moments for the separate load cases shown in Figure 9.5 and the moment dia-
gram in Figure 9.7 are given for comparison:

Maximum negative moment at the eaves are as follows:

1. 1.35 x dead + 1.5 x imposed

My =-[1.35x52.1 + 1.5 x 88.5]

=-203.09 kN-m.
521 521 885 6s
236 39.95
869} 1869 147414 Y1474
22.1 22.1 375 375
Dead Imposed

0.45
0.27 027 26.2 2278
Notional horizontal loads Wind a =0 internal pressure
12.0 -23.5 2.3 226
48.3 63.1 63.1
Wind o = 0 internal suction Wind a =90 internal pressure

Figure 9.7 Bending moments (kN-m) and reactions (kN).



Portal frames 263

2. 1.35 x dead + 1.05 x imposed +0.75 x wind internal suction + notional horizontal load
My = —[1.35 x 52.1 + 1.05 x 88.5 + 0.75 x 23.5 + 2.7]

=-183.59 kN-m

Maximum reversed moment at the eaves are as follows:

- 1.0 x dead + 1.5 x wind internal pressure

My =-52.16 + 1.5 x 89.7 = 82.39 kN-m

9.2.6.4 Column design

Trial section
Try 457 x 152 UB 60, Grade 275, uniform throughout:

A=759cm?, i =183cm, i =3.23cm, w,,=1280cm’

Compression resistance — applied load, N, = 86.1 kN
In-plane slenderness
Fraser’s formula

Doy 0.45(2>< 10-77) =3.62
L 6
Slenderness ratio, A, = L, /i, = 3.62 x 6000/183 = 118.7

Out-of-plane slenderness ratio with restraint at the mid-height of the column as shown in
Figure 9.6¢:

Slenderness ratio, A, = L, /i, = 3000/32.3 = 92.9

From Table 6.2 of EN1993-1-1, for an 5275 rolled H section, ¢,less than 40 mm, h/b > 1.2,
buckling about the major y—y axis, curve a, imperfection factor, « = 0.21, buckling about

the minor z-z axis, curve b, imperfection factor, o = 0.34
A =93.9¢=93.9x0.92 =86.4

doy = Y = 118.7 137
A 864

®=0.5[1+0.21(1.37 - 0.2) + 1.372] = 1.56

1

15641567 —137°

Xy

— A, 929

A, 864

=1.08

z
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®=0.5[1+0.34(1.08 - 0.2) + 1.082] = 1.23

1

Az = =055
123++/123%-108°

Moment capacity M, gy =275 x 1280 x 10-3 = 352 kN-m.
For buckling moment resistance,
Applied moment M = 203.2 kN-m
The bending moment diagram is shown in Figure 9.6c¢.
Buckling lengths L_, = 3000 mm:

Mcr:cl

I, T®EL

nZEIZ(L, LﬁrGITJO5
| o+
L&

For ratio of end moment, y = 101.6/203.2 = 0.5; C, = 1.323:

M,=1323X

05
2% 210,000% 7,950,000( 387 x10° . 3,000%x81,000 % 338,000
3,000? 7,950,000 m?x210,000x7,950,000

M_, = 611 kN-m
W 12 103 %2

7\,LT= yg/:\/ 80x10 X6 75=0.76
Mo 611x10

1
q)LT + \/(I)ET - XET

Xt =

O, = 05 [1+ocLT (Aer — 02)+XLT2]

For h/b > 2, curve b, o; 7 = 0.34:
@, = 0.5x[1 + 0.34(0.76-0.2) + 0.76%] = 0.89

~ 1
089 ++/0.892 —0.76

Avr =0.74

Determination of interaction factors k; (Annex B in BS EN1993-1-1)
Table B.3 of BS EN1993-1-1. Equivalent uniform moment factors, C,,
Fory=0.5,C,,,C,.=0.6 +0.4(0.5)=0.8 > 0.4

my>

- N N
=C,,|1+(A,—02)—"F¢ |<c,.|1+08 —F¢
Ko y( ( Y )XYNRk/leJ y( XyNRk/YMl)
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86.1

kyyzo.s(1+03

k., =0.6k, =0.52
Interaction expressions

N Ed M y.Ed

043Xx7590%107° X 275/1.0) B

<1
AyN Rk/YM1 XM y,Rk/le
86.1 2032 _
043x20873A40 0.74x352A4 0
N kg M y.Ed <1
XN ri A1 XrrM y,Rk/YMl
86.1 2032 _
055x20873410 0.74x352A1.0

The section is satisfactory.

9.2.6.5 Rafter design check
Compression force, N, = 63.4 kN

086

0.77

048

The average compressive forces for the rafter and column are shown in Figure 9.6d.

In-plane slenderness

L
« _362x2x6 [974 g8
Las 2154 V475

Lo _, ggy 10,770

i

=167

Out-of-plane slenderness

L,.=3000 mm (Figure 9.6¢)

Slenderness ratio, A, = L, z/i, = 3000/32.3 = 92.9

From Table 6.2 of EN1993-1-1, for an 5275 rolled H section, ¢,less than 40 mm, h/b > 1.2,
buckling about the major y—y axis, curve a, imperfection factor, « = 0.21, buckling about
the minor z-z axis, curve b, imperfection factor, a = 0.34

A =93.9e=93.9%x092 =864

Ay XY—£—1.93
YA, 864
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®=0.5[1+0.21(1.93 = 0.2) + 1.932] = 2.54

1
Lo = —024
Y 254442547193
Ao= e 2929 4 4
A, 864

®=0.5[1+0.34(1.08 - 0.2) + 1.08?] = 1.23

1
Xzz =055

12341232 -1.08

Moment capacity M_ ;= 275 x 1280 x 10-3 = 352 kN-m
Buckling moment resistance:

Applied moment M = 203.2 kN-m
The bending moment diagram is shown in Figure 9.6¢.
Buckling lengths L, = 3000 mm

M,=C
o 1 I TEZEIZ

L

2 2 05
REL(L+LuGL)

For ratio of end moment, y = 34.7/203.2 = 0.2; C, = 1.563

n2 % 210,000 x 7,950,000( 387x10°  3,0002x81,000x% 338,000)05

M,=1563x% . ;
3,000 7,950,000 m*x%210,000x%7,950,000
M, =722 kN-m
W 1280x10°x 275
Arr = Yﬁ( =\/ c =0.70
Mo 722x10
1
At =

q)LT +\/q)L2T _XET
®pp =05 [1+0cLT (Aex —02)+ 22 ]

For h/b > 2, curve b, o; = 0.34

@, =0.5x[1+0.34(0.70-0.2) + 0.70%] = 0.83

1

= =0-78
0.83++/0.83% —0.70?

Xur

Determination of interaction factors k;; (Annex B in BS EN1993-1-1)
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Table B.3 of BS EN1993-1-1. Equivalent uniform moment factors, C,,
Fory=0.2,C,,C,. =0.6 +0.4(0.2) =0.68 > 0.4

- N N
=C,|1+(A,—-02)——F |<C,..|1+08 —F¢
K y( ( Y )XyNRk/YMlJ y( XN rx Aw 1

ky=068/1+038 63'4_3 =069
024x7590%x10°x275/1.0

k,=0.6 k, =053

Interaction expressions

NEd My,Ed <l
AyN re A1 XurM y,Rk/YMl
634 069 2032 — 064
024x20873A40 0.78x352A4 .0
Nea Myza
XNk Aw XerM yri A1
634 +0 2032 — 047
055%x2087340 0.74%x 35240

The section is satisfactory.

9.3 PLASTIC DESIGN

9.3.1 Design provisions

Plastic design may be used in the design of structures and elements provided that the follow-
ing main conditions are met:

1. The loading is predominantly static.

2. Structural steels with stress—strain diagrams as shown in Figure 3.1 are used. The plas-
tic plateau permits hinge formation and rotation necessary for moment redistribution
at plastic moments to occur.

3. Member sections are plastic where hinges occur. Members not containing hinges are
to be compact.

4. Torsional restraints are required at hinges and within specified distances from the
hinges.

Provisions regarding plastic design of portals are not given in EN1993-1-1. However, other
important provisions deal with overall sway stability and column and rafter stability are
given in Annex BB.2.
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9.3.2 Plastic analysis: Uniform frame members

Plastic analysis is set out in books such as that by Horne and only plastic analysis for the
pinned-base portal is discussed here. The plastic hinge (the formation of which is shown in
Figure 4.8) is the central concept. This rotates to redistribute moments from the elastic to
the plastic moment distribution.

Referring to Figure 9.8a, as the load is increased, hinges form first at the points of maxi-
mum elastic moments at the eaves. Rotation occurs at the eaves’ hinges with thereafter act-
ing like a simply supported beam, taking more load until two further hinges form near the
ridge, when the rafter collapses. The plastic bending moment diagram and collapse mecha-
nism are shown in Figure 9.8. In general, the number of hinges required to convert the portal
to a mechanism is one more than the statical indeterminacy. With unsymmetrical loads such
as dead b wind load, two hinges only form to cause collapse.

For the location of the hinges to be correct, the plastic moment at the hinges must not be
exceeded at any point in the structure. That is why, in Figure 9.8b, two plastic hinges form
at each side of the ridge and not one only at the ridge at collapse. The critical mechanism is
the one that gives the lowest value for the collapse load. The collapse mechanism that occurs
depends on the form of loading.

Plastic analysis for the pinned-base portal is carried out in the following stages:

. The frame is released to a statically determinate state by inserting rollers at one support.

. The free bending moment diagram is drawn.

. The reactant bending moment diagram due to the redundant horizontal reaction is drawn.

. The free and reactant moment diagrams are combined to give the plastic bending-
moment diagram with sufficient hinges to cause the frame or part of it (e.g. the rafter)
to collapse. As mentioned earlier, the plastic moment must not be exceeded.

AW =

The process of plastic analysis for the pinned-base portal is shown for the case of dead and
imposed load on the roof in Figure 9.9. The frame is taken to be uniform throughout and the
bending moment diagrams are drawn on the opened-out frame. The case of dead + imposed +
wind load is treated in the design example.

Working load | Collapse load |

Mg

Uniform portal
My > Mg

()

Figure 9.8 Collapse mechanism of pinned-base portal frame: (a) elastic moment diagram; (b) plastic moment
diagram; (c) collapse mechanism.
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~t|=

@)

B P

Frame and loads Plastic moment diagram
[ ]
T
I
I
T Rollersc'f31 :
+
Released frame Free moment diagram
T T T
\l\i/
—»m -
Redundant Reactor moment diagram

Figure 9.9 Plastic moment diagram.

The exact location of the hinge near the ridge must be found by successive trials or math-
ematically if the loading is taken to be uniformly distributed. Referring to Figure 9.10, for a

uniform frame, hinge X is located by
R
Eh L

The free moment at X in the released frame is

wLx wx’

M =
Y 2 2

w per unit length

Try locations
for hinge X

(@) (b)

Figure 9.10 Plastic hinge locations: (a) frame and hinge locations; (b) loads approved at purlin points.
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The plastic moments at B and X are equal, i.e.
M, = Hh = M, - Hg

Put dH/dx = 0 and solve for x and calculate H and M,,. Symbols used are shown in Figure 9.10.

If the load is taken to be applied at the purlin points as shown in Figure 9.10b, the hinge
will occur at a purlin location. The purlins may be checked in turn to see which location
gives the maximum value of the plastic moment M,.

9.3.3 Plastic analysis: Haunches and non-uniform frame

Haunches are provided at the eaves and ridge primarily to give a sufficient lever arm to form
the bolted joints. The haunch at the eaves causes the hinge to form in the column at the
bottom of the haunch. This reduces the value of the plastic moment when compared with
the analyses for a hinge at the eaves intersection. The haunch at the ridge will not affect the
analyses because the hinge on the rafter forms away from the ridge. The haunch at the eaves
is cut from the same UB as the rafter. The depth is about twice the rafter depths and the
length is often made equal to span/10.

It is also more economical to use a lighter section for the rafter than for the column. The
non-uniform frame can be readily analysed as discussed as follows. It is also essential to
ensure that the haunched section of the rafter at the eaves remains elastic. That is, the maxi-
mum stress at the end of the haunch must not exceed the design strength, f,:

where
F is the axial force
M is the moment
A is the area
Z is the elastic modulus

The analysis of a frame with haunched rafter and lighter rafter than column section is dem-
onstrated with reference to Figure 9.11a.

w
[ ]
X
'Ej_ =
V)
. | = i
AN
7 b
L
wL/2

(@) (b)

Figure 9.1 Non-uniform portal frame: (a) non-uniform portal; (b) haunch.
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Frame dimensions are shown in Figure 9.11.
Hinge in column: M, = He
Hinge in rafter: gM, = M, - Hg = qHe

where
M, is the plastic moment of resistance of the column
gM,, is the plastic moment of resistance of the rafter
q is the normally 0.6-0.7,
M, is the free moment at X in the released frame and g = b + 2fx/L

Put dH/dx = 0 and solve to give x and so obtain H and M,

9.3.4 Section design

At hinge locations, design is made for axial load and plastic moment (Figure 9.12).
For Class 1 and 2 sections subjected to axial and bending,

(-n)
Myyra=M PUYRS G0 eo ut My yra SMpiyra

Forn<a,My zza =M p1zra

n-a)
Forn<a,My zra =M pizral|1— 1-a

where 72 = Ngy/Ny ra

A - 2bt,
a=——
A

but a<05

.

Section Axial Bending Plastic stress
load distribution

Figure 9.12 Stress diagram.
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9.4 IN-PLANE STABILITY

The in-plane stability of a portal frame should be checked under each load combination.
Three procedures for checking the overall sway stability of a portal can be used:

1. Sway-check method
2. Amplified moments method
3. Second-order analysis

These ensure that the elastic buckling load is not reached and that the effects of additional
moments due to deflection of the portal are taken into account.

9.4.1 Sway-check method
The sway-check method may be used to verify the in-plane stability of portal frames in

which each bay satisfies the following conditions:

1. Span, L, does not exceed five times the mean height » of the columns.
2. Height, b,, of the apex above the tops of the columns does not exceed 0.25 times the
span, L.

9.4.1.1 Limiting horizontal deflection at eaves

For gravity loads (load combination 1), the horizontal deflection calculated by linear elastic
analysis at the top of the columns due to the notional horizontal loads without any allow-
ance for the stiffening effects of cladding should not exceed #/1000, where 5 is the column
height. The notional loads are 0.5% of the factored roof dead and imposed loads applied at
the column tops.

9.4.1.2 Limiting spanl/depth ratio of the rafter

The /1000 sway criterion for gravity loads may be assumed to be satisfied if

L, _515L p 235
h Qh (4+pL. L)\ £

in which

L,=L- 25, L
b — hs+hh h

. 2L\ L
F ebay, p=|=—=|—
orsinglebay, p (;J(H)

i)

Formuldbay, p= (

4
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andQ=Wr
W

where
b, is the cross-sectional depth of the rafter
b, is the additional depth of the haunch
b, is the depth of the rafter, allowing for its slope
H,_ is the mean column height
I_is the in-plane second moment of area of the column (taken as zero if the column is not
rigidly connected to the rafter, or if the rafter is supported on a valley beam)
I, is the in-plane second moment of area of the rafter
L is the span of the bay
L, is the effective span of the bay
L, is the length of a haunch
L, is the total developed length of the rafters
f,, is the design strength of the rafters in N/mm?
W is the value of W, for plastic failure of the rafters as a fixed-ended beam of span L
W_is the total factored vertical load on the rafters of the bay

9.4.1.3 Horizontal load

For load combinations that include wind loads or other significant horizontal loads, allow-
ance may be made for the stiffening effects of cladding in calculating the notional horizontal
deflections. Provided that the /1000 sway criterion is satisfied for gravity loads, then for
load cases involving horizontal loads, the required load factor «, for frame stability should
be determined using

in which a, is the smallest value, considering every column, determined from

_ h
2000;

s

using the notional horizontal deflection §; for the relevant load case.
If o, < 5, second-order analysis should be used.
o, may be approximate using

o 2341 P 235
 QH L, \ 4+pL, /L )\ £

9.4.2 Amplified moments method

For each load case, the in-plane stability of a portal frame may be checked using the lowest
elastic critical load factor «,, for that load case. This should be determined taking account
of the effects of all the members on the in-plane elastic stability of the frame as a whole.
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In this method, the required load factor a, for frame stability should be determined from
the following;:

o, >10: o, = 1.0

090
O —1

102 0 2 50, =
If o, < 5, the amplified moments method should not be used.
For pinned-base portal,

o = 3EL
¢ LA+ Q2/CL./LH )N H.+03N,L,]

For fixed-base portal,

o = 5EQO0+ @L.)/LH.))
BN ,LI/L+2(@L,)/CH )N H A

where
N, is the axial compression in column from elastic analysis
N, the axial compression in rafter from elastic analysis
L. is the rafter length along the slope (eaves to apex)

9.4.3 Second-order analysis

The in-plane stability of a portal frame may be checked using either elastic or elastic—
plastic second-order analysis. When these methods are used, the required load factor «,
for frame stability should be taken as 1.0. Further information on second-order anal-
ysis can be found on Plastic Design of Single-Storey Pitched-Roof Portal Frames to
Eurocode 3 by SCI.

9.5 RESTRAINTS AND MEMBER STABILITY

9.5.1 Restraints

Restraints are required to ensure that

1. Plastic hinges can form in the deep I sections used.

2. Overall flexural buckling of the column and rafter about the minor axis does not
occur.

3. There is no lateral torsional buckling of an unrestrained compression flange on the
inside of members.

The code requirements regarding restraints and member satiability are set out as follows. A
restraint should be capable of resisting 2.5% of the compressive force in the member or part
being restrained.
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9.5.2 Column stability

The column contains a plastic hinge near the top at the bottom of the haunch. Below the
hinge, it is subjected to axial load and moment with the inside flange in compression.
The code states in Section 6.3.5 that torsional restraints (i.e. restraints to both flanges) must
be provided at or within member depth /4/2 from a plastic hinge.

In a member containing a plastic hinge, the maximum distance from the restraint at the
hinge to the adjacent restraint depends on whether or not restraint to the tension flange is
taken into account. The following procedures apply:

9.5.2.1 Restraint to tension flange not taken into account

This is the conservative method where the distance from the hinge restraint to the next
restraint is given by the following:

For column and three-flange haunches,
384,

L, =
J157 AN wa )+ 1/156CE (W 5, AT) (6 /2357

For two-flange haunches,
38i,
\/1/57.4(1\1 sa A)+1/156CE (W 3,y AT) (£ /2357

L, =085

where
N, is the compressive force [N] in the member
i, is the radius of gyration about the minor axis in the segment
C, is taken from literature or conservatively taken as 1.0

When this method is used, no further checks are required. The locations of restraints at
hinge H and at G, L,, below H are shown in Figure 9.13a. It may be necessary to introduce
a further restraint at F below G, in which case column lengths GF and FA would be checked
for buckling resistance for axial load and moment. The buckling length for the x—x axis may
be estimated for the portal as set out in Section 9.2.3.

The buckling length for the y—y axis is taken as HA in Figure 9.13, the distance between
the plastic hinge and the base. The buckling lengths for the z—z axis are GF and FA. Note
that compliance with the sway stability check ensures that the portal can safely resist in-plane
buckling and additional moments due to frame deflections.

The code specifies that the buckling resistance moment M, z, calculated using a buckling
length L,, equal to the spacing of the tension flange restraints must exceed the equivalent
uniform moment for that column length. The restraints are shown in Figure 9.13b. The col-
umn length AF is checked as set out earlier.

9.5.3 Rafter stability near the ridge

The tension flange at the hinge in the rafter near the ridge is on the inside, and no restraints
are provided. In the portal, two hinges form last near the ridge. A purlin is required at or
near the hinge and purlins should be placed at a distance not exceeding L,, on each side of
the hinge. The purlin arrangement is shown in Figure 9.13c. In wide-span portals (say, 30 m
or over), restraints should be provided to the inside flange.
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ie

—_ @il o H
< [~ Hinge 5 [~ Hinge

4 TG o

~ 1 |G

5 5

<+— —F > Check bucking ~+—F

resistance
3 r- Y - [*=—Check buckling
Z—4+—4Z resistance
ly
X g A
(@) (b)
L
L \ Purlin
L v /_
Hinge
No restraint to inside flange
()
Purlin
0s Tension flange
reinforcement

£s 2 Ay

Stay or purlin
of contraflexure

Hinge restraint
to both flanges
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(d)

Figure 9.13 Column and rafter restraints: (a) no restraint to tension flange; (b) restraint to tension flange;
(c) restraints near ridge; (d) column and rafter restraints.

9.5.4 Rafter stability at haunch

The requirements for rafter stability are set out in Section 6.3.5 and Annex BB.3 of the code.
The haunch and the rafter are in compression on the inside from the eaves for a distance to the
second or third purlin up from the eaves where the point of contraflexure is usually located:

9.5.4.1 Stable length of segment

In the uniform beam segments with I or H cross sections with h/t; < 40e under linear
moment and without significant axial compression, the stable length may be taken from

Lo =35ei, for0.635<y<1

Lstable = (60 - 401") el

k4

for -1 <y <0.635

W = Mgy,,,,/M,, 4 = ratio of end moments in the segment
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9.5.4.2 Restraint to tension flange not taken into account

The maximum distance between restraints to the compression flange must not exceed L,, as
set out in column stability earlier or that to satisfy the overall buckling expression given in
Section 6.3 of the code. For the tapered member, the minimum value of 7, and the maximum
value of h/t;are used. No restraint is to be assumed at the point of contraflexure.

9.5.4.3 Stable length between torsional restraints

A method for determining spacing of lateral restraints is given in Clause BB.3.1.2 of BS
EN1993-1-1. Lateral torsional buckling effect may be ignored where the length L of the seg-
ment of a member between the restrained section at a plastic hinge location and the adjacent
torsional restraint subject to a constant moment is not greater than L,

where

L B4x 600, £))(hA: )i,
J5AEE)nAY -1

9.5.4.4 Restraint to tension flange taken into account

When the tension flange is restrained at intervals by the purlins, possible restraint locations
for the compression flange are shown in Figure 9.13d. The code requirements are

1. The distance between restraints to the tension flange, L, must not exceed L,,, or alter-
natively, the interaction expression for overall buckling given in Section 6.3 of the code
based on a buckling length L, must be satisfied.

2. The distance between restraints to the compression flange must not exceed L, specified
in Annex BB 3.1.2. in BS EN1993-1-1.

A more rigorous method that takes into account the lateral restraints along the tension
flange is given in Annex BB of BS EN1993-1-1.

The purlins provide restraint to the top flange, and they must be connected by two bolts
and have a depth not less than one-quarter of the rafter depth. A vertical lateral restraint
should not be automatically assumed at the point of contraflexure without provision of stays.

9.6 SERVICEABILITY CHECK FOR EAVES DEFLECTION

The national annex of BS EN1993-1-1 specifies that the deflection at the column top in a
single-storey building is not to exceed height/300 unless such deflection does not damage
the cladding. The deflections to be considered are due to the unfactored imposed and wind
loads. If necessary, an allowance can be made for dead-load deflections in the fabrication.

A formula for horizontal deflection at the eaves due to uniform vertical load on the roof is
derived. Deflections for wind load should be taken from a computer analysis.

Referring to Figure 9.14, because of symmetry of the frame and loading, the slope at the
ridge does not change. The slope 0 at the base is equal to the area of the M/EI diagram
between the ridge and the base given by

1 |wLl? L, f) VL-Ls| Hh?
0=—|——"+4+H L h+- |- +
EL| 24 2 4 2EL
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w per unit length

Z Tangent of base

(b)
Figure 9.14 Deflection for portal frame: (a) loading and moment diagram; (b) deflected structure.
The deflection at the eaves is then

Hh®

0z =ho—
6EI

where
H is the horizontal reaction at the base
V is the vertical reaction at base
w is the characteristic imposed load on the roof
I, and I, are the second moments of area of the column and rafter, respectively

Frame dimensions are shown in Figure 9.14.

9.7 DESIGN OF JOINTS

9.7.1 Eaves joint

The eaves joint arrangement is shown in Figure 9.15a. The steps in the joint design check are
9.7.1.1 Joint forces

Take moment about X:

vd
S —M,+T,=0
2

Bolt tension

o Mp-vdR)
a

Compression

C=T+H
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d

(a)

+|+
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~<—— End plate
panel Y

Section AA

Sagging yield line
Hagging yield line

Figure 9.15 Eaves joint: (a) joint arrangement; (b) yield line pattern panel Y.

Haunch flange force

F=Csecd

9.7.1.2 Bolt design

Tension
p T
g
Shear
v
FV = E

For a given bolt size with capacities F, in tension and F, in shear, the interaction expression is

Fira
1 AFigrq

Fv,Ed

FV,Rd

<10

9.7.1.3 Column flange check and end-plate design

Adopt a yield line analysis (see Horne and Morris in the further reading at the end of this
chapter). The yield line pattern is shown in Figure 9.15b for one panel of the end plate or
column flange. The hole diameter is v.
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Work done by the load

bo

_T
4 2

Work done in the yield lines

4mOc+e)—m VO + cosd)+ mb[b—‘z’smq)]
C

Equate the expressions and solve for 7. The plate thickness required
05
t=| —
&

9.7.1.4 Haunch flange

Flange force F < p,, x flange area. The haunch section is checked for axial load and moment
in the haunch stability check.

9.7.1.5 Column stiffener

Design the stiffener for force C (see Section 5.3.7).

9.7.1.6 Column web
Check for shear V (see Section 4.6.2).

9.7.1.7 Column and rafter webs

These webs are checked for tension T. The small stiffeners distribute the load.

9.7.1.8 Welds

The fillet welds from the end plate to rafter and on the various stiffeners must be designed.
The main check calculations are shown in the example in Section 9.8.

9.7.2 Ridge joint

The ridge joint is shown in Figure 9.16. The bolt forces can be found by taking moments
about Z:

¢ —Hh)
8

T =

where H is the horizontal reaction in the portal and M the ridge moment.
Joint dimensions are shown in Figure 9.16. Other checks such as for end-plate thickness
and weld sizes are made in the same way as for the eaves joint.
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Ridge joint

Figure 9.16 Ridge joint.

9.8 DESIGN EXAMPLE OF A PORTAL FRAME

9.8.1 Specification

Redesign the pinned-base portal specified in Section 9.2.6 using plastic design. The portal
shown in Figure 9.17a has haunches at the eaves 1.5 m long and 0.45 m deep. The rafter
moment capacity is to be approximately 75% of that of the column.

9.8.2 Analysis: Dead and imposed load

The frame dimensions, loading and plastic hinge locations are shown in Figure 9.17a. The
plastic moments in the column at the bottom of the haunch and in the rafter at x from the
eaves are given by the following expressions:

Column: M, = 5.55H
Rafter: 0.75M, = 90.9x - 9.09x%/2 - H (6 + 0.4x)
Reduce to give

_909x—4 55%°
10.16+ 0 4x

Put dh/dx = 0 and collect terms to give
x2+50.7x - 5074 =0
Solve x = 8.56 m
H =32.7 kN
M, = 181.5 kN-m - column
0.75M,, = 136.1 kN-m - rafter

The plastic bending moment diagram with moments needed for design is shown in Figure
9.17b and the coexistent thrusts in Figure 9.18c.
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E T a2 kN
h’ 99.5 kN
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Figure 9.17 Analysis: dead + imposed load. (a) Frame and loads; (b) plastic bending moment diagram; (c) rusts
in column and rafter.

9.8.3 Analysis: Dead + imposed + wind load

The frame is analysed for the load case:

[dead + imposed + wind internal suction]

The roof wind loads acting normally are resolved vertically and horizontally — and added to
the dead and imposed load. The frame and hinge locations are shown in Figure 9.18a and
the released frame, loads and reactions in Figure 9.18b.

The free moment in the rafter at distance x from the eaves point can be expressed by

M, =66.5x - 57.24 - 3.52x2
The equations for the plastic moments at the hinges are

Columns: M, = 5.55H + 2.59
Rafter: 0.75M, = 66.5x = 57.24 - 3.52x2 - H (6 + 0.4x)
This gives

H = 66 5x—-59.18—-352x
10.16+04x
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Figure 9.18 Analysis: dead + imposed + wind load. (a) Frame; (b) released frame; (c) plastic bending moment
diagram.

Put dh/dx = 0 and solve to give x = 8.39 m
H =18.6 kN, M, =105.1 kN

The plastic bending moment diagram is shown in Figure 9.18c. The moments are less than
for the dead + imposed load case.

9.8.4 Column design

The design actions at the column hinge are
M, =181.8 kN-m, N, ;= 92.2 kN

W, =181.8 x 103/275 = 661.1 cm?

ply
Try 406 x 140 UB 46
Wpl,y
I,=15,600 cm*

n=92.2x10/(59 x 275) = 0.056 < a

=888 cm’, A=59cm? i =163cm, 7,=3.02cm

A-2bty 5900-2x1422x112
a= = =046
A 5900
Reduced plastic moment
@-n)
My yma =M PUYRST oo SMpiyra

My 4ra = 888X 275X 107 = 244 2kN -n

The section is satisfactory.
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9.8.5 Rafter section

The design actions at the rafter hinge are

M, = 136.1 kN-m

N, =352 kN
W, = 136.1 x 103/275 = 494.9 cm?

Try 356 x 127 UB 39

W, =654cm?, A=494cm?, i =143cm, i,=2.69cm
W, =572 cm?, i,=10,100 cm*

n=35.5x10/(49.4 x 275) = 0.026

The section is satisfactory.
Check that the rafter section at the end of the haunch remains elastic under factored
loads. The actions are

M =96.9kN-m, Nj,=59.5kN

Nea , M _59.5><10+96.9><103
A Way 494 572

=1814N fam?

This is less than f, = 275 N/mm?. The section remains elastic.

9.8.6 Column restraints and stability

A stray is provided to restrain the hinge section at the eaves. The distance to the adjacent
restraint using the conservative method is

L, = 38x302 =1013.7 mm
2
1 (922x10°), 1 (888x10%) 275\’
574\ 59x10? 756x126[ 59%x10%x19x10* |\ 235

The arrangement for the column restraints is shown in Figure 9.19a. The column is checked
between the second and the third restraints G and F over a length of 1.55 m. The moments
and thrusts are shown in Figure 9.17.

M, = 98.1 kN-m
M, = 148.8 kN-m

Fg = 95.1kN

The effective lengths and slenderness ratios are

A5%x2154x%x1
k. = 2+0 5 5 5,600 — 449
6x10,100
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Figure 9.19 Restraints and eaves joint: (a) portal members and restraints; (b) rafter section YY; (c) eaves
joint; (d) part of end plate view Z.

L

= = 4.;49><76000 =1653
i 163

L(.I,Z _ 1550 _513
i 302

From Table 6.2 of EN1993-1-1, for an S275 rolled H section, t;less than 40 mm, h/b > 1.2,
buckling about the major y—y axis, curve a, imperfection factor, a = 0.21, buckling about
the minor z-z axis, curve b, imperfection factor, a = 0.34

A =93.9e=93.9x%x0.92 =864

— A
7\,y=fy=@=l.91
A 86 4



286 Structural Steelwork: Design to Limit State Theory

®=0.5[1+0.21(1.91 = 0.2) + 1.912] = 2.50

1

Y 250442502 -1912

ho= 251359

A, 864
®=0.5[1+0.340.59 - 0.2) + 0.592] = 0.74

Member buckling capacity

1

X2 = - 0.84
0.74++0.74% - 0592

Moment capacity M, gy =275 x 880 x 10-3 = 242 kN-m
Buckling moment resistance

Applied moment M = 148.8 kN-m

Buckling lengths L_, = 1550 mm

For ratio of end moment, y = 98.1/148.8 = 0.66; C, = 1.21

1,550°x81,000x 190,000

Mo=121X

2% 210,000%5,380,000( 155%x10°
1,5502 5,380,000

M,, = 1006.6 kN-m
W 3

oo [ [880x 10 ><2675 049
Mo 1006 x 10

For h/b > 2, curve b, o, = 0.34

@, = 0.5x[1 + 0.34(0.49-0.2) + 0.492] = 0.67

1

- - 0489
067 ++/0.67% — 0492

pé%

n? x210,000% 5,380,000

Table B.3 of BS EN1993-1-1. Equivalent uniform moment factors, C,,

For y = 0.66, C,,, C,,, = 0.6 + 0.4(0.5) =0.86 > 0.4

- N
=C, | 1+(A,—02)——F |<c,.,|/1+08
- ( (v, )wam) (

N gq
AyN rx Au 1

;
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95.1
K, =086{1+038 - =103
024x5900x107x 27540

ky=0.6 k,=0.62

Interaction expressions

Nea Mysa o4
AyN Rk/YMl ArrM y,Rk/YMl
1 14
95 +1. 88 =095
024%x16625A1.0 0.89x242A1 0
Nea Myea oy
XN ric Aw 1 XrrM y,Rk/Yral
1 14
95 +062 8.8 =053
055x16625A1.0 0.89x242A1 0
Satisfactory.

9.8.7 Rafter restraints and stability

The rafter section at the eaves is shown in Figure 9.19b. The section properties are calcu-
lated to give

A=649cm?, W, =1353cm’, i,=2.35cm
At the large end of the haunch, at the eaves,
F = 64.2 kN from Figure 9.17
M, = 196.2 kN-m from Figure 9.17
- 38x235 — 472mm
3 3)? 2
1 (642x10°) 1 (1353><10) (275)
574(649%x10° ] 756x1| 649x10°%x15x10* [\ 235

At the small end of the haunch, consider as a rolled section 356x127 UB 39 for which A =
49.4 cm?, W, = 654 cm?. The actions at the end of the haunch are

F =59.5 kN from Figure 9.17

M, = 96.9 kN-m from Figure 9.17

L, = 38x269 =1090mm

2
1 (59.5>< 103J+ 1 (654%10°) (275)2

574\ 494x10%°) 756x1563| 494x10°x15%x10* [\ 235
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An additional purlin must be located at, say, 450 mm from the eaves with stays to the com-
pression flange.

At the hinge location near the ridge, the purlins will be spaced at 1020 mm as shown in
Figure 9.19a.

9.8.8 Sway stability

Using sway-check method in Section 9.4.1, L/h < §; b, < 0.25L; use limiting span/depth of
rafter ratio. The haunch depth 604.7 mm (Figure 9.19b) is less than twice the rafter depth,
the effective span L, = 20 m:

o= [2X15:600 (20)=1029
10,100 6
M, = 654 x 275 x 1073 = 179.9 kN-m — rafter
=W, L/16
W, = 143.9 kN

Q=9.09x 20/143.9 = 1.26

£=20'000=56.7S515X20 1029 235 —794
D 3528 126%x6 \4+1029x%x2154/20)\ 275
Satisfactory.

9.8.9 Serviceability: Deflection at eaves

An elastic analysis for the imposed load on the roof of 3.75 kN/m gives H = 15.26 kN and
V = 37.5 kN (see Sections 9.2.2 and 9.2.6). From Section 9.6,

3.75%20,000%%x10,770
1 24
0= 3 X
210%10°x10,100%x10

+15,260

><10,770(6,000+ 4

4,000)_ 37,500x20,000%x10,770

15,260 6,000?
2%x210%x10°x15,600%x10*

=6695%x10° rad

Deflection at eaves

15,260x 6,000°

Ss =6,000X6.695%x107° — S 2
6Xx210x10°x15,600x 10

=234 mm = height/256

This exceeds h/300; however, the metal sheeting will be able to accommodate this deflection.
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9.8.10 Design of joints
The arrangement for the eaves joint is shown in Figure 9.19c¢. Selected check calculations

only are given.

1. Joint Forces
Take moment about X:

o _ [181.8-90.9x040272]
06

=2725kN

2. Bolts

272
F, = %: 68.13 kN

sz%zls.ls kN

Try 20 mm Grade 8.8 bolt. From the SCI blue book,

F,pg=141 kN, F, p;=94.1kN

15.15+ 68.13 —05<1.0
941 14x141

The bolts are satisfactory.
3. Column flange

See Figure 9.19d and Section 9.3.8. The yield line analysis gives

2725x10%x80 x 80
- - - - - m (80_

22 %
=4m X679-m x22(@+0.62)+ 078
8 316

=416.8m

m =6537.9 N mm/mm

oo [4%65379
275

05
) =9.75mm

The flange thickness 11.2 mm is adequate. The rafter end plate can be made 12 mm
thick.
4. Column web shear

F,=0.6 x275 x 402.3 x 6.9 x 10° = 458.8kN > 272.8 kN

Satisfactory.
A similar design procedure is carried out for the ridge joint.
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9.8.11 Comments
9.8.11.1 Wind uplift

The rafters on portals with low roof angles and light roof dead loads require checking for
reverse bending due to wind uplift. Restraints to inside flanges near the ridge are needed to
stabilise the rafter. Joints must be also checked for reverse moments.

The portal frames designed earlier has a relatively high roof angle and heavy roof dead
load. Checks for load, -1.4 x wind + 1.0 x dead, and for wind angles 0° and 90° show
that the frame remains in the elastic range and the rafter is stable without adding further
restraints (see Figure 9.13).

9.8.11.2 Eaves joint design

In designing the joint, the effect of axial load is usually ignored, and the bolts are sized
to resist moment only. In the aforementioned case, M = 180.8 kN-m and the bolt tension
T = 75.3 kN < 110 kN. The shear force is taken by the bottom two bolts.

FURTHER READING FOR PORTAL DESIGN
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Australia CE28(1), 1986.
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Chapter 10

Connections

10.1 TYPES OF CONNECTIONS

Connections are needed to join

1. Members together in trusses and lattice girders

2. Plates together to form built-up members

3. Beams to beams, trusses, bracing, etc. to columns in structural frames
4. Columns to foundations

Some typical connections are shown in Figure 10.1. Only simple connections are considered
in this chapter and end connections for beams and column bases are treated in Chapters 4
and 7, respectively.

Connections may be made by

¢ Bolting ordinary or non-preloaded bolts in standard clearance or oversize holes
e Preloaded bolt
¢ Welding - fillet and butt welds

The categories of bolted connections are given in Cl. 3.4 in BS EN1993-1-8.

10.2 NON-PRELOADED BOLTS

10.2.1 Bolts, nuts and washers

The ISO metric ‘black’ hexagon head non-preloaded bolt shown in Figure 10.2 with nut
and washer is the most commonly used structural fastener in the industry. The bolts, in the
three common bolt classes given as follows, are specified in BS EN 1993-1-8. The specifica-
tion for ISO metric ‘precision’” hexagon bolts and nuts, which are manufactured to tighter
dimensional tolerances, is given in BS EN ISO4016.

Bolt class Yield strength (N/mm?)  Ultimate tensile strength (N/mm?)

4.6 240 400
8.8 640 800
10.9 900 1000

The main diameters used are
10, 12, 16, 20, (22), 24, (27) and 30 mm
The sizes shown in brackets are not preferred.

291
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Figure 10.1 Typical connections: () internal truss joints; (b) brackets; (c) beam connection; (d) column base.
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Figure 10.2 Hexagon head bolt, nut and washer.

10.2.2 Direct shear joints

Bolts may be arranged to act in single or double shear, as shown in Figure 10.3. Provisions
governing spacing, edge and end distances are set out in Table 3.3 of BS EN1993-1-8. The
principal provisions in normal conditions are

1. The minimum spacing is 2.2 times the bolt hole diameter, d,,.

2. The maximum spacing in unstiffened plates in the direction of stress is 14z, where ¢ is
the thickness of the thinner plate connected.

3. The minimum edge and end distance as shown in Figure 10.3 from a rolled machine-
flame cut or plane edge is 1.2d,,, where d,, is the hole diameter.

4. The maximum edge distance is 8¢ or 125 mm.

The standard dimensions of holes for non-preloaded bolts are now specified in Cl 3.6.1.
It depends on the diameter of the bolt and the type of bolt hole. In addition to the usual
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Figure 10.3 Bolts in single and double shear.

standard clearance, oversize, short and long slotted holes and kidney-shaped slotted hole are
now permitted in the revised code. As in usual practice, larger-diameter hole is required as
the bolt diameter increases. For example, the diameter of a standard clearance hole will be
22 mm for a 20 mm diameter bolt and 33 mm for a 30 mm diameter bolt.

A shear joint can fail in the following four ways:

1. By shear on the bolt shank

2. By bearing on the member or bolt
3. By tension in the member

4. By shear at the end of the member

The typical failure modes in a shear joint are shown in Figure 10.4a. These failures noted
earlier can be prevented by taking the following measures:

1. For modes 1 and 2, provide sufficient bolts of suitable diameter
2. For mode 3, design tension members for the effective area (see Chapter 6)
3. Provide sufficient end distance for mode 4

In addition, a new failure mode, block shear, has been observed in a shear joint involving a
group of bolts as shown in Figure 10.4b, and a check against this failure mode is required
in the BS EN1993-1-8.

Also, the code now recognizes the beneficial effect of strain hardening and permits the
effect of bolt holes on the plate shear capacity to be ignored. The design of bolted subjected
to shear and/or tension is set out in Table 3.4 of BS EN1993-1-8. The basic provisions are
the following:

1. Effective area resisting shear A
When the shear plane occurs in the threaded portion of the bolt,
A=A,

where A, is the nominal tensile stress area of the bolt.
When the shear plane occurs in the non-threaded portion,

A = bolt shank area based on the nominal diameter

For a more conservative design, the tensile stress area A, may be used throughout.
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Figure 10.4 (a) Failure modes of a bolted joint: (I) single and double shear; (2) bearing on plate and bolt;

(3) end shear failure; (4) tension failure of plate. (b) Block shear failure.

2. Shear resistance per shear plane

o, £ A
Yu2

Fv,Rd =

where f,;, is the ultimate tensile strength for bolts given in Table 3.1 in BS EN1993-1-8.
Where the shear plane passed through the threaded portion of the bolt (A is the
tensile stress area of the bolt A),

For Classes 4.6, 5.6 and 8.8,

o,=0.6
For Classes 4.8, 5.8, 6.8 and 10.9,
o,=0.5

where the shear plane passed through the unthreaded portion of the bolt (A is the gross
cross-sectional area of the bolt)
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3. Block shear
Block shear failure should also be checked to prevent shear failure through a group of
bolt holes at a free edge. The combined block shear capacity for both the shear and the
tension edges or faces in a shear joint (see Figure 10.4b) is given by

ﬁlAnt 1 @Anv
' = +——
s Yu 2 \/5( Ymo J

where
A, is the net area subject to tension
A, is the net area subject to shear

4. Bearing resistance

ko, £ dt
Brpa=——"
Yu 2

where o, is the smallest of o, f,,/f, or 1.0; in the direction of load transfer,

Forend bols, 04 = e
3d,

. joif 1

For mnerbols,0y = —— ——

Perpendicular to the direction of load transfer,

Foredge bolts, k; is the sm allest of 2 .8% ~170r25
0

For Innerbols,k; isthe an allestofl .4% —170r25

0

10.2.3 Direct-tension joints

1. Tension resistance
k2 ﬁle s

Yu 2

Ft,Rd =
where

kz = 0.9
k, = 0.63 for countersunk bolt

The prying force Q adds directly to the tension in the bolt. Referring to Figure 10.5,

. W
Totwalboltension, F = Py +Q < Frq

where W is the external tension on the joint.
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Q—
. Total bolt force
Prying force F

w
- F

Q——

Rigid Flexible
(a) (b)

Figure 10.5 (a) Bolts in tension and (b) prying force.

In this method, it is necessary to calculate the prying force. The magnitude of the
prying force depends on the stiffnesses of the bolt and the flanges. Theoretical analy-
ses based on elastic and plastic theory are available to determine the values of these
prying forces. Readers should consult further specialised references for this purpose.
If the flanges are relatively thick, the bolt spacing not excessive and the edge distance
sufficiently large, the prying forces are small and may be neglected. Where possible, it
is recommended that the simple method is used.

10.2.4 Eccentric connections

There are two principal types of eccentrically loaded connections:

1. Bolt group in direct shear and torsion
2. Bolt group in direct shear and tension

These connections are shown in Figure 10.6.

s

+ |
- [

EEEE

(2) (b)

Figure 10.6 Eccentrically loaded connections: (a) bolts in direct shear and torsion; (b) bolts in direct shear
and tension.



Connections 297

10.2.5 Bolts in direct shear and torsion

In the connection shown in Figure 10.6a, the moment is applied in the plane of the con-
nection, and the bolt group rotates about its centre of gravity. A linear variation of loading
due to moment is assumed, with the bolt furthest from the centre of gravity of the group
carrying the greatest load. The direct shear is divided equally between the bolts and the side
plates are assumed to be rigid.

Consider the group of bolts shown in Figure 10.7a, where the load P is applied at an eccen-
tricity e. The bolts A, B, etc. are at distances r,, ,, etc. from the centroid of the group. The
coordinates of each bolt are (y,, z;), (y,, 2,), etc. Let the force due to the moment on bolt A
be F,. This is the force on the bolt farthest from the centre of rotation. Then the force on a
bolt 7, from the centre of rotation is F,,,/r, and so on for all the other bolts in the group. The
moment of resistance of the bolt group is shown in Figure 10.7.

The load F, due to moment on the maximum loaded bolt A is given by

F= N-exn
EDXEED NG
The load F; due to direct shear is given by

N
Fob=—
N o.ofbols

The resultant load Fy on bolt A can be found graphically, as shown in Figure 10.7b. The
algebraic formula can be derived by referring to Figure 10.7c.
Resolve the load Ft vertically and horizontally to give

vertical load on bolt A = F, + F, cos ¢
horizontal load on bolt A = F, sin ¢

Resultant load on bolt A

F, = \/(Ftsjnq))z + (Fs+ F.oos( ¥

= JF2 + F + QF.F.cos0)

The size of bolt required can then be determined from the maximum load on the bolt.

(a) (b)

Figure 10.7 (a) Bolts group in direct shear and torsion; (b) resultant load on bolt; (c) resolved parts of loads
on bolt.
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10.2.6 Bolts in direct shear and tension

In the bracket-type connection shown in Figure 10.6b, the bolts are in combined shear
and tension. BS EN1993-1-8 gives the design procedure for these bolts in Table 3.4. This is
described in the following;:

The factored applied shear F, ;, must not exceed the shear capacity F,,. The bearing
capacity checks must also be satisfactory. The factored applied tension F, ;, must not exceed
the tension capacity F, g,.

In addition to the aforementioned, the following relationship must be satisfied:

F. F,
Zvkd 4 T8R4 <10
FV,Rd 1 AFt,Rd

An approximate method of analysis that gives conservative results is described first. A
bracket subjected to a factored load P at an eccentricity e is shown in Figure 10.8a. The
centre of rotation is assumed to be at the bottom bolt in the group. The loads vary linearly,
as shown in Figure 10.8a, with the maximum load F, in the top bolt.

The moment of resistance of the bolt group is

2
2

:2%.[254_2224_...]

2F,
= 7t z2

Z

=N Xe

The maximum bolt tension is

_N-ez

DY

N

z

Maximum tension
F

F,z2/z1
N — F,z3/z1
N o !

Nt_ F,z4/z1

. - — — — —

Z
4

(a) (b)

Figure 10.8 Bolts in direct shear and tension: approximate analysis. (a) Joint and (b) bolt loads.
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The vertical shear per bolt is
F, = N/no. of bolts

A bolt size is assumed and checked for combined shear and tension as described earlier.

In a more accurate method of analysis, the applied moment is assumed to be resisted by
the bolts in tension with uniformly varying loads and an area at the bottom of the bracket
in compression, as shown in Figure 10.9b.

For equilibrium, the total tension T must equal the total compression C. Consider the case
where the top bolt is at maximum capacity F, p; and the bearing stress is at its maximum
value f,.

Referring to Figure 10.11c, the total tension is given by

D—-2z— D—-2z-2
T —Ft,Rd+( (D - )p)'Ft,Rd+( ( ~ )p) Fira +
Fira = Kofiwh s (see Section 10.2.3 [1])
Yu 2

F t,Rd
+ t _
| . oo
v T
o S+
& 4
T
- -
] Jy
(a) (b) (<)
T 45° 45
»
< < <
L Rolled Welded -
section plates
t. t
Section AA —’IJ‘_Z —’IJ‘—Z
b=t +2ty+1.6r b=1t,+2t,
(d) Rolled section Welded plates

Figure 10.9 Bolts in direct shear and tension: accurate analysis: (a) joint; (b) bolt in tension compression
area; (c) internal forces and stresses; (d) stiff bearing width.
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The total compression is given by
C=05xf,xbxz

where b, the stiff bearing width, is obtained by spreading the load at 45°, as shown in
Figure 10.9d. In the case of the rolled section, the 45° line is tangent to the fillet radius. In
the case of the welded plates, the contribution of the fillet weld is neglected.

The expressions for T and C can be equated to give a quadratic equation that can be
solved to give z, the location of the neutral axis. The moment of resistance is then obtained
by taking moments of T and C about the neutral axis. This gives

©O-z-pf .2

Mg = Fopa(D — 2)+ Fipa o2 3

-C-z

The actual maximum bolt tension F, is then found by proportion, as follows:

Applied moment M = Ne

Actual bolt tension F, = MF, p /M,

The direct shear per bolt Fg = N/no. of bolts and the bolts are checked for combined ten-
sion and shear.

Note that to use the method, a bolt size must be selected first and the joint set out
and analysed to obtain the forces on the maximum loaded bolt. The bolt can then be

checked.

10.2.7 Examples of non-preloaded bolted connections
Example 10.1

The joint shown in Figure 10.10 is subjected to a tensile dead load of 75 kN and a
tensile imposed load of 85 kN. All data regarding the member and joint are shown in
Figure 10.10. The steel is Grade S275 and the bolt Class 4.6. Check that the joint is
satisfactory.

Using load factors from BS EN1990,
Factored load = (1.35 x 75) + (1.5 x 85) =229 kN
Strength of bolts from the blue book for 20 mm diameter bolts

30 50 30

Splice plate 95 x 10 mm

& 4 [ 4 @

2 No. 100 x 65 x 8 Cover plate 140 x 8 mm

Bolts—20 mm dia. ordinary bolts
Holes—22 mm dia.

Figure 10.10 Double-angle splice.
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Single-shear capacity on threads = 47.0 kN
Bearing capacity of bolts on 10 mm ply = 84.2 kN
Bearing capacity on 10 mm splice with 30 mm end distance

Kopfdt 25X 045X 400X 20X 10
Yu 2 125

Fyra = = 72kN

Bolt capacity — two bolts are in double shear and four in single.

Shear = (4 x 47.0) + (2 x 47.0) + 72 = 354 kN

Note that the capacity of the end-bolt bearing on the 10 mm splice plate is controlled
by the end distance (Table 3.4 of BS EN1993-1-8).

Capacity of the angles: Gross area = 12.7 cm? per angle

The angles are connected through both legs. Clause 3.10.3 of BS EN1993-1-8 states
that the net area defined in Clause 3.10.3(2) is to be used in design. The standard clear-
ance holes are 22 mm in diameter:

Net area = 2(1270 - 2 x 22 x 8) = 1836 mm?

Ultimate strength £, = 430 N/mm?

X1 X 4
N ura :—OA 18.;6_) 30 =252 .6kN

Splice plate and cover plate
Effective area = [(95 — 22)10 + (140 - 44)8] = 1498 mm?

< gross area = 2070 mm?

09%1498% 430
Nupa =" =4638kN

The splice is adequate to resist the applied load.

Example 10.2

Check that the joint shown in Figure 10.11 is adequate. All data required are given in the
figure.

Factored load = (1.35 x 60) + (1.5 x 80) =201 kN

Moment M = (212 x 525)/10° = 111.3 kN-m

Bolt group Xy = 12 x 250% = 750 x 103

Ty? = 4(352 + 1052 + 1752) = 171.5 x 103
32 + 322 = 921.5 x 103
cos ¢ = 250/305.16 = 0.819

Bolt A is the bolt with the maximum load:

Load due to mom ent= 1113x103x305.16 = 36.85kN

9215103

Load due to shear =212/12 = 17.67 kN
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525 | Dead load =60 kN

Imposed load = 80 kN
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Figure 10.11 Example: bolt group in direct shear and torsion.

Resultant load on bolt

=[17.67* + 36.85% + (2 x 17.67 x 36.85 x 0.819)]*3
=52.31 kN.

Single-shear value of 24 mm diameter ordinary bolt on the threads
From the blue book,
F,ra = 67.8 kN
Universal column flange thickness = 17.3 mm
Side-plate thickness = 15 mm
Minimum end distance = 45 mm
Bearing capacity of the bolt = 150 kN
The strength of the joint is controlled by the single-shear value of the bolt.
The joint is satisfactory.

Example 10.3

Determine the diameter of ordinary bolt required for the bracket shown in Figure 10.12.
The joint dimensions and loads are shown in the figure. Use Grade 4.6 bolts.
Try 20 mm diameter ordinary bolts. From the blue book tension capacity, F, , = 70.6 kN.
The design strength from Table 3.1 of BS EN1993-1-1

20 mm thick £, = 275 N/mm?

Referring to Figure 10.12c, the depth to the neutral axis is the total tension is

T=70.6|:1+ @80-z) @10-z) (@40-2) (70—z):|
B50-2z) (@50-2z) @50-2z) (E50-2)

=705[M] -

350—-2z
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J 200
I Dead load = 80 kN
| \ Imposed load =75 kN
o
D~
S
Sl
S
<) 15 mm thk. plate
&~ t
20 mm thk. plate
10 Nos.

ordinary bolts

()

4 141.2 kKN
b=55
S
A 45°
3 38
— C o
N
Y=5p =275 N/mm? 15

(b) (© ()

Figure 10.12 Bracket: bolts in direct shear and tension. (a) Joint; (b) tension and compression areas; (c) internal
forces; (d) stiff bearing length.

The width of stiff bearing is shown in Figure 10.12d:
b=15+2x20=55mm
The total compression in terms of z is given by

C=Ix275x 222
2 0

=756kN

Equate T and C and rearrange terms to give the quadratic equation:
7.56z2% - 2,999z + 74,130 = 0
Solve to give

y =26.49 mm
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The moment of resistance is

(280-2649)" (210-2649)°

(350-26 49) " (350-2649)

(350-2649)+
1412
o 10

Mg
(140 -26 49)° L (70-26 49)°
(350-26.49) (350-2649)

+

2
+756X264? X2=98AkN
3x10

Factored load = (1.35 x 80) + (1.5 x 75) =220.5 kN

Factored moment = 220.5 x 200/10° = 44.1 kN-m

Actual tension in top bolts

F,=44.1 x 70.6/98.4 = 31.64 kN

Direct shear per bolt = 220.5/10 = 22.1 kN

Shear capacity on threads F, , = 47.0 kN

Tension capacity, F, g, = 70.6 kN
Combined shear and tension

F, . R _221, 3164
Fora 14Fzq 47 14Xx706

=0J9<10

Therefore, 20 mm diameter bolts are satisfactory.

The reader can redesign the bolts using the approximate method. Note that only the bolts
have been designed. The welds and bracket plates must be designed and the column checked
for the bracket forces. These considerations are dealt with in Section 10.4.5.

10.3 PRELOADED BOLTS

10.3.1 General considerations

Preloaded high-strength friction-grip bolts are made from high-strength steel so they can be

tightened to give a high shank tension. The shear in the connected plates is transmitted by

friction, as shown in Figure 10.13a, and not by bolt shear, as in ordinary bolts. These bolts

are used where strong joints are required, and a major use is in the joints in rigid frames.
The bolts are manufactured in two types to conform to EN 14399:

1. General grade: The strength is similar to Class 8.8 ordinary bolts. This type is gener-
ally used.

2. Higher grade: Parallel shank and waisted shank bolts are manufactured. The use of
general-grade friction-grip bolts in structural steelwork is specified in BS EN1993-1-8.
Parallel and waisted shank bolts are shown in Figure 10.13b. Only general-grade bolts
will be discussed here.

The bolts must be used with hardened steel washers to prevent damage to the con-
nected parts. The surfaces in contact must be free of mill scale, rust, paint, grease, etc.
that would prevent solid contact between the surfaces and lower the slip factor (see
as follows).
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Shank tension

l |:I I: :I |_:| I — = Friction at
T T interface
Action in friction grip bolt
[ Washer Woaist /— Washer
i
_ ) _
N
Parallel shank Waisted shank

Types of friction grip bolt
Figure 10.13 Preloaded bolts.

Care must be taken to ensure that bolts are tightened up to the required tension; otherwise
slip will occur at service loads and the joint will act as an ordinary bolted joint. Methods
used to achieve the correct shank tension are

1. Part turning — the nut is tightened up and then forced a further half to three quarters
of a turn, depending on the bolt length and diameter.

2. Torque control — a power-operated or hand-torque wrench is used to deliver a specified
torque to the nut. Power wrenches must be calibrated at regular intervals.

3. Load-indicating washers and bolts — these have projections that squash down as the bolt
is tightened. A feeler gauge is used to measure when the gap has reached the required size.

Friction-grip bolts are generally used in clearance holes. The clearances are same as for ordi-
nary bolts given in Section 10.2.2.

10.3.2 Design procedure

Preloaded bolts can be used in shear, tension and combined shear and tension. The design
procedure, given in Section 3.9 of BS EN1993-1-8 for general-grade parallel shank bolts, is
set out as follows. Long joints are not discussed.

1. Bolts in shear
The capacity is the lesser of the slip resistance and the bearing capacity. The code states
that while the slip resistance is based on a serviceability criterion, the design check is made
for convenience, using factored loads. However, the joint can slip and go into bearing at
loads greater than the working load, and hence, the bearing capacity must be checked.
The slip resistance of a preloaded Class 8.8 or 10.9 bolt should be taken as
Fora = @Fp,c
M3

where

k. is given in Table 10.1 and Table 3.6 of BS EN1993-1-8

n is the number of the friction surfaces

u is the slip factor given in Table 10.2 and Table 3.7 of BS EN1993-1-8
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Table 10.1 Values of k,

Description kg
Bolts in normal holes 1.00
Bolts in either oversized holes or short slotted holes 0.85

with the axis of the slot perpendicular to the direction
of load transfer

Bolts in long slotted holes with the axis of the slot 0.70
perpendicular to the direction of load transfer

Bolts in short slotted holes with the axis of the slot 0.76
parallel to the direction of load transfer

Bolts in long slotted holes with the axis of the slot 0.63

parallel to the direction of load transfer

Table 10.2 Slip Factor, , for
preloaded bolts

Class of friction surfaces to

EN1090-2 M
A 0.5
B 0.4
c 0.3
D 0.2

For Class 8.8 and 10.9 bolts conforming with EN14399 and the tightening proce-
dure conforming with EN1090-2, the preloading force F, . should be taken as

Fp,c =0. f:les

The slip resistances for Class 8.8 preloaded bolts for various slip factors are given in
Table 10.3 The factor k, is taken as 1.0 for bolts in standard clearance holes.

Table 10.3 Slip factor, |, for preloaded bolts

Bolts in tension Slip resistance
Tensile Min thickness u=02 u=03 u=04 u=05

Diameter stress  Tension  for punching Single Double Single Double Single Double Single Double
of bolt area  resistance shear shear shear shear shear shear shear shear  shear
D As Ft,Rd tmin

mm mm? kN mm kN kN kN kN kN kN kN kN
12 843 48.6 3.71 7.55 15.1 1.3 227 151 30.2 18.9 37.8
16 157 90.4 5.59 14.1 28.1  2I.1 422 281 56.3 35.2 70.3
20 245 141 7.36 220 439 329 659 439 878 549 110
24 353 203 8.22 31,6 633 474 949 633 127 79.1 158

30 561 323 10.7 50.3 101 754 |51 101 201 126 251
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2. Bolts in tension only
The tension capacity is given by

k2 :Ele s

Ft,Rd =
Yu 2

3. Bolts in combined shear and tension
If a slip-resistant connection is subjected to an applied tensile force, F, 4 or F, py s
in addition to the shear force, F, p, or F, ., tending to produce slip, the design slip
resistance per bolt should be taken as follows:

For a category B connection,

kot (Fpe — 0 8Fheq o)

YM 3,ser

Fs,Rd,sar: =

For a category C connection,

ket (Fpe — 0 8Fizq )
Yus

Fs,Rd =

If, in a moment connection, a contact force on the compression side counterbalances
the applied tensile force, then no reduction in slip resistance is required.

10.3.3 Examples of preloaded bolt connections
Example 10.4

Design the bolts for the moment and shear connection between the floor beam and the
column in a steel frame building. The following data are given:

Floor beam 610 x 229 UB 140
Column 254 x 254 UC 132
Moment dead load = 180 kN-m
Imposed load = 100 kN-m
Shear dead load = 300 kN
Imposed load = 150 kN

Set out the joint as shown in Figure 10.14.

1. Moment connection
The moment is taken by the flange bolts in tension:
Factored moment = (1.35 x 180) + (1.5 x 100) = 393 kN-m
Flange force = 393/0.595

=660.5 kN

Provide 24 mm diameter Class 8.8 friction-grip bolts:
Minimum shank tension = 203 kN
Tension capacity of four bolts = 4 x 203 = 812 kN

The joint is satisfactory for moment. Four bolts are also provided at the bottom of
the joint, but these are not loaded by the moment in the direction shown.
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Figure 10.14 Beam-to-column connection.

2. Shear connection
The shear is resisted by the web bolts:
Factored shear = (1.35 x 300) + (1.5 x 150) = 630 kN
Slip resistance of eight no. 24 mm diameter bolts in clearance holes = 8 x 79.1 = 632.8 kN

For the end plate is 12 mm thick, the end distance of the two top bolts is 55 mm
and the bearing resistance

=8 x 180 = 1440 kN.

Therefore, 24 mm diameter bolts are satisfactory.

Note that only the bolts have been designed. The welds, end plates and stiffeners
must be designed and the column flange and web checked. These considerations are
dealt with in Section 10.5.

Example 10.5

Determine the bolt size required for the bracket loaded as shown in Figure 10.15a:
Factored load = (1.35 x 160) + (1.5 x 110) = 381 kN
Factored moment = 381 x 0.28 = 106.7 kN-m
Try 20 mm diameter Class 8.8 preloaded bolts:
Tension capacity from Table 10.3 = 141 kN
The joint forces are shown in Figure 10.15¢. The stiff bearing width can be calculated
from the bracket end plate (Figure 10.15d):

b=15+2x%x20=55mm

The total tension in terms of the maximum tension in the top bolts is

. 2282[“ 370-z  270-z 170—z:|

470—z 470-z 470-z

=280(1280—4z)/(470 - z)
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Figure 10.15 Bracket: bolts in shear and tension. (a) Joint; (b) tension and compression areas; (c) internal
forces; (d) stiff bearing length.

The design strength from Table 3.1 of EN1993-1-1 in the code for plates 20 mm thick is

f, = 275 N/mm?

The total compression is given by

C =05x%x275%552/10°

Equate T and C and rearrange to give

7?2 - 618.2z + 47407 =0

Solving gives z = 89.7 mm.

The moment of resistance is

10°

Mg = 282[(470—89.7)+

756x89.7%x2

3x10°

(370-89.7)" (270-897)" (170-89.7)°

(470-89.7) ’ (470-89.7) i (470-89.7)
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=195.09 + 4055

=23564 kN -m

The actual maximum tension in the top bolts is
F,pq=106.7 x 141/235.64 = 63.85 kN,

For combined tension and shear
The shear resistance, F, 4

kenpt (Fpp -0 '8Ft,Ed,ser)
Y3

Fs,Rd =

1.0><1><05(0.7><800><245><10’3—048><63485 /1.4)
a 1,25
=403 kN

The bearing resistance is much greater than this value:
Applied shear per bolt F, = 381/10 = 38.1 kN
Therefore, 20 mm diameter bolts are satisfactory.

10.4 WELDED CONNECTIONS

10.4.1 Welding

Welding is the process of joining metal parts by fusing them and filling in with molten
metal from the electrode. The method is used extensively to join parts and members,
attach cleats, stiffeners, end plates, etc. and to fabricate complete elements such as plate
girders. Welding produces neat, strong and more efficient joints than are possible with
bolting. However, it should be carried out under close supervision, and this is possible in
the fabrication shop. Site joints are usually bolted. Though site welding can be done, it is
costly, and defects are more likely to occur.

Electric arc welding is the main system used, and the two main processes in structural
steel welding are

1. Manual arc welding, using a handheld electrode coated with a flux that melts and pro-
tects the molten metal. The weld quality depends very much on the skill of the welder.

2. Automatic arc welding. A continuous wire electrode is fed to the weld pool. The wire
may be coated with flux or the flux can be supplied from a hopper. In another process,
an inert gas is blown over the weld to give protection.

10.4.2 Types of welds, defects and testing

The two main types of welds, butt and fillet, are shown in Figure 10.16a and b. Butt welds
are named after the edge preparation used. Single and double U and V welds are shown in
Figure 10.16c. The double U welds require less weld metal than the V types. A 90° fillet weld
is shown but other angles are used. The weld size is specified by the leg length. Some other
types of welds — partial butt, partial butt and fillet weld and deep penetration fillet weld —
are shown in Figure 10.16d. In the deep penetration fillet weld, a higher current is used to
fuse the plates beyond the limit of the weld metal.
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Figure 10.16 VVeld types: (a) single V butt weld; (b) fillet weld; (c) types of butt weld; (d) other types of welds.

Cracks can occur in welds and adjacent parts of the members being joined. The main types
are shown in Figure 10.17a. Contraction on cooling causes cracking in the weld. Hydrogen
absorption is the main cause of cracking in the heat-affected zone, while lamellar tearing
along a slag inclusion is the main problem in plates.

Faulty welding procedure cart leads to the following defects in the welds, all of which
reduce the strength (see Figure 10.17b):

1. Over-reinforcement and undercutting
2. Incomplete penetration and lack of side-wall fusion
3. Slag inclusions and porosity

Heat affected

Hot crack zone crack

Lack of Incomplete
sidewall fusion penetration
Lamellar tear Over Slag inclusion
reinforcement parasity

(a) (b)

Figure 10.17 Cracks and defects in welds: (a) cracking; (b) defects and faulty welding.
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When the weld metal cools and solidifies, it contracts and sets up residual stresses in mem-
bers. It is not economical to relieve these stresses by heat treatment after fabrication, so
allowance is made in design for residual stresses.

Welding also causes distortion, and special precautions have to be taken to ensure that
fabricated members are square and free from twisting. Distortion effects can be minimized
by good detailing and using correct welding procedure. Presetting, pretending and preheat-
ing are used to offset distortion.

All welded fabrication must be checked, tested and approved before being accepted. Tests
applied to welding are given in Ref. [9]:

1. Visual inspection for uniformity of weld
2. Surface tests for cracks using dyes or magnetic particles
3. X-ray and ultrasonic tests to check for defects inside the weld

Only visual and surface tests can be used on fillet welds. Butt welds can be checked inter-
nally, and such tests should be applied to important butt welds in tension.

When different thicknesses of plate are to be joined, the thicker plate should be given a
taper of 1 in 5 to meet the thinner one. Small fillet welds should not be made across members
such as girder flanges in tension, particularly if the member is subjected to fluctuating loads,
because this can lead to failure by fatigue or brittle fracture. With correct edge preparation
if required, fit- up, electrode selection and a properly controlled welding process, welds are
perfectly reliable.

10.4.3 Design of fillet welds

Important provisions regarding fillet welds are set out in Clause 4.3.2 of BS EN1993-1-8.
Some of these are listed as follows (the complete clause in the code should be consulted):

—_

. Fillet welds should be returned around corners for twice the leg length.

2. In lap joints, the lap length should not be less than four times the thickness of the
thinner plate.

3. In end connections, the length of weld should not be less than the transverse spacing
between the welds.

4. Intermittent welds should not be used under fatigue conditions. The spacing between

intermittent welds should not exceed 200 mm or 12¢ for parts in compression and

200 mm or 16t for parts in tension, where ¢ is the thickness of the thinner plate. These

provisions are shown in Figure 10.18.

It is the recognition that the fillet weld is stronger in the transverse direction compared
to its longitudinal direction, and this has led to the so-called directional method shown
in Figure 10.19. Welds subject to transverse shear force is shown in Figure 10.19a. In
a general case, the weld forces have to be analysed to determine the resultant trans-
verse force on the weld as shown in Figure 10.19b to take advantage of this method.
However, for simplicity and ease of use, the code still allows the use of the traditional
‘simple method’ that does not take into the account of the direction of the force acting
on the weld.

The strength of a fillet weld is calculated using the throat thickness. For the 90° fillet weld
shown in Figure 10.19a, the throat thickness is taken as 0.7 times the size or leg length.
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Figure 10.18 Design details for fillet welds: (a) return ends; (b) lap length; (c) end fillet; (d) intermittent fillet
welds.

Tension or
compression

Figure 10.19 Directional method: (a) throat thickness of fillet weld; (b) stresses on a throat section of a
fillet weld.

10.4.3.1 Directional method for design resistance of fillet weld

In this method, the force transmitted by a unit length of weld is resolved into components
parallel and transverse to the longitudinal axis of the weld and normal and transverse to the
plane of its throat. The design throat area A,, should be taken as A, = Zal, .

A uniform distribution of stress is assumed on the throat section of the weld, leading to
the normal stresses and shear stresses shown in Figure 10.19b and as follows:

o, is the normal stress perpendicular to the throat.

0, is the normal stress parallel to the axis of the weld.

T, is the shear stress perpendicular to the axis of the weld.
T, is the shear stress perpendicular to the axis of the weld.

The normal stress o), parallel to axis of the weld is not considered when verifying the
design resistance of the weld.
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Table 10.4 Correlation factor, B, for fillet welds

Standard and steel grade

EN 10025 EN 10210 EN 10219 Correlation factor, 3,
S235 S235H S235H 0.8
S235W

S 275 S275H S275H 0.85
S 275 N/NL S275 NH/NLH S 275 NH/NLH

S 275 M/ML S 275 MH/MLH

S 355 S355H S355H 0.9
S 355 N/NL S 355 NH/NLH S 355 NH/NLH

S 355 M/ML S 355 MH/MLH

S355wW

S 420 N/NL S 420 MH/MLH 1.0
S 420 M/ML

S 460 N/NL S$460 NH/NLH S 460 NH/NLH 1.0
S 460 M/ML S 460 MH/MLH

S 460 Q/QL/QLI

The design resistance of the fillet weld will be sufficient if both equations are satisfied:

05
[ci + 3(11 + ri,)] <

where

£

BWYM 2

and OL =

09f%
Yu 2

f, is the ultimate tensile strength of the weaker part joined
B,, is the correction factor taken from Table 10.4

10.4.3.2 Simplified method for design resistance of fillet weld

In this method, the design resistance of a fillet weld may be assumed to be adequate if, at
every point along its length, the design resistance per unit length, F,, ;,, should be deter-

mined from

Fyra = fwaa

where f,,, ; is the design shear strength of the weld.
The design shear strength f,,, , of the weld is determined from

_£A3

4 BW’YMZ

where

f., is the ultimate tensile strength of the weaker part joined

B, is the correction factor taken from Table 10.4

10.4.4 Design of butt welds

The design of butt welds is covered in Clause 4.7 of BS EN1993-1-8. The design resistance of
the full penetration butt weld should be taken as equal to the design resistance of the weaker
of the part joined, and the strength of the weld metal is not less than that of the parent metal.
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Penetration
depth

Figure 10.20 Design details for butt welds: (a) single V weld with backing plate; (b) single V weld made from
one side.

Full penetration depth is ensured if the weld is made from both sides or if a backing run
is made on a butt weld made from one side (see Figure 10.16a and c). Full penetration is also
achieved by using a backing plate (see Figure 10.20a):

1. V weld — depth of preparation minus 3 mm (see Figure 10.20b)
2. J or U welds — depth of preparation unless it can be shown that greater penetration can
be achieved (see Figure 10.16¢)
10.4.5 Eccentric connections

The two types of eccentrically loaded connections are shown in Figure 10.21. These are

1. The torsion joint with the load in the plane of the weld
2. The bracket connection

In both cases, the fillet welds are in shear due to direct load and moment.

10.4.6 Torsion joint with load in plane of weld

The weld is in direct shear and torsion. The eccentric load causes rotation about the centre
of gravity of the weld group. The force in the weld due to torsion is taken to be directly

(a) (b)

Figure 10.21 Eccentrically loaded connections: (a) load in plane of weld; (b) bracket connection.
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Figure 10.22 Torsion joints load in plane of weld: (a) joint welded all round; (b) resultant force on weld at A;
(c) joint welded all round on three side.

proportional to the distance from the centre of gravity and is found by a torsion formula.
The direct shear is assumed to be uniform throughout the weld. The resultant shear is found
by combining the shear due to moment and the direct shear, and the procedure is set out as
follows. The side plate is assumed to be rigid.

A rectangular weld group is shown in Figure 10.22a, where the eccentric load N is taken
on one plate. The weld is of unit leg length throughout:

. N
D irectshear,Fs= ———
Length ofweld
_ N
2Ex+y)]
Shear due to torsion
N -er
B =
I
where

I, is the polar moment of inertia of the weld group =1, + I,
I, = (2%/6) + (y2%/2)
I, = (y’6) + (y*2/2)

r=05{¢" +2°)

The heaviest loaded length of weld is that at A, furthest from the centre of rotation O. The
resultant shear on a unit length of weld at A is given by

F = \/(FSZ +E2 + 2F.F, oosq))

The resultant shear is shown in Figure 10.22b.
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If the weld is made on three sides only, as shown in Figure 10.22c, the centre of gravity of
the group is found first by taking moments about side BC:

yi =y (2y + 2)
I,=2%/12 + xy*/2

L=y6+2y0R2-wn} +yx’

The aforementioned procedure can then be applied.

10.4.7 Bracket connection

Various assumptions are made for the analysis of forces in bracket connections. Consider
the bracket shown in Figure 10.23a, which is cut from a universal beam with a flange added
to the web. The bracket is connected by fillet welds to the column flange. The flange welds
have a throat thickness of unity and the web welds a throat thickness g, a fraction of unity.

Assume rotation about the centroidal axis y—y. Then

Weld length L=12b+ 2aq
Moment of inertia I, = bd*2 + qa’/6
Direct shear F,=PIL

Load due to moment Fr=Ned/2l,

Resultant load

Fo= (FF +F)"

J e
N - _
IF | /—Throat unit thickness
| | 5
| = 14 S Y s Fr
‘ ‘ — Throat, ¢ Weld forces
i Y1 | 21yl
(a) Bracket
e
O
|
[ —f— D T
‘ o
@
| Y Y N
=
y1—49% Ly
T i C
h " Weld and web

1 Bracket
(b)

Internal forces

resisting moment

Figure 10.23 Bracket connections: (a) I-section bracket; (b) T-section bracket.
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In a second assumption, rotation takes place about the bottom flange Y,-Y,. The flange
welds resist moment and web welds shear. In this case,

Fr=Peldb
F,=P/2a

With heavily loaded brackets, full-strength welds are required between the bracket and the
column flange.

The fabricated T-section bracket is shown in Figure 10.23b. The moment is assumed to be
resisted by the flange weld and a section of the web in compression of depth y, as shown in
the figure. Shear is resisted by the web welds.

The bracket and the weld dimensions and internal forces resisting moment are shown in
Figure 10.23b. The web area in compression is #z. Equating moments gives

Ne =T (d - 2z/3) = C(d - 2z/3)
C=0.5f,tz=T
Ne = 0. 5f,tz(d - 22/3)

Solve the quadratic equation for y and calculate C:

The flange weld force Fr = T/b
The web weld force F, = N/2(d - z)

The calculations are simplified if the bracket is assumed to rotate about the y1-y1 axis,
when

FT = Ne/db.

10.4.8 Examples on welded connections

1. Direct shear connection
Design the fillet weld for the direct shear connection for the angle loaded as shown in
Figure 10.24a, where the load acts through the centroidal axis of the angle. The steel
is Grade S275:
Factored load = (1.35 x 50) + (1.5 x 60) = 157.5 kN
Use 6 mm fillet weld, F,, z; = 0.98 kN/mm
Length required = 157.5/0.98 = 161 mm
Balance the weld on each side as shown in Figure 10.24b:
Side X, length = 161 x 43.9/65 = 108.7 mm
Add 12 mm, final length = 120.7 mm, say 121 mm
Side Y, length = 161 - 121 = 40 mm
Add 12 mm, final length = 52 mm
2. Torsion connection with load in plane of weld
One side plate of an eccentrically loaded connection is shown in Figure 10.25a. The
plate is welded on three sides only. Find the maximum shear force in the weld and
select a suitable fillet weld.
Find the position of the centre of gravity of the weld group by taking moments about
side AB (see Figure 10.25b):
Length L = 700 mm
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Figure 10.24 Direct shear connection: (a) angle and loads; (b) welds on sides only.

250
Dead load =40 kN

Live load = 60 kN

300

|

|
2do
(a) (b)

x1=57.14

Figure 10.25 Torsion connection loaded in plane of weld: (a) connection; (b) weld group.

Distance to centroid y; = 2 x 200 x 100/700 = 57.14 mm
Eccentricity of load e = 292.86

Moments of inertia

I,=(2x200 % 1502) + 3003/12 = 11.25 x 10¢ mm’

I,=(300 x 57.14%) + (2 x 2003/12) + (2 x 200 x 42.862)
= 3.047 x 106 mm3

I, =(11.25 + 3.047)10°¢ = 14.297 x 10°* mm?

Angle cos ¢ = 142.86/207.14 = 0.689
Factored load = (1.35 x 40) + (1.5 x 60) = 144 kN
Direct shear F, = 144/700 = 0.206 kN/mm

Shear due to torsion on weld at C

144x292.86x207.14

Fy p =0611kN fam
14297 x 10
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250 173.2

Dead load 580 kN
Live load =110 kN NI
Il

280

364.6
~
o
-

— Cut from
356 x 171 x67 UB

Figure 10.26 Bracket connection.

Resultant shear
Fr =10.206% + 0.611% + 2 x 0.206 x 0.611 x 0.689]%3
= 0.77 kN/mm

In a 6 mm fillet weld, strength 0.98 kN/mm is required.

3. Bracket connection
Determine the size of fillet weld required for the bracket connection shown in
Figure 10.26. The web welds are to be taken as one-half the leg length of the flange
welds. All dimensions and loads are shown in Figure 10.26.

Design assuming rotation about Y-Y axis:
Factored load = (1.35 x 80) + (1.5 x 110) = 273 kN
Length L = (2 x 173.2) + 280 = 626.4 mm
Inertia I, = (2 x 173.2 x 1822) + 2803/12 = 13.3 x 10® mm?
Direct shear F, = 273/626.4 = 0.44 kN/mm

273%x250x%x182
Shear from momentF, = —————-——=0985kN fam
133x%x10

Resultant shear Fj = [0.44% + 0.9852]%° = 1.08 kN/mm

Provide 8 mm fillet welds for the flanges, strength 1.31 kN/mm. For the web welds,
provide 6 mm fillets (the minimum size recommended).

Design assuming rotation about Y, - Y, axis.

The flange weld resists the moment = 273 x 250

Provide 8 mm fillet welds, strength 1.31 kN/mm. The web welds resist the shear:
F,=273/(2 x 280) = 0.49 kN/mm

Provide 6 mm fillet welds. The methods give the same results.
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10.5 FURTHER CONSIDERATIONS IN DESIGN
OF MOMENT CONNECTIONS

10.5.1 Load paths and forces

The design of bolts and welds has been considered in the previous sections. Other checks
that depend on the way the joint is fabricated are necessary to ensure that it is satisfactory.
Consistent load paths through the joint must be adopted.

Consider the brackets shown in Figure 10.27. The design checks required are

1. The bolt group (see Section 10.3.3).

2. The welds between the three plates (see Section 10.4.5).

3. The bracket plates — these are in tension, bearing, buckling and local bending.

4. The column in axial load, shear and moment - local checks on the flange in bending
and web in tension at the top and buckling and bearing at the bottom are also required.

10.5.2 Other design checks
Some points regarding the design checks are set out as follows.

1. A direct force path is provided by the flange on the bracket in Figure 10.27a. The
flange can be designed to resist force when e is the eccentricity of the load and d the
depth of bracket:

R = (d2 + ¢2)°5 N/d

2. More rigorous method for moment connections using the concept known as ‘compo-
nent method’ is given in Section 6 in the BS EN1993-1-8.

i N i N
-— H T
l RS Web in bearing
! / Flange |
S
I I I—Cut from UB I I
(@) (b)
I Pt N P
1
— 1 ) I ror | T
oalg i
N o 2l |/ e
|+ >
1 T . < |/ <

(© (d ()

Figure 10.27 Brackets: load paths and forces. (a) Bracket with flange; (b) bracket with web only; (c) bolt
forces; (d) weld forces; (e) web plate forces.
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PROBLEMS

10.1 A single-shear bolted lap joint (Figure 10.28) is subjected to an ultimate tensile load of
200 kN. Determine a suitable bolt diameter using Grade 4.6 bolts.

10.2 A double-channel member carrying an ultimate tension load of 820 kN is to be spliced,
as shown in Figure 10.29.
1. Determine the number of 20 mm diameter Grade 4.6 bolts required to make the splice.
2. Check the double-channel member in tension.
3. Check the splice plates in tension.

10.3 A bolted eccentric connection (illustrated in Figure 10.30a and b) is subjected to a
vertical ultimate load of 120 kN. Determine the size of Class 4.6 bolts required if the
load is placed at an eccentricity of 300 mm.

Total six bolts

=
%é & " # 40 40 65 40
& © 40
v 3 N=200kN
-— & s —— 1 !
<
L 2 Nos. 8 x210

Grade S275 steel plate
(@) (b)
Figure 10.28 (a) Plan and (b) elevation.
2 Nos. 203 x 76 x 23.82 kg/m
i
§20kN — — N =820 kN
|_I+I_I+I_l
L L— Splice plate 10 x 198
2 cover plates 10 x 162
Figure 10.29 Double-channel with cover plates.
e
I N=120 kN
Il
Il . .
I Il
ol e u
I
sg |ty T °
'@ &
s+ ” + 0.2 mm thk. Tt
' late 100
R
(b)
Il
I

(a)

Figure 10.30 Bolted eccentric connection: (a) elevation; (b) plan.
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- | |+
F

(b)

()

Figure 10.31 Bolted bracket connection: (a) side elevation; (b) front elevation.

10.4 The bolted bracket connection shown in Figure 10.31 carries a vertical ultimate load of
300 KN placed at an eccentricity of 250 mm. Check that twelve no. 24 mm diameter
Class 4.6 bolts are adequate. Use both approximate and accurate methods of analysis
discussed in Section 10.2.6. Assume all plates to be 20 mm thick.

10.5 Design a beam-splice connection for a 533 x 210 UB 82. The ultimate moment and
shear at the splice are 300 kN-m and 175 kN, respectively. A sketch of the suggested
arrangement is shown in Figure 10.32. Prepare the final connection detail drawing
from your design results.

10.6 The arrangement for a preloaded bolt grip connection provided for a tie carrying an
ultimate force of 300 kN is shown in Figure 10.33. Check the adequacy if all the bolts
provided are 20 mm diameter.

/ Flange plate (Top & bottom)

: 533 x 210 x 82 kg/m UB
| < 2 web plates
|
T k T
Splice location
Figure 10.32 Beam-splice connection.
e
1
N=120 kN
I
Il
o I :
ol e u
Il
S I °
Ii I
® *? Il *? 0.2 mm thk. ‘ 100‘
$ I: + plate -—
I (b)

()

Figure 10.33 Preloaded bolt grip connection: (a) elevation; (b) plan.
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20
2 Nos. 65x50x 6L
\
Gusset plate 1
12 mm thk 4
— — N=90 kN
65

Figure 10.34 Welded angle with gusset plate.

10.7 Redesign the bracket connection in Problem 10.4 using high-strength preloaded bolts.
What is the minimum bolt diameter required? Discuss the relative merits of using
Class 4.6, Grade 8.8 and preloaded Class 8.8 HSFG bolt for connections.

10.8 The welded connection for a tension member in a roof truss is shown in Figure 10.34.
Using an E43 electrode on Grade S275 plate, determine the minimum leg size of the
welds if the ultimate tension in the member is 90 kN.

10.9 Determine the leg length of fillet weld required for the eccentric joint shown in
Figure 10.35. The ultimate vertical load is 500 kN placed at 300 mm from the cen-
tre line. Use an E43 electrode on a Grade S275 plate.

125 125
e JF
N=500 kN |
Il
i
=) =)
g - g
2 Nos. 20 mm
thk. plate . |

\‘. * Stanchion
Side elevation

Front elevation

Figure 10.35 Welded eccentric joint.
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e =250 mm 208.7
N=350 kN
o
&
o
) |
N %
in <
13e)
=)
L Cut from
533x210 UB 82

Figure 10.36 Welded bracket connection.

10.10 A bracket cut from a 533 x 210 UB 82 of Grade S275 steel is welded to a column,
as shown in Figure 10.36. The ultimate vertical load on the bracket is 350 kN
applied at an eccentricity of 250 mm. Design the welds between the bracket and
the column.
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Chapter |1

Workshop steelwork design example

11. INTRODUCTION

An example giving the design of the steel frame for a workshop is presented here and illus-
trates the following steps in the design process:

1. Preliminary considerations and estimation of loads for the various load cases
2. Computer analysis for the structural frame

3. Design of the truss and crane column

4. Sketches of the steelwork details

The framing plans for the workshop with overhead crane are shown in Figure 11.1. The
frames are spaced at 6.0 m centres, and the overall length of building is 48.0 m. The crane
span is 19.1 m and the capacity is 50 kN.

Design the structure using grade S275 steel. Structural steel angle sections are used for the
roof truss and universal beams for the columns.

Computer analysis is used because plane frame programmes are now generally available
for use on microcomputers. (The reader can consult Refs. [17] and [23] for particulars of
the matrix stiffness method analysis. The plane frame manual for the particular software
package used should also be consulted.)

A manual method of analysis could also be used, and the procedure is as follows:

1. The roof truss is taken to be simply supported for analysis.

2. The columns are analysed for crane and wind loads assuming portal action with no
change of slope at the column top. The portal action introduces forces into the chords
of the truss, which should be added to the forces in (1) for design.

The reader should consult Refs. [16] and [22] for further particulars of the manual method
of analysis.

11.2 BASIC DESIGN LOADS

Details of sheeting and purlins used are given in the following:

Sheeting: Cellactite 11/3 corrugated sheeting, type 800 thickness 0.8 mm
Dead load = 0.1 kN/m?

327
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le |
~ 8bays@6m=48m ‘
Purlins ; Crane girder
Eaves tie
Roof a Bottom chord supports
bracing __ Truss tied into bracing in
in top top chord
chord
Top chord level Eaves level
(a)
Truss Bottom chord supports
. Bracing not
Sld,e ] shown
bracing }
(b) Sheeting rails Crane girder
Side elevation Centre section
$\L 3° roof pitch
| Crane rail centres =19.1 m |
\ |
1316 4@21=84 4@21=84 1613

|
| 0.45 m \ L 50 kN crane

Stanchion centres =20 m

(c)

55l 1o

Figure I1.] Arrangement of workshop steel frame: (a) roof plan; (b) elevations; (c) typical section of frame.

The loads and estimated self-weight on plan are as follows:

Roof dead load kN/m?
Sheeting 0.11
Insulation and lighting 0.14
Purlin self-weight 0.03
Truss and bracing 0.10
Total load on plan 0.38
Imposed load on plan 0.75

Purlins: Purlins are spaced at 2.1 m centres and span 6.0 m between trusses, purlin loads =
0.11 + 0.14 + 0.75 = 1.0 kN/m?, and provide Ward Building Components purlin A200/180,

safe load = 1.07 kN/m?2.

Walls: Cladding, insulation, sheeting rails and bracing = 0.3 kN/m2. Stanchion: Universal
beam section, say, 457 x 191 UB 67 for self-weight estimation.
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Crane data: Hoist capacity = 50 kN, bridge span = 19.1 m, weight of bridge = 35 kN, weight
of hoist = 5 kN, end clearance = 220 mm, end-carriage wheel centres = 2.2 m and minimum
hook approach = 1.0 m.

Wind load: The readers should refer to the latest code of practice for wind loads, BSEN1991-1-4.
The structure is located in a site in country or up to 2 km into town (terrain category II).
The basic wind velocity v, , is 22 m/s.

11.3 COMPUTER ANALYSIS DATA

11.3.1 Structural geometry and properties

The computer model of the steel frame is shown in Figure 11.2 with numbering for the joints
and members. The joint coordinates are shown in Table 11.1. The column bases are taken
as fixed at the floor level, and the truss joints and connections of the truss to the columns
are taken as pinned. The structure is analysed as a plane frame. The steel frame resists hori-
zontal load from wind and crane surge by cantilever action from the fixed based columns
and portal action from the truss and columns. The other data and member properties are
shown in Table 11.2.

Elastic modulus, E = 210,000 N/mm?
Columns: Try 457 x 191 UB 67

A=855cm?, ExA=1795 MN
I,=29,380 cm* Ex I, =61.7 MN/m?

Top-chord angles: Try 100 x 100 x 12 mm angles
A=228cm?, ExA=479 MN
Bottom-chord angles:
Try 90 x 90 x 8 mm angles
A=139cm?, ExA=292MN

All web members:
Try 80 x 80 x 6 mm angles

A=936cm?, ExA=196 MN

Note: All E x I values of the steel angles used in the truss are set to nearly zero.

11.3.2 Roof truss: Dead and imposed loads

For the steel truss, the applied loads are considered as concentrated at the purlin node points.
With the purlin spacing of 2.1 m, the applied joint loads at the top chord are

Dead loads per panel point = 0.38 x 6 x 2.1 = 4.8 kN
Imposed loads per panel point = 0.75 x 6 x 2.1 = 9.45 kN

Figure 11.3 shows the dead and imposed loads applied on the steel truss at the top-chord
node points. The dead load of crane girder, side rail, cladding and vertical bracing is
assumed to load directly onto the column without affecting the roof truss. The estimated
load is 18 kN per leg.
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Table 11.1 Joint coordinates of structure

Joint  Y-distance  Z-distance  Joint  Y-distance  Z-distance

| 0.00 0.000 14 12.1 8415
2 0.00 5.500 15 12.1 7.000
3 0.00 7.000 16 14.2 8.305
4 0.00 8.000 17 14.2 7.000
5 1.60 7.000 18 16.3 8.195
6 1.60 8.085 19 16.3 7.000
7 3.70 7.000 20 18.4 8.085
8 3.70 8.195 21 18.4 7.000
9 5.80 7.000 22 20.0 8.000
10 5.80 8.305 23 20.0 7.000
I 7.90 7.000 24 20.0 5.500
12 7.90 8415 25 20.0 0.000
13 10.0 8525 lla 10.0 7.000

Table 11.2 Structural control data

Number of joints 26
Number of members 45
Number of joint loaded 13
Number of member loaded 4
PO9P P P P IL) Il) P p ogpp
P b E
N, N, &
OL, P=4.8 kN S
IL, P=9.45 kN ™
Shanchion, crane beam and cladding

say, N;=20 kN

| 20 m

Figure 11.3 Applied dead and imposed loads on truss.

11.3.3 Crane loads
The maximum static wheel load from the manufacturer’s table is
Maximum static load per wheel = 35 kN

Add 25% for impact 35 x 1.25 = 43.8 kN
The location of wheels to obtain the maximum reaction on the column leg is shown in
Figure 11.4, with one of the wheels directly over the support point:
Maximum reaction on the column through the crane bracket

=43.8+43.8 x (6 -2.2)/6

- 43.8x1.63 =715
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2.2m

| Crane
i |stanchion

‘e

Q \[) Stanchion
v

Crane brown Bracket
6 m ; 6 m
L - s
T Max reaction
Figure 11.4 Wheels’ location for maximum reaction.
€ ‘e
! N,=177kN rm
;' 450 |
' l450 ;
| H-14kN Ne=7L4KN H.=14kN
: -
i |/ M 80KkN-m | M,=32.1kN-m
— !
] oA
LHS RHS

Figure 11.5 Crane loading on steel frame.

Corresponding reaction on the opposite column from the crane
=8.7x1.25x1.63=177kN

Transverse surge per wheel is 10% of hoist weight plus hook load
=0.1x (50 + 5)/4=1.4kN

The reaction on the column is
=1.4 x71.4/43.8 =2.28 kN

Crane load eccentricity from centre line of column assuming 457 x 191 UB 67

e =220 +457/2 = 448.5 say 450 mm

Figure 11.5 shows the crane loads acting on the frame. The two applied moments are due to
the vertical loads multiplied by the eccentricities.

11.3.4 Wind loads onto the structure

The basic wind speed, v, = v, x Cy;, x C,pe0n X C,yy» where Cy;, = direction factor (1.0 for
all directions) and Cseason = seasonal factor, should be taken as 1.0. C,, = altitude factor
should be determined from NA 2.5 of BS EN1991-1-4.
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From NA 3, BS EN1991-1-4, for height of 10 m and closest distance to sea upwind of
10 km, the factor ¢,(z) is 1.04.

The mean wind velocity v,,(z) = v, x c(z) x ¢y(z) =22 x 1.04 x 1.0 = 23 m/s

Basic velocity pressure g, = 0.5 x p x v = 0.5 x 1.226 x 222 = 296 N/m?

Peak velocity pressure g,(z) = ¢,(z) x g, = 2.32 x 296 = 686 N/m?

The wind-pressure coefficient for 8 = 0° is shown in Figure 11.6 and Table 11.3. The wind
forces applied on the frame and used for the computer analysis are given in Figure 11.7a and
b for the internal pressure and suction cases, respectively.

(b)

Figure 11.6 Wind-pressure coefficients 0 = 0°: (a) internal suction; (b) internal pressure.

Table 11.3 Wind-pressure coefficient on building

External pressure coefficient, C,, 1 Internal coefficient
Roof surfaces Wall surfaces  Suction  Pressure
GH I D E

-0.9 -0.4 +08 -05 -0.3 +0.2

AW W2WA o, o AWB—= WEWB <,
W2 W3 Wy W6 Wr—o g

W1=5.14 kN W5=9.5kN

W3=086kN
wW2=Ww1/2
W4 =Ww3/2

W7=51kN
W6 =W5/2
w8 =Ww7/2

3.25 kN/m
0.16 kN/m
1.62 kN/m

A

(b)

—

a)

Figure 11.7 Wind loads on structure: 6 = 0°: (a) internal suction; (b) internal pressure.
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ﬁ/ 7.8 kN/nodes

29X 3.9kN
‘0

£ =

Z Z

g 2

o o
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Figure 11.8 Wind loads on structure: 6 = 90°.

For 6 = 90°, the wind-pressure coefficients and calculated wind loads are shown in
Figure 11.8.

11.4 RESULTS OF COMPUTER ANALYSIS

A total of seven computer runs were carried out with one run each for the following load cases:

Case 1: Dead loads (DL)

Case 2: Imposed loads (IL)

Case 3: Wind loads at 0° angle, internal suction (WL, IS)

Case 4: Wind loads at 0° angle, internal pressure (WL, IP)

Case 5: Wind loads at 90° angle, internal pressure (WL, IM)
Case 6: Crane loads, when maximum wheel loads occur (CRWL)
Case 7: Crane surge loads (CRSL)

Table 11.4 gives the summary of the truss member axial forces extracted from the
computer output. There is no bending moment in the truss members. It was found that
the crane loads do not produce any axial force in truss members listed in Table 11.4,
except for those truss members connected directly to the column legs, which have some
forces due to crane loads. They are members 3-4, 3-5, 4-5, 4-6, 20-22, 21-22 and
22-23.

Table 11.5 shows the member axial forces and moments for the column legs and the truss
members connected directly onto it. There is no bending moment for members 3-4, 3-3,
4-5,4-6,20-22,21-22 and 22-23.

The following five critical load combinations are computed:

1.1.35 DL+ 1.5 LL

2.1.35DL +1.5LL + 1.5 CRWL

3. 1.0 DL + 1.5 WL (wind at 0°, IS)
4. 1.0 DL + 1.5 WL (wind at 0°, IP)
5. 1.0 DL + 1.5 WL (wind at 90°, IP)

The maximum values from the earlier load combinations are tabulated in Tables 11.4 and
11.6. These will be used later in the design of members.

Note that design conditions arising from notional horizontal loads are not as severe as
those in cases 2-5 in Table 11.4. The displacements at every joint are computed in the
analyses, but only the critical values are of interest. They are summarized in Table 11.7 and
compared with the maximum allowable values.
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Table 11.4 Summary of member force (kN) for truss

Windat Windat [35DL+ DL+ [5x DL+ [5x

Member DL IL 0° (IP) 90° (IP) 1.5 1L wind at 0°  wind at 90°
4-6 -1.30 -2.56 17.50 2.70 -5.60 24.95 2.75
6-8 -30.70 —60.45 63.00 50.04 -132.12 63.80 44.36
8-10 -47.50 -93.53 85.60 76.86  -204.42 80.90 67.79
10-12 -5450 -107.31 90.70 88.11 -234.54 81.55 77.67
12—13 -5450 -107.31 90.70 -88.11 -234.54 81.55 —186.67
13-14 -5450 -107.31 90.70 88.11 -234.54 81.55 77.67
14-16 -5450 -107.31 90.70 88.11 —234.54 81.55 77.67
16-18 -47.50  -93.53 85.60 76.86 -204.42 80.90 67.79
18-20 -30.70 —60.45 63.00 50.04 -132.12 63.80 44.36
20-22 -1.30 -2.56 17.50 2.70 -5.60 24.95 2.75
3-5 40.50 79.74  -50.30 -56.70 174.29 -34.95 —44.55
5-7 —-6.10 12.01 -6.00 -1.44 9.78 -15.10 -8.26
7-9 23.30 4588 -51.40 —45.8I 100.28 -53.80 -45.42
9-11 40.00 7876 -74.00 -72.54 172.14 -71.00 —68.81
Il-Ila 46.40 91.36 -70.40 -82.71 199.68 -59.20 -77.67
I la—I5 46.40 91.36 -70.40 -82.71 199.68 -59.20 -77.67
15-17 40.00 7876 -4730 -72.54 172.14 -30.95 -68.81
17-19 23.30 4588 -18.90 -45.8I 100.28 -5.05 -45.42
19-21 —-6.10 12.01 -25.10 -1.44 9.78 -43.75 -8.26
21-23 40.50 7974 -73.40 -56.70 174.29 -69.60 —44.55
4-5 40.60 7994 -66.40 —65.07 174.72 -59.00 -57.01
5-6 -21.50 -42.33 35.20 34.56 -92.52 31.30 30.34
4-5 40.60 7994  -66.30 -65.07 174.72 -58.85 =57.01
5-6 -21.50 -42.33 35.20 34.56 -92.52 31.30 30.34
6-7 33.10 65.17 -51.00 -53.10 142.44 -43.40 —46.55
7-8 —-15.20 -29.93 23.50 24.39 -65.42 20.05 21.39
8-9 19.30 38.00 -25.90 -30.87 83.06 -19.55 =27.01
9-10 -9.60 -18.90 12.80 15.21 -41.31 9.60 13.22
10-11 8.30 16.34 6.00 -—13.23 35.72 17.30 -11.55
=12 -4.80 -9.45 9.40 7.74 -20.66 9.30 6.81
I1-13 0.80 9.45 -10.70 -1.26 15.26 —-15.25 -1.09
13-I1la 0.00 0.00 0.00 0.00 0.00 0.00 0.00
13-15 0.80 1.58 8.50 -1.26 345 13.55 -1.09
14-15 -4.80 -9.45 5.10 7.74 -20.66 2.85 6.81
15-16 8.30 16.34 -19.20 -13.23 35.72 -20.50 =11.55
16-17 -9.60 -18.90 16.10 15.21 -41.31 14.55 13.22
17-18 19.30 38.00 -32.60 -30.87 83.06 -29.60 =27.01
18—-19 —-15.20 -29.93 22.80 24.39 -65.42 19.00 21.39
19-20 33.10 65.17 -49.60 -53.10 142.44 -41.30 —46.55
20-21 -21.50 -42.33 30.20 34.56 -92.52 23.80 30.34
21-22 40.60 7994 -57.00 -65.07 174.72 -44.90 -57.01

DL = dead load; IL = imposed load; IP = internal pressure; (—) = compression.
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Table 11.5 Summary of member forces (kN) and moments (kN-m) for columns and truss
member connected to them

Crane Crane
Dead Imposed load load Windat Windat Wind at

Member load (DL) load (IL) (CRWL) (CRSL)  0°(IS)  0°(IP)  90° (IP)
1-2(M) 264 519 -169 0.4 9.4 40.9 384
Top -22.1  -435 -7  -40 65  -241  —429
Bottom 18.6 36.6 1.3 86  -35. 83 487
2-3(M) -264 =519  -07 0.4 8.8 38.5 36.6
Top -33.01 -649 42 40 -35  -389  -526
Bottom  -22.I  -43.5 09  -40 65 241  -429
3-4(M) -264 =519  -07 0.4 8.8 38.5 36.6
Top 0.0 0.0 0.0 0.0 0.0 0.0 36
Bottom  —33.1  -649 42 40 35  -389  -526
3-5 -405 =797 7.5 40 13.2 50.3 56.7
4-5 40.6 799  -17  -10  -145  -664  —65.
46 -13 26  -27 -3l -838 17.5 2.7
20-22 -13 -26 9.1 3.1 -72 17.5 2.7
21-22 40.6 79.9 2.4 10 -10.1  -57.0  -65.I
21-23 -405 =797  -78  -40 255 734 -567
22-23(M) -264 =519  -07  -04 5.0 30.8 36.6
Top 0.0 0.0 0.0 0.0 0.0 0.0 0.0
Bottom  -33.1  -649 Il 40  -179  -619  -526
23-24(M) -264 =519  -07  -04 5.0 30.8 36.6
Top -33.01  -649 1.1 40  -179  -619  -526
Bottom  -22.I 435 16.0 0.4 69  -427  -425
24-25(M) -264 =519 -722  -04 52 32.1 38.4
Top -22.1  -435 -159  -40 69  -427  -429
Bottom 18.6 36.6 2.4 86 -174 63.6 488

11.5 STRUCTURAL DESIGN OF MEMBERS

11.5.1 Design of the truss members
Using grade S275 steel with a design strength of 275 N/mm?, the truss members are designed

using structural steel angle sections.

1. Top-chord members 10-12, 12-13, 13-14 and 14-16
The maximum compression from load combination (2) is =234.5 kN. The maximum
tension from load combination (5) is 81.5 kN.

Try 100 x 100 x 12.0 mm rolled steel angle (RSA)
i,=195cm, A=22.8cm?

The section is class 3. Lateral restraint is provided by the purlins and web members
at the node points:

L, =2100 mm
Slenderness, A = 2100/19.5 = 108
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Table 11.6 Load combination for Table I1.5

1.35DL + I.5IL + 1.0DL + 1.0DL + 1.0DL + |.5WL
Member 1.35DL + 1.51L 1 5CRWL I.5WLat0(IS) I15WLatO(P)  at90 (P)
1-2(M) -1135 -138.38 -123 35.0 312
Top ~95. | -105.7 -124 -583 -86.5
Bottom 80.0 97.0 -34.] 311 91.6
2-3(M) -1135 ~1145 -132 314 28.5
Top -142.0 -135.7 -384 -915 -111.9
Bottom -95. | -937 -124 -58.3 -86.5
3-4(M) -1135 ~1145 -132 314 285
Top 0.0 0.0 0.0 0.0 5.4
Bottom -142.0 -135.7 -27.9 -915 -111.9
3-5 -1742 -163.0 -207 35.0 446
4-5 174.7 172.1 18.9 -59.0 -57.0
46 -57 -97 -145 25.0 2.8
20-22 -57 8.0 -12.1 25.0 2.8
21-22 174.7 1783 25.5 -449 -57.0
21-23 -1742 -185.9 -23 -150.6 -125.6
22-23(M) -1135 ~1145 -189 19.8 28.5
Top 0.0 0.0 0.0 0.0 0.0
Bottom -142.0 ~140.4 -60.0 -126.0 -111.9
23-24(M) -1135 ~1145 -189 19.8 285
Top -142.0 ~140.4 -60.0 -126.0 -111.9
Bottom ~95. | -71.1 -11.8 -86.2 -85.8
24-25(M) -1135 -221.8 -186 218 312
Top -95.| -118.9 -11.8 -86.2 -86.5
Bottom 80.0 83.6 -75 114.0 91.8

Table 1.7 Critical joint displacements
Load case: 1.0DL + 1.0LL

Max. vertical deflection at joint |3 =32.1 mm
Max. horizontal deflection at joints 2 and 24 = 3.7 mm
Horizontal deflection at joint 22 = 1.8 mm
Load case: |.OCRWL + 1.0CRSL

Max. horizontal deflection at joint 22 =2.62 mm
Load case: |.OCRWL = |.0wind at 0° IS

Max. horizontal deflection at joint 22 =7.86 mm

Allowable vertical deflection = L/200 = 20 x 1000/200
= 100 mm > 32.1 (satisfactory)

Allowable horizontal deflection = L/300 — 8 x 1000/300
=27 mm

Max. horizontal deflection = 1.8 + 7.86
=9.66 mm < |6 (satisfactory)
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From Table 6.2 of EN1993-1-1, for an S275 rolled RSA section, curve b, o = 0.34
A =93.9¢=93.9%x0.92=86.4

A _ 108

X: =
A 864

=126

®=0.5[1+0.34(1.26 - 0.2) + 1.262] = 1.47

1
X:
147+1472-126°

=045

Buckling resistance, N, s = 0.45 x 22.8 x 275/10 = 282.1 kN

N 234
Nopa _ 2345 _ g5y 1.0 satisfactory
Npra 2824

The section will also be satisfactory in tension.
2. Bottom-chord members 9-11, 11-11 a, 11 a-15 and 15-17

The maximum tension from load combination (1) is 199.7 kN. The maximum com-
pression from load combination (5) is -77.7 kN.

Try 90 x 90 x 8.0 mm RSA angle
r,=1.77cm, A =13.9 cm?
Tension capacity = 275 x 13.9/10 = 382 kN > 199.7 kN

Lateral support for the bottom chord is shown in Figure 11.1. The slenderness

values are
L
vy 2100404
i, 176
L
wx _ 4200
i 275

From Table 6.2 of EN1993-1-1, for an S275 rolled RSA section, curve b, o. = 0.34

A =93.9¢=93.9%x0.92=86.4

e M 153 g
A, 864
®=0.5[1+0.34(1.78 - 0.2) + 1.782] = 2.35

1
X:
23542352 —1.78?

=026
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Buckling resistance, N, s = 0.26 x 13.9 x 275/10 = 99.4 kN

Npga 7777

= 0.78% 1.0 satsfactory
Npra 994

All web members

Maximum tension = 174.7 kN (members 4-5)
Maximum compression = -92.5 kN (members 5-6)

Try 70 x 70 x 6.0 mm RSA angles

A =8.13 cm?
i,=1.37 cm
iy = 2.13 cm

L, /i, =1085/13.7 = 79

L, /i,=1085/21.3 = 51

cny "y

From Table 6.2 of EN1993-1-1, for an S275 rolled RSA section, curve b, o = 0.34
A =93.9¢=93.9%x0.92=286.4

=220 g2
A 864

®=0.5[1+0.34(0.92 - 0.2) + 0.922] = 1.05

1
X:
1.05+/1.05% — 092

=0.64

Buckling resistance, N, ;= 0.64 x 8.13 x 275/10 = 143.1 kN

N 925
—bEd _ 2% _ 065% 1.0 satisfactory
Npra 1431

The angle is connected through one leg to a gusset by welding.
Tension capacity = 275 x 8.13/10 = 223.6 kN > 174.7 kN (satisfactory)

11.5.2 Column design

The worst loading condition for the column is due to ultimate loads from dead load, imposed

load and maximum crane load on members 24-25. The design loads are extracted from
Table 11.6 as follows:

The maximum column compressive load is =222 kN.
The maximum moment at top of column is =119 kN-m.
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The corresponding moment at the bottom is 83.6 kN-m.

N M M,
Ed yEd +X,, Ed g
AyN Rk/YMl XM y,Rk/YMl M z,Rk/YMl
N M M
B4 vE 4k, <1
XN v Aw 1 XrrM y,Rk/Yral |

Try 457 x 191 UB67, class 1, the properties of which are

A =854 cm?

i,=18.5 cm

i,=412 cm

W, = 1470 cm?

W, = 1300 cm?

Yield strength £, = 275 N/mm?

Buckling lengths L, , = 1.5 x 7000 = 10,500 mm
Buckling lengths L, = 0.85 x 5500 = 4675 mm

Maximum slenderness ratio

Loy, 10,500
Ay=—"4 """ =57
i 185
L 467
by = Doz - 4675 _ 9y
i, 412

From Table 6.2 of EN1993-1-1, for an S275 rolled H section, t;less than 40 mm, h/b > 1.2,
buckling about the major y—y axis, curve a, imperfection factor, oo = 0.21, buckling about
the minor z-z axis, curve b, imperfection factor, o = 0.34

A =939¢=93.9%x0.92=286.4

A== 57 _ g6
M 864

®=0.5[1+0.21(0.66 - 0.2) + 0.66%] = 0.77

1
Yo = - 086
Y 077+J077%2 0662
— 114
oo he 114 o5
A, 864

®=0.5[1+0.34(1.33 - 0.2) + 1.33%] = 1.58

1

Xz: :0.4].
1584158 —133°
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Buckling lengths L., = 0.85 x 5500 = 4675 mm

Mcr::CI

I, TEL

TCZEIZ(L LngIT)O5
e
L&

For ratio of end moment, y = 83.6/-119 = -0.7; C, = 2.910

Mo=291x%

05
n?x210,000% 14,500,000 705x10° N 4,675*x81,000% 371,000
4,675° 14,500,000 m°x210,000x%14,500,000

M., = 1062 kN-m

— W 1470x10°x 275
A‘LT = Y@ :\/ 6 = 0-62
Mo 1062x10

O, =05 [1+aLT (Aex —02)+ 22 ]

For h/b > 2, curve b, o, = 0.34

®,.=0.5x[1+0.34(0.62 - 0.2) + 0.622] = 0.83

~ 1
0.83++/0.83% —0.622

Aot =0.72

Determination of interaction factors k;; (Annex B in BS EN1993-1-1)
Table B.3. Equivalent uniform moment factors, C,,

Fory=-0.7,C,,, C,.=0.6 + 0.4(-0.7) =0.32 > 0.4

my?

- N N
=C,,|1+(A,—02)—"F¢ |<c,.|1+08 —F¢
Ko y( ( Y )XYNRk/YMlJ y( XyNRk/YMl)

222
ky=04[1+(066-02) - =042
0.86x8540x107°%x275/1.0

ky=0.6 k, =025

k,, =cmz(1+(xz—o.2)NEdJ scmz(1+ OBNE"]
XN Rk/YMl XzNRk/le

222
k,=04[1+(133-02) — =050
041x8540%107°x275/1.0
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<04|1+08 222_3 =047
041Xx8540x107>%x275/1.0

k.. =047 k, =06; k_ =028

N gq " M yka +k, M . ra <1
XyNRk/YMl ArrM y,Rk/YMl M z,Rk/YMl
222 11
+04 2 =028
086x234851.0 0.72%x404340
Nea M yza +ky, Masa oy
X =N Rk/YM1 XM y,Rk/YMl M z,Rk/YMl
222 11
2 2 033

+0 =
041x23485A0 0.72x4043A4 0
The 457 x 191 UB 67 provided is satisfactory. The reader may try with a 457 x 152 UB 60

to increase the stress ratio and achieve greater economy. For the design of the crane girder,
see Chapter 4.

11.6 STEELWORK DETAILING

The details for the main frame and connections are presented in Figure 11.9.

L70><70><6mmL\ L90x90x8mmi )
le 1373 : 2100 2100 2100

o 2100
m
0
; Crane beam i
= ? Tie plate : ! 5
! .

IS
] }-L Bracket E 6 mm thk. N ;

setR. K maed ] 220]

6 mm ™A,

Bolted connection| !

to column 440

fillet
weld

' Detail @)
Detail @ Detail @)

25 mm thk. baseplate

—— 4 nos ¢ 30 mm H.D. bolts
{—— Pilecap

Figure 11.9 Steel frame details.



Chapter 12

Steelwork detailing

12.1 DRAWINGS

Drawings are the means by which the requirements of architects and engineers are commu-
nicated to the fabricators and erectors and must be presented in an acceptable way. Detailing
is given for selected structural elements.

Drawings are needed to show the layout and to describe and specify the requirements of a
building. They show the location, general arrangement and details for fabrication and erec-
tion. They are also used for estimating quantities and cost and for making material lists for
ordering materials.

Sufficient information must be given on the designer’s sketches for the draughtsman to
make up the arrangement and detail drawings. A classification of drawings is set out as
follows:

Site or location plans: These show the location of the building in relation to other build-
ings, site boundaries, streets, roads, etc.

General arrangement: This consists of plans, elevations and sections to set out the
function of the building. These show locations and leading dimensions for offices,
rooms, work areas, machinery, cranes, doors, services, etc. Materials and finishes are
specified.

Marking plans: These are the framing plans for the steel-frame building showing
the location and mark numbers for all steel members in the roof, floors and various
elevations.

Foundation plans: These show the setting out for the column bases and holding-down
bolts and should be read in conjunction with detail drawings of the foundations.

Sheeting plans: These show the arrangement of sheeting and cladding on building.

Key plan: If the work is set out on various drawings, a key plan may be provided to show
the portion of work covered by the particular drawing.

Detail drawings: These show the details of structural members and give all information
regarding materials, sizes, welding, drilling, etc. for fabrication. The mark number of the
detail refers to the number on the marking plan.

Detail drawings and marking plans will be dealt with here.

343



344 Structural Steelwork: Design to Limit State Theory

12.2 GENERAL RECOMMENDATIONS

12.2.1 Scales, drawing sizes and title blocks

The following scales are recommended:

Site, location and key plans 1:500/1:200
General arrangement 1:200/1:100/1:50
Marking plans 1:200/1:100

Detail drawings 1:25/1:10/1:5

Enlarged details 1:5/1:2/1:1

The following drawing sizes are used:

A4 210 x 297 — sketches

A3 297 x 420 - details

A2 420 x 59 — general arrangement, details
A1 594 x 841 - general arrangement, details
A0 841 x 1189 — general arrangement, details

Title blocks on drawings vary to suit the requirements of individual firms and authorities.
Typical title blocks are shown in Figure 12.1.

Materials lists can be shown either on the drawing or on separate A4 size sheets. These
generally give the following information: item or mark number, description, material, num-
ber off and weight.

12.2.2 Lines, sections, dimensions and lettering

Recommendations regarding lines, sections and dimensions are shown in Figure 12.2.

12.3 STEEL SECTIONS

Rolled and formed steel sections are represented on steelwork drawings as set out in
Figure 12.3. The first two numbers in the example of Figure 12.3 indicate the size of

Firm’s name

Title of drawing

" Scales
E Drawn Date
g i
2 Checked Drawing
2 no.
Approved
Drawn Scales | Drawing
Firm’s Title of Checked no.
name drawing
Approved

Figure 12.] Typical title blocks.
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Thick Outline
. Dimension line
Thin .
Cross-hatching
____________________ Thin Hidden line
,,,,,,,,,, Thick Section plane
—————————————— Thin Centreline
—————————————— Thin Adjacent member
P e e e ]
1’ 1, Thick Broken outline

-}

£l
<B_, Cross-hatched Solid

= [
|l

i e B e

()

Figure 12.2 Recommendations for (a) lines, (b) sections and (c) dimensions.

Section | Reference | Example
Universal beam I UB 610 x 178 x 91 kg/m UB
Universal column I ucC 203 x 203 x 89 kg/m UC
Joist 1 R?’t 203 x 102 x 25.33 kg/m Joist
Channel I: Io:jlannel 254:x 76 x 28.29 kg/m C
Angle | Angle 150x 75x 10 L
Tee —|_ Tee 178 x 203 x 37 kg/m struct. Tee
Rectangular hollow section |:| RHS 150.4 x 100 x 6.3 RHS
Circular hollow section O CHS 76.1 O.D. x5 CHS

Figure 12.3 Representation of rolled and formed steel sections.
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L N

=
s (bI i

Figure 12.4 Representation of built-up sections: (a) plated UB section; (b) channel welded to UB section;
(c) doubled angle and doubled channel.

()

section (e.g. depth and breadth). The last number in the example of Figure 12.3 indicates
the weight in kg/m for beams, columns, channels and tees. For angles and hollow sections,
the last number in the example of Figure 12.3 gives the thickness of steel. With channels
or angles, the name may be written or the section symbols used as shown. Built-up sec-
tions can be shown either by

1. True section for large scale views or

2. Diagrammatically by heavy lines with the separate plates and sections separated for
clarity for small-scale views. Here, only the depth and breadth of the section may be
true to scale.

These two cases are shown in Figure 12.4. The section is often shown in the middle of
a member inside the break lines in the length, as shown in (c). This saves having to draw a
separate section.

Beams may be represented by lines, and columns by small-scale sections in heavy lines, as
shown in Figure 12.5. The mark numbers and sizes are written on the respective members.
This system is used for marking plans.

A Bl B
“ 406 x 140 x 39 kg/m UB 1
254x254x73 |8
kg/mUC |z
JZ B2
2 406 x 140 x 39 kg/m UB
(=)
<
—
X
O
(=)
<
B3 )
406 x 140 x 39 kg/m UB

Figure 12.5 Representation of beams and columns.
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12.4 GRIDS AND MARKING PLANS

Marking plans for single-storey buildings present no difficulty. Members are marked in
sequence as follows:

Columns A1, A2,... (see grid referencing as follows) trusses T1, T2,...
Crane girders CG1, CG2,...

Purlins P1, P2,...

Sheeting rails SR1, SR2,...

Bracing B, B2,...

Gable columns GS1, GS2,....

Various numbering systems are used to locate beams and columns in multistorey build-
ings. Two schemes are outlined as follows:

1. In plan, the column grid is marked A, B, C,... in one direction and 1, 2, 3,... in the
direction at right angles. Columns are located at A1, C2,....

Floors are numbered A, B, C,... for ground, first, second,..., respectively.

Floor beams (e.g. on the second floor) are numbered B1, B2,.... Column lengths are
identified: for example, A4-B is the column on grid intersection A4, the length between
the second and third floors.

2. A grid line is required for each beam.

The columns are numbered by grid intersections as aforementioned.
The beams are numbered on the grid lines with a prefix letter to give the floor if required.
For example,

Second floor: grid line 1 — C-1a and C-1b
Second floor: grid line B — C-1b and C-b2

The systems are shown in Figure 12.6. The section size may be written on the mark-
ing plan.

12.5 BOLTS

12.5.1 Specification

The types of bolts used in steel construction are

Grade 4.6 or black bolts
Grade 8.8 bolts
Class 10.9 bolts

Preloaded HSFG friction-grip bolts
The European Standards covering these bolts are

BS EN 1993-1-8: Eurocode (EC) 3, design of steel structures and design of joints
BS EN ISO 4016: hexagon head bolts and product grade C
BS EN 14399: high-strength structural bolting assemblies for preloading
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D5 Dl D-roof
Columns are
numbered by
a5 C11 c d the grid
—fslecon intersection.
oor Column lengths, e.g.
First-second
B5 Bl B-first floor A2-B, etc.
floor
~ ~ o
<L Q[ oL
A-ground
L floor
Elevation line 2
(Refer to scheme 1)
| Bl | B2 |
@ I I I— Scheme 1
B6 Beams are numbered
consecutively
2 B4 Prefix indicates floor
=)
o~ 0 N —
Q Q Q Q
@ —1 B I I
| B
First-floor steel
@ 1 la Il 1b l_lc Scheme 2
Beams are numbered
@ @ on grid lines
2 @ Y 2% e.g. line 1-1a, 15, etc.
—< First floor requires
prefix B, e.g. B-1a, etc.
3 3| I <
3a 3c
@)—1 I = —

Floor steel

Figure 12.6 Marking systems for multistorey buildings.

The strength grade designation should be specified. BS EN1993-1-8 gives the strengths for
ordinary bolts for Grades 4.6 8.8 and 10.9. Minimum shank tensions for friction-grip bolts
are given in BS4604. The nominal diameter is given in millimetres. Bolts are designated as
M12, M16, M20, M229, M24, M27, M30, etc., where 12, 16, etc. is the diameter in mil-

limetres. The length under the head in millimetres should also be given.
Examples in specifying bolts are as follows:

4 No. 16 mm dia. (or M16) black hex. hd. (hexagon head) bolts, strength grade

4.6 x 40 mm length

20 No. 24 mm dia. friction-grip bolts x 75 mm length
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The friction-grip bolts may be abbreviated HSFG. The majority of bolts may be covered
by a blanket note. For example,

All bolts M20 black hex. hd
All bolts 24 mm dia. HSFG unless otherwise noted

12.5.2 Drilling
The following tolerances for drilling are used:

For ordinary bolts, holes have a maximum of 2 mm clearance for bolt diameters up to
24 and 3 mm for bolts of 24 mm diameter and over.

For friction-grip bolts, holes are drilled the same as set out earlier for ordinary bolts.
Maximum and minimum spacing are given in Table 3.3 of BS EN1993-1-8.

Drilling may be specified on the drawing by notes as follows:

All holes drilled 22 mm dia. for 20 mm dia. ordinary bolts.
All holes drilled 26 mm dia., unless otherwise noted.

12.5.3 Designating and dimensioning

The representation for bolts and holes in plan and elevation on steelwork drawings is shown
in Figure 12.7a. Some firms adopt different symbols for showing different types of bolts and
to differentiate between shop and field bolts. If this system is used, a key to the symbols must
be given on the drawing.

Cir1 W
L+ | [+ ]

(a) Bolts Holes

(b)

: }

y v .
(d)

Figure 12.7 Representation of bolts and holes on steelwork drawings: (a) bolts; (b) holes dimensions on plan
and elevation; (c) holes dimensions on sections; (d) holes dimensions on end plates.



350 Structural Steelwork: Design to Limit State Theory

Gauge lines for drilling for rolled sections are given in the Structural Steelwork Handbook.
Dimensions are given for various sizes of section, as shown in Figure 12.7c. Minimum edge
and end distances were discussed in Section 4.2.2 earlier.

Details must show all dimensions for drilling, as shown in Figure 12.7b and d. The holes
must be dimensioned off a finished edge of a plate or the back or end of a member. Holes are
placed equally about centrelines. Sufficient end views and sections as well as plans and eleva-
tions of the member or joint must be given to show the location of all holes, gussets and plates.

12.6 WELDS
As set out in Chapter 4, the two types of weld are butt and fillet.

12.6.1 Butt welds

The types of butt weld are shown in Figure 12.8 with the plate edge preparation and the
fit-up for making the weld. The following terms are defined:

T is the thickness of plate

g is the gap between the plates
R is the root face

o is the minimum angle

e, Y
T

IO
Square Single V
-
i SmE
=g

Single level

o

A
)/

[N T
R
e
Single U Double U
-y
R j—: T
t —_—
s
Double /

Figure 12.8 Butt welds.
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Fillet

Square butt weld
Single V butt weld
Double V butt weld
Single U butt weld
Double U butt weld
Single level weld
Double level weld
Single / weld
Double J weld

EODEIEAC Y = T

Figure 12.9 Symbols for welds.

Values of the gap and root face vary with the plate thickness but are of the order of 1-4
mm. The minimum angle between prepared faces is generally 50°-60° for V preparation
and 30°-40° for U preparation. For thicker plates, the U preparation gives a considerable
saving in the amount of weld metal required.

Welds may be indicated on drawings by symbols as shown in Figure 12.9. Using these
symbols, butt welds are indicated on a drawing as shown in Figure 12.10a.

The weld name may be abbreviated: for example, DVBW for double V butt weld. An
example of this is shown in Figure 12.8b. Finally, the weld may be listed by its full descrip-
tion and an enlarged detail given to show the edge preparation and fit-up for the plates. This
method is shown in Figure 12.8c.

Enlarged details should be given in cases where complicated welding is required. Here, detailed
instructions from a welding engineer may be required and these should be noted on the drawing.

R
\9 8

DVBW

(a)

(b)

60°

Double V butt weld

Detail A
see detail A

(©
Figure 12.10 Representation of butt welds: (a) symbols for showing single V butt weld and double U butt

weld; (b) other method of showing double V butt weld and single U butt weld; (c) enlarged
detail showing double V butt weld.
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12.6.2 Fillet welds

These welds are triangular in shape. As set out in Chapter 10, the size of the weld is speci-
fied by the leg length. Welds may be indicated symbolically, as shown in Figure 12.11a.
BS EN 1993-1-8 should be consulted for further examples. The weld size and type may
be written out in full or the words “fillet weld’ abbreviated (e.g. mm FW). If the weld is of
limited length, its exact location should be shown and dimensioned. Intermittent weld can
be shown by writing the weld size, then two figures that indicate length and space between
welds. These methods are shown in Figure 12.11b. The welds can also be shown and speci-
fied by notes, as on the plan view in Figure 12.11b. Finally, a common method of showing
fillet welds is given in Figure 12.11c, where thickened lines are used to show the weld.

6 mm fillet weld

Bl L™ 0Ll

(@)

6 mm

76 mm x 80 long x 160 gap

~

I

Elevation
r—f——’_\/—\ 6 mm continuous
fillet weld
80 160 80 6 mm intermittent
fillet weld 80 mm 6 mm FW
weld miss 160 mm all round

(b) (©

Figure 12.1] Representation of fillet welds: (a) fillet weld near and far sides; (b) fillet welds on plan view;
(c) common method of showing fillet welds.

e
B |-
o el iy

palre i T

*jE’- T ? ' ; |

palad T f 4 /|

|| |l>6mm ol e
End plate (size x thickness) 6 mm

All holes drilled 22 mm dia. for
20 mm dia. black bolts

) Beam mark no. serial size. no. off
Adjacent

beam

Figure 12.12 Beam details.
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12.7 BEAMS

Detailing of beams, purlins and sheeting rails is largely concerned with showing the length,
end joints, welding and drilling required. A typical example is shown in Figure 12.12.
Sometimes it is necessary to show the connecting member and this may be shown by chain
dash lines, as shown in Figure 12.12b.

12.8 PLATE GIRDERS

The detailed drawing of a plate girder shows the girder dimensions, flange and web plate
sizes, sizes of stiffeners and end plates, their location and details for drilling and welding.
Any special instructions regarding fabrication should be given on the drawing. For example,
preheating may be required when welding thick plates, or 2 mm may require machining
off flame-cut edges to reduce the likelihood of failure by brittle fracture or fatigue on high-
yield-strength steels.

Generally, all information may be shown on an elevation of the girder together with suf-
ficient sections to show all types of end plates, intermediate and load-bearing stiffeners. The
elevation would show the location of stiffeners, brackets and location of holes, and the sec-
tions complete this information. Plan views on the top and bottom flange are used if there
is a lot of drilling or other features best shown on such a view. The draughtsman decides
whether such views are necessary.

Part-sectional plans are often used to show stiffeners in plan view. Enlarged details are
frequently made to give plate weld edge preparation for flange and web plates and splices
and for load-bearing stiffeners that require full-strength welds.

Notes are added to cover drilling, welding and special fabrication procedures, as stated
earlier. Finally, the drawing may contain a material list giving all plate sizes required in the
girder. Typical details for a plate girder are shown in Figure 12.13.

A7] B7] c1 ol
i Flange I I i I I Detail V/
— :L_: (size) I |Det€11X - | = "'1] {‘{Flange size)
!
3 Web i:;i Web Detail V
E plate . plate
Detail W~ (size) : (size)

-] T

L Detail W
Al B cd bl

5
Part elevation of girder s
1 T Single V
I R T buttveld

I I % T T _‘:{ -t Detail X
Intermediate I | ous i 1. Flange plate to web welds-
¥ stiffeners Stlffener Stlffener 8 mm continuous fillet weld
End' plate P (size) /(51ze) L (size) 2. Stiffener welds—6 mm
- (size) continuous fillet weld
T : 1 T — 3. All holes 24 mm diameter
— 4. Not all weld details have
Section AA Section BB Section CC Section DD

been shown

Figure 12.13 Typical details for plate girder.
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12.9 COLUMNS AND BASES

A typical detail of a column for a multistorey building is shown in Figure 12.14. In the
bottom column length with base slab, drilling for floor beams and splice details is shown.

A compound crane column for a single-storey industrial building is shown in Figure 12.15.
The crane column is a built-up section and the roof portion is a universal beam. Details at
the column cap, crane girder level and base are shown.

12.10 TRUSSES AND LATTICE GIRDERS

The rolled sections used in trusses are small in relation to the length of the members. Several
methods are adopted to show the details at the joints. These are

1. If the truss can be drawn to a scale of 1 in 10, then all major details can be shown on
the drawing of the truss.

2. The truss is drawn to a small scale, 1 in 25, and then separate enlarged details are
drawn for the joints to a scale of 1in 10 or 1 in 5.

1% [ —' -
04 o - -
Second-floor level X H
[
Web splice
plate

2 off per
stanchion

=

EX2N

=
RIS
ESZ3

A

L]

[l

|/ First-floor level
L] i L i i
L

Flange splice
plate
2-off per
stanction

Eeaa
e

Ground-floor level
Lk L, Yy

Base-plate
17600 x 600 x 50
<—— 8 mm fillet weld
g all round
4 No. holes 32 mm dia.
for 30 mm dia. H.D. bolts

A
v \i

All holes 22 mm dia. for 20 mm dia. black bolts except as noted

Figure 12.14 Stanchion in a multistorey building.
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'H'-“ Detail A
Cap plate
g size x thickness
[+
e 1
=
5
= Detail A-stanchion cap
L E T
+— @ . SVBW
e
P Section / —
./ EE
/ ﬂ
= SUBW /<
o5 I~
1I— E.;— Ei= k Stiffeners
X fh( size x thickness
[
N | 9
@3 + 4
EE b3 T |
[a (=
(S Detail B-crane girder level
fcglE | o gy
R Stiffeners EW
(size) and l
£l welding _[
Section CC-crane stanchion
@T I‘Dj EW
T'

oF Base |4 <+
slab M _[
size x
1. Dia. of all holes... thickness * :'—k —
except as noted | Hole dia
2. Cleats for sheeting
rails not shown

Section DD-stanchion base
Figure 12.15 Compound crane stanchion for a single-storey industrial building.

Members should be designated by size and length; for example, where all dimensions are in
millimetres:

100 x 75 x 10 angle x 2312 long
100 x 50 x 4 RHS x 1310 long

On sloping members, it is of assistance in fabrication to show the slope of the member from
the vertical and horizontal by a small triangle adjacent to the member.

The centroidal axes of the members are used to set out the frame and the members should
be arranged so that these axes are coincident at the nodes of the truss. If this is not the case,
the eccentricity causes secondary stresses in the truss.

Full details are required for bolted or welded splices, end plates, column caps, etc. The
positions of gauge lines for drilling holes are given in the Structural Steelwork Handbook.
Dimensions should be given for edge distances, spacing and distance of holes from the adja-
cent node of the truss. Splice plates may be detailed separately.

Sometimes the individual members of a truss are itemized. In these cases, the separate
members, splice plates, cap plates, etc. are given an item number. These numbers are used to
identify the member or part on a material list.
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The following figures are given to show typical truss detailing:

Figure 12.16 shows a portion of a flat roof truss with all the major details shown on the
elevation of the truss. Each part is given an item number for listing.

Figure 12.17 shows a roof truss drawn to small scale where the truss dimensions, member
sizes and lengths are shown. Enlarged details are given for some of the joints.

(S 146 x 127 x 22 kg/m
7\ 0 146 x 127 x 19 kg/m struct. Tee x length e @ struct. Tee x length
Y VY P~ ——————— s o s = <_\ _________ r
r R e oK

IR f L]

Al N Splice details ©® Gusset
1\ N @ same as for -~ ]I} length x width x

ED }I\ N & bottom chord . thickness

;:: ! AN 0“'@ :(1

3 : N <4 @ _ ) Splice plate-

2 N /% < 5 length x width x thickness

1 &% o £| [svBw ®

o)c() ! N ﬂ [; -
| N >

2 N\ ?\"@ Iy JT \ .
! el

© 'r X I |\|‘Z| i . SVBW
! SO W

g Wl sl =t —— e Vet b a2 )
t ! ~—!
® 146:>< 127 x 16 kg/m struct. Tee x length Section AA
! @1 Splice plate-length x width x thickness
>t i~

Notes: All major details are shown on the
1. All holes 22 mm dia. for 20 mm dia. black bolts truss elevation
2. All weld 6 mm continuous fillet weld except All parts of the truss are given item
as shown numbers for listing

Figure 12.16 Portion of a flat roof truss.

Member section, length and ‘< -
slope to be written on each N (\%Q(\ RN
& = /I N
member. see top chord S\o‘ée ~ /

Notes:
1. All fillet weld 6 mm continuous weld
2. All joints require detailing as shown

Figure 12.17 Small-span all-welded truss.
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12.11 COMPUTER-AIDED DRAFTING

Computer-aided drafting (CAD) is now being introduced into civil and structural drafting
practice. It has now replaced much manual drafting work. CAD can save considerable man-
hours in drawing preparation, especially where standard details are used extensively.

In computerized graphical systems, the drawing is built up on the screen, which is
divided into a grid. A menu gives commands (e.g. line, circle, arc, text, dimensions). Data
are input through the digitizer and keyboard. All drawings are stored in mass storage
devices from which they can be retrieved for subsequent additions or alterations. Updating
of drawings using the CAD system can be accomplished with little effort. Standard details
used frequently can either be drawn from a program library or created and stored in the
user’s library.

Some comprehensive steel design and detailing software can automate the entire process
for standard type of steel structures.

Overlay of drawings in CAD software is a very useful feature, which allows repeated
usage of common drawing templates (e.g. grid lines, floor plans) and results in considerable
time saving by reducing input time required. Texts and dimensions can be typed from the
keyboard using appropriate character sizes.
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